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CHAIRMAN'S NPENING REMARKS

Gailer, J.E.
Chairman, Organizing Committee
Geosynthetics '89 Conference

On behalf of the organizing committee; the sponsor of the con-
ference, the Industrial Fabrics Association International, and the North
American Geosynthetics Society; I would like to welcome you to San Diego
and Geosynthetics '89.

It is my pleasure to introduce to you a very hard working group of
people -- certainly for the last two years. They are the organizing com-
mittee for this North American Regional Conference on Geosynthetics.

- Dr. Jay Beech is a member of the International Geotextile Society
(1GS) a member of the North American Geosynthetic Society (NAGS), and the
American Society of Civil Engineers (ASCE).

Jay is chairman of the technical sub-committee for the conference and
has done an outstanding job in selecting the over 50 technical papers.

- Mr. Bob Carroll is vice president of NAGS, an original member of the
IFAI Geotextile Division, and active in ASTM. Bob is the Tiaison from the NAGS
Board of Directors to the organizing committee.

- Mr. Joe lLuna is a member of IGS, a member of NAGS, and ASTM D-35,
the Committee on Geotextiles, Geomembranes and Related Products. Joe is
responsible for the exhibits and meeting facilities for the Conference.

- Mr. Bil1 Neal is vice chairman of the IFAI Geomembrane Division, a
member of IGS and a former vice president of the Society of Plastics
Engineers. Bill is involved with financial matters for the conference.

- Dr. Iraj Noorany is a Professor of civil engineering at San Diego
State University and a visiting professor at the University of California.
He is the recipient of the Thomas A. Middlebrooks Award. Iraj has vorked
very hard to promote the Conference locally and with excellent results.

- Dr. Kerry Rowe is a professor at the University of Western Ontario
on the faculty of Engineering Science. He is a member of IGS, vice
president of NAGS and editor of the IGS Mews. Kerry has provided valuable
assistance to the Technical Program sub-committee.

- Dr. Neil Williams is a member of the Executive Committee of ASTM
D-35, a U.S. delegate to the International Standards Organization. He is
also a member of MAGS, IGS and ASCE.

- Neil has worked hard as a member of the technical program sub-committee.
1
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- Mr. Steve Warner is the executive vice president of the Industrial
Fabrics Association International. He is former secretary general of the
American Society of Geosynthetics (currently the North American Geosynthetics
Society), former secretary general of the Second International Conference on
Geotextiles, and a member of the organizing committee of Geosynthetics '87.

- Ms. Laurie Honnigford has been IFAI staff director for Geosynthetics '89
since August 7, 1988. She has done an excellent job in planning the conference
details since taking over for Ms. Judy Dean.

Laurie is also general-secretary of NAGS, and IFAI Staff Director for
both the Geotextile and Geomembrane Divisions.

- Mr. Joe Fluet is president of the North American Geosynthetic Society,
former secretary-treasurer of IGS, former chairman of the Geotextile Division of
IFAT, organizing committee member of the Second International Conference on
Geotextiles and the First International Conference on Geomembranes, and a former
committee member of the Geotechnical Fabrics Conference '85. Joe was organizing
committee chairman of Geosynthetics '87 and serves as advisor to this organizing
committee providing valuable direction and assistance.

I would Tike to take a moment to thank IFAI on behalf of the entire
geosynthetics industry. They have been a driving force in our industry. The
IFAI founded and sponsors the two major trade associations - the Geotextile
Division and the Geomembrane Division. They also contracted to act as pro-
fessional managers in support of NAGS. Most importantly, they have sponsored
every major geosynthetics conference held in North America, including the Second
International Conference on Geotextiles in 1982, the International Conference on
Geomembranes in 1984, the 1985 Geotechnical Fabrics Conference, Geosynthetics '87,
and now they bring us Geosynthetics '89. We as an industry are indebted to the
IFAI.

Following the keynote address which is coming up shortly, there will be a
panel discussion on the writing of geosynthetics specifications moderated by Joe
Fluet. T know you will all find this very interesting and very appropriate at
this stage of our industry's development.

Following the panel discussion, at 4:40 p.m. will be the General Assembly
meeting of the North American Geosynthetic Society. And from 6:00 p.m. to 7:00
p.m. will be the reception.

Now, I am very proud to have the opportunity to introduce to you Dr. J.
P. Giroud, the President of the International Geotextile Society. Dr. Giroud
was educated in France where he earned both the professional and academic doc-
torial degree and worked as a professor, researcher, designer and consultant.
He has authored a book and over 80 technical papers on geosynthetics, in addi-
tion to four books and more than 100 papers on other geotechnical engineering
subjects. Dr. Giroud has developed many of the design methods used in
geosynthetic engineering. He has taught many short courses on geosynthetics
including three series of "Synthetic Liner" courses for the EPA. He has been
active on committee work around the world including ASTM, RILEM and the French
and Swiss National Committees. Dr. Giroud chaired the Second International
Conference on Geotextiles, the International Conference on Geomembranes and the

ISSMFE technical session at their last conference in San Francisco.
2
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Dr. Giroud's keynote addresses at the Third International Conference on
Geotextiles in Vienna in '86 and at Geosynthetics '87 in New Nrleans were the
highlight of the conferences. You now have the privilege of hearing perhaps the
best known individual in our field.
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A.A. McCREADY
Harding Lawson Associates, U.S.A.

Paradise Peak Tailings Impoundment Stage II Construction

The Paradise Peak tailings impoundment was constructed by FMC Paradise Peak Corporation
for retention of processed tailings and mill liquors from the gold processing facility located
at Gabbs, Nevada. The first stage of impoundment construction was completed in 1986. It
involved construction of an earth dam to form the impoundment area and approximately 110
acres of High Density Polyethylene (HDPE) liner. The upstream face of the dam was lined
with 100-mil HDPE and the remainder of the impoundment area was lined with 60-mil
HDPE. Special precautions were taken to prevent damage to the 60-mil HDPE which
included a system of weighting the exposed liner to prevent uplift from wind and wave
action. Since 100-mil HDPE is rarely affected by wind and wave action, no special
precautions were taken to weight the liner on the upstream face of the dam.

After 2 years of operation, it has become necessary to design and construct Stage II of the
impoundment. Stage II consists of raising the dam 40 feet using the downstream
construction method as illustrated in Figure 1, preparing the subgrade, and lining the dam
face and remaining impoundment area to the new operating elevation.

STAGE Il DAM —

.
e STAGE Il LINER
A
STAGE | DAM  —._ (N N /
b N
\._\..‘ ; .‘? {
- \
.
th—; STAGE | LINER
7 m 7 Y
W
/ ‘I\‘y
N
T /\\\//\/\_\1{(\: 7
Figure 1

Downstream Staged Construction
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Staged construction of lined impoundments requires special consideration throughout all
design and construction stages. Paradise Peak Stage II expansion involved a number of
problems requiring solutions.

0 Preparing the subgrade which included exposed coarse, angular rock and
gravel particles, and outcrops of hard bedrock.

Constructing new subgrade without damaging the existing exposed liner,
Sealing new liner to the existing liner, and

Protecting the new and existing liners from damage caused by wind and
wave action during operation.

Each of the problems listed will be described in detail along with the corrective design
selected to mitigate the problem.

Prior to designing the Stage II expansion, a site visit was made to view the existing
impoundment. Interviews were also conducted with operations personnel to review the
impoundment's operating performance. As can be seen in Photograph 1, subgrade
preparation and construction of the new liner without damaging the existing liner were
primary concerns.

Photograph 1
6
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SUBGRADE PREPARATION

Photograph 2 shows a close-up of the existing rocky and gravelly subgrade in the Stage II
expansion area. The exposed angular particles would cause severe damage to either 60- or
100-mil HDPE if corrective measures were not taken. Because of the coarse and angular
nature of the particles, geotextile cushioning alone was ruled out as a viable option. The
preparation procedure that was most practical involved the following steps. The subgrade
was scarified to a depth of 6 inches, raked using a 4-inch maximum size rock rake,
compacted to 90 percent of ASTM 1557, and covered with a 6—-inch-compacted-thickness
layer of selected fine-grained soil. The final surface was prepared by rolling with a smooth
drum roller.

Photograph 2

Portions of the subgrade were outcrops of bedrock. The outcrops were very hard and not
rippable using standard construction equipment. Removal by blasting was considered;
however, this method was not practical for removing the thin layer of rock necessary.
Rather than blast and place a layer of fine-grained soils over the rock, it was decided that
placement of select fine-grained soil over the outcrops would accomplish the same objective
more economically. This procedure worked out well and provided satisfactory support for
the 60-mil HDPE placed in these areas.
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PROTECTION OF EXISTING LINER

During construction of the Stage II liner, it was necessary to provide protection for the
existing exposed liner. Equipment and loose rock particles rolling downslope were primary
considerations in providing protection. A simple but effective barrier of select fine-grained
soil was designed and constructed around the perimeter of the Stage I liner to prevent
equipment from inadvertently driving onto the liner and to prevent rocks, boulders, and other
debris from rolling down onto the liner. The barrier was constructed of select soil
windrowed just outside the existing liner. After rough grading of the Stage II subgrade, the
windrow was bladed down to form the finished surface of the Stage II subgrade. Figure 2 is a
cross section of the barrier.

TEMPORARY PROTECTION
RM
o 60—~MIL HDPE
STAGE Il LINER N LINER

2 /|, \\
MIN. / e ’l/
1'=0" 1'—Q"
MIN. MIN. v d =
/ AR ol z\o
: z
/ - — TRIT \
: 77D o
; R A \— SELECT MATERIAL
e /(\‘\ i % ul) Z
™~ =
EXISTING LINER =
> A\
SELECT MATERIAL “y\ \V\ﬁ*\ﬁ'
h> ,/>.://}//\
1'=0"
MIN.
Figure 2

Protective Soil Berm and Old—to—New HDPE Weld

SEALING OLD AND NEW LINER

A key factor in the successful expansion of the impoundment was securely joining the old and
new liners together to form a continuous, durable membrane. Because exposure to weather
ages liner material, it was necessary to construct a good weld considering the aging of the
existing liner. Testing of welds between old and new liner when joined with normal welding
procedures indicated a slightly reduced strength compared to welds made with all new
material. To compensate for this reduction in strength and to provide a backup seal, an
additional cover strip as shown in Figure 2 was designed and constructed. The cover strip
spanning the joint will protect the primary weld from weather and will add strength to the
joint. Welding was accomplished using normal procedures. Field Quality Control (QC) and
Quality Assurance (QA) test results indicated that the weld and cover strip met all
specification requirements. The success of the joining system between the old and new liner

8
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is due in part to the fact that both liners are Gundle products. If Stage Il were another
manufacturer's material, the resulting welds may not have had as high a strength. It is
important to evaluate weld strength values in the design stage in the event old and new
liners are not compatible.

PROTECTION FROM WIND AND WAVE ACTION

The greatest potential for damage to the exposed portions of Stages I and II liner results
from wind and wave action during operation. Careful consideration was given to mitigation
of this potential problem. Several methods of controlling the liner under wind and wave
action were evaluated. Anchoring the leading edge of certain liner sheets oriented
downslope at predetermined intervals was considered. Due to the high percentage of
subgrade consisting of rock, gravel, and bedrock outcrops, anchoring the leading edge of the
liner was not a practical alternative. Other weighting systems consisting of sand bags and
truck tires fastened to anchoring ropes, sand tubes, and soil cover were considered. Of
these, sand bags and truck tires were given most consideration because of the ease of
installation and low cost of the materials. The final decision was to use PVC bags weighted
with 50 pounds of sand. Figure 3 schematically shows the arrangement for sand bags.

3/4"-DIA. X 3'-0"
STEEL @ 25' 0.C,,
DRIVE AND/OR GROUT
IN PLACE

200—MIL, 1'=6" X 2'—0" GEOTEXTILE
MATERIAL AS REQUIRED

3/8"—DIA., UV—-RESISTANT ROPE

PVC SAND BAG

SELECT MATERIAL —

60—MIL HOPE

Figure 3
Sand Bag Weights

The completion of the construction phase of this project is expected in October 1988.
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C.M. LUNDELL, S.D. MENOFF
Waste Management of North America, Inc., U.S.A.

The Use of Geosynthetics As Drainage Media at Solid Waste Landfills

INTRODUCTION

In recent years there has been an increasing emphasis on the implementation
of technical improvements in the construction of containment facilities for
solid waste in order to mitigate environmental impacts. At the same time,
available 1landfill airspace has been significantly reduced, thereby
increasing its wvalue. These two trends have prompted landfill designers to
look toward geosynthetic products as a way to improve the containment
performance of 1landfills while increasing available airspace. One
application of geosynthetics has been as a drainage media for leachate
collection and detection. This paper presents some approaches currently used
in the design and construction of leachate drainage systems with geosynthetic
components.

Traditionally, natural or processed granular materials such as sand and stone
have been used for leachate collection applications. However, increasingly
stringent permeability requirements often dictate the use of more highly
processed, potentially difficult to obtain, and sometimes very expensive
granular materials. Additionally, required drainage layer thicknesses on the
order of one foot or more may displace valuable refuse airspace. Certain
geosynthetics offer the benefits of significantly increased transmissivities
and decreased airspace displacement.

LANDFILI. APPL.ICATIONS

Geotextiles and geonets have both been used as drainage media within
landfills. However, the much higher transmissivities of geonets have made
them the geosynthetic of choice in most instances. Geosynthetics can be used
in primary and secondary leachate collection and detection systems with many
different configurations. Some of the configurations which the authors have
seen used or proposed are shown in Figure 1. Similar configurations are also
used in final cover applications. However, because of the lower overburden
pressures geotextiles can be substituted for geonets.,
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Primary Leachate Collection :
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FIGURE 1. Geosynthetic drainage system configurations.
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DESIGN CONSTDERATIONS

As mentioned above, geonet products have become the most commonly used

geosynthetic for leachate collection. However, regardless of the material
being considered, there are a number of issues which impact the design and
construction of drainage systems which incorporate the geosynthetics. These

design considerations include:

Transmissivity

Directional drainage characteristics
Leachate compatibility

Frictional characteristics

Economics

Other considerations such as material availability and regulatory
acceptability may also significantly impact the use of geosynthetics on a
site specific basis.

Transmissivity

Any geosynthetic being considered for use as a drainage media should be
subjected to carefully controlled laboratory testing (ASTM D4716) to measure
the material’s transmissivity and its response to overburden loading.
Laboratory tests should carefully model the anticipated field conditions and
include the materials which will be placed adjacent to the drainage layer,
realistic overburden 1loads, and be conducted under range of hydraulic
gradients (usually less than 1.0). The overburden loads applied should be
increased incrementally to at least the maximum overburden load anticipated
in the field. If possible, testing should be performed with applied
overburden pressures which exceed the maximum anticipated pressures by at
least 50% to check that significant transmissivity reduction will not take
place if overloading does occur. Transmissivity reductions may be the result
of material compression or, in the case of geonets, strand rollover or the
intrusion of adjacent materials into the drainage channels.

The appropriate geosynthetics to be used in a drainage system should be
selected in part, by comparing the required transmissivity to the available
transmissivity and applying a factor of safety. Factors of safety used are
generally greater than two but may vary depending on the application.

Drainage layer transmissivity variations are in part a function of the
components of the drainage system and the materials immediately adjacent to
it. Typical observed variations for drainage systems utilizing geonets are
outlined in Table I. The transmissivity values shown are for extruded
geonets approximately 0.2 inches thick. Typical reported valves of
geotextile transmissivity for planar flow are presented in Table II.
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TABLE 1 Geonet Drainage System Transmissivities

Drainage System Typical Transmissivity Granular Material
Configuration @10,000psf, i=1.0 Equivalency

geomembrane
geonet 1X10'3M2/sec 12" @ k=3X10'1cm/sec
geomembrane

soil**

geotextile¥* 5X10'4M2/sec 12" @ k=1.5X10'1cm/sec
geonet

geomembrane

soil¥%

geotextile* 1X10-4M2 /sec 12" @ k=3X10"2cm/sec
geonet

geotextile¥*

sollx*

% Geotextiles are approximately 8 oz./square yard, nonwoven
** Cohesive soil

TABLE II Geotextile Planar Transmissivities

Typical Transmissivity1 Granular Material
Geotextile @830pst Equivalency
Woven - slit film 1x10-8 M2/sec 12" @ k=3X10"%cm/sec
Woven - monofilament 3x10-8 Mz/sec 12" @ k=1X10'5cm/sec
Nonwoven - needled 2X10-6 Mz/sec 12" @ k—7X10'4cm/sec

In general, only very thick nonwoven-needlepunch geotextiles have appreciable
transmissivities. Even these are generally much less than those of geonets.
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The transmissivity tests described above are generally performed at various
load increments, with these loads being applied for a time duration ranging
typically from less than one hour up to 24 hours. Limited testing has been
performed on samples subjected to static loads with longer durations.
Testing performed on geonet samples that have been loaded for a time period
in excess of 600 days have shown only slight transmissivity reductions after
one day. However, this data is available for only certain products and
boundary conditions 2,3, 1t is clear that additional testing is warranted.

Other factors which may impact the long term performance of the drainage
media are 1its response to elevated temperatures and the potential for
biological or mechanical clogging. Although field monitoring information
suggests that these factors do not have major widespread impact on the
drainage layer performance, these materials have been used for only a
relatively short period of time in the field and additional testing and field
monitoring is needed.

Directional Drainage Characteristics

Some geosynthetic drainage materials exhibit preferential drainage directions
which should be taken into account during design and construction.
Geotextiles do not generally exhibit significant transmissivity anisotropies,
However, geonets may exhibit a wide range of directional drainage behavior.
Some geonets have transmissivity anisotropies that are insignificant and
require no special construction considerations. Other geonets have drainage
preferences that are nearly unidirectional and the use of such products may
require significant design consideration and careful construction control to
be effective. In general, overall transmissivity behavior can be
significantly effected by the orientation of the strands of polymer which
make up the geonet.

Leachate Compatibility

If the landfill design and operation is effective, the geosynthetic drainage
media will likely be subjected to leachate contact constantly for many years.
It is therefore of critical importance that the drainage media be compatible
with the anticipated leachate composition. The variation of leachate
composition between solid waste landfills can be significant. Therefore, the
drainage material should be constructed of a substance which 1is compatible
with a wide range of possible leachate constituents. At the present time,
high density polyethylene (HDPE) is widely regarded as the most compatible
material available for use in this type of application. There are a number
of geonet products which are composed of HDPE. HDPE geotextiles, however,
are not readily available at this time in the United States.

Frictional Characteristics

During construction and operation of a landfill, the frictional
characteristics of the various 1liner components may be of significant
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importance. They may control the stability of the below grade slopes and the
sequence of landfilling operations. Published data regarding frictional
characteristics of various synthetic materials suggest that the geosynthetic
interfaces tend to result in lower friction angles than do soil/geosynthetic
interfaces, and, as a result, are generally the most critical interfaces to

be evaluated during design. Geonets and geotextiles are often placed next
to geomembranes, and these interfaces tend to have the lowest laboratory
measured friction angles. Minimum friction angles on the order of 6° have

been reported for geotextile/geomembrane interfaces.

Friction angles in the range of 15° to 17° have been reported for
geonet/geomembrane interfaces®. It has been our experience that friction
angles closer to those of geotextile/geomembrane interfaces can be measured
in the laboratory for geonet/geomembrane interfaces. Therefore, the
published numbers may be somewhat unconservative. In situations where the
consequences of system failure are substantial, it is recommended that the
lower friction angle values be used during design or that site specific
laboratory evaluation of interface friction be performed. If laboratory
tests are performed, care must be taken to minimize testing conditions (such
as size and edge effects) which may result in the measurement of
unrealistically high friction angles.

Economics

Prices for material and installation of geosynthetic drainage systems may
range from approximately $0.30 to over $1.00 per square foot depending on
the type of geosynthetic used and the components of the drainage system
(i.e., the number of layers of geotextile and/or geonet) as well as general
site specific considerations such as location, construction season, labor
issues and other factors. The overall evaluation of the economic feasibility
of the use of these materials should include consideration of the value of
the available solid waste airspace retained as a result of the use of the
geosynthetics.

CONSTRUCTION CONSIDERATIONS

The correct translation of design concepts to field comstruction is always
important. However, it is extremely critical when geosynthetics are used,
This is particularly true in a landfill setting. Quality control and quality
assurance are integral parts of all geosynthetic installations.

Quality Control

Since the geosynthetic products to be used in the drainage system have been
specified by the engineer based on laboratory testing, it is of utmost
importance that the materials used in the construction of the landfill be the
same as those tested in the laboratory. Therefore, since the critical
properties of the geosynthetics being used can sometimes vary significantly
even if manufacturing processes are varied only slightly, it 1s necessary
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that good quality control be exercised during manufacturing of the

geosynthetics. Samples should be taken on a regular basis during
manufacturing (e.g. once every 50,000 ft2) and tested to evaluate pertinent
geosynthetic characteristics, The manufacturer should maintain detailed

quality control documentation and should provide certification of the quality
of each roll of material produced.

It is advisable to use only thoroughly tested products from manufacturers
who have a record of consistently producing a quality product and to
carefully review their quality control procedures with them prior to running
the product for a given site. Any producer who hesitates to fully cooperate
with all quality control evaluation efforts or is unwilling to produce
historical quality control records should be disqualified from consideration
for the project.

Quality Assurance

During construction, a thorough quality assurance program is required in
order to ensure that the geosynthetic installation conforms to the design
intent. All construction should be overseen by a full-time quality assurance
monitor who is familiar with geosynthetic installations and able to make
decisions concerning the acceptability or unacceptability of materials and
construction procedures. The construction quality assurance program should
be supervised by a qualified professional engineer who should be required to
certify all quality assurance documents and record drawings.

A detailed site specific quality assurance plan should be prepared and agreed
to by all affected parties prior to commencing construction. Conformance
testing should be performed on samples taken from rolls of geosynthetics
delivered to the site. Samples should be taken at a pre-determined interval
(e.g. one per 100,000 ft2) and the tests performed will depend on the type of
geosynthetic being used.

Careful attention must be paid to any special installation requirements such
as placement, orientation and joining techniques. In general, geotextiles
should be sewn and geonets overlapped and tied. Geonet ties should not
contain any metal, and should be of a contrasting color to the geonet to
allow for easy inspection. Typically, geonets are overlapped a minimum of
four inches and ties spaced on the order of five feet along slopes, two feet
across slopes and six inches in anchor trenches. It is also important that
the installation procedures (e.g., placing, cutting and joining) involved not
be allowed to adversely affect the performance of adjacent materials,
especially geomembranes.

All geosynthetics used for drainage applications should be clean and free of
materials which might clog the drainage system during operation. The
easiest way to ensure that only clean geonets and geotextiles are placed in
the landfill is to store the drainage materials in a dry, covered area on
site prior to installation. If this is not done, extensive cleaning may be
required.
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SUMMARY

The design and construction of drainage systems which incorporate
geosynthetic components at solid waste landfills have been discussed in this
paper. Since the use of geosynthetics in this type of application is
relatively new, it is important that designs be based on carefully modeled
laboratory testing and be checked with field observation and testing.
Important design considerations include transmissivity, directional drainage,
leachate compatibility, and frictional characteristics of the geosynthetics,
along with economic feasibility. Some of these design properties are well
known or can be measured during short term laboratory testing. The long term
response of geosynthetic drainage materials to overburden loading, elevated
temperature, and biological and chemical activity is not well documented. As
a result, additional work in these areas is warranted. Careful quality
control during manufacturing of the pgeosynthetic materials and full time
quality assurance during construction are both critical to the successful
performance of these types of drainage systems.

It is anticipated that in the future geosynthetics will find increased use as

drainage media at solid waste landfills. This increased use will be driven
by technical design considerations directed at minimizing environmental
impacts and by economic and site life advantages. These geosynthetic

materials can, in some cases, offer significant advantages to the use of
granular materials in drainage layers. A geosynthetic drainage layer is not
just a novel concept, but a practical and efficient application of technology
to landfill construction. These types of products should be routinely
considered during the conceptual design phase of all new landfill sites.
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Rates of Leakage Through Landfill Liners

ABSTRACT

This paper describes methods for evaluating rates of leakage through landfill
liners constructed with geomembranes. The paper addresses both geomembranes alone
and geomembranes used in composite liners. Leakage through liners constructed
with geomembranes can occur by fluid permeation through intact geomembranes and
flow through geomembrane holes. Only 1leakage through geomembrane holes is
considered in the paper. Leakage through a geomembrane hole is dependent on the
hydraulic conductivities of the materials overlying and underlying the
geomembrane. Three cases of 1leakage are considered: (i) leakage through
geomembranes alone; (ii) leakage through composite liners; and (iii) 1leakage
through geomembranes overlain by a drainage layer that impedes flow toward the
geomembrane hole. A comparison of the leakage rates for these three cases shows
that leakage through a hole in the geomembrane component of composite liner can be
up to 100,000 times smaller than leakage through a hole in a geomembrane alone.
It is also shown that the presence of sand overlying a geomembrane hole can reduce
the rate of leakage through the hole by a factor of up to 50 compared to the case
of a geomembrane alone.

INTRODUCTION

A1l hazardous waste landfills in the United States and an increasing number of
municipal solid waste landfills are constructed with double liner systems. The
lining systems of these landfills include the following four elements, from top to
bottom: a leachate collection layer; a primary liner; a leakage detection and
collection layer; and a secondary liner. In this paper, the leachate collection
layer and the 1leakage detection and collection layer are generically called
drainage layers.

This paper discusses the evaluation of the rate of leakage through the primary
and secondary liners.

The primary or secondary liner can be a geomembrane or a composite liner,
i.e., a liner composed of a geomembrane placed on a layer of low-permeability soil
(i.e., a soil with a hydraulic conductivity less than 10 m/s (10~ cm/s) and
usually in the range of 1078 to 10710 m/s (10® to 108 e¢m/s)). Soil liners alone

are not considered.
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The leachate collection layer and the leakage detection and collection layer
can be constructed with a variety of drainage materials. Some have high
permeabilities, such as geonets and coarse gravels; some have medium
permeabilities, such as sands and fine gravels. Typical hydraulic conductivities
of drainage materials are: 10-' to 1 m/s (10 to 100 cm/s) for coarse gravel; 10”!
m/s (10 cm/s) for geonets; 102 m/s (1 cm/s) for fine gravel; and 10 to 1073 m/s
(103 to 10" cm/s) for sand. The influence of the hydraulic conductivity of the
drainage material on the leakage rate will be evaluated.

LEAKAGE MECHANISMS

There are essentially two mechanisms of leakage through geomembranes: fluid
permeation through an intact geomembrane and flow through geomembrane holes.

Leakage due to permeation is not considered in this paper because, for
landfills, leakage rates due to fluid permeation are usually much smaller than
leakage rates due to flow through geomembrane holes. A review of this subject is
presented in Giroud and Bonaparte (7).

Regarding leakage through geomembrane holes, several cases can be considered:

o If a geomembrane with a hole is overlain and underlain by high-permeability
materials (such as geonet or coarse gravel), flow through the hole is not
significantly impeded. Therefore, for this case, the flow of 1liquid can be
considered as free flow through an orifice and the 1leakage rate is
essentially governed by the size of the hole.

e If a geomembrane with a hole is placed on a layer of low-permeability soil
(such as clay, silt, clayey soil, etc.) to form a composite liner, the
low-permeability soil significantly impedes the flow of 1iquid through the
hole, provided that the geomembrane is in close contact with the
low-permeability soil.

o If a geomembrane with a hole, and placed on a high-permeability material,
is overlain by a sand or a fine gravel, flow through the hole may be
somewhat impeded, so that the rate of leakage through the hole is lower
than in the case where the geomembrane is overlain or underlain by a
high-permeability material, but higher than in the case where the
geomembrane is placed on a low-permeability soil to form a composite liner.

These three cases will be discussed below, and equations to evaluate leakage
rates will be presented.

RATE OF LEAKAGE DUE TO DEFECTS IN GEOMEMBRANES ALONE

In the context of this paper, a geomembrane alone is a geomembrane overlain
and underlain by high-permeability materials (such as geonets or coarse gravels).
In this case, unless the hole is a slit with a width less than the thickness of
the geomembrane or a pinhole with a diameter less than the thickness of the
geomembrane, Bernoulli's equation for free flow through an orifice can be used to
evaluate the leakage rate (Giroud, 6):

Q=Cga Y2gh (1)
19



Geosynthetics ‘89 Conference
San Diego, USA

where: Q = steady-state rate of leakage through one geomembrane hole; a = area of
the hole in the geomembrane; g = acceleration of gravity; and h = head of 1iquid
on top of the geomembrane. Cg is a dimensionless coefficient, valid for any
Newtonian fluid, related to the shape of the edges of the aperture; for sharp
edges, which is assumed to be the case for geomembrane holes, Cg = 0.6. Basic SI
units are: Q (m¥/s), a (m?), g (m/s?), and h (m). As discussed subsequently, and
shown in Figure 1, Equation 1 can be used if the soil underlying the geomembrane
has a hydraulic conductivity greater than 103 m/s (10! cm/s) when the geomembrane
hole area is 0.1 cm? (0.016 in?) and greater than 10-2 m/s (1 cm/s) when the
geomembrane hole area is 1 cm? (0.16 in2).

RATE OF LEAKAGE THROUGH A COMPOSITE LINER

The mechanism of leakage through a composite liner with a hole in the
geomembrane is as follows: the 1iquid first migrates through the hole in the
geomembrane; the 11quid may then travel laterally some distance in the space, if
any, between the geomembrane and the low-permeability soil; finally, the liquid
migrates into and eventually through the low-permeability soil.

There may be no space between the geomembrane and soil components of a
composite 1iner if the geomembrane is sprayed directly onto the low-permeability
soil layer. This technique is not very often used and, in the more usual case of
a geomembrane manufactured in a plant, there will be some space between the
geomembrane and soil components of a composite liner in almost all applications
because:

e the geomembrane has wrinkles (note that geomembrane wrinkles may exist even
under very high pressures as shown by Stone (10));

* there are clods or irregularities in the underlying soil surface; and/or

e even when the underlying soil surface is smooth, the geomembrane bridges
small spaces between soil particles.

Laboratory test results discussed by Giroud and Bonaparte (7) seem to indicate
that some 1lateral flow almost always occurs between the geomembrane and the
underlying soil, even under laboratory test conditions where the geomembrane is
placed as flat as possible on a soil layer that has a smooth surface.

In order to establish a method for evaluating the rate of leakage through
composite liners with a hole in the geomembrane, Giroud and Bonaparte (7) have
made a thorough review of the results of composite 1iner model tests conducted by
Fukuoka (4, 5) and Brown et al. (1), and theoretical analyses carried out by Faure
(2, 3), Sherard (9), Fukuoka (5), and Brown et al. (1). Giroud and Bonaparte (7)
indicate that a key factor influencing the rate of leakage through a composite
liner is the quality of contact between the geomembrane and low-permeability soil
components of the composite liner. They ranked the experimental and theoretical
results they reviewed as a function of the contact quality from a lower bound,
corresponding to the theoretical case of perfect contact, to an upper bound,
corresponding to no contact at all. They also proposed a method of interpolation
between the various experimental and theoretical results. This method is
described in detail in two publications [USEPA (11); Giroud and Bonaparte (7)].
Subsequently, Giroud et al. (8), wusing the proposed interpolation method,
established the following empirical equations:
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Q = 0.21 a%! 09 k074 for good contact (2)
Q = 1.15 a%! h09 k074 for poor contact (3)

where: Q = steady-state rate of leakage through one hole in the geomembrane
component of a composite liner; a = area of the hole in the geomembrane; h = head
of 1iquid on top of the geomembrane; and kg = hydraulic conductivity of the
low-permeability soil underlying the geomembrane. Equations 2 and 3 are not
dimensionally homogeneous; they can only be used with the following units:
Q(m3/s), a(m?), h(m), and kg(m/s).

The experimental data used to empirically establish Equations 2 and 3 suggest
that the use of these equations should be restricted to cases where the hydraulic
conductivity of the low-permeability soil is less than 10 m/s (104 cm/s). The
theoretical analyses used to empirically establish Equations 2 and 3 also suggest
that the use of these equations should be restricted to cases where the head of
1iquid on top of the geomembrane 1is 1less than the thickness of the
low-permeability soil layer underlying the geomembrane. If this condition is
fulfilled, the leakage rate does not significantly depend on the thickness of the
low-permeability soil layer. This is why Equations 2 and 3 do not show a
functional dependence of leakage rate on the thickness of the low-permeability
soil layer.

The good and poor contact conditions are defined as follows:

e The good contact condition corresponds to a geomembrane installed with as
few wrinkles as possible, on top of a low-permeability soil layer that has
been adequately compacted and has a smooth surface.

» The poor contact condition corresponds to a geomembrane that has been
jnstalled with a certain number of wrinkles, and/or placed on a
low-permeability soil that has not been well compacted and does not appear
smooth.

These two contact conditions can be considered as typical field conditions.
They are bounded by two extreme field conditions, the best case and the worst
case, which can be defined as follows:

e In the best case: (i) the soil is well compacted, flat and smooth, has not
been deformed by rutting due to construction equipment, and has no clods
nor cracks; (ii1) the geomembrane is flexible and has no wrinkles; and (iit)
the geomembrane and soil are in close contact.

e In the worst case: (i) the soil is poorly compacted, has an irregular
surface, and is cracked; and (ii) the geomembrane is stiff and exhibits a
pattern of large, connected wrinkles.

RATE OF LEAKAGE THROUGH A GEOMEMBRANE OVERLAIN BY A DRAINAGE MATERIAL

As indicated above, high-permeability materials (such as geonets and coarse
gravels) located above or below a geomembrane are not expected to significantly
affect the flow of 1iquid through a hole in the geomembrane, and the flow rate is
approximately the same as in the case of free flow through the hole. On the other
hand, if a geomembrane resting on a high-permeability material (such as geonet or
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coarse gravel) is overlain by a medium-permeability drainage material (such as
sand or fine gravel), the flow toward the geomembrane hole is impeded by the
drainage material, and the flow rate is less than in the case of free flow. A
typical field situation is a geomembrane primary liner overlain by a sand leachate
collection layer and underlain by a geonet leakage detection and collection
layer.

In order to evaluate the leakage rate reduction due to the presence of the
drainage material above the geomembrane, the following rationale has been used:

* When sand or fine gravel is placed above a geomembrane, excellent contact
is expected between the sand or gravel and the geomembrane, because sand
and gravel are cohesionless, and they follow the shape of the geomembrane,
even if 1t exhibits wrinkles.

* However, even if the contact between a granular material and a flat
boundary such as a geomembrane seems perfect, there is usually a
preferential flow path in the granular material next to the boundary,
because the porosity of a granular material in the vicinity of a flat
boundary is usually greater than the porosity within the material.

* From the above, it appears that a lower bound solution for the leakage rate
is provided by the equation for radial flow towards the geomembrane hole,
since this equation corresponds approximately to the case of perfect
contact without preferential flow, according to Giroud and Bonaparte (7).

e An obvious upper bound solution for the leakage rate is provided by
Bernoulli's equation for free flow (Equation 1).

* Approximate theoretical evaluations of the rate of flow in the zone of
greater porosity of the granular drainage material in the vicinity of the
geomembrane were made by the authors. Using these approximate evaluations
as a guide, several empirical approaches were attempted. It was found that
a satisfactory approximate value for the leakage rate could be obtained by
averaging the logarithms of the leakage rates obtained with the lower bound
and upper bound solutions mentioned above.

The empirical equation thus obtained is:
Q=3 a0.75 K075 d0.5 (4)

where: Q = steady-state rate of leakage through one geomembrane hole: a = area of
the hole in the geomembrane; h = head of liquid on top of the geomembrane; kq =
hydraulic conductivity of the drainage material overlying the geomembrane.
Equation 4 1is not dimensionally homogeneous; it can only be used with the
following units: Q(m®/s), a(m?), h(m), and kq(m/s).

Equation 4 1is intended only for the case of granular drainage materials and,
therefore, should only be used when the hydraulic conductivity of the drainage
layer material is greater than 10-6 m/s (107 cm/s). Also, some of the analyses
used to establish Equation 4 suggest that use of the equation should be limited to
cases where the head of 1iquid on top of the geomembrane, h, is less than the
thickness of the drainage layer; this condition is usually fulfilled in the case
of landfills. 22



Geosynthetics ‘89 Conference
San Diego, USA

COMPARISON OF LEAKAGE RATES

Two tables were established to compare leakage rates through a geomembrane
alone, a composite liner, and a geomembrane overlain by a drainage layer.

Equations 1 and 2 were used to establish Table 1, which compares the rates of
leakage through a hole in the geomembrane component of a composite liner with
those through a hole in a geomembrane alone, i.e., a geomembrane overlain and
underlain by ‘high-permeability materials (such as geonets or coarse gravels).
This table was established assuming that the head of liquid above the geomembrane
hole is constant (i.e., that there is no drawdown of liquid over the hole). This
table shows that there is great benefit in using composite liners. For example,
in the case of a small hole (i.e., 0.1 cm? = 0.016 in%), it appears that the ratio
between the rates of leakage through a hole in geomembrane alone and a composite
liner are, for the case of "good contact", in the following ranges:

e 25,000 to 60,000 if kg = 1070 m/s (108 cm/s)
e 5,000 to 10,000 if kg = 109 m/s (1077 cm/s)
e 800 to 2,000 if kg = 108 m/s (105 cm/s)

o 150 to 400 if kg = 107 m/s (10-° cm/s)

o 30 to 70 if kg = 105 m/s (10 cm/s),

where kg is the hydraulic conductivity of the low-permeability soil component of
the composite liner. In each range, the lower value is for a head of liquid on
top of the geomembrane of 0.1 m (4 in.) and the higher value is for 0.01 m (0.4
in.). The beneficial effect of the composite liner is _slightly greater if the
hole size is greater than the considered 0.1 cm? (0.016 in2).

Equations 1 and 4 were used to establish Table 2, which compares the rates of
leakage through a hole in: (i) a geomembrane overlain by a sand or fine gravel and
underlain by a high-permeability material such as a geonet or coarse gravel; and
(ii) a geomembrane alone, fi.e., a geomembrane overlain and underlain by
high-permeability materials. This table shows that the drainage material
overlying the geomembrane can have a significant influence on the rate of leakage
through a hole in the geomembrane. For example, in the case of a small hole
(e.g., 0.1 cm? = 0.016 in2), it appears that the ratios between the rates of
leakage through a hole in a geomembrane alone and a hole in a geomembrane overlain
by a sand or fine gravel are in the following ranges:

e 30 to 50 if kg = 105 m/s (1073 cm/s)
o 10 to 15 if kg = 104 m/s (102 cm/s)
e 3to5 if kg =103 m/s (107! cm/s),

where kq is the hydraulic conductivity of the drainage layer material overlying
the geomembrane. In each range, the lower value is for a head of 1liquid on top of
the geomembrane of 0.1 m (4 in.) and the higher value is for 0.01 m (0.4 in.).
The effect of drainage materials having a hydraulic conductivity equal to or
greater than 102 m/s (1 cm/s) is negligible.
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Table 1. Ratio of Leakage Rates Between Composite Liner and Geomembrane Alone.
This table was obtained by dividing Equation 2 (composite liner with good
contact) by Equation 1 (geomembrane alone, i.e., geomembrane overlain and
underlain by a high-permeability material).

Hydraulic
Conductivity Depth of Liquid, h (m (in.))
of Low-
Hole Permeability
Size Soil, Kg 0.001 0.01 0.1 0.3
m/s  (cm/s) (0.04) (0.4) (4) (12)

10710 (1078) [ 7.9 x 1077 [ 2.0x 1076 | 5.0 x 106 | 7.7 x 1076
1079 (1077) [ 4.3x 108 | 1.1x105 | 2.7x10°5 | 4.3x 1075

2

1 cm
> 108 (1078 | 2.4 x 1075 | 6.0 x 105 | 1.5 x 1004 | 2.3 x 10°%

(0.16 in2)

1077 (107%) | 1.3x 104 [3.3x10% |8.3x10% | 1.3x 103
1006 (1004 | 7.2x10% | 1.8x10°3 | 4.6 x103 | 7.1x 103
10710 (108) [ 6.3 x 10 | 1.6 x 10°° | 4.0 x 1075 | 6.1 x 10°5
) 10709 1077y | 3.4 x 105 | 8.7x10°% | 2.2x10% | 3.4 x 10°%

0.1 cm

108 (1076 [ 1.9x 105 |4.8x10% | 1.2x10°3 | 1.9 x 10°3
2

(0.016 in?) , P 3 3 P -
1077 (107%) | 1.0 x 10 2.6 x 10 6.6 x 10 1.0 x 10

10 (1004 [ 5.7x103 [ 1.4x102 | 3.6 x102 | 5.6 x 10°2

Ratio of Leakage Rates Between Composite Liner
and Geomembrane Alone

h i

COMPOSITE LINER 24 GEOMEMBRANE ALONE
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Table 2. Effect on Leakage Rate of the Drainage Layer Overlying the Geomembrane.
This table was obtained by dividing Equation 4 by Equation 1.
Hydraulic
Conductivity of Depth of Leachate, h (m (in.))
Drainage
Hole Material, kg
Size 0.001 0.01 0.1 0.3
m/s (cm/s) (0.04) (0.4) (4) (12)
10-5 (1073) 0.006 0.012 0.021 0.027
) 1074 (107) 0.021 0.037 0.065 0.085
1 cm
) 1073 (1071 0.065 0.115 0.205 0.270
(0.16 in?) )
107 (1) 0.205 0.365 0.649 0.855
100l (10 0.649 >1 >1 >1
1 (100) >1 >1 >1 >1
1075 (10'3) 0.012 0.021 0.037 0.048
) 1074 (1072) 0.037 0.065 0.115 0.152
1 cm
5 1073 (107l 0.115 0.205 0.365 0.481
(0.016 in%) 9
107 (1) 0.365 0.649 >1 >1
100l (10) >1 >1 >1 >1
1 (100) >1 >1 >1 >1
Ratio of Leakage Rates Between Geomembrane
Overlain by a Drainage Material and
Geomembrane Alone
/,DRAINAGE LAYER GEOMEMBRANE ALONE
...'.'-'. -. ) i . :
e = kd — T =
e T “.Ih - kq =
ks = 00 ks = o
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It therefore appears that placing soil below or above a geomembrane
significantly decreases the leakage rate through a hole in the geomembrane.
However, the two beneficial effects should not be added to each other. For
example, 1if a geomembrane is underlain by clay and overlain by sand, the
beneficial effect of the sand cannot be added to the beneficial effect of the
clay. The rationale is as follows: the hydraulic conductivity of clay is much
lower than that of sand and, therefore, it controls the velocity of 1iquid flow
through the geomembrane hole; the presence of sand does not have any noticeable
influence on flow velocity and, consequently, on leakage rate.

RATE OF LEAKAGE THROUGH A QUASI-COMPOSITE LINER

There are many practical situations where clay or clayey soils are not
available to construct a composite liner and where a geomembrane is placed on a
layer of sandy or silty soil (either the natural subgrade or a compacted layer of
bedding soil) with a hydraulic conductivity in the range of 106 - 104 m/s (10 -
102 cm/s). Although this is not as good as a composite liner where the 1low-
permeability soil component has a hydraulic conductivity less than 106 m/s (104
cm/s), the presence of the sandy or silty soil under the geomembrane is likely to
decrease the leakage rate through a geomembrane hole compared to the case of a
geomembrane placed on a highly pervious soil. The association of a geomembrane
and a medium-permeability soil can be called a quasi-composite liner.

At the present time, to the best of our knowledge, there is no method to
evaluate the rate of leakage through a quasi-composite liner due to a hole in the
geomembrane. Equations 2 and 3 are valid only if the soil component of the
composite liner has a hydraulic conductivity less than 106 m/s (10-4 cm/s). If
Equation 2 or 3 are used with a value of the hydraulic conductivity greater than
108 m/s (10°* cm/s), the equations overestimate the leakage rate because they
exaggerate the influence of 1lateral flow between the geomembrane and soil.
(Lateral flow is expected to be very small when the soil underlying the
geomembrane does not have a low hydraulic conductivity.)

Another approach to calculating the leakage rate through a hole in the
geomembrane component of a quasi-composite liner would be to use Equation 4, which
was developed to evaluate the effect of the overlying material, with ks
substituted for kq. This would tend to underestimate the leakage rate because
Equation 4 was established assuming excellent contact between the overlying
granular material and the geomembrane, while the contact quality may not be as
good when the granular soil is below the geomembrane.

It may therefore be concluded that Equation 2 provides an upper bound solution
and Equation 4 (with kg instead of kyq) a lower bound solution for the case of a
quasi-composite liner.

It 1is interesting to use both equations to determine the hydraulic
conductivity of the underlying soil for which the leakage rate is the same as in
the case of free flow (Equation 1). For a 0.1 cm? (0.016 in?) hole, this occurs at
ks approximately equal to 10~4 m/s (102 cm/s) with Equation 2, and ks approximately
equal to 102 m/s (1 cm/s) with Equation 4. By interpolating between these two
values, it can arbitrarily be concluded that free flow occurs when the hydraulic
conductivity of the material underlying the geomembrane is on the order of 103 m/s
(10" c¢m/s) or greater. This value is consistent with the results of some tests by
Brown et al. (1). 26
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To evaluate the beneficial effect of a quasi-composite liner between kg = 1076
m/s (10" cm/s) and kg = 103 m/s (107! cm/s), interpolation on a Togarithmic scale
is suggested, as shown in Figure 1. This figure also illustrates the beneficial
effect of composite and quasi-composite liners in the case of a geomembrane hole
with an area of 1 cm? (0.16 in?).

For practical applications, Figure 1 can be used for a rapid evaluation of the
beneficial effect of a composite liner, whether it is a true composite liner (ks <
10 m/s (104 em/s)) or a quasi-composite liner (kg 2 10 m/s (10" m/s)). Figure
1 is based on good contact between the geomembrane and soil components of the
composite liner.

RELATIONSHIP BETWEEN LEAKAGE AND LEACHATE GENERATION

The above discussion on the effect of the drainage material overlying the
geomembrane on the rate of leakage through a hole in a geomembrane liner could
lead to the belief that it is preferable to use sand rather than a more permeable
material such as geonet or gravel to construct leachate collection layers. For
equal heads of Tleachate on the geomembrane, the rate of leakage through the
primary liner is indeed smaller if the leachate collection layer material is sand
rather than gravel, because sand will impede the flow of leachate towards the
geomembrane hole, thereby reducing the leakage rate as compared to the case where
the leachate collection layer material has a higher permeability than sand.
However, such a comparison is not correct because, for a constant rate of leachate
generation, the larger the hydraulic conductivity of the leachate collection layer
material, the smaller the leachate head on the geomembrane. Therefore, to make a
fair comparison between leachate collection layer materials regarding their
influence on leakage rate, it is necessary to consider a given rate of leachate
generation instead of a given head of leachate on the geomembrane. The authors
are currently investigating the combined influence of drainage layer permeability
and leachate generation rate on leakage rates through geomembrane holes.

LIMITATIONS

The methods of evaluating rates of leakage through geomembrane holes presented
above are based on theoretical analyses and a limited number of laboratory tests.
These methods still need to be compared to leakage rates measured in additional
laboratory tests and in actual landfills that have reliable leakage detection and
collection systems. To date, only very limited data are available and
interpretation is always difficult because: (i) the sizes of geomembrane defects
are not known; (ii) 1iquid heads acting on the primary liners are not known; and
(ii1) many landfills have 1iquids in their leakage detection and collection layers
from sources other than leakage through the primary liner. Therefore, in the
present state of knowledge, the above methods should be used with caution and only
by experienced engineers.

CONCLUSIONS

This paper has described methods for evaluating rates of leakage through
landfill liners constructed with geomembranes. The methods were applied to both
geomembranes alone and to composite liners comprised of a geomembrane upper
component and a soil tlower component. Comparisons of the results of the
evaluations demonstrates the effectiveness of composite liners. Table 1 shows
that leakage rates through a geomembrane hole are significantly reduced by placing
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RATIO BETWEEN LEAKAGE RATES THROUGH GEOMEMBRANE

ALONE AND COMPOSITE LINER

ka3 Ks
10% + o 2 In = kg = o
ks = 00
10° 4 N
C» COMPOSITE LINER GEOMEMBRANE ALONE
4#
104 4= g &) 4",, ) °0~f@ a = area of hole in geomembrane
o.(l' e
2N »
103
5N
-\-0 . .
. 0
% "¢
2 >
105 == QJ
2
10 ==
1 [ i I [ 3 i , 5
-10 -9 -8 -7 -6 "5 : 2
10 10” 10~ 10 10~ 10 1074 103 10°
Hydraulic conductivity of the soil underlying the geomembrane (m/s)
Figure 1. Effectiveness of a Composite Liner. This figure gives the ratio, R,

between the leakage rates (due to a geomembrane hole) through a
geomembrane alone and through a composite liner, as a function of the
hydraulic conductivity, kg, of the soil component of the composite

liner. The portions of the curves for Kg <

established by dividing Equation 1 by Equation 2.

108 m/s (104 cm/s) were
The portions of the

curves for kg > 106 m/s were obtained by interpolation between the
portions of the curves for ks < 10® m/s and the value of kg for which

free flow is expected.
Hg, of the soil layer if h < Hs.
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a layer of 1low-permeability soil under the geomembrane. The paper also
demonstrates (Table 2) that, for a given head on top of a geomembrane, the
presence of a layer of sandy or silty soil on top of or beneath the geomembrane
significantly impedes the flow rate through a hole in the geomembrane.

The leakage rate evaluations have been combined into a chart (Figure 1) that
can be used with Equation 1 to estimate leakage rates through geomembrane holes
when the 1liquid head acting on top of the geomembrane is known or can be
estimated. This chart can be used for practical applications in conjunction with
guidelines provided by Giroud and Bonaparte (7) on the sizes and frequencies of
geomembrane holes that could be encountered in the field.
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Lined Cut and Fill Reservoirs in Israel-Forty Years of Development

SUMMARY

This paper reviews the development in Israel of exposed lined,
uncovered reservoirs of the cut and fill type from the early 'fifties
to the present time.

Design parameters and operation and maintenance issues are presented
for reservoirs ranging in capacity from 20,000 to 200,000 cu.m. and
lined with reinforced shotcrete or geomembranes. The paper focuses on
the major maintenance problem encountered in these reservoirs, namely
the periodic cleaning of organic and inorganic deposits from their
banks and bottom.

The geomembrane lined reservoirs are provided with reinforced
concrete tracks to permit travel of mechanical tools on their bottom,
thus facilitating the cleaning process. These tracks increase both,
initial investment and maintenance expenditures, making the
geomembrane lining less competitive to other lining materials.

The paper presents the conclusions of recent studies performed in
Israel on the development of mechanical tools for cleaning
geomembrane lined reservoirs. These studies proved that appropriate
mechanical tools can travel over geomembrane linings without damage
to lining or subgrade. The use of these mechanical tools makes the
cleaning process safer and more efficient and avoids the necessity
for reinforced concrete tracks. The conclusions of these studies are
fundamental in the present policy of planning and design of exposed
lined, uncovered, cut & fill reservoirs.

INTRODUCTION

This paper refers to reservoirs of the cut and fill type serving for
short-time (weekly) regulation within the national and regional

domestic and irrigation water supply networks in Israel.
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The reservoirs range in capacity from 20,000 to 200,000 cu.m. Depth
of water is from 3 to 8 m while the area of wetting in the larger
reservoirs may amount to a few hectars. All the reservoirs are
uncovered and, in order to reduce seepage losses to a minimum, are
lined.

RESERVOIRS CONSTRUCTED IN THE 'FIEFTIES & 'SIXTIES

Design Parameters

These reservoirs are of circular or rectangular shape, with an inner
bank inclination of 3:1 (horizontal:vertical). The bottom has a
uniform slope of about 17 towards the lowest part, where the inlet-
outlet pipe is located. No drainage facilities are provided, and the
only means of dewatering the reservoirs is via the inlet-outlet pipe.

The reservoirs are uncovered and concrete lined. The lining consists
of 5 cm thick shotcrete reinforced with iron mesh comprising 5 mm
dia. bars, 15 cm  apart. The lining is without exception
applied directly over the subgrade (natural ground or compacted
fill). Construction joints, at intervals of about 10 m, are filled
with a bituminous mastic.

Operation and Maintenance Problems

In their thirty years of existence, the reservoirs have posed no
major O&M problems, apart from their cleaning. Cleaning of the
reservoirs is necessary at 1least once a year since inorganic
materials (silt and sand) together with materials of organic origin
(mainly algae) deposit on banks and bottom. The deposits must be
removed for both sanitary reasons (in domestic water supply networks)
and to prevent clogging of spinklers and drippers in irrigation water
supply networks.

In the past two decades, certain species of fish have been introduced
to consume the suspended materials depositing on the banks and bottom
of reservoirs. Although successful, the "fish treatment" is not able
to fully replace mechanical cleaning, and the latter must still be
performed, although 1less frequently than in the absence of the "fish
treatment".

Mechanical cleaning of a reservoir 1is time consuming, costly and
hazardous. The reservoir is first dewatered, following which the
banks are manually hosed and scrubbed. A slurry is formed, part of
which flows toward the bottom and part of which is pushed down
manually. The work on the slippery inclined banks is difficult, and
the workers must pay great attention to their own safety.
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Cleaning of the reservoir bottom is performed in a similar manner to
that of the the banks, i.e. by manual hosing and scrubbing. Materials
deposited on the bottom, together with the slurry obtained from
cleaning of the banks, are pushed manually toward the lowest part of
the reservoir. In some cases, this operation is assisted by a
tractor lowered by cables along the banks; the tractor is equipped
with a special "rubber bulldozer" for impelling the slurry without
dammaging the concrete lining. The slurry, which accumulates in the
lowest part of the reservoir, is generally evacuated by means of mud
or concrete pumps. As no synchronization can be achieved between the
processes of cleaning, pushing along the bottom and pumping out,
cleaning of reservoir bottoms is both difficult and inefficient.

RESERVOIRS CONSTRUCTED IN THE LATE 'SEVENTIES AND EARLY
'"EIGHTIES

Developments in geosynthetics have made available two-dimensional,
continuous, flexible materials (geomembranes) which can compete
with concrete for seepage control, and often require a considerably
lower investment. Cut and fill reservoirs constructed in Israel since
late 'seventies are geomembrane lined.

Design Parameters

The geomembrane 1lined reservoirs are generally of rectangular shape,
and, with respect to earthworks, have similar design parameters to
the concrete lined ones: an inner bank slope of 3:1 (see Fig. 1).

—The-geomembrane, 1like the concrete, is applied directly over the cut
or filled subgrade. Some reservoirs have a geomembrane lining laid
over a 15-20 cm layer of fine granular material in order to prevent
possible leakage through the lining from reaching the banks.

Some appurtenances, which do not exist in the concrete 1lined
reservoirs, have also been introduced. These comprise:

- a drainage pipe, with its inlet at a lower level than the invert
of the inlet-outlet pipe, for gravitational conveyance of
the slurry resulting from the cleaning process.

- steepper bottom inclination (2%-4%Z) to facilitate manual pushing
of the slurry during cleaning.

= a concrete canal connecting the inner toes of the banks across
the reservoir bottom in order to collect the slurry and allow
its mechanical pushing toward the drainage pipe inlet
located midway along the canal length. Access to the canal from
the service road is via concrete strips cast on gentler slopes
(4.5:1) on the banks.
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Operation and Maintenance Problems

Operation records of exposed geomembrane lined reservoirs within the
national and regional domestic and irrigation water supply networks
in Israel are relatively short, the first such reservoir having been
commissionned only some seven years ago.

The main problem encountered in all these reservoirs is geomembrane
failure at connections to structures (see Fig. 1, Section b-b).
Almost all the failures experienced have been caused by subgrade
settlement near joints between the two very different construction
materials: the rigid three-dimensional concrete and the flexible
two-dimensional geomembrane. In the light of this, therefore, it was
concluded that when planning and designing geomembrane lined
reservoirs, the contact area between rigid structures and
geomembranes should be reduced to a minimum, and, where such contact
cannot be avoided, sound and stable subgrade should be provided.

inlet-outiet pipe
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Fig. 1: Cut and fill reservoir, 100,000 cu.m capacity
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PRESENT POLICY REGARDING PLANNING OF CUT AND FILL RESERVOIRS
WITH EXPOSED LINING

The advantages of geomembranes over concrete (low cost, short
construction time) are negated by the cost of the concrete canal
necessary for reservoir cleaning as well as the costs of repair at
the contact areas.

No technical means for economically avoiding the need to clean the
reservoirs are at present available. Efforts are therefore being
directed toward improving cleaning efficiency. Studies were initiated
in 1987 to try to understand the behaviour of slurry during the
cleaning process and to develop mechanical tools able to perform
cleaning in a more efficient and safer manner. Although these studies
are still under way, certain conclusions reached to date have already
had a serious impact on the planning of cut and fill reservoirs with
exposed lining. These are principally as follows:

- four-wheel tractors, up to 1.5 tons in weight and with suitable
tires having an air pressure of about 3-4 p.s.i., can move over
geomembrane linings without damaging either the linings or the
subgrade. The tractors encounter no problems when moving over
clean, wet or dry geomembrane, or geomembrane lining covered
with dry deposits. They are stable in their movement on the
reservoir bottom and banks (3:1 slope) in any direction: along
contour lines, perpendicular to contour lines or obliquely. The
tractors can develop a working power of 35% of their own weight
- estimated to be sufficient for the cleaning process.

- reservoirs lined by geomembranes do not in fact need a concrete
canal for cleaning or any other purpose.

Present policy in planning cut and fill reservoirs is therefore to
continue to wuse geomembranes for lining, wherever possible. The
reservoirs would be constructed without the concrete canal and
appurtenances, making the geomembrane lining more competitive with
other materials from the point of view of both initial investment and
maintenance costs.
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Stability Of Soil Layers On Geosynthetic Lining Systems

ABSTRACT

Geosynthetic 1ining systems comprised of several Tayers of geomembranes, geonets,
and geotextiles are commonly used in waste disposal facilities. Geosynthetics are
sensitive to shocks and/or ultraviolet light. Consequently, geosynthetic lining
systems are usually covered with a soil layer. Interface friction angles between
adjacent geosynthetics or between soil and geosynthetic can be low, thereby creating
a potential slip surface which may cause instability of the soil layer. This paper
presents a method to evaluate the stability of soil layers overlying geosynthetic
lining systems on slopes. The method is illustrated with a design example.

INTRODUCTION
Background

Lining systems, including geosynthetics, are used to line municipal waste
landfills, hazardous waste landfills, and liquid containment facilities. This paper
is restricted to landfills, which essentially contain solid material.

Two 1ining systems are typically used in Tandfills for leachate control, as shown
in Figure 1:

o Containment Lining System. The containment 1ining system is used to line the
ground and the dikes, in order to prevent infiltration of leachate into the
ground.

o Cap Lining System. The cap lining system is used to cover the waste at
closure of the landfill, in order to prevent precipitation from entering the
waste, thereby minimizing the Tong-term generation of leachate.

Stability is primarily an issue on the steeper portions of the containment and cap
1ining systems where the slopes often range between 4H:1V (14°) and 2.5H:1V (22°).
Geosynthetics routinely incorporated in lining systems include: geomembrane liners,
geonet drainage layers, and geotextile filters. Typical cross-sections of lining
systems on slopes are shown in Figure 2. The lining systems illustrated in Figure 2
are covered with a soil layer because geosynthetics are sensitive to shocks and/or
ultraviolet Tight. Interface friction angles between geosynthetics or between soils
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Figure 1. Schematic Cross Section of a Landfill.

and geosynthetics typically range from 10° to 25°. Some of these friction angles are
smaller than the slope angles mentioned above. Slip planes can develop along
interfaces with a friction angle less than the slope angle. The presence of a slip
plane can cause instability of the lining system Therefore, in landfill design, it
is necessary to carefully address the stability of soil layers overlying geosynthetic
lining systems.

Slope Stability Concept

A simplistic approach is to consider the slope to be infinite. In this case,
the soil cover is stable if the following condition is met:

B < 9 (Equation 1)
where: B = slope angle; and ¢, = minimum interface friction angle.

For example, consider the cross-section shown in Figure 2b, with the following
typical interface friction angles between each layer: (i) soil cover - geotextile
interface, ¢, = 32°; (ii) geotextile filter - geonet drainage layer interface, ¢,

= 28°; (111) geonet drainage layer - geomembrane liner interface, ¢, = 16°; and (1v)
geomembrane liner - subgrade interface, ¢, = 21°.

With the infinite slope assumption, the soil cover, the geotextile, and the geonet
would slide as a block along the geonet-geomembrane interface if the slope angle is
greater than 16°. In reality, slopes are not infinite and the above lining system
could be stable on a slope steeper than 16°. Two reasons for a finite slope to be
more stable than an infinite slope are:

° Geosynthetic anchorage at the crest. The geosynthetics that comprise the
Tining system are anchored at the crest of the slope. As slippage along the
critical geosynthetic interface occurs, tensile forces are generated in the
geosynthetics above the critical interface. These tensile forces contribute
to the stability of the potentiag sliding block.
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Examples of Lining Systems: (a) containment single liner with a granular
layer used as a leachate collection layer and protective soil cover; (b)
containment single liner with a geonet leachate collection layer, a
geotextile filler and a protective soil cover; (c) containment double liner
with a geonet leakage collection layer and protective soil cover; (d)
containment double Tiner with a geonet leakage collection layer, a geonet
Jeachate collection layer, a geotextile filler, and a protective soil
cover; (e) cap single liner with a layer of topsoil to grow vegetation and
a granular drainage layer; and (f) cap single liner with a layer of topsoil
to grow vegetation, a geotextile filler, and a geonet drainage layer.
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° Soil buttress at the toe. The soil cover, at its toe, rests on a firm
foundation. As slippage along the critical interface occurs, downward
movement of the soil cover is buttressed by the firm foundation. This "toe
buttressing effect" contributes to the stability of the soil layer.

The three factors contributing to the lining’s stability are schematically shown
in Figure 3 and act as follows:

° the geosynthetic tension, a, resulting from crest anchorage, acts at the top
of the slope, at point A;

a the shear resistance developed along the interface, S;, acts along AB; and
. the toe buttressing effect, S results from the soil strength along BC.

Geosynthetics used in lining systems (geomembranes, geonets, and geotextiles)
usually have a Tow modulus and, therefore, they cannot provide any significant
tension, @, at an acceptable strain (such as 2 percent). Consequently, tension in the
lining system geosynthetics will be neglected in this study. However, significant
tension can be provided if one or more layers of geosynthetic reinforcement are placed
in the soil cover. Geogrids are typically used in this application (Figure 4). 1In
order to be effective, the geogrid reinforcement must be firmly anchored at the crest
of the slope (Figure 5).

The contribution of the soil shear strength to the stability ("toe buttressing
effect") is quite significant. Typically, a soil cover can be stable on a stope
several degrees steeper than the minimum interface friction angle because of the toe
buttressing effect.

Scope of this Paper

The purpose of this paper is to present a method to evaluate the stability of soil
layers resting on a geosynthetic lining system on a slope. The method takes into
account geosynthetic tension, interface friction resistance, and toe buttressing
effect. It is important to note that pore water pressures are not considered in the
method. Therefore:

o The method presented in this paper is not applicable to liquid containment
facilities, especially those subjected to rapid drawdown.

° In the case of waste disposal facilities, for which the method is intended,
it is assumed that the soil cover is perfectly drained. The soil cover would
become unstable if the soil is not permeable enough, or if the drainage layer
located between the soil cover and the geomembrane does not have enough
transmissivity, to prevent pore pressure buildup in or under the soil cover.

Also, the method presented in this paper does not consider erosion problems.
LINING SYSTEM STABILITY ANALYSIS
Limitations and Assumptions

The method presented in this section is valid only if the soil layer overlying the

geosynthetic lining system: 18
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Figure 3.

Figure 4.

Geogrid Reinforcement for a Soil Cover.

of geogrid reinforcement was used. It was placed right on top of the
geotextile filter.

Potential S1ip Surface. The forces contributing to the stability are
schematically represented as follows: @ = tension in the geosynthetics

Tocated above the s1ip surface; S, = shear force along the minimum friction
interface; and S, = soil shear strength.

In this project, only one layer
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. has a uniform thickness; and
o is comprised of a cohesionless soil.

The latter assumption corresponds to: (i) granular soils; and (ii) fine-grained
soils in the drained state, which is typically considered for long-term stability.

Two cases can be considered: (i) the case of a partial soil cover, i.e., a cover
at a certain stage during its construction (Figure 6a); and (ii) the case of a
complete cover (Figure 6b). The relevant parameters are defined in Figure 6. The
sTip surface for these two cases are assumed to have the geometry shown in Figures 6a
6b, respectively. The following comments can be made regarding the slip surface:

° In the first case (Figure 6a), the entire portion AB of the s1ip surface is
along the minimum friction interface. In the second case (Figure 6b), we
will also assume that the friction angle is equal to the minimum friction
interface from A through B. This is conservative because the friction angle
is greater than the minimum friction angle between A and A’. In most cases,
the length AA’ is small compared to AB and the approximation is good. As a
result of this assumption, the same equations will be applicable to the
partial and the complete soil cover.

o The portion BC of the slip surface has been arbitrarily chosen to be
horizontal, and a parametric study not presented here has shown that this
assumption is acceptable for cohesionless soils or drained cohesive soils.

As a result of the above assumptions, the problem reduces itself to the analysis
of the stability of the wedge ABC shown in Figure 7a.

Method of Analysis

The classical two-part wedge analysis is used. This consists of assuming that the
entire sliding wedge, ABCD, shown in Figure 7a, is comprised of two parts: ABB’D and
BCB’. The separation between the two parts, BB’, is assumed to be vertical, and P is
the force transmitted across the separation between the two parts. The force P is
assumed to be parallel to the slope.

The polygons of forces per unit widths are shown in Figure 7b. Polygon 1 is
related to part 1 of the wedge (BCB’) and polygon 2 to part 2 (ABB’D). In order to
trace the polygons, it is necessary to determine the weights per unit width, W,* and
wi*, of thg two parts of the wedge, which can be done using the following equations
(Figure 7c¢):

2 2
wr oo Tl o Tl (Equation 2)
2 sing cosp  sin2B
Vel T AR 2H cosp ]
W* g1t _ c _ lele ~ '
sinp [ 2 cosp ] sin2p T, 1 (Equation 3)

where: 7y, = unit weight of the soil; T, = thickness of the soil cover; H = height of
the slope; and B = slope angle. Basic ST units are W,* (kN/m), W,* (kN/m), 7, (kN/m3),
T, (m), H (m), and B (degrees); B is dimensionless.
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Figure 5. Anchorage of the Geogrid. In this project, the geogrid was placed in the
same anchor trench as the lining system.

e

(a)

(b)

Figure 6. Geometry of the Soil Cover for the Simplified Method: (a) partial soil

cover; and (b) complete soil cover. The relevant parameters are: H =
height of the slope; B = slope angle; T, = soil cover thickness; vy, = unit
weight of soil; ¢_. = friction angle of soil; @, = minimum interface
friction angle in f%e lining system. The cohesion of the soil is assumed
to be zero (c, = 0).
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Polygon 1 is traced first. When polygon 2 is traced, it appears that the required
geosynthetic tension, a, is either positive (as shown in Figure 7b), or negative.
Therefore, two cases must be considered:

. If the required geosynthetic tension, a, is positive, one or more
geosynthetic reinforcement layers are required to carry this tension,
because, as indicated previously, the geosynthetics used in lining systems
are usually unable to withstand significant tensions.

® If the required geosynthetic tension, @, is negative, the soil cover is
stable without any reinforcement.

Equations

The proposed method can be used graphically as explained above or can be expressed
analytically as indicated below.

The magnitudes of the friction forces per unit width F;* and F,* are not known,
but their directions are known (Figure 7). Therefore, F,* and F,* can be eliminated
by projections perpendicular to their directions.

The following equation is obtained by projecting the forces per unit width of
polygon 1 in Figure 7 on a line perpendicular to Fi*:

W sing, = P cos(B + ¢.) (Equation 4)

The following equation is obtained by projecting the forces per unit width of
polygon 2 in Figure 7 on a line perpendicular to Fy:

W.* sin(B - ¢,) = (P + a) cosg, (Equation 5)

Eliminating the unknown force P between Equations 4 and 5 gives:

a = W,* M - W* _.ﬁ__31_n¢°_ (Equation 6)
cos¢, cos(B +¢.)

Replacing W,* and W,* by their values given by Equations 2 and 3 results in:

(Equation 7)

Ay 3 F [(ZH cosp

sin(8-¢,) ~ sing,
* = Sin2p 1 ]

T cosd; cos(B+g.)

This equation shows that there is no need for geosynthetic reinforcement (i.e.,
a=20) if:
H<H (Equation 8)

max
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Simplified Method: (a) two-part wedge; (b) force-per-unit-width polygons;
and (c) weight calculations. The forces per unit width are as follows:
W* = weight of part 1 per unit width perpendicular tot he plane of the
figure; W,* = weight of part 2 per unit width perpendicular to the plane
of the figure; P = force per unit width transmitted between the two wedges;
F,* = force per unit width due to soil friction; F,* = force per unit width
due to interface friction within the geosynthetic lining system or between
the lining system and the soil; and a = tension in the geosynthetics
located above the slip surface, including geosynthetic reinforcement
layers, if any. Note: The simplified method is valid only in the case
of a soil cover with a uniform thickness, constructed with a cohesionless
material. i
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where H, is given by:

(Equation 9)

Hrax 1 [ sing, cosg,
T " 2 cosp cos(B+g.) sin(B-9,)

c

Equation 9 gives the maximum height for a soil cover with a given thickness on
a given slope, without reinforcement. Equation 9 can be used only if the interface
friction angle, ¢., is less than the slope angle 8. If ¢, is greater than 8, H_. s
infinite, i.e., the slope is stable regardless of its height. If the height of the
slope exceeds H ., the soil cover can be reinforced by a geogrid anchored at the crest
of the slope. “fhe tension that must be provided by the reinforcement is given in
Equation 7. The selected geogrid must provide the required tension at a small strain,
typically 2%. A greater strain would cause unacceptable elongation of the
aeosynthetics located above the critical interface. Therefore, only high modulus
geosynthetics can be used in this appiication.

An alternate solution can be considered in the case of waste containment lining
systems (i.e., in the case of soil covers that will be eventually in contact with
waste). In this case, the soil cover can be constructed in increments of height H,
given by:

H.=H_  -s (Equation 10)

1 max

where: H . = maximum height of an unreinforced soil cover in the considered
conditions, given by Equation 9; and s = minimum step between top of soil cover and
waste Tevel to ensure that the lining system is always protected from waste placement

operations (Figure 8). (Typical values for s are 0.5 m (20 in.) or more.)

This solution is viable only if the waste is properly placed and compacted to
ensure the stability of the soil cover, and the temporarily exposed geosynthetics are
not adversely impacted by exposure to sunlight.

Factor of Safety

Equations 6 and 9 do not include a factor of safety. A factor of safety can be
determined by using mobilized friction angles, ¢., and ¢j , in Equations 6 and 9,
instead of the actual friction angles, ¢, and ¢,. the mobilized friction angles are
defined as follows:

tang,

T (Equation 11)

tang_, = and tang, =

ang,
FS
where: FS = factor of safety.
DESIGN EXAMPLE
A geosynthetic Tining system is comprised from top to bottom of: (i) a protective

soil cover; (ii) a geotextile filter; (iii) a geonet drainage layer; and (iv) a
geomembrane (Figure 2b). The minimum interface friction angle, ¢, = 16°, is between
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the geonet and the geomembrane. The slope is 9 m (30 ft) high and the slope angle is
defined by: tang = 0.4 = 1V:2.5H (i.e., B = 21.8°). The material available for
constructing the soil cover is a sand with a friction angle of 30° and a unit weight,
7. = 19.5 kN/m® (124.5 pcf). Thicknesses of 0.3 m (1 ft) and 0.45 m (1.5 ft) are
considered. Is it necessary to reinforce this soil cover? What is the influence of
soil cover thickness on stability?

First, the maximum height of the soil cover without reinforcement can be
determined using Equation 9 as follows:

H .y 1 sin 30° cos 16°
= 1+
T 2 cos 21.8° cos (21.8° + 30°) sin (21.8° - 16°)

c
Hpax = 4.68 T,
Hence: H_, = 2.11 m (84 in.) if T, = 0.45m (18 in.)

M, =1.4m(5 in.) if T, =0.30 m (12 in.)

Both values of H__ are less than 9 m (30 ft). Therefore, either the soil cover
is constructed in increments alternating with waste placement (as shown in Figure 8),
or the soil cover is reinforced (as shown in Figure 4).

If the soil cover is constructed in increments, a soil cover thickness of 0.45 m
(18 in.) will be preferred to a thickness of 0.3 m (12 in.). The latter would lead
to very small increments, as shown above, which would be impractical. (The fact that
a thicker soil cover is more stable is not surprising; the stability of a very thick
soil cover would be essentially governed by toe buttressing and the influence of the
interface shear resistance would be negligible.)

If the soil cover is reinforced, the required tension to be provided by the
reinforcement geosynthetic can be determined using Equation 8 as follows, for a soil
cover thickness of 0.45 m (18 in.):

19.5 x 0.452 (2 x 9 X cos 21.8°) sin (21.8°-16°) sin 30°
@ = ~Sin 43.6° 0.45 -1 cos 16° ~ Tcos (21.8° + 30°)

17.1 kN/m? (1164 1b/ft)

R
]

Similar calculations for a soil cover thickness of 0.3 m (12 in.) give:
a = 12.6 kN/m (864 1b/ft)

If reinforcement is provided by a typical high-modulus geogrid capable of
providing a tension of 13 kN/m (891 1b/ft) at a 2% strain, it appears that two Tayers
are required if the soil cover thickness is 0.45 m (18 in.) while only one layer is
sufficient if the soil thickness is 0.3 m (12 in.). Therefore, if the soil
reinforcement option is selected, a 0.3 m (12 in.) thickness will be preferred to a
0.45 m (18 in.) thickness.
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It should be noted that, if the geosynthetic reinforcement exhibits a strain of,
say, 1%, the two geosynthetic components of the lining system located above the slip
surface, i.e., the geotextile and the geonet, will also exhibit a 1% strain. Their
tension will contribute to the stability of the soil cover, however by a negligible
amount. If reinforcement is used in a cohesionless soil layer, then it is necessary
to verify that the stresses normal to the reinforcement are Targe enough to ensure
shear stress transfer between the soil and the reinforcement.

SOIL COVER

LINING SYSTEM

Figure 8. Incremental Construction of the Soil Cover. Placement stages are
numbered sequentially from 1 through 5. Cover placement stages (2, 4,
etc.) alternate with waste placement stages (3, 5, etc.). The maximum
increment height, H _, beyond which the soil cover becomes unstable, is
used only for the first soil cover increment. Subsequent soil cover or
waste increments are equal to H, = H . -s. The resulting step s between
soil cover and waste ensures that the lining system is always protected
from waste placement operations.

SUMMARY

Placement of a protective soil cover over a geosynthetic lining system can lead
to instability. To deal with this potential problem, a Tining system stability method
which accounts for geosynthetic anchorage, interface sliding resistance and
buttressing at the toe of the slope was presented. The method can be used to
determine the maximum height to which an unreinforced protective soil cover can be
placed. If the design slope height is greater than the maximum slope, then it is
necessary to anchor the protective soil cover with geosynthetic reinforcement or place
the soil cover incrementally. The presented method can be used to calculate the
required reinforcement tension or the increment height. It was demonstrated using an
example, that a thin protective soil cover is preferred when reinforcing the
protective cover, while a thick protective cover is preferred for incremental
placement. 16
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T.N. DOBRAS
D.G. YACKO
Harza Environmental Services, Inc., U.S.A.

Stringent Construction Specifications and Quality Control Assure
Maximum Liner Performance

SUMMARY

In 1987 Peoria Disposal Company (PDC) of Peoria, Illinois, received the first RCRA
Part B Permit awarded in Illinois, and only the fifth nationwide for the construc-
tion and operation of a new hazardous waste landfill. The relatively early
acceptance of the design by both the United States and Illinois Environmental
Protection Agencies is a true testimony to the philosophies of both PDC and their
permitting, design and construction consultant, Harza Environmental Services, Inc.
of Chicago, Illinois, to meet or exceed the EPA's Minimum Technological
Requirements. The design of the 42 acre landfill addition included extensive use
of high density polyethylene (HDPE) liners, and other geosynthetic materials such
as drain net and filter fabric. Construction of Trench C-1, the first of 5 eight-
acre landfill cells, began in June 1987 and was fully operational in the summer of
1988. This paper attempts to put into perspective the reasons why strict
construction specifications and quality control/quality assurance programs are
absolutely essential in assuring landfill liner integrity. The old adage "if
anything can go wrong, it will" is certainly true in liner construction.

DESCRIPTION OF LINER SYSTEM

Trench C-1 is the first PDC landfill cell constructed under the tough new RCRA
guidelines. It measures approximately 830' x 365' with a vertical height ranging
from 20' to 50'., Interior side slopes are 3H:1V, and the bottom of the landfill
1s sloped between 3% and 5% towards the leachate collection manholes. The bottom
composite liner consists of 3 feet of compacted clay having a coefficient of
permeability of 1 x 10(-7) cm/sec and 80 mil HDPE liner placed on top of the clay.
HDPE drain net is used above the bottom liner for leak collection. The 80 mil
HDPE primary liner directly overlies the secondary drain net. The primary
leachate collection system consists of an additional HDPE drain net layer covered
by 100 mil non-woven polypropylene geotextile on the sideslopes, with a 50 mil
HDPE temporary protective cover added for UV protection and runoff control. The
primary leachate collection system on the trench bottom consists of 12" of
granular drain material having a transmissivity of approximately 1 x 10(-1)
cm/sec, overlain by a protective 6" layer of finer granular material. Figure 1
illustrates the liner/leachate collection systems on the slope and bottom of the

landfill,
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Figure 1. Liner and leachate collection on the landfill slope (left)
and bottom (right).

An array of five 4" diameter slotted HDPE collection pipes in both the secondary
and primary leachate collection systems transport the leachate to the respective
secondary and primary concrete sump manholes. The center three sets of pipes are
connected to concrete cleanout manholes at the upstream end of the landfill.

All concrete manholes have a four foot inner diameter, and are lined outside with
80 mil HDPE. The two leachate collection manholes are lined with HDPE both on the
interior and exterior walls.

The secondary leachate collection system is totally enclosed by a welded seal
between the primary and secondary liners at the anchor trench. Figure 2 shows the
landfill near the end of secondary liner installation.

Figure 2. Construction of the secondary liner and
leak collection/detection system.
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WHAT IS UNIQUE ABOUT THIS LINER DESIGN?

Totally Enclosed Secondary Collection System

One of the unique features of this landfill design is the total encapsulation of
the entire secondary leachate collection system. This required welding the
primary and secondary liners together in the anchor trench, making it impossible
for any water to enter the secondary leak collection/detection system except via
leaks in the primary liner. Without this seal there is a very real possibility
for rainwater to enter the system through saturation of insufficiently compacted
anchor trench backfill. This concept of closing-off the secondary system sounds
simple enough, but unless comprehensive pre-construction plans and schedules are
developed, significant delays and problems will likely result.

Material Testing Program

Material property and testing requirements assured that we would be receiving only
top quality materials, with test results generated both in-house by the
Manufacturer and independently documenting 100% compliance with our specified
design requirements.

EPT 90/90 Compatibility Test. Every synthetic material used on the project,
including the 80 mil HDPE liner, the HDPE drain net, the polypropylene geotextile
and the HDPE collection pipes, underwent EPT 90/90 (120 day) compatibility testing
performed by an independent laboratory using PDC's leachate. The results of the
testing were analyzed by Harza, and all the materials selected were found to be
compatible with PDC's waste.

Fingerprint and Property Testing of Shipped Liner. Samples from every omne of the
40 rolls of liner shipped to the site were sent Lo an independent laboratory for
"fingerprint testing" of liner properties. A total of 9 property tests were
performed, including thickness, density, tensile strengths at yield and break,
elongations at yield and break, puncture resistance, tear resistance and carbon
content. Each property had a specific allowable range of values permitted in the
technical specification portion of PDC's RCRA Permit.

Transmissivity Testing of Drain Net. A key component of the overall design was
the hydraulic transmissivity of the drain net. Through a series of detailed
calculations based on a 25,year, 24-hour storm, the design requirements dictated a
transmissivity of 0.0006 mn”/sec under a normal load of 10,000 psf with the drain
net sandwiched between the specified liner and filter fabric. The detrimental
effect of material creep on long-term transmissivity was recognized, and we
therefore required the specified minimum transmissivity be maintained after 60
days of continuous testing.

A few manufacturers had trouble complying with this requirement. Although the
transmissivity would exceed the specified requirements initially, ultimately
material creep and the resulting reduction in material thickness caused the
transmissivity to decrease to a level less than the minimum requirement.
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Liner Installation Quality Control Criteria

Weld Strength. The wost important criteria for ensuring the integrity of a liner
seam is the strength in peel and shear, provided film tear bond (FTB) is the
failure made during the test. Visual criteria alone are insufficient to properly
evaluate weld integrity because they do not necessarily demonstrate alterations
caused by the heat of welding to the liner material adjacent to seams. Therefore,
a minimum allowable strength value in both peel and shear was established to
provide a quantitative evaluation of both the seams and the seaming operation.

The strength requirement was established in accordance with NS¥ Standard 54, which
shows, although inconsistently, a minimum allowable HDPE yield strength between
1750 psi and 1800 psi depending on liner thickness. The more conservative, 1800
psi value was selected as the governing criteria. We believe that this value
acknowledges that there will be a certain reduction in liner strength at sean
locations due to sheet crystallization or the effects of imperfect field
conditions, since the actual yield strength of HDPE sheet generally ranges from
2500 to 3000 psi, numbers which were verified by our own field and laboratory
testing. The 1800 psi value therefore, allows for a strength reduction of at

least 28%.
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Figure 3. Weld strength histogram (Aug. 1987 - Feb. 1988).
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One question has been raised as Lo whether the peel test itself is causing tle
sheet to behave in a different manner than an unwelded linet specimen undergoing a
tensile test because of possible applied bending mouents. It is questionable
whether this is true and at the time of this writing the authors know of no
quantitative measure of this effect. Many weld sawples tested during Treach C-1
construction resulted in peel strengths very close to the measured liner yield
strength. In fact, we attribute wmost of the lower strength values to poor
workmanship, environmental conditions, and faulty or poorly adjusted equipment.

Much has been learned during the 9 wonths of continuous construction through all
types of environmental conditions (ambieat temperatures during construction
ranged from 100° to ~10°F) including the fact that the welding process is subject
to a wide variability. The histogram in Figure 3, which was based on over 400
field and laboratory peel tests performed on actual seams, illustrates this
variability. The mean for this particular project and welding process (extrusion
welding either between the sheets or on the top surface) is a comfortable 2300
psi, but the range of 1250 from 1650 to 2900 psi causes concern. The variations
observed provide excellent justification for the quantitative strength require-
ment. In addition, the mean of 2300 psi tells us that the 1800 psi minimum
criteria is reasonable and achievable and allows for statistical variations
inherent in any process, yet maintains a sufficient level of control over the
system quality. The values at the upper—end of this range almost exactly
correlate to the actual sheet strength at yield, contradicting the belief
widespread throughout the industry that the peel strength must always be
significantly less than the yield tensile strength of the sheet because of
behavioral differences during testing.

Additional Quality Control Criteria. The specified quality control program was
comprehensive and strictly adhered to. Details of the quality control protocols
applied are discussed below.

1. Each welding technician performed two 5' long test welds per day. Five
weld specimens were cut and tested on—-site in a portable tensiometer.
Each of the five had to pass the criteria listed below. If any of the
five specimens failed any of the criteria, the welding equipment
parameters were adjusted and the test weld was redone.

a) The peel strength had to be at least 1800 psi. A micrometer was used
to accurately measure sample width and sheet thickness. After about
six weeks of construction, we were able to predict with surprising
accuracy the weld strength based on the visual results observed. We
therefore felt we could reduce quantitative measurement to only one
specimen per test weld for documentation purposes. Five additional
specimens were tested qualitatively using a hand held field peel
tester. This change in procedure significantly reduced the time
required to complete test welds because of the time-consuming nature
of the tensiometer test.

b) The sheet must fail before the weld aund must exhibit elongation and
ductility upon fallure. Sheet cracking and weld shearing were usually
an indication of sheet crystallization, and grounds for weld
rejection.

¢) A maximua of 1/8" of weld peel was acceptable, anything more rejected.
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2. A1' x 2' in-place weld quality assurance (QA) sample was cut every 500’
of seam, and half of the sample was tested for both peel and tensile
strength in the field and the other half similarly tested at the liner
contractor's laboratory. A total of 10 peel specimens and 10 tensile
specimens were tested for each QA sample and all 20 had to exceed the
three criteria previously stated or the seam was repaired.

3. Weld samples measuring 1" x 6" were cut from in-place liner at the
discretion of either the liner contractor's Quality Control Inspector or
Harza's Quality Assurance Officer, and tested in peel. These samples were
normally taken every 200' of seam, two per shift, or at any location where
seam quality was suspect.

4., Every seam was 100% impact tested and vacuum box tested.

5. Every penetration through the liner (manholes and pipes) was double
protected utilizing either a combination of stainless steel battens and
neoprene gaskets, with HDPE covering the batten strips, or welded HDPE
skirts over the previously welded penetration. Penetration welds were
found to be extremely difficult to perform and effectively vacuum box
test. Quality control relied heavily upon visual inspection, impact
testing, and adequate test welds. The double protection served to
minimize the potential for leaks.

Quality Control Procedures

We were able to develop a set of specific procedures and responsibilities in order
to best ensure and document that the quality requirements were met. The program
required a full-time Quality Control Inspector from the lining contractor and a
full-time Resident Quality Assurance Officer from Harza, each keeping independent
records and each independently signing-off every liner panel and seam. Seam
quality control tracking was especially confusing with seams being impact and
vacuum box tested simultaneously, and each repair or patch requiring additional
inspection and testing. Therefore, it was imperative that accurate and up-to—date
records documenting the sequence of QC events and location of all repairs be
maintained. To aid this process, repair locations were wmarked directly on the
liner in different colors of paint or with different nomenclature to differentiate
one repair type from another and facilitate inspection. We also found it helpful
to have the impact and vacuum box test QC personnel put his signature directly on
the liner as satisfactory testing was completed on repairs. The complexity of the
liner system and the extent of seaming is indicated in the primary system as—-built
drawing shown in Figure 4.
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Figure 4. As-built primary liner drawing.
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SPECIAL QUALITY CONTROL MEASURES FOR
PROBLEMS ENCOUNTERED DURING CONSTRUCTION

Anchor Trench

Because of the requirement to completely weld the primary liner to the secondary
liner, it was initially agreed upon to allow the anchor trench to be left open
during liner placement. It was anticipated that the secondary liner could be held
in place with sandbags, and the welding done directly in the anchor trench. The
sandbags, however, proved inadequate. The resulting slippage created both a large
wrinkle at the landfill toe and insufficient liner in the anchor trench (Figure
5). Because pulling the liner system back up the slope was infeasible, the excess
material at the toe was cut and removed, and additional liner was spliced at the
top of the panels to ensure that the liner extended to the back of the anchor
trench. Mud and water accumulation in the anchor trench prevented the welding
from being accomplished in the trench. As a result the secondary liner had to be
pulled out of the trench, held in place to prevent further slippage, and welded to
the primary liner ou the top of the berm (Figure 6). Additional comprehensive
QC/QA efforts were trequired because of the additional seaming. Significantly
increased labor and inspection manhours resulted to assure a properly constructed
anchor trench liner system and backfill.
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Figure 5. Liner slipped downslope causing shortage in anchor
trench (left) and excessive wrinkle at toe (right).

S

Figure 6. Pulling liner out of anchor trench to
weld primary and secoandary liners together.
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Based upon our experiences, certain guidelines for anchor trench work were
established.

1. As much as is reasonably possible, the anchor trench should not be lett
open for even a short period of time.

2. A minimum of 1' of compacted backfill should be placed directly over each
layer of geosynthetic material installed.

3. The anchor trench excavation should not proceed more than one day ahead of
liner placement and the backfilling operation should take place daily, if
at all possible.

4, 1If welding of the primary liner to the secondary liner is a requirement,
the best approach would be to use slightly longer panels to allow the
welding to take place on top of the trench. The cost of the additional
material will be more than offset by the wanhour savings during
construction. It is estimated that the problems associated with the
anchor trench as described above required an additional 50 man—days over
that budgeted by the liner comntractor.

Driving on the Liner

Despite claims by liner contractors that driving on HDPE liner with rubber-tired
vehicles will not affect liner integrity, we experienced quite a different result.
Our design called for granular drain material in the secondary collection pipe
trenches. To transport and place this drain material over previously installed
secondary liner, a small, rubber-tired front-end loader was used. The liner was
severely creased when the loader drove over small wrinkles in the sheet (Figures 7
& 8). These wrinkles were due to the thermal expansion of the material, and are a
normal occurrence during HDPE liner installation. We also noted numerous
scratches and small punctures caused by the loader bucket. Because of the extent
of damage, corrective action required that nearly 30,000 square feet of damaged
liner be replaced.

Contraction of Sheet

HDPE has a high coefficient of thermal expansion and contraction, and exhibits
significant, dimensional changes overnight or even over a few hours if the
temperature changes rapidly. The resultant liner "trampelining" at any corner or
grade change requires that sufficient excess material be provided to allow for
thermal contraction. Careful inspection during the coolest part of the day was
necessary in order to locate those areas where insufficient liner length was
provided. The situation was remediated by cutting problem areas to allow the
contracted liner to conform to the lines and grades, and capping the area with
additional liner of sufficient dimension.

Construction Over the Liner

Any coustruction activity over the liner wmust be continuously observed by a
quality conttol inspector. The wost careful equipment operator has occasional
accidents. Any damage or operation which endangers the liner needs to be
identified, and remedial or corrective actious taken immediately.
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Figure 7. Front-end loader used to transport drain material
to secondary leak detection pipe trenches.

Figure 8. Creases caused by frout-end loader driving
over wrinkles.
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HYDROSTATIC FLOOD TEST OF SUMP AREA

In any landfill, the sump area is the most critical and requires the most
attention, care during construction, and built~in safety measures, and the area
where leachate is most likely to pond to the EPA maximum allowable head of one
foot for short periods of time following the design storm. Even small
perforations in the liner can pass a significant quantity of water under
hydrostatic pressure. As a check of the sump area liner integrity after all
construction had been completed, PDC agreed to perform a hydrostatic flood test
within the sump area, which measured approximately 90' x 30'. The purpose of the
flood test was to determine whether or not there was communication between the
primary and secondary systems. The test took 3 days, and involved monitoring
various hydrostatic levels in the primary leachate collection system while pumping
from the secondary system manhole. The various levels in the primary system
represented different concentric areas of concern around the sump area. A
biodegraaable dye was also introduced into the primary manhole to allow visual
inspection of any direct comnunication to the secondary manhole.

By the end of the test it was concluded that there was communlcation between the
secondary and primary systems. The apparent leak in the sump was most likely the
result of construction damage which may have occurred during unsupervised
placement of drain and filter waterials. The leakage problem was corrected by
capping the entire sump area primary liner. Since this cap has been completed,
flow into the secondary manhole has steadily decreased and there is apparently no
further communication between the manholes. PDC received an operating permit from
the I1linois EPA in May 1988, and are currently disposing of waste in Trench c-1.

CONCLUSION

A stringent specification and a strict quality control/quality assurance prograum
are required during the installation of flexible membrane liners to ensure the
material and seams have the properties and characteristics intended in the design.
Without continuous on-site quality control and quality assurance monitoring
throughout the construction period many of the installation problems discussed
above would have gone undetected and/or unrepaired, which could have resulted in
significant regulatory implications and cost to PDC if discovered after placing
the landfill in operation.
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Design Methods and Construction Quality Assurance For a Double
Geocomposite Industrial Waste Landfill

INTRODUCTION

This paper will present design and construction quality control methods utilized
for the construction of an industrial non-hazardous waste sludge landlill. The
paper will discuss topics pertaining to geotechnical and geosynthetic composite
design issues such as foundation design, side slope stability, liner thickness,
leak detection/collection flow rates and general construction quality assurance
techniques employed during construction of the lower system. Lastly, the paper
will highlight areas of particular difficulty encountered during the design and
construction phases of this project.

SITE DESCRIPTION AND BACKGROUND

The site is situated on the seaward edge of the Atlantic Coastal Plain in southern
New dJersey and is underlain by alternating layers of sand, gravel and clay. The
geology beneath the site consists of layers of unconsolidated sands, silts, and
clays.

Local site geology at the landfill is similar to that described for the overall
site with the exception of a low permeability clay lense approximately twenty-five
[eet beneath the landfill which supports a seasonally fluctuating perched water

table. The terrain at the landfill is vrelatively flat at an elevation of
approximately 56 feet above sea level, with the perched water table at an
elevation of 29 feet. As a result. the majority of the waste, when placed, will
be aboveground. Only wastewater treatment plant sludge (WTPS), classified by

NJDEP as 1D. 27, is permitted to be disposed of within the landfill facility.
This paper will present the recent design and construction of the third ecell (Cell
No. 3 of) this seven cell facility.

A double geocomposite liner system comprised of synthetic and compacted earthern
materials  was  selected based on  current tfechnology and NJDTP  solid waste
regulations. This  paper will [ocus on the geosynthetic and geotechnical design
considerations and construction intricacies associated with a Jliner system of this
type.
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FOUNDATION DESIGN

At the outset of the project a geotechnical investigation was performed to
determine the underlying soil strata thickness, profile and engineering properties.
With this information in hand a stability, settlement and bearing capacily
analysis of the in-situ material could be performed for the intended base grade
geometry. The landfill was designed to be constructed within the in-situ sand
layer above the clay. Since the landfill is essentially an above ground facility
the base grade was relatively shallow with its deepest slope length to be not
greater than sixty feet. The construction and material restrictions of the
primary geocomposite system dictated that the slopes should he no steeper than
SH: 1V,

A slope stability analysis was performed on the open cut earthwork excavation of
the base grades. A computer version of the simplified Bishop Method was used 1o
model and analyze the intended base grade configuration. Using the data obtlained
from the field investigation, the computer model yielded a minimum factor of
safety against side slope failure of 2.1. The foundation base grades were then
analyzed for settlement and bearing capacity. From the field investigation it was
determined that the in-situ sand would have a minor role in the estimated base
grade settlements and that the clay would control settlement of the landfill

foundation. Using Terazagh's Time Dependent Consolidation Equation. the
foundation settlement was computed to be on the order of .5 feet, a nominal
amount, which could be easily designed for in the liner system. The landfill

bottom was designed at a grade of 3% to control head buildup in the collection
system, as well as allowing for the computed settlements to be taken up within the
liner system without reducing the minimum drainage slopes to less than 2% as
required by the NJDEP solid waste regulations.

Lastly, the ultimate bearing capacity for the landfill foundation was computed
using Meyerhof's Bearing Capacity equation with shape factors, assuring a
25" x 550' rectangular foundation print. The factor of safety against bearing
capacity failure, as expected, was quite high at 18.9. As part of routine base
grade preparation, the foundation area was proof rolled prior to construction of
the liner system. This final proof roll would take out any of the remaining
immediate settlement within the upper foot of sand base grades.

GEOSYNTHETIC COMPOSITE LINER DESIGN

The liner system for this facility was designed as a double geocomposite liner
system as shown in Figure 1. The system is comprised of secondary and primary
geocomposite liner system, which combined high density polyethylene (HDPE) and
compacted clay with a maximum permeability of 1 x 10°7 em/sec. While both liners
had slightly different construction and design requirements, a common design
approach was utilized which focused on designing each component of the synthetic
system by function. The "design by function" approach analyzes and designs each
component of the system based on its final end use function. This method, unlike
designing by cost or specification, relies primarily on traditional geotechnical
design concepts modified to incorporate the various physical and mechanical
properties of the synthetic materials within each of the component systems.
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SECONDARY GEOCOMPOSITE LINER SYSTEM

The secondary geocomposite liner system is comprised of a compacted clay and
geosynthetic composite system. The secondary clay layer within this system
consists of a minimum of three (3) feet of compacted clay with a maximum hydraulic
conductivity of 1 x 1077 cm/sec. The secondary geosynthetic liner sysiem consists
of a high density polyethylene (HDPE) geomembrane, a high capacity drainage net
(geonet) and a geotextile.  Collectively these components, combined with the three
(3) feet of clay, comprise the secondary liner and leak detection system [or the
landfill. This section will discuss the design of the geosynthetic components of
the secondary liner system.

The secondary geomembrane's physical, mechanical and chemical properties were
determined by an evaluation of the functions for which the liner system was to

perform. The geomembrane's primary funection was two-fold. First, to be
chemically compatible with the expected leachate within the leak detection system,
and second, to provide a relatively impermeable barrier. Based on leachate

composition from existing cells, high density polyethylene (HDPE) was chosen as
the polymer of preference for its relative inertness to a variety of chemical
environments.

To establish that commercially available HDPE roll goods were capable of
withstanding exposures to the leachate anticipated to be generated within the
landfill, EPA 9090 tests were performed on HDPE samples from two geomembrane
manufacturers. The liner samples were exposed to a synthesized leachate, which
was approved by NJDEP prior to testing. The samples were exposed for a maximum of
120 days and tested at 30-day intervals. Samples were incubated at temperatures
of 23°C and 50°C during these exposure periods. These tests indicated that
materials submitted by both manufacturers exhibited little wvariation in both
physical and mechanical properties when exposed to the leachate.

The liner thickness for the secondary geomembrane was determined considering
localized and differential settlements of the secondary clay layer. Using an
analytical approach presented by Koerner(_z_), which considers a localized
protrusion or soft spot within the clay layer, the following equation of
equilibrium was used:

t = __g(x) (tan S, + Sy (1)
Cos B(Oy)
where, '
g = overburden normal pressure
X = overburden immobilization
B = angle of deformation

Oy = liner yield stress
S,; = shear force above liner
S shear force below liner
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Both static and dynamic loading conditions were evaluated using equation (1). The
static loads are representative of the long-term loading conditions that the

geomembrane liner will experience upon final closure. The dynamic loads imposed
on the geomembrane will occur as a result of placement and compaction of the
primary clay layer (i.e. sheepsfoot rollers and dozers). A static load of
4000 psf yielded a liner thickness of 22 mils, while a dynamic load of 9500 psf
yielded a thickness of 50 mils. It should be noted that this analysis assumed
that pressure from the heaviest piece of construction equipment would be
transmitted directly to the geomembrane. This would not be the situation during
construction. As a result, the estimated liner thickness is overly conservative.

However, in an effort to account for unexpected loads (i.e. due to installation or
transportation), a F.S. of approximately 1.5 was applied to the dynamic liner
thickness which yielded a total liner thickness of approximately 80 mils.

The next design consideration was the anchor trench for the geosynthetics. The
critical aspects of the anchor trench design were the runout length at the crest
of the slope, depth of the trench and finally the trench width. Currently, there

are two methods available to determine the trench dimensions. The first method,
an analytical procedure presented by Koerner(z), analyzes the pressure
distributions above the liner runout and within the anchor trench. The second

method available simply uses the industry standard for anchor trenches which
requires a geomembrane runout length of not less than three feet. a trench depth
of two feet, and a trench width of one foot. Both methods were evaluated, with
the most conservative method adopted.

Upon completion of the analytical method, it was determined that with a trench
depth of two feet, a runout length of 0.64 feet is required for a factor of safety
of 1. Comparing the industry standard with the computed value, it was determined
that the standard detail was at least four times more conservative than the
analytical approach. Since the anchor trench detail is a crucial element in the
landfill design, it was decided that the conservative, industry's standard detail,
would be utilized for the anchor trench design.

The final design consideration for the secondary geomembrane liner was the side
slope stability of the secondary clay layer beneath the secondary geomembrane
liner. The analysis used to determine the stability of the three-foot clay layer
found on in-situ sand material, was the Simplified Bishop Method. The slope
stability concern of the three-foot clay layer was the possibility of sloughing of
the clay after the geomembrane is placed, which could rupture and/or tear the
geomembrane on the side slope. From this analysis, it was determined that a deep
seated toe failure possesses the lowest factor of safety of 4.5. A factor of
safety less than 1.5 was considered to be unacceptable. From this result, it Is
quite apparent that sloughing of the secondary clay layer was remote.

The last major design concern was that ol the leak detection system design. The
secondary leak detection system must be capable of providing a transmissivity of
3.28 x 1074 ft/sec. This is based on regulations established by NJDEP which
require a leak detection system to have one foot of clean washed sand with a
minimum hydraulic permeability of 1 x 1072 cem/sec. In an effort to utilize the
landfill volume more efficiently, and to promote quick efficient drainage to the
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sumps, it was decided to investigate the practical use of high drainage capacity
polyethylene netting material (more commonly known as a geonet) to transmit flow
within the leak detection layer. The advantages of a geonet vs. sand are as
follows:

o The polyethylene geonet possesses the same chemical compatibility as that
of the geomembrane.

o Since most geonets are approximately 0.25" in thickness, the landfill
volume increases by one foot over the surface area of the landfill.

o In general, these materials are capable of transmitting twenty times the
transmissivity of one foot of sand.

o The time required for a leak to be detected in the sump is on the order of
days as opposed to several months for sand.

o Its ease of construction far surpasses that of sand. In addition, there
is less chance to damage the underlying geomembrane.

0 Side slope installation is relatively effortless.

o The material cost of the geonet is approximately 70% less than sand.

The disadvantages associated with utilizing geonets are as follows:

o In general, this component of the side slope system will be in direct
contact with the geomembrane. As a result, this geonet/geomembrane
interface will possess the lowest friction angle of the geocomposite
system. This low friction angle plays a significant role in the stability
of the geocomposite liner system above the secondary liner.

o The geonet material has little tensile strength. As a result, the
material cannot be expected to support much of the load distribution
within the geosynthetic composite.

o The geonet by virtue of the open nature of its structure, also allows for
two potential clogging problems. The first source being the restriction
of flow in the geonet via deformation of geotextiles into the pore
structure of the geonet. As will be discussed in the sections to follow,
this may be accounted for in the design parameters. The second source of
clogging is from clay fines passing through the geotextile. This problem
however can be minimized during the filter criteria selection of the
geotextile.

The primary function of the geonet is flow capacity. Two elements must be
considered in determining the required geonet flow capacity. The first element is
that of being able to handle anticipated flow through the primary liner system,
which in theory is negligible. However, there will be minor amounts of water
within the primary clay which will be expelled during consolidation of the clay
liner. It has been estimated by others on past projects that this amount may be
on the order of 70 gal/month (0.001 gal/min). The flow capacity of the geonet may
be estimated ulilizing available transmissivity data from manufacturers and
Darcy's equation. From the available literature a 0.25" geonet is capable of
transmitting 0.11 gal/min/ft. However. the literature assumes rigid upper and
lower boundaries around the geonet. Since this is not the case with the intended
liner system, some type of flow reduction factor was required to more accurately
represent the actual transmissivity of the gconet. This data was presented by
Giroud?) for various houndary conditions.  The reduction factor for a system with
a rigid geomembrane lower boundary and a flexible geotextile upper boundary was
5.0.  Using a minimum hydraulic gradient of 2.6%, the total flow capacity of the
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geonet is 0.45 gal/min. This result indicates that one layer of 0.25 inch geonet
is capable of delivering 19,000 gal/month-sump. It mayv therefore be considered
that the flow capacity of the geonet is more than adequate to handle the
anlicipated flow requirements.

The second element in determining the required f{low capacity of the geonet was lo
satisfying NJDEP solid waste regulations which require a minimum transmissivity of
3.28 x 1074 ft2/sec. As previously stated. transmissivity data for geonets at
various overburden stresses may be obtained from manufacturers' literature. Given
an estimated landfill overburden stress of 3,000 psf, the geonet transmissivity
for a 0.25" thick net would be 1 x 1072 ft2/sec. Comparing this value wilh the
NJIDEP minimum transmissivity of 3.28 x 1004 ft2/sec indicates that the geonet is
capable of transmitting thirty (30) times the amount of flow required.

This result, however, is misleading since the upper boundary of the geosynthetic
composite is a geotextile overlain by clay and not another geomembrane. As
discussed previously, a reduction factor of 5 must be applied to the
transmissivity of the geonet. This reduction factor 1is required since the
geotextile will have a tendency to block the pore structure of the geonet, thus
reducing the flow capacity. As a result, the estimated geonet transmissivity is
capable of transmitting 6 times the amount of flow required within the
regulations.

The second function of the geonet is to provide rapid leak detection of Jeachate
to the sump areas. The time required for a leak to be detected at the sump was
computed by Darcy's equation as follows:

Q = kiA (2)
T = N time to detect leak (3)
ki
where:

= porosity of geonet = 0.80

maximum length of drainage path = 360’
hydraulic gradient (slope) = 2.6%

= permeability of geonet = 0.5 ft/sec

H

il ol
|

Applying a reduction factor of 5 to the permeability of the geonet yields a leak

detection time of approximately one day. If sand were used, the detection time
would be approximately 150 days. It should be noted that the detection time is
sensitive to the slope of the detection layer. For this reason, nho area within

the landfill has a slope less than 3%, to allow for settlement and consolidation
of the secondary clay layer.

PRIMARY GEOCOMPOSITE LINER SYSTEM

The primary geocomposite for the Cell 3 liner system is comprised of a clay and
geomembrane composite.  The primary clay laver has a minimum thickness of two (2)
(cet with the upper 6" compacted to a maximum hydraulic conductivity of 1 x 1077
cm/sec. The primary geomembrane consists of a high density polyethylene (HDPE)
membrane possessing a thickness of 80 mils (.08 inches).
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The major difference between the secondary clay layer and the primary clay layer
is that the primary clay is constructed in a different sequence due to inherent
construction restrictions associated with compacting earthen materials over
geosynthetics. The concern was for the integrity of the secondary geosynthetic
liner system while placement and compaction of the primary clay layer proceeded.
Given this construction consideration, it was recommended by NJDEP that only the
upper six (6) inches of the two foot primary clay layer be compacted to a minimum
hydraulic conductivity of 1 x 10°7 cm/sec. Construction of the primary clay layer
in this manner will preserve the integrity of the secondary geosynthetic liner
system and provide a hydraulic barrier to leachate which may penetrate the primary
geomembrane.  Although the lower eighteen inches of the primary clav layer will be
lower in density permeability, the minimum loss in structural stability and
permeability is insignificant when compared to the potential damage to the
secondary liner system.

The most critical aspect of the primary geosynthetic liner system design was the
side slope stability- of the primary clay and operations layer above the primary
geosynthetic liner system. As may be seen in Figure 1, the side slope composite
configuration is complex due to the number of layers within the system. Since
each layer within the system possesses a different friction angle with its
adjacent material, the problem becomes a matter of determining the actual friction
angles at the interface of each adjacent component of the geocomposite liner
system. These values may be obtained from published laboratory data available
within current literature. However, if values are not available for a given soil
to synthetic or synthetic to synthetic system, the values may be determined
experimentally in the laboratory by using a modified direct shear test.

As discussed in the previous section, the possibility of the secondary clay layer
sloughing and jeopardizing the integrity of the liner was an issue which was
analyzed using the Simplified Bishop Method. However, in the case of the primary
geocomposite liner, sloughing of the primary clay layer is also of concern, but
the mechanism by which the failure could occur is somewhat different. The primary
clay layer, on the side slope, rests on the secondary leachate detection system
which is comprised of a non-woven geotextile and geonet, which in turn is
underlain by the secondary geomembrane liner. A problem arises since the geonet
and geomembrane are both made of high density polyethylene (HDPE) which exhibits a
low friction angle of 16°. The slip plane with the lowest friction angle exists
between the geonet and geomembrane. This interface is the weakest plane in the
geocomposite liner system. Two analytical methods are available to investigate
the stability of the primary clay layer after construction. The first method  is
an infinite slope analysis which simplifies the system by considering the
situation as a classical sliding block problem. The following equation was used
to compute the factor of safety against sliding.

F.S. = tan § (4)
tan B

where:
S = friction angle betwcen the geonet and geomembrane 16°
B = angle of slope (3H:IV) 18.4¢
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The flactor of safety was computed to be .86 which is less than 1.0.  This result
indicates that the primary clay layer is unstable once construction is completed.
There are two crucial elements not taken into account in this analysis. The first
element is the buttress effect that the soil wedge at the toe of the slope
(referred to as the neutral block), has on the siructural stability of the clay
layer to support the weight of the active block. The second element neglected in
this analysis was the strength mobilized by forces within the anchor trench to
resist pullout. Therefore, a more rigorous form of analysis is required in order
to analyze this slope configuration. The Sliding Wedge Analysis was employed,
which enabled the investigation of the neutral block's ability to buttress the
primary clay layer. In addition, pore water uplift pressures and tension cracks
were incorporated into the analysis. The analysis indicated that a minimum safely
factor would be realized by a slope configuration described as a "neutral block",
with uplift pressures. This safety factor was 6.7.

It should be noted that at the present time there is no published procedure for
determining the beneficial effects derived from the anchor trench, therefore, it
was not incorporated in the stability analysis. It is apparent from the table
that the additional stability derived from the anchor trench system is not
required, since the clay layer demonstrated its stability without the presence of
the anchor trench. For an additional factor of safety. a geogrid was designed to
be placed on top of the non-woven geotextile to allow a portion of the load from
the primary clay and operations layer to be transferred from t(he secondary liner
and leak detection system to the anchor trench, much in the same manner that a
column in a building transfers its load to a foundation. In addition, the gcogrid
aided during the construction of the primary clay layer on the 3H:IV side slopes
by presenting a surface with a much higher friction angle.

The last system of the primary geocomposite layer to be designed was the primary
leachate collection system. The design of the primary leachate collection system
was divided into three components. The first component of the system was to
determine the required thickness of the drainage layer. The second component
involved determining the required transmissivity of this layer. The last
component of the primary leachate collection system to be designed was a
geotextile separation layer between the collection sand layer and the operational
sand layer. The primary function of this geotextile is to allow liquid to pass
while keeping the collection layer free of fines and material which may jeopardize
the integrity of the collection system.

The required collection layer thickness was computed using the equations presented
below:

Hpax = L (le/k + tan2B)1/2 - tan B) (5)

Tmax = Hmax (Cos B) (6)
where:

L. = maximum drainage path length

e = estimate of uniform precipitation

k = permeability of drainage layer

B = slope of drainage layer

Hmaxs maximum water height thickness
Trhax= !'{e:]\Iire(I {hi'uknoss of coller.'.lic_m layer
(in any consistent set of units)
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For small values of slope angle, the cosine of B approaches unity, therefore,
Tinax = max: Typically in this type of design thc precipitation estimate and
permeability of the drainage layer are determined by regulations or local weather
conditions. Therefore, the drainage path length and slope may be adjusted o
oplimize the landflill volume and hydraulic performance of the leachate collection
system. Given 1lhe economics involved with the design and construction of
landfills, it is critical that the landfill geometry utilize as much of the
available space to maximize the final closure volume of the cell. The maximum
volume for this cell yielded a maximum drainage path length of 350 feel at a
maximum slope of 3%. The analysis was first performed assuming a clean washed
sand was used with a permeability of 1 X102 cm/sec. The uniform precipitation
for the site was determined to be 1.28 inch/day. With these data in hand the
maximum collection layer thickness was determined to be 13.6 feet. This result
demonstrates that a sand drainage layer is not capable of handling the expected
[lows from a 7-day, 10-year storm during operation. Since the precipitation rate
and cell geometry is fixed, the only variable that may be varied is the soil
permeability. While this 1is theoretically possible, it is [rom a practical view
not economical. Therefore, synthetic drainage materials were reviewed to
determine their applicability to this this layer. The type of drainage media
selected was a geonet. This type of material, due to its open net stlructurc
(porosity of .80), will allow for a high flow capacity. Using Darcy's equation
and the analysis used to determine the leak detection flow capacity, it was
calculated that the geonet could provide a transmissivity of 1 X 1.0'13 ft2/sec.
The minimum transmissivity required by NJDEP regulations is 4.49 x 103 (t2/sec.
The required value versus the estimated transmissivity of the geonet vyicld a
factor of safety of 2.4 which is more than sufficient for this system. Two feet
of clean sand washed sand was included in the collection laver to perform
primarily as an operational layer for which construction vehicles may be operated
without damaging the primary geosynthetic system.

The last component of the collection layer system to be designed was a [filter
fabric to protect the integrity of the pgeonet from the operational sand. Using
Giroud's filter criteria for relative densities greater than 80%, required an
apparent opening size (AOS) of the filter fabric to be greater than No. 20 sieve
size. With these data in hand the manufacturers literature may be reviewed to
determine the suitability of available geotextiles. This geotextile will be
required to withstand construction loads and static earth loads imposed during the
installation of the operational sand layer on the side slopes. The stability
wedge analysis and a modification of the anchor trench analysis were utilized to
determine the required tensile strength of the geotextile. A geotextile with a
wide width tensile strength of 180 Ibs. was required. Given the required AOS and
tensile strength, a 4 ounce non-woven geotextile was chosen to satisfy these
requirements.

CONSTRUCTION QUALITY ASSURANCE

Ih an effort to establish that the construction specifications and drawings were
exeeuted ina manner  consistent  with  the design intent, a construction quality
assurance (CQA) plan was developed for the owner hy the design engineer. The
program encompassed various phases  of liner construction  which included clay
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compaction, operational sand installation, geosynthetie installation and  sump
installations. This section will focus on that portion of the CQA plan which
monitored the geosynthetic installation.

The CQA plan developed for each of the geosynthetic components had the same
objectives lo obtain; however, the method by which those objectives were achieved
varied according to the function of the synthetic type. The objectives of the
geosynthetic CQA plan were as follows:

o Inspection of the geosynthetics upon delivery of the site for any physical
damages or material substitution.

O Conformance testing of on site geosynthetics for compliance with minimum
physical and mechanical properties. This was to be performed prior to
installation of the materials.

0 Construction observation of the geosynthetic installation.

O  Ppreservation of all installed geosynthetic components during succeeding
earthwork or synthetic installations.

In general, a visual inspection of delivered rolls of geomembranes, geotextiles,
geonets and geogrids was performed upon arrival on site for damage to rolls during

loading or unloading. In addition, geotextiles werc inspecled to  establish that
they were properly wrapped in plastic to protect the roll goods from U.V.
degradation and inclement weather. Lastly. the geosynthetic rolls were visually

verified to confirm that the material submitted by the contractor to the enginecr
was cdelivered to the site.

Upon completion of visual inspections, samples from geomembranes, geotextiles,
geonets and geogrids were obtained and forwarded to the geosynthetic testing
laboratory for representative physical and mechanical testing of the delivered
materials to indicate conformance with the technical specifications. The sample
frequency for conformance testing was approximately one out of three rolls [or
gecomembranes, and one out of ten rolls for all other geosynthetics.

The geomembrane installation was observed during all phases of construction. For
this project, all field seams were welded using a double track hot wedge fusion
system. This type of welding system created an annular space between the two

welded tracks which was then pressurized with air to verify seam continuity.  This
type of testing provided information as to a seams ability to maintain a seal
under a pressurized condition. If a loss in pressure during the test was
detected, the seam was retested until the discontinuity was localized. The area
was then repaired with an extrusion welded patch. [t should be noted that in
using doublc track welding systems for HDPE, a certain percentage of the seams for
the job will be extrusion welded, typically about 10 to 15 percent. Extrusion
welded seams were all vacuum tested to establish the continuity of the weld.

Lastly, the mechanical strength of the field secams was evaluated by obtaining a
sample from a field seam and forwarding the sample to the geosynthetic laboratory.
when performing this phase of the CQA plan. time was essential.  Further work by
the contractor would be potentially impacted by not being able to continue with
succeeding layers of geonet and/or geotextiles.  Samples were air shipped next day
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delivery and tested the same day, with laboratory results verballv confirmed on
the telephone. This allowed for field samples to be tested and evaluated within
24 hours. A seam failing mechanically in shear or peel was required to be
reconstructed.

The geotextile installation was observed during each phase of construction. The
primary construction item of concern during the geotextile installation was field
sewing of rolls, Sewn seams were visually inspected for skips and discontinuities

in the seam. If factory seams were present they were visually inspected as well.
The geonets were inspected for dust or debris which might hamper their performance
as a drainage layer. The geogrids were visually inspected for cuts or tears to
the fabric structure. Since the primary function of the geogrid was in a load
bearing capacity, it was essential that the materials were installed in good
condition.

All  geosynthetics were inspected for distress or damage during succeeding
geosynthetic or earthwork operations. Of special concern was the installation of
the primary clay layer which required heavy construction vehicles such as
sheepsfoot rollers and dozers to operate over two feet or less of clay material.
This problem was minimized by requiring that the clay be placed and compacted on a
minimum eighteen inch 1lift. By constructing in this manner and sequence,
protection of the integrity of the primary geocomposite system was maintained
while still achieving 6 to 8 inches of compacted clay at a maximum hydraulic
conductivity of 1 x 1077 cm/sec., and thus meeting NJDEP regulations.

CONCLUSIONS

The design and  construction of this double geocomposite liner system illustrated
the need to incorporate "design by function" within geosynthetic systems. Upon
the successful completion of this project it is clear that geosynthetic
components must be evaluated and selected based on function. It is clear that the
proper material design and selection will provide a properly functioning
geocomposite liner system. A construction quality assurance plan is essential to
a high quality installation of geosynthetics. As with the qualily assurance of
any type of construction project, the successful implementation of the CQA plan
will in large determine the success or failure of the geosynthetic system.
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Inspection of HDPE Geomembrane Installations

ABSTRACT

This paper outlines what is felt to be the proper sequence of events
leading up to a successful installation using high density polyethylene (HDPE)
geomembranes. The paper offers numerous suggestions which might circumvent
routine problems with HDPE installations for both hazardous and nonhazardous
facilities. Resources for this paper include a comprehensive review of the
literature, manufacturers information and field experience from several sites.

INTRODUCTION

Over the course of the last ten years an increased use of high density
polyethylene (HDPE) for landfills, waste piles, tailings facilities, and
surface impoundments has occurred. This is due in large part to the November
8, 1984 Resource Conservation and Recovery Act (RCRA) which was amended by the
Hazardous and Solid Waste Amendments (HSWA) [1]. Among the provisions that
went into effect were minimum technological requirements (MTR) for hazardous
waste land disposal facilities. HSWA requires that all new facilities must be
lined with flexible membrane liners (FML's) called in this paper geomembranes.
This legislation created an opening for a large market for geomembranes which
has grown over the intervening years.

In addition to geomembranes on the bottom and sides of the facilities,
regulations were passed mandating that all completed landfills must be
covered. Although this market has not been the primary target of HDPE
geomembrane manufacturers, it is also possible to use HDPE for such
applications.

As one of a variety of geomembrane types, HDPE's growing popularity is
due to its outstanding performance in the EPA's 9090 chemical resistance test.
Other factors such as good mechanical properties are an added bonus for HDPE.
However, the material is not without its shortcomings. Both positive and
negative features will be presented in this paper.

As a resin for a large number of applications, HDPE has a sizable market
in the USA. In 1987 there was an estimated 100 million kilograms of resin
produced of which approximately 2% was used for geomembrane production. As a
whole HDPE geomembranes represent a 100 million dollar a year industry in
North America [2].

The purpose of this paper is to present an overview of HDPE production
and installation, and to point out the sequence of events which lead to a
successful installation.

70



Geosynthetics ’'89 Conference
San Diego, USA

OVERVIEW OF HDPE

Geomembranes are relatively impermeable polymeric sheets used to control
liquid and/or vapor migration. In general, polyethylene geomembranes have an
equivalent Darcian permeability coefficient of approximately 1x 10714 cm/sec,
as measured by a water vapor transmission test (3]1. This polymer is
characterized as a semicrystalline thermoplastic and is grouped by ASTM in
density brackets as follows: high density (HDPE) is from 0.965 to 0.941,
medium density (MDPE) is from 0.940 to 0.926 and low density (LDPE) is from
0.925 to 0.910 gm/cm3. Most commercially available sheet is in the upper
range of MDPE and only by including carbon black does it fall within the HDPE
range. In keeping with current industrial practice, however, we will refer to
the material as HDPE,.

Additives are typically compounded with the polymer to improve the
physical and long term characteristics of HDPE. Protection from ultraviolet
(UV) degradation is provided by adding carbon black. Most commercial HDPE
geomembranes consists of 90-95% polymer, 0-5% additives, 2-5% carbon black and
about 1% antidegradants [4]. The additives are also called processing aids.
They are proprietary within the resin supplier and sheet manufacturer's
community.

HDPE sheet is manufactured by three uniquely different processes. The
first method utilizes a flat mouth extruder, see Figure 1. Resin pellets are
introduced into the feed hopper, melted and mixed in the barrel of the
extruder, and then squeezed out of a flat mouth die. The sheet is eventually
rolled up after it has passed through downstream equipment such as monitoring
and control systems. The current maximum width sheet that is produced by this
process is approximately three meters. The sheet is generally of high quality
and can be made very long. Because of the relatively narrow width, panels are
typically constructed in the factory by welding a series of sheets together.

The second process for making HDPE sheets utilizes an oscillating feed
outlet and stainless steel indexing drum. As shown in Figure 2, the extruder
produces the hot melt. The melt is dispensed in 40 cm ribbons back and forth
above the drum while it incrementally advances. The sheet is then calendered
between counter-rotating rollers to insure good adhesion between the
individual ribbons. The geomembrane sheet from this process is typically ten
meters wide. However, thickness control of the process is difficult (due in
part to factory seams every 40 cm), and it also has a tendency to bloom (a
white residue on the bottom of the sheet is indicative of blooming). This
process is best suited for the thicker ra re of applications, e.g., greater
than 1.5 mm.

The third method to make HPDE sheet is with a cylindrically blown film
extruder as depicted in Figure 3. Basically the polymer melt is forced through
two concentric rings. Internal air pressure forces the "bubble" to expand into
a controlled diameter as it is raised vertically 15 m to 30 m in height.
Thickness is also controlled in the same manner. The tube of HDPE is then
drawn upward, bent over nip rolls, cut on one side, unfolded and then rolled
up on a take-up roll. This take up process can be seen in the blow-up sketch
of Figure 3. Sheets as wide as 14 m have been produced using this process. The
only drawback with this method is that it induces two longitudinal folds in
the geomembrane sheet which are only partially removed during take-up and
storage. 71
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CONSTRUCTION QUALITY CONTROL AND ASSURANCE

Construction quality control (CQC) and construction quality assurance
(CQA) may be defined as follows [5]:

CQC - Those actions which provide a means to measure and regulate the
characteristics of an item or service to contractual and regulatory
requirements.

CQA - A planned and systematic pattern of all means and actions designed
to provide adequate confidence that items or services meet contractual
end requirements and will perform satisfactorily in service.

In the context of geomembrane-lined facilities, CQC refers to those
actions taken by the manufacturer and/or installer to ensure that their
methods, materials and workmanship are accurate and correct, and meet the
requirements of regulations, plans and specifications [5].

CQA on the other hand, refers to the means and actions employed by the
owner through the designer and/or quality assurance team to assure conformity
of the design, production and installation with the quality assurance plan, as
well as drawings and specifications. "Third party construction quality
assurance" refers to quality assurance team which is independent of the
designer, manufacturer, fabricator, installer or owner [5].

An EPA technical guidance document entitled "Construction Quality
Assurance for Hazardous Waste Land Disposal Facilities,™ has been released
which describes a typical CQA plan. This is required reading for those
involved with geomembrane installations [6].

INTERPARTY COMMUNICATION

Like all construction projects there are many parties involved with a
geomembrane installation. A successful project requires the interaction
between the design engineer, manufacturer, fabricator, 4installation
contractor, inspectors, owner/operator and CQA team.

In regard to the effectiveness of the CQA component of the project, it is
most effective if all parties involved are fully informed of the conditions
under which they will work. This means that the manufacturer, fabricator and
installer should be informed by the bid document that a CQA plan will be in
effect by an independent third party.

CQA programs should cover every component or operation during
construction, and should be extremely careful regarding the following points,
each of which will be further described.

(a) Qualification and certification of the companies and their employees

(b) Certification and Testing
(c) Final documéntation and warranty
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(a) Qualification and Certification of the Companies and their
Employees

It is important to insure that the geomembrane manufacturer has
previously demonstrated its ability to produce HDPE geomembrane for
containment purposes. One typically requires a minimum total of produced sheet
to insure that such experience is evidenced. References should be requested
and checked.

In the same vein, it is important that one is dealing with skilled labor.
In short, you do not want field personnel learning how to weld HDPE on your
job. Therefore, insist that a superintendent is on site and that a designated
foreman will continuously work with each seaming crew. The superintendent
ideally should have at least two years of experience, while the foreman should
have at least one year. It is not unusual to insist that all install! ion
personnel submit resumes.

(b) Certification and Testing

HPDE resin is generally delivered to a liner manufacturer in pellet form.
From a non-polymer chemist's point of view, there are two significant
properties which give one a good idea of the index characteristics of HDPE
resin. These properties are density (ASTM D1505) and melt index (ASTM D1238).

The density of HPDE is related to the degree of crystallinity. The higher
the density, the more crystalline the material. In turn, the higher the
crystallinity the better the chemical resistance of the geomembrane to harsh
chemical leachates. However, there is a functional limit to the density of
HDPE., If the density (crystallinity) is too great, the geomembrane sheet

becomes difficult to seam and even becomes "brittle". It should be noted that
the density of carbon black is approximately 1.95 g/c~ where the density of
HDPE resin is approximately 0.94 g/cc. Therefore a iifferent criteria 1is

warranted when testing the density of the resin versus the geomembrane sheet.

The second property used to characterize HDPE is the melt index. The
lower the melt index, the higher the molecular weight. High molecular weight
indicates long polymeric chains which correspond to HPDE sheet with good
physical, mechanical and chemical properties [7].

Before the sheet is sent to the job site, a number of tests should be
performed to insure its integrity. Table 1 presents a comprehensive testing
program and suggests target values for a 2 mm HDPE sheet. This thickness sheet
has been used in a number of hazardous waste landfill sites. It is recognized,
however, that the EPA regulations state minimum values of 0.8 mm to 1.2 mm
depending on cover placement. Table 1 represents only a partial list of
geomembrane tests. Obviously, the nature of one's project will govern the
extent of testing. Table 1 is divided into three sections. Section "A" is a
list of the resin tests, Section "B"™ a list of sheet tests, and Section "C" is
a list of seam tests. All of these properties should be evaluated by the
design engineer on a site specific basis. The designer must rank the
importance of each property and select a set of minimum criteria for the
candidate geomembrane.

It is important that each roll of geomembrane sheet is identified with

sufficient information. The following identification, after Schmidt ([8], 1is
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Table 1 - Typical Properties of 80 mil HDPE Geomembrane

EBroperty f{unitas) Teating Frequency (1) Teat Method Tvpical Min/Max Values
{(a) Resin Tests
Dansity, excluding carbon every other roll ASTM D1505 Density 0.93
black (g/cc) ASTM D792, Method A-1
Melt Index (g/10 min) ane per lot or ASTM D1238,
batch (railcar) condition 190/2.16 kg 0.2
Carbon Black Content (%) every other roll AST™™ D1603 2.00~2.50
Carbon Black Dispersion (Grade) every other roll AST™ D3015 {2)
{b) Sheet Tests
Thickness (mils) each roll AST™™ D751 2mn (£ 0.2 mm)
Minimum Tensile Properties, as per ASTM D638, type IV,
each direction ASTM D4354 dumb-bell § 2 ipm

1. Tensile Stress @ Yield (MPa)
2. Tensile Stress § Break (MPa)
3. Elangation & Yield (§)
4. Elangation § Break (V)
5. Modulus of Elasticity (MPa)

Tear Resistance Initiation (N)

Brittleness Temperature ('C)
Volatile lLoss (%)

Dimsnsional Stability, each
direction (% change maxium)

Environmental Stress Crack
{minimm hours)

Impact Resistance (J)

test in each
principal sheet
direction

as per

ASTM D4354
aone per lot
one per lot

one per lot
(not required for capa)
one per lot

fiva par lot
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ASTM D638, speed 4

AST™ D882

ASTM D1004, dia C

ASTM D746, procedure B
ASTM D1203, Msthod A

ASTM D1204, 212°F, 1 hr

AST™ D1693, Condition C

Proposed ASTM

~40'C no break
0.1

+/- 2

0 failures § 1000 hras



Table 1 = Typical

(b) Sheet Tests (continued)
Water Absorption (% Weight
change/4 days)

Moisture Content (8}

Low Temperature Brittleness ('C)

Puncture Resistance (N)

Ozone Resistance

Moisture Vapor Transmission

(gm/m2 -« day)

Thermal Stability
Oxidative Induction Time (OIT)

{(minutes, minimum)

Chemical Compatibility (8)

Hyd: - = resistance (Mra)
(Bian.al Test)

Creep Test

Direct Shear Friction

Geosynthetics ’89 Conference

Properties of 80 mil HDPE Geomembrane

one per lot

one per lot

five per lot

five per lot

one per lot

one per lot

one per lot

one set per lot

as per ASTM D4354

one per lot

ASTM D570

ASTM D570
ASTM D746 Procedure B
ASTM D4833
ASTM D1149

100 mPa, 40°‘C
Magnification

7 days

ASTM E96

ASTM D3895
130°C, 600 pai 02
EPA 9090

ASTM D751, Method A
procedure 1

Proposed ASTM

3 points per critical candition

site specific

San Diego, USA

(continued)

0.1 max

- 15
1,300
No
cracks

Tx

0.02

2000

4.5

@ 60% Y astress
strain = 10%

Proposed ASTM

{c) Seam Tasts
Environmental Stress Rupture

Bonded Seam Strength, Shear (KN/m)

Bonded Seam Strength, Peel (KN/m)

Peel Adhesion

Nondestructive Seam Evaluation

Ultrasonic Shadow Method
Pulse Echo Technique
Vacuum Box Technique
Preasurs Testing Technique
Air Lance Technique

five per facility
start-up welds and
random samples

start-up welds and
random samples

start-up welds and
random samples

100% of fileld seams

As per ASTM D2552

AST™ D3063

AST™ D413

ASTM D413

GRI & GM1-86
ASTM D4437
ASTM D4437
NSC Test
AST™ D443

No failures
1,000 hrs.

24

Film Tear Bond

All 1008 compliance
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recommended for each roll; name of manufacturer/ fabricator, product type,
product thickness, manufacturers batch code, date of manufacture, physical
dimensions (i.e. length and width), panel number per design layout pattern,
and direction for unrolling panel.

It has been stated by many, that the overall integrity of the facility
lies in the quality of the field seams. By far, this factor is the weak link
in most projects and should be scrutinized closely. The most important factor
in good seaming is compatibility between the sheet material and the seaming
technique (or material). There exists a window in which a good seam can occur.
It is the job of the installer to find this window and stay within its
boundaries.

HDPE sheet may be joined by one of five methods. Each method is listed in
Table 2. The table indicates the seam types, typical joining systems used to
make the seams and typical cross section configurations of the seams produced
by their respective methods. Each installer has the option of using any of the
seaming methods listed in Table 2. It is the responsibility initially of the
designer and of the CQA inspector during installation to check the integrity
of the seam and conclude that it will perform adequately.

Field quality assurance testing of geomembranes involves both destructive
and nondestructive testing of the seams made in the field. Destructive testing
of the field seams is done on a periodic basis whereas nondestructive testing
is performed on 100% of the seams. Destructive test samples are of two
varieties. The first is called a start-up seam. It is not a seam to be used at
the actual facility, rather it is a seam which is prepared on a scrap piece of
geomembrane specifically for checking if the installers procedure is correct.
The frequency of these start-up tests is typically at the beginning of each
shift or whenever the welder is turned off and then put back into service.
Destructive testing of the actual FML seam occurs every 150 to 300 meters of
seam and on a judgemental basis if the seam is suspect in any way.

Currently there are two types of mechanical tests performed on specimens
cut from a field seam. The actions of shear and peel tests are shown in Figure
4. Conventional acceptance criteria states that the seam strength in shear
should equal that of the parent material [9]. Through past experience, it is
believed that a reasonable criteria for a passing peel test is the witnessing
of a film tear bond (FTB) and a strength of 80% of the parent material. The
general consensus is that the shear test reveals the strength of the parent
material, while the peel test is a good indicator of the strength of the seam.

As for nondestructive tests, Table 3 yields an overview of testing
methods available to the third party CQA personnel.[1] It should be noted that
100% of the facility must be tested via one of these nondestructive tests.

Prior to embarking on a project, it is important to make a decision on
response to noncompliance of test data. Outliers are not uncommon. Problem
areas are remedied by one of three methods. The three methods are a) to patch,
("cap strip”) b) to grind and reweld, c) or to cut out the seam, slide the two
sheets together and then reweld. Cutting out and then patching imperfections
is felt to be the best remedial solution. Grinding and rewelding is not
recommended for many installations.
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Geomembranes

Seaming
Tachnique

Equipment Used

Configuration of Seam

Speed

Comments

FLAT
EXTRUSION

FILLET
EXTRUSION

HOT AIR

HOT WEDGE

ULTHASONIC

> {4
ARV =
SRR

150 m/Hr

30 m/Hr

150 m/Hrx

100 m/Hr

100 m/Hr

Good on long flat surfaces
Highly automated machine
Difficult for side slopas

Cannot be used for close detalils
Pellet fed

Upper and lowaer sheets must ba roughened
Upper sheet must be beveled

Height and location of bead im-

portant to seam quality

Can be rod or pellet fed

May be equipped with an air heater/
blower to preheat tha sheet

Routinely used for difficult details

For HDPE, used only to tack weld
Hand held and automated daevices are
available

Alr temperature fluctuates greatly
No extrudate added

Single and double track devices are
available

(Double track device patented)

Built in nondestructive test

Cannot be used for detailing
Temperature control is critical

No extrudate added

Consistency of "squeeze out” {s a good
indication of seam quality

Naew Technique for geomembranes
Sparse experience in the field
Capable of full automation

No extrudate added
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Table 3 ~ Overview of Nondestructive Geomembrane Seam Tests

after Koerner and Richardson (1987)
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Brimary Usez General Commants
Nondestructive [Contractor| Design Engineer |Third Party| Cost of Speed of Cost of Type of Recording | Operater
Tast Method Inspector Inspactor | Equipment Tasts Taats Rasult Mathod l)-n:umtlnn:::,'~
1. air lance yes = - $200 fasc nil yes-no manual v. high
2. mechanical yes - - nil fast ail yes-no manual v. high
point (pick)
stress
3. vacuum yes yeas - §1,000 slow v. high yes-no rmanual high
chamber
[negative
prassure)
4. dual smam yas yes - $200 fast mod. yes-ne manual low
(poaitive
pressura)
5. wultrasonic - yues yes $5,000 mod ., high yes-no automatic | moderate
pulass echo
6. ultrasonic - yes yes $7,000 mod. high qualitative| sutomatic | unknown
impadance
7. ultrasonle - yes Yes $5,000 mod . high quallitative| automatic low
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(¢c) Documentation

Prior to geomembrane shipment, a set of field drawings showing the
geomembrane panel layout should be submitted to the design engineer by the
installation contractor. The layout plan should indicate the location of all
field seams and details of all geomembrane anchorages. In the same vein, an
as-built set of plans should be submitted after the project has been
completed. A daily field record shall be maintained by the CQA team cf the
actual placement of each panel, noting the condition of the subgrade, weather,
welding parameters, and the locations of the specimens taken for testing.

The most comprehensive part of the final CQA/CQC report 's the section
containing the test results. All results for the resin, sheet, subgrade and
seams must be presented. It goes without saying that all results should meet
or exceed the target values of the specification.

The final section of the CQC document is the warranty. Basically it
should state that the geomembrane contractor shall guarantee the integrity of
the installed geomembrane for its intended use against material or
installation defects. The warranty should provide for the total and complete
repair and/or replacement of any defects or defective areas of the
installation.

SOME POTENTIAL PROBLEMS

The ability of a geomembrane to resist puncture and tear during
installation and operation is dependent on the subgrade on which it is placed.
Puncture of the liner generally occurs in an unseen manner when full weight of
the landfill is placed above it. It is most prone to happen from sharp object
located in the upper portion of the subgrade. This can occur in a proof-rolled
subgrade by sliding the liner panels into position for seaming and thereby
roughening the subgrade. It can be shown in biaxial tests that even small
scratches or imperfections significantly reduce the mechanical characteristics
of HDPE. Therefore the subgrade must be free of all sharp objects, and the
geomembrane must be handled carefully.

Rain causes problems during installation. All surface water runoff must
be kept away from unseamed areas and from beneath the geomembranes. This can
be accomplished by shingling the panels such that they overlap from high
elevations to low elevations. Placing the panels in this manner involves
additional work since each lower sheet must be tucked under the upper sheet.
However, the long term benefits are often substantial. Any water found beneath
the geomembrane must be removed and the affected underlying subgrade
(depending on its type) must be replaced or repaired.

Under no circumstances shall vehicular traffic be allowed on the
geomembrane. Any material exposed to such conditions should be removed and
replaced.

The geomembrane should be installed so as to eliminate "trampolining” at
the toe of the slopes. The geomembrane must not bridge abrupt changes in grade
at any temperature. Trampolining may be eliminated by seaming at ambient
temperatures between 5 and 20°C. If above 20°C, adequate slack must be left in
the panels to accomodate shrinkage during cooler temperature periods.
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Environmental Stress Cracking (ESC) is a phenomenon that has been
identified by the gas-pipe, geomembrane and other industries using high
density polyethylene in engineering applications. ESC is a brittle-type crack
growth that results in material rupture at a tensile stress less than the
short term tensile strength. For geomembranes, ESC may initiate at surface
notches along seams and propogate through the material due to stress cycling
from, for instance, daily changes in ambient temperatures. In general,
excessive grinding, abrasion or overheating of the geomembrane during
installation must be avoided to assure long term performance.

Geomembranes are typically shipped to the job site in rolls on flat bed
trucks. HDPE should never be folded under any condition. If it arrives on site
folded in any way, it is not acceptable. The best method to unload rolls is
with canvas slinges wrapped around the rolls or with inserts placed within the
internal core. Any time that the rolls are slid or dragged invites problems.
If there are signs of abrasions and scuffs it is not uncommon to request that
the contractor discard the first few raps of the roll. This will insure that
the sheet is of first quality.

Rolls of geomembrane must be stored off the ground and in a secure area
that protects the panels from damage by man or animals, or contamination by
dirt, dust or water.

Unrolling the sheet requires considerable effort. After the sheet has
been deployed it is clamped (typically with wide mouth Vice-Grips® or sheet
metal clamps) and maneuvered into final position. The labor force used to
position the panels are typically hired on a local basis. In most cases they
have never seen a HDPE liner. They have no respect for it and treat it as if
it were steel. With such a large inexperienced work force, the inspector must
constantly watch for dropped tools, scuff marks from shoes (it is a good idea
to suggest the wearing of sneakers), trash, and accidental liquid spills. It
is best to keep people off the liner after it has been deployed and seamed.

As the panels are being deployed and subsequently seamed, it is important
to weigh them down so they do not blow away in the wind. Sand bags
{recommended) or tires are typically utilized for this purpose. Sand bags may
cause problems because they often are filled with gravel and not sand. When
the bags rip open, the gravel must be swept of the geomembrane to insure that
it does not puncture it in the future. Tire may fill with water over time
which may interfere with the seaming process.

From Table 2 it is obvious that there are many options available for
field seaming HDPE geomembranes. The best way to find out the idiosyncrasies
of each technique is to experience welding first hand. It is surprising how
receptive the installation personnel are to letting the inspectors operate the
equipment on a test strip. The following items will then become apparent:

« adjusting the temperature and speed setting is a delicate balance,

*+ assuring that the area to be welded is clean and dry is necessary,

* assuming and maintaining proper positioning on the seam for the entire
length of the weld run is difficult, and

* never force the welding machine to go faster than its predetermined
and acceptable speed
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Particular care must be taken when forming connections or detailing.
Areas such as sumps, weirs, inlet and outlet pipes are often difficult to seal
due to their complexity. It is very important that the CQA inspector closely
monitors these areas because they are often prone to problems.

SUMMARY AND CONCLUSIONS

This paper has briefly presented many aspects of the HDPE installation.
We have investigated the production of HDPE geomembrane from resin and focused
in on its inevitable deployment in a facility. In conclusion it must be
mentioned that the success of any given installation depends primarily on the
installing personnel. Installers generally follows applicable industry
recommendations. Typically, considerable effort is made on the part of all
parties to cooperate and produce a successful end product. However, the
severity and complexity of these installations must not be overlooked. It is
imperative that everyone involved tolerates nothing less than perfection.
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The Benefits of Construction Quality Assurance of Lining Systems
Installation: Real or Perceived?

INTRODUCTION

Four years have now elapsed since the Resource Conservation and Recovery Act
(RCRA) was modified by the Hazardous and Solid Waste Amendments (HSWA) [1]. One
particular consequence of that 1legistation was the dintroduction of the
requirement for much more formalized and detailed programs of Construction
Quality Assurance (CQA) of the installation of 1ining systems for hazardous waste
disposal facilities than had previously existed. Many private operators of non-
hazardous waste and other storage facilities have electively mandated
comprehensive CQA programs for their new facilities as well. There is also now
an increasing trend in State Environmental Regulatory Agencies toward the
requirement for the provision of CQA of the construction of facilities permitted
under their jurisdiction.

CQA has now become a permanent component of installation operations for
geosynthetic and geosynthetic/soil 1ining systems for a growing variety of
project types. Much has been written on CQA [2,3,4,5] with particular regard to
the need for CQA, the components of CQA, and the "how to" of CQA. In addition,
for four years the benefits of CQA have been avidly touted in publications,
courses, seminars, and other fora.

With four years of experience providing CQA 1in accordance with the RCRA
regulations, and under less stringent criteria for non-hazardous sites, it is
appropriate now to conduct an objective evaluation of the CQA programs, and look
at the benefits. Are they real, or do we simply perceive or presume that there
are benefits? It is my belief that these benefits are very real, and in fact we
can try to quantify them, through the examination of the consequences of a poor
installation. This paper investigates these questions, and provides at least
partial answers, based on the experiences of the writer's firm, during the
provision of CQA services for over 7 000 000 m* (75,000,000 ft2) of geosynthetics

in lining systems.
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PURPOSE

The writer has been responsible for almost fifty CQA programs conducted to
standards equivalent to those required by the HSWA. Based on this experience, it
is possible to examine the circumstances and provisions of these CQA programs,
and make some observations related to the benefits which were derived from them.

First, it is necessary to identify the potential benefits of a CQA program for
the installation of a geosynthetic lining system. These benefits can be shown to
include:

L]

higher quality construction;
o fewer problems during and subsequent to construction;

° facilitated investigation and remediation of problems that do occur
after commencement of operations;

° potential lower cost; and
° better protection of human health and the environment.

The cost of a CQA program is relatively modest (typically 10 to 15 per cent of
the cost of the 1lining system) compared to the costs of post-construction
repairs, delays in permitting or commencement of operations, or future
litigation. Nevertheless, the benefits of CQA can be seen to be much greater
than their costs, even if all they provide is a higher confidence level that the
incidence of future problems will be reduced.

THE BENEFITS OF CQA

The benefits of CQA are real, although they can be both tangible and intangible.
The benefit of finding a major flaw when it can be easily repaired may, in
addition, be quantifiable relative to the cost that would have been incurred
after the fact.

The principal benefit of a thoroughly documented CQA program is that the quality

of construction is generally superior to that of an installation constructed

without third party CQA. One of the objectives of the program is to ensure that

the systems are installed in a manner that meets the design criteria and

assumptions. If the facility has been designed with the assumption that it will

perform within the design requirements if properly constructed, then it is a
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purpose of the CQA program to ensure that this occurs. It is impossible to say
with certainty whether a given flaw or damaged location requiring repair that was
detected by the CQA personnel would not have otherwise been detected and
repaired. Based on the experience gained from over fifty CQA programs, however,
it seems that it can be positively stated that flaws or damage will always be
detected by knowledgeable CQA, over and above those detected by the installer.
No system is truly fail-safe, but it should follow that a more secure system will
result in this case.

Another benefit of CQA is the incidence of fewer problems during construction.
Qualified CQA personnel, familiar with the requirements for the successful
installation of geosynthetic components of lining systems are involved, can
frequently spot potential problems which have otherwise gone undetected, and
inform the installer in advance of their becoming real problems.

The incidence of problems can also be decreased due to human nature, in that the
mere presence of the CQA monitoring personnel will often tend to draw a greater
degree of diligence and attention to detail in the installer's on-site personnel.
The degree of care and attention is further developed when the CQA monitors are
seen to be knowledgeable in their duties. If the CQA monitors are not totally
familiar with the various installation activities and the recognition of
problems, the process can break down. In those cases, even poor workmanship may
not be detectable,

The incidence of problems after construction is much more critical, in that the
flaws or damage that are encountered during the construction program can be
relatively easily fixed. Once the cover materials have been placed over the
lining system and operations have been under way for some time, the cost and
physical effort required to correct a problem can be overwhelming.

A remedial investigation of problems (e.g., detected leakage in excessive
quantities) can be facilitated due to a well documented, thorough program of CQA
providing the complete knowledge of the locations of all seams, repairs, and any
problems that may have occurred during the installation. If, therefore, it is
necessary to exhume an area after completion due to a detected leak, a detailed
knowledge of the seaming, testing, and repair history of that location can allow
easy cross-checking of the related areas prepared in the same manner. In the
absence of these data, the remedial measures cannot easily be extrapolated to
similar areas, and either wholesale excavation becomes necessary, or the
assumption that the only leak has been detected may be made, which will seldom be
the case.

The quality assurance of any product has a price, whether it be a manufacturing

operation, production process, or construction of a waste disposal facility. In

manufacturing, for example, the cost of this quality assurance is normally

determined through statistical and risk analyses, whereby the cost of the service
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can be optimized by comparison with the cost of waste and the incidence of flawed
products. In such a case, the penalty for doing too littie QA can be monetary
loss only. In the case of a regulated waste disposal facility, the consequences
are not only much more severe, but are usually not identified until later, at
which point the cost of remediation is considerably higher. A CQA program for a
double liner system, including leachate collection and removal (LCRS) and leakage
detection, collection, and removal (LDCRS) systems will cost between 8 and 20 per
cent of the cost of the entire system, varying from project to project for a
variety of reasons (nature of the facility, degree of regulatory control, etc.).

Public Law 98-616, known as the Hazardous and Solid Waste Amendments of 1984, had
as its stated objective, that 1t shall be “the national policy of the United
States" to reduce or eliminate hazardous wastes, but in any event, for wastes
that are generated, "to minimize the present and future threat to human health
and the environment" [6]. Any program which shares this objective is a
worthwhile venture. By virtue of the stated benefits of a CQA program outlined
above and elsewhere, any actions taken by designers, owners, operators, and
constructors of waste facilities in support of this policy are directed to the
pubtic good.

FAILURES IN THE ABSENCE OF A CQA PROGRAM

The writer and his colleagues have had the opportunity of investigating a wide
variety of failures involving lining systems. These failures have ranged from
the detection of higher than expected levels of leakage through the upper liner,
to total lack of containment and escape of the leachate or impounded materials to
the adjacent environment.

An overwhelming majority of the failures that have been investigated were of
facilities for which no proper program of CQA was incorporated into the
installation. By the use of the word “proper", it is intended that a complete,
thorough program of CQA shall consist of both the monitoring of all of the
critical activities of the installer (e.g., seaming, nondestructive testing), as
well as the detailed documentation of those activities. A "proper" CQA program
must, therefore, incorporate both of these basic components of CQA. Very often,
while investigating failures or problems with 1ining systems, we have been
assured by the owner that a very comprehensive CQA program was included.
Unfortunately, in most cases of this type, there was no documentation of the
installation. The value of the CQA program was therefore negligible, because the
information that would have been of assistance was not available when it was
needed.

In general, most failures of 1lining systems and/or associated drainage and leak
detection systems which have been investigated are attributable to either poor
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design or poor construction. The former could be mitigated in many cases by the
provision of design peer review, either internally, or preferably by a "peer"
consultant experienced in that area. This clearly represents a form of the
quality assurance of design not dissimilar to CQA. It appears to be a difficult
decision on the part of a designer, however, as seeking out-of-house peer review
can be viewed as being tantamount to an admission of a lack of confidence or
uncertainty in the design. On the other hand, if design peer review was standard
practice, there almost certainly would be fewer failures. It may be that in the
future such design reviews could be commissioned by the owners to provide their
another form of quality assurance.

Poor construction practice as a cause of failures should not exist if there were
a CQA program. Nevertheless, even when CQA programs have been conducted, there
have been failures. In the majority of cases, review of the CQA documentation
during the remedial investigation revealed either that this documentation was
deficient, or in some cases that it was non-existent. No program of CQA is
absolute, however. Sometimes, circumstances are such that not every activity of
the installer can be fully monitored and documented, and in those cases, the CQA
personnel can only verify that the methods and procedures generally conformed to
the plans, specifications, and good construction practice. In those cases,
individual activities can only be monitored within the constraints of the number
of CQA personnel. That is usually sufficient to determine the degree of care and
workmanship being exhibited by the installer.

In at least two programs with which the writer is familiar, problems were
detected after commencement of operations, for a project on which a good program
of CQA had been applied. The detailed construction monitoring records greatly
facilitated the remedial measures, and in fact in one case allowed no
interruption in operations, a paramount consideration on the part of the facility
owner or operator, due to the significant monetary consequences of shutdowns of
any duration. The Tlocations and reasons for the 1leaks were very quickly
determined (in both cases, leaks occurred in corner seam locations which could
not, and therefore had not been nondestructively tested during installation).
The review of the CQA documentation allowed the engineer to determine that fact,
and allowed the repairs to be expedited without delays. It also allowed the
owner to remain confident in the integrity of the system, due to the good results
obtained in the remainder of the facility, which had undergone complete testing
and surveillance.

Other situations have arisen in which we have been able to review the
installation of 1ining systems on non-regulated facilities for which no CQA
program was required or provided. Occasional visits have allowed us to observe
instances of accumulated potential problems which would normally be detected in a
CQA program. These include severe bridging at the toe of slopes, which could
result in overstressing or rupture of the geomembrane upon loading, or to long
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term distress due to the formation of localized crazes or cracks at the stress
concentration locations. Similarly, the lack of trial seams to determine the
quality of the seaming equipment settings in a given shift or on a given day can
allow the installation of large quantities of production seams, which may not be
sampled and destructively tested. (It should be noted that nondestructive test
methods (i.e., vacuum testing, pressure testing, and spark testing) are totally
qualitative tests of the seam continuity - they do not provide any indication of
the strength of the seam, which must be determined by destructive testing.)
Inadequate seams in these areas could go undetected. This could be one of the
greatest contributors to seam failures in facilities constructed without a CQA
program.

In general, a high quality CQA program is the best insurance that a facility
operator can invest in, with regard to obtaining a high confidence level in the
quality of the system. This is true for any 1ining system, whether prepared for
a RCRA-regulated facility or not. If the objective of any system is containment,
a CQA program will be beneficial in assuring the highest quality containment
possible for that design.

QUANTIFYING THE BENEFITS OF CQA

It is difficult to quantify the benefits of a CQA program, because it is
impossible to say that a flaw or failure encountered after the start of
operations would have been intercepted if a CQA program had been provided.
Similarly, we cannot say that there will be no failures if CQA is provided. We
do, however, know that the overwhelming majority of flaws or damage in a lining
system will be detected and repaired while jnstallation is still ongoing, if a
high quality CQA program is provided. The cost of the repair of a hole during
installation is infinitessimal compared to the cost of repair after start of
operations. After this startup, there are costs associated with the specific
mobilization of the repair crew, the cost of shutdown if necessary, and the
significant cost of lost revenue in the case of a revenue-producing facility,
such as a landfill.

In 1986, an attempt was made by the writer's firm to quantify the non-monetary
benefit of CQA by conducting an evaluation of the proportion of repairs required
that were identified by the CQA personnel rather than the installer. To do so,
the CQA monitoring staff waited until after the contractor had completed an area,
including the marking of any flaws, defects, damage, or inadequate seams, before
they proceeded with their walkover evaluation.

The results are presented in Table 1. Acceptance of these data without
qualification, however, would be misrepresentative. Although the CQA personnel
waited until after the installer had walked the area, having identified many
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TABLE 1
PROPORTION OF REPAIRS
IDENTIFIED BY CQA
ON AN HOPE GEOMEMBRANE
NUMBER NUMBER OF REPAIRS NUMBER OF REPAIRS COA
OF PANELS AREA EXTRUSION  PATCH TOTAL  IDENTIFIED BY CQA  PROPORTION
PANEL 12 593,000 S.F. 98 58 156 116 744 %
REPAIRS
TOTAL NUMBER OF REPAIRS CQA
SEAM LENGTH TOTAL REPAIRS IDENTIFIED BY CQA PROPORTION
SEAM 26,833 FT. 696 229 329 %
REPAIRS
PROPORTION OF ALL REPAIRS DETECTED BY CQA = 40.5 X

locations requiring repair and making those repairs, it is not fair to say that
all of those locations subsequently marked by CQA would not eventually have been
detected prior to turnover. As a result, in the absence of CQA, we can assume
that perhaps as much as 50 per cent of the additional locations would eventually
have been repaired. Even so, that would still leave in the order of 150 to 170
locations which were determined by CQA to require repair of some form that would
not have been remedied. If only ten per cent of those resulted in leaks, that is
15 to 17 leaks. The design of leak detection systems normally presumes in the
order of three to four "holes" per acre, which can represent leaks [7], or for
this site, about 50 total holes, even assuming high quality CQA. These 15 to 17
estimated additional flaws would therefore result in 30 per cent more "holes"
than assumed for the design of a leak detection system. In this specific
example, the system was only a single liner, and so expected containment 1loss
would have been at least 30 per cent higher if the CQA was not provided, and that
is giving the installer credit for returning to a given area and finding many
more repairs than on the initial examination.

This example in no way constitutes anything approaching data on which other than
very basic conclusions can be drawn. Circumstances have not allowed us to repeat
this test on other projects with the same confidence in our control conditions.
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In general, however, it is our practice to allow the installer to mark locations
for repair in advance of the CQA personnel. In those cases, it is our
observation that anywhere from 30 per cent to 70 per cent of the total repair
locations are noted by the CQA personnel. This does consistently show, however,
that there are a significant number of repairs detected by the CQA personnel on
every project, over and above those detected by the installer.

It is understandable that CQA personnel would find additional needed repairs.
This is at least in part due to the role emphasis of the CQA personnel (i.e., to
ensure conformance with the plans and specifications, and to look for potential
problems) versus the role emphasis of the installer's personnel (i.e., to place,
seam, and test the geomembrane). The focus of the installer's attention to
geomembrane seams is shown from the data on Table 1, in that almost 70 per cent
of the repairs required on seams were identified by the installer, as opposed to
25 per cent of the panel repairs.

In general, therefore, it is possible to make the claim with reasonable certainty
that a much higher proportion of all potential flaws and damage to the
geomembrane will be detected and repaired when a CQA program is provided than if
not. The example shows one particular situation in which some quantification of
the benefit is possible, although this cannot reliably be extrapolated to
monetary terms. It is believed that this does demonstrate that tangible benefits
exist for the provision of CQA.

CONCLUSIONS

The performance of a program of CQA during the installation of geosynthetic
lining systems would not be justifiable unless there was some perceived benefit.
In most cases, this perceived benefit is a better job: fewer repairs required
due to better workmanship; repair of flaws or damage that may otherwise have
gone undetected; reduced incidence of post-construction repairs; and, implicitly,
reduced leakage through the primary liner to the LDCRS.

At least some of these perceived benefits are real. The experience with the
provision of CQA services for over 7 million square meters (75 million square
feet) of geosynthetics, on which this paper is based, shows that at least, higher
quality construction is obtained. A1l factors in a project interrelate, however.
Good CQA programs cannot mitigate poor design, and a large number of failures
that have occurred have still been attributablie to poor design. Each of the
components of a project must be optimized, in order to attain the design
objectives of safety and containment.
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Figures: In general, as many of the CQA operations as possible should be

monitored and documented. These include: deployment; measurement of
critical dimensions; grinding and seaming; nondestructive testing;
and sampling for destructive testing.

Figure 1: deployment
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Figure 2: measurement of anchor

trench dimensions

Figure 3: measurement of material

overlap

Figure 4: measurement of geomembrane

thickness
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Figure 5: grinding and seaming

Figure 6: nondestructive testing

Figure 7: sampling for destructive
testing
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Design Of Verticle Drains Using The Hydraulic Conductivity Ratio Analysis

ABSTRACT

Subsurface drainage systems in civil engineering structures are often constructed
using geotextile filters. This paper introduces the Hydraulic Conductivity Ratio (HCR)
analysis as a method of evaluating geotextile filter performance in this application,
and the HCR test as a means of quantitatively measuring impedance of flow across the
filter. A step-by-step procedure is presented which addresses the design of geotextile
filters in vertical drainage systems using the HCR analysis.

1. INTRODUCTION

Geotextiles are widely used in subsurface drains in conjunction with conventional
sand and gravel drainage media and synthetic drainage products. A properly designed
geotextile serves two primary functions in the drainage system: (i) the geotextile
retains fine-grained soil particles; and (ii) the geotextile promotes development of a
filter layer within the adjacent soil which, in turn, serves as the long-term filter for
the drainage system.

When fine-grained soils are placed against a geotextile and a hydraulic gradient
is applied across the soil/geotextile interface, a large velocity gradient may develop.
As water exits from the soil into the free draining geotextile, the velocity of the
water increases, often causing soil particles at the soil/geotextile interface to
dislodge and move with the flow. Movement of soil particles adjacent to the geotextile
filter can manifest itself in one of three ways.

o Piping. Small soil particles may migrate through the geotextile into the
drainage media. A small amount of piping may be desireable to form a stabilized
filter layer adjacent to the geotextile. Continued piping of silt and clay
particles, however, is undesirable since excessive loss of fines through the
geotextile filter may result in instability of the adjacent soil, may create
preferential flow paths which could lead to the formation of large voids in the
soil, or may result in the accumulation of fines in other components of the
drainage system causing a reduction in flow capacity. For the purpose of this
paper, piping will refer to continuous loss of fine-grained soil particles
through the geotextile.
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o C(logging. Small and intermediate soil particles may become entrapped physically
or electrostatically within the fibers of the geotextile. When a sufficient
number of soil particles become entrapped in the geotextile to impede flow from
the soil into the drainage media, the geotextile becomes clogged and the overall
flow capacity of the drainage system is diminished.

o Blinding. A transitional filter may develop in the soil at the soil/geotextile
interface. The transitional filter, or filter layer, develops from successive
filtration of fine-grained soil particles along the side of the geotextile
exposed to the soil [Lawson, 1982]. The formation of the filter layer eventually
results in a stabilized reduced flow capacity across the soil/geotextile
interface. The stabilized flow is usually reduced from the initial flow across
the interface when blinding occurs. The magnitude of this reduction, however,
is a function of many parameters, including soil particle-size distribution, flow
conditions, and field stresses.

In a typical drainage system such as a vertical wall drain, all three types of
particle movement may occur simultaneously. Initially, piping often occurs as fine-
grained soil particles adjacent to the geotextile migrate through the geotextile and
into the drainage system. However, as soil particles are restrained by the geotextile,
successive filtration of soil particles occurs, resulting in the formation of a stable
filter layer, which causes the piping to stop. As a result, the effluent from a
drainage system is typically turbid immediately after placement of the drain. However,
within a relatively short period of time, the effluent from the drain should become
clear, indicating the filter layer has formed. If the effluent does not become clear,
it is an indication that continued piping is occurring through the geotextile.

The reduction in flow across the soil/geotextile interface, resulting from clogging
and/or blinding, is often the limiting component of the drainage system. Therefore,
the influence of the filter layer must be accommodated in the design process. The
influence of the filter layer, and the propensity for blinding and clogging of
geotextiles can be measured in a Hydraulic Conductivity Ratio (HCR) test, which is
discussed in Section 2. A design method for geotextile filter layers in vertical wall
drains which incorporates the HCR analysis is presented and discussed in Section 3. The
conclusions are presented in Section 4.

2. THE HCR TEST

" The hydraulic conductivity ratio (HCR) test is performed in a triaxial permeability
device under conditions designed to simulate field conditions. The soil sample is
prepared using standard laboratory or field sampling techniques that are designed to
simulate field placement or in-situ conditions. The state of stress, stress history,
void ratio, soil structure, and flow conditions in the soil and geotextile are carefully
controlled throughout the test. Since the soil sample may be fully saturated and the
triaxial permeability device used in the HCR analysis provides control of the flow
direction and hydraulic gradient, the primary variables affecting the filtration
characteristics and flow properties of geotextile/soil composites are either controlled
or measured during the HCR analysis [Abouzakhm, 1986].

The specimen is constructed in the triaxial device such that the soil to be tested
is overlain by the candidate geotextile filter, as shown in Figure 1. The hydraulic
conductivity of the parent soil, k;, is initially measured by permeating a relatively
small amount (approximately one pore volume) of liquid through the specimen. The flow
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during the measurement of k. is directed from the top of the sample to the bottom (i.e.,
through the geotextile, then the soil). The flow direction is then reversed such that
the permeant flows through the soil first, then across the soil/geotextile interface,
and through the geotextile. The hydraulic conductivity of the soil/geotextile composite
is defined as k.. As the permeant flows from the soil across the soil/geotextile
interface, soil particles may be dislodged resulting in piping, clogging or blinding.
If blinding occurs, the hydraulic conductivity, k., typically decreases until an
equilibrium condition is achieved. The HCR may then be defined as the ratio of the
stabilized value of k,;, to the hydraulic conductivity of the soil, k.

ks
HCR = —— (1)

S

Results of the HCR test (i.e., ki, K and HCR) are typically presented as a function
of the flow volume permeated throué% the specimen. The volume is expressed in terms of
pore volumes, PV. One pore volume is equivalent to the volume of voids within the
specimen when the HCR test is initiated. Figure 2 shows idealized results of HCR
analyses for four different geotextiles against the same soil. The horizontal portion
of each curve for flow volumes of less than one PV is the hydraulic conductivity of the
s0i1, k.. After one pore volume of flow, the flow direction was reversed. The
hydraulic conductivity across the soil/geotextile interface, k,,, then decreased as a
function of the flow volume for geotextiles A, B, and C, and increased slightly for
geotextile D. The HCRs for geotextiles A, B, C, and D in Figure 2 are 0.75, 0.40, 0.10
and 1.0, respectively.

GEOTEXTILE
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FIGURE 1
HCR TEST SPECIMEN
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The quantity of fine-grained soil particles passing through the geotextile into the
effluent is observed by visual inspection. If the effluent remains cloudy after more
than one or two PVs have passed across the soil/geotextile interface, it is considered
that piping is occurring through the geotextile. Piping is often manifest by an
increase in HCR with flow volume, and a high HCR value (sometimes greater than 1.0).
In general, for soil/geotextile combinations that do not show evidence of piping, higher
HCR values indicate greater flow capacities of the filter system.
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FIGURE 2
GRAPHICAL RESULTS OF HCR TEST
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3. HCR-BASED DRAINAGE ANALYSIS

Design Methodology

The HCR test has been presented as a means of determining yhich of }he three ;ypes
of particle movement is governing the filter behavior. If continued piping or continued
clogging of a considered filter material is observed,-the mgter1a1 1s.Judged to be
inadequate and other materials should be considered. Piping 1is qf particular concern
in structures where catastrophic failure may result from excessive Toss of the soil
structure, or in drainage systems that may clog with the fines passing through the
filter.

when a stabilized filter layer forms, however, the interaction between the soj1 and
the geotextile may be the controlling factor in the evaluation of the flow capacity of
a drainage system. Therefore, the design process should incorporate the flow impedance
resulting from the formation of a stable filter layer. A design methodology is propoged
which utilizes the results of HCR tests to evaluate the impact of soil/geotext:?e
interaction on the flow capacity of the drainage system. This design_methodology is
presented in a step-by-step manner for conditions similar to the vertical wall drain

shown in Figure 3. Each component of the design process is derived and discussed below.

v
'

=
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FIGURE 3

DRAWDOWN PROFILE - VERTICAL WALL DRAIN

Step 1: Determine Field Conditions

The primary components of the field monitoring program are an assessment of wall
geometry, a site boring program to assess soil Tithology and obtain soil samples for
laboratory testing, a hydrogeologic assessment, a laboratory testing program and a

preliminary analysis of vertical and horizontal stress distributions adjacent to the
proposed wall.

The purpose of the laboratory testing program is to evaluate soil properties
(typically the backfill material) that are used in the design of the wall drainage
system. The tests that would typically be performed include grain-size distribution

analyses, hydraulic conductivity tests, Atterberg limits, and compaction (Proctor)
tests.

The hydrogeologic assessment would include an evaluation of site ground-water depths,
flow directions and flow velocities. This assessment is typically made based on ground-
water elevations in borings and data obtained from a literature review. In some cases

it may be necessary to install piezometers and monitor ground-water elevations over a
period of time. 99
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Step 2: Select Candidate Drainage and Filter Materials

Candidate drainage and filter materials are often selected based on experience
with installations similar to the proposed use. For preliminary selection of candidate
drainage media, index and design properties such as the hydraulic transmissivity,
compressive strength and creep characteristics of the drainage media are considered.
For preliminary selection of filter media, the opening characteristics of the filter
media relative to the soil particle-size distribution is considered. For geotextile
filters, the Apparent Opening Size (AOS) is often provided by the manufacturer for this
purpose. Several selection methods have been developed in recent years which relate AOS
to the soil particle distribution for the purpose of preliminary filter performance
evaluation. Other factors which should be considered in the preliminary selection

process of geotextile filters are geotextile construction survivability and geotextile
durability.

Step 3: HCR Analysis

The HCR of the candidate geotextile(s) should be evaluated for the proposed soil
backfill in the range of stresses and boundary conditions anticipated in the field. The
potential for soil particle movement, as described previously, should be evaluated.

If the HCR analysis indicates a stable filter layer has formed, the average hydraulic
conductivity of the filter layer may be evaluated. The primary assumptions required to
evaluate the hydraulic conductivity of the filter layer are: (i) Darcy’s equation is
valid; (ii) the principle of flow continuity between layers applies; (iii) the thickness
of the filter layer is constant once equilibrium conditions have been reached. Based
on these assumptions, the average hydraulic conductivity of the filter layer may be
computed as follows:

d; k, (HCR)

- (2)
f = d; +d, (1 - HCR)

where: d. = the thickness of the filter layer; d, = the thickness (height) of the soil
sample; & = the hydraulic conductivity of the soil; and k; = the average hydraulic
conductivity of the filter layer. Based on numerous HCR analyses, the thickness of the
filter Tayer may be assumed to be in the range of 0.04 to 0.4 in. (1 to 10 mm). For the

analyses presented in this paper, the thickness of the filter layer is assumed to be
0.125 in. (3 mm).

Step 4: Evaluate Drawdown and Seepage Rate

The drawdown of the water table in the soil backfill adjacent to the vertical

drainage system is evaluated for steady-state conditions. This analysis is based on the
following assumptions:

« homogenous, isotropic backfill with horizontal impermeable boundary at the
elevation of the base of the wall;

o Darcy’s Equation is valid;

o there is sufficient recharge to maintain the original water table elevation at
a lateral distance of 1.5 times the height of the ground water;

o the flow capacity of the drainage system is greater than the seepage rate from
the soil into the drain; and :

a stable filter layer develops at the soil/geotextile interface.
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The drawdown for HCR = 1.0 (i.e., zero impedance) steady-state condjt?ons may be
evaluated by a graphical solution (flow net) or numerical methods (finite element
analysis). From these analyses, an approximate closed-form solution has been developed

for steady-state drawdown conditions and HCR = 1.0:

[(1.5h)% + 4h2, (1 + 0.9n) - 1.5 h, (3)
3 = 2 (1 +0.9h)

where: a, = the steady-state height of water (measured in feet) adjacent to the wall
when ke/k, = 1.0 (i.e., HCR = 1.0 conditions); and h, = the original maximum height of
ground water measured in feet from the bottom of the vertical drainage layer.

Equilibrium conditions existing after a stable filter layer forms may be evaluated
using numerical methods, or, alternatively, when the HCR value is greater than
approximately 0.2, the drawdown may be estimated based on the following equation:

a =a, [1.75 - 0.75 (HCR)]) (4)

where: a = the height of water adjacent to the wall after the stable filter layer is
formed. The HCR must be greater than or equal to 0.2 for Equation 4 to give
sufficiently accurate results.

The relationship between a/a, and the HCR is shown in Figure 4. As shown in the
figure, when the HCR is Tless £han 0.2, the ratio of a/a, increases dramatically.
Therefore, the HCR value should be greater than about 0.2 when used in vertical drainage
design. This corresponds to a k,/k; ratio of about 100.
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FIGURE 4

RELATIONSHIP OF a/a, TO HCR
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The steady-state seepage rate from the soil, through the filter layer, into the
drainage system may be estimated using flow nets, numerical analysis, or it may be
calculated based on a number of simplifying assumptions. For the latter case, the
primary assumptions are as follows:

¢ the gradient in the filter layer at the ground-water surface is 1.0;

o the flow into the filter layer is horizontal; and

» the maximum gradient at the base of the wall is i, = [ ;_ _ ;g]
f f

Based on these assumptions, the seepage rate may be approximated using the following
equation:

a k¢
" 2,

Qg (a - a;, + di) (5)

where: q, = steady-state seepage rate through the filter layer into the drain.

Step 5: Evaluate Flow Capacity of Drain

The in-plane flow capacity of a planar synthetic drainage composite is measured in
a transmissivity analysis. The flow capacity of the drain is primarily a function of
the boundary conditions, maximum confining stress (at the base of the wall) and the
hydraulic gradient (i = 1 for a vertical wall). The boundary conditions, confining
stress and hydraulic gradient used in the transmissivity analysis must be similar to
field conditions in order to measure the flow capacity of the drain.

The safety factor for flow capacity may be defined as the ratio of the in-plane flow
capacity of the drain to the steady-state seepage rate through the filter layer into the
drain. The anticipated steady-state seepage rate into the drain may be calculated using
Equation 5. The recommended safety factor for flow capacity should be greater than 2.5
for noncritical applications and 10 for critical applications.

4. SUMMARY

The performance of vertical drainage systems is affected by the interaction between
the backfill soil and the geotextile filter. As water migrates from the soil into the
geotextile, the velocity of the water increases, causing movement of the soil particles
near the interface. Three types of particle movement may occur: (i) piping; (ii)
clogging; and/or (iii) blinding. Typically a combination of all three occurs, however,
ultimately most filter behavior is governed by only one of the types' of movement. The

HCR test has been presented as a means of distinguishing which type of particle movement
is governing the filter behavior.

Optimum performance of the drainage system occurs when initial piping of some fine-
grained particles through the geotextile occurs shortly after the drain is constructed.
As the initial piping occurs, a stable filter layer forms in the soil against the
geotextile. This filter layer successively filters the soil particles and causes the
piping to stop. This process is necessary for the long-term performance of the drainage
system. However, the resulting hydraulic conductivity of the filter layer influences
the performance of the drainage system, and is therefore a necessary component of the
design of the drainage system. 102
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The HCR analysis has been used to evaluate the effects of soil/geotextile interaction
and to assess its impact on the flow across the interface. If HCR analyses are
performed with site soils and geotextiles under boundary conditions which simulate field
conditions, HCR analyses can be used to estimate the hydraulic conductivity and
thickness of the filter layer.

A design methodology for vertical drains is presented which incorporates the results
of the HCR analyses. Based on the proposed methodology, a drainage system may be
selected which meets or exceeds the flow requirements and limits the hydrostatic
pressure against the adjacent wall or structure.
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Effectiveness of Tensile Reinforcement in Alleviating Bridge Approach
Settlement

ABSTRACT

It had been reported that the inclusion of tensile reinforcement in the
approach fill behind bridge abutments reduced backfill settlement, hence alleviated
the "bump" otherwise often experienced at both ends of the bridge. This study was
undertaken to investigate, by the finite element method, the effectiveness of
emplacing tensile reinforcement in the backfill to reduce approach settlement. The
analytical procedure employed in this study was verified by comparing analytical
results with the measured response of a large-scale geogrid-reinforced bridge
abutment test, which had probably the best data available to-date. Using the
validated procedure, a parametric study was conducted to examine the effectiveness
of using tensile reinforce-ment to alleviate backfill settlement under different
backfill, foundation and reinforcement conditions. The results of the analysis
were discussed.

INTRODUCTION

Excessive differential settlement often occurs between bridge abutments and
the approach backfill, especially where foundation conditions are poor. Several
factors, often acting together, contribute to the differential settlement. Three
of the most important factors are: (1) weak foundation soils which settle sig-
nificantly after construction of the embankment -- a factor that is especially
important where the bridge abutment is more strongly supported by a pile founda-
tion; (2) inadequate compaction of the backfill, due in part to the inherent
difficulty in compacting available backfill material and in part to the restric-
tions imposed by the bridge structure; and (3) poor drainage of the approach
backfill.

Approach settlement can range from a few inches to a couple of feet and
progress throughout the lifetime of the structure. Because of this, rough and
sometimes hazardous driving conditions are created by the resultant abrupt step
("bump") at both ends of the bridge, and alleviating this problem after it has
developed often requires ongoing and expensive maintenance such as mudjacking and
resurfacing.

Over the years, several methods has been attempted to prevent the "bump"
from developing. Two most common methods are: (1) placement of a rigid reinforced

concrete slab behind the bridge abutment to spread out the differential settlement
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over a wider area, and (2) use of a highly granular fill or pulverized fuel ash
that will experience negligible settlement after placement and is often used in
combination with the approach slab. Although Method (1), the approach slab, has
been found to be beneficial in many cases, where differential settlement is
substantial the use of approach slabs has only been partially successful and in
some cases can aggravate the problem (4). On the other hand, finding high-grade
material in the near vicinity that can be economically retrived and transported to
the project site can be a major problem with Method (2).

Since 1983, the Wyoming Highway Department has built or retrofitted over 38
bridges using geotextiles to reinforce the approach backfill. Multiple layers of
geotextile material are placed within the backfill and folded at the sides to form
geotextile facings adjacent to the abutment and wingwalls. Price and Sherman (3)
reported that, by using a geotextile having a moderately high modulus and low
elongation to break, a stiffer soil mass was created which could distribute traffic
loads over a wider area and thus alleviated settlement from occurring within the
reinforced section. It had been further reported that, since their installment, no
repairs had been made to bridges using reinforcing resulting from differential
settlement.

This study was undertaken in order to gain a better understanding of the
effectiveness of tensile reinforcement in alleviating approach settlement. Two
excellent large-scale tests of bridge abutments with and without tensile reinforce-
ment were investigated and used to establish validity of a finite element analyti-
cal model. The analytical model was then used to conduct a parametric study to
examine the effectiveness of using tensile reinforcement for alleviating approach
settlement under different foundations, backfills and tensile reinforcements.

LARGE-SCALE TEST

Two excellent large-scale tests were conducted by the Civil Engineering
Research Institute, Japanese Ministry of Construction to determine the ability of
high strength geogrid reinforcement to alleviate differential settlement between
the abutment and backfill (3). A diagrammatic representation of the test is
presented in Figure 1 in which the abutment is restrained from moving with respect
to the backfill, thus simulating an abutment founded on a very firm foundation.

A description of the test, paraphrased from Japanese, is reported below. To
simulate the prototype, a large bin was constructed 14 m in length, 2.6 m in height
and 1.0 m in width and the sidings were bullt of clear plexiglass to observe the
soil-structure interactive behavior throughout the test. The abutment itself was
modeled after one in the field and the backfill stood 1.45 m in height and extended
10.0 m in length behind the abutment. Five layers of geogrid were placed in the

backfill with one end of each layer securely fixed to the abutment wall. As
shown, the layers of reinforcement were spaced 0.2 m apart and extended back 4.0 m
from the abutment. The properties of the backfill soil and geogrid reinforcement

are presented in Table 1. To activate settlement of the backfill, a 0.2 m thick
layer of soluble ammonium sulphate was placed between the bottom of the backfill
and brick base. After backfilling was completed this layer was dissolved, thus
simulating settlement due to a weaker shallow foundation.

Two tests were conducted: one in which only soil occupied the backfill and
one in which five layers of geogrid were included in the backfill. After the
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completion of each test, observations were made as to the magnitude and profile of
curfoce cettlement and the development of cracks and voids in the backfill.
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Figure 1. Diagrammatic Representation of Kutara's Large-Scale
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W 1. wAaterial Parameters of Soil and Geogrid ‘1. Kitara's Test (3)

Soil Geogrid
Parameter Symbol  Value Parameter Bymbol  Yalue
unit weight (tf/m3) v 1.6 weight (gf/m2) -
cohesion (tf/m2) c 2.0 spacing (mm.) 22 x 111
internal friction angle ¢ 29.0 area (m2) a 0

+000297
Poisson's Ratio v 0.4 tensile strength (kgm/m) l& 8000
Young's Modulus (tf/m2) E 800 rupture strain (%) ‘ 12.0

40% of rupture strain (%) 3.0

Soil classification sM Young's modules tf/m?) E 400000.0
gravel (%) 0.0
sand (%) 50.1
silt (%) 31.9
clay (%) 18.0
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Where no reinforcement was used, 0.17 m to 0.18 m of fairly uniform settle-
ment occurred due to 0.2 m of the induced settlement at the base, and frictional
resistance activated between the backfill and abutment did not alleviate the
development of an abrupt step occurring at the abutment face. In the test in which
geogrid was emplaced, a negligible amount of settlement occurred at the abutment
face and fairly smooth, gradual settlement occurred moving back from the abutment,
eventually reaching 0.2 m of settlement approximately 1.0 m behind the abutment,
thus alleviating the "bump." However, large cracks and voids were also described,
especially in the region of gradual settlement adjacent to the abutment, reportedly
caused by the redistribution of settlement that was prevented from occurring at the

backfill-abutment interface.

The analytical model used in this investigation incorporated quadrilateral
elements with Duncan-Chang hyperbolic model (l) to simulate the nonlinear, stress-
dependent stress-strain behavior of soil; and one-dimensional bar elements with

linear elastic constitutive law to simulate the reinforcement behavior. Figure 2
depicts the finite element discretization of the large-scale test. Sequential
construction operation was simulated. After backfilling to the top of the abut-

ment, 0.2 m of the settlement was induced by artificially applying a uniform load
to the nodes at the bottom of soil layer 1 (refer to Figure 2) in order to simulate

the test condition.
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Figure 2. Finite Element Discretization of Kutara's Test.

The settlement profile obtained from the analysis in comparison with
measured settlement is presented in Figure 3. It shows that the analytical model
provided a very good simulation of the settlement occurring in the test. The
analysis indicated large localized zones of tension and shear yielding and is
attributed to the developments of large voids and cracks in the geogrid-reinforced
backfill as observed in the test. Yielding in the soil mass likely developed
because foundation settlement occurred in one load increment after construction to
simulate rapid foundation settlement in the test, and this did not allow for the
redistribution of induced stresses in the backfill which would likely occur under
more gradual settlement conditions.
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Although the results of the large-scale test clearly show that the "bump"
can be alleviated by attaching geogrid reinforcement to the abutment wall, no
further study was performed to examine the effect of additional loading (traffic
loads, for instance) on the approach settlement due to the existence of cracks and
voids beneath the geogrid layers. It is therefore difficult to assess the effec-
tiveness of the geogrid reinforcement under service conditions.

PARAMETRIC STUDY

Using the analytical model, a parametric study was conducted to examine the
effectiveness of tensile reinforcement in alleviating settlement under changing
foundation, backfill and reinforcement conditions. The analysis incorporated the
geometry illustrated in Figure 4, a typical configuration of a geotextile-rein-
forced abutment constructed on a cut slope. The finite element mesh employed for
this study is shown in Figure 5, and parameters representing a range of foundation,
backfill and reinforcement conditions are presented in Table 2 and 3. To examine
the effects of surcharge loading due to traffic and other loads, a uniform 49 KN/m2
pressure load was applied to the top of the backfill at the completion of backfill-
ing.
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Figure 5. Finite Element Discretization of the Geotextile-
K. ciiorced Bridge Abutment.

Table 2. Duncan-Chang Parameters Representative of Varying Foundation and Backfill Conditions,

Unified

Sofl .

Condition Classif. RC m ® c K n Re 6 F d
(tf/m3) (tf/m)

Backfil1 1 GP 95 2.00 36 0.24 300 0.40 0.7 0.30 0.0 0.0
2 SP 90 1.92 R 0.24 300 0.25 0.7 0,30 0.0 0.0
Foundation 1 CL .- 1.92 k] 4,88 156 0.45 0.7 0,30 0.0 0.0
2 L - 1.84 30 2.44 120 0.45 0.7 0,30 0.0 - 0.0

* RC = relative compaction (Standard AASHTO)

Table 3. Structural Element Parameters Representative of Varying Tensile Reinforcement Behavior

Type Secant_modulus Area thickness
(tf/m2) () (m)

Trevira 1127 .

Non-woven 547 0.00097 0.0032

Geotextile

Geogrid 386,660 0.00116 0.0038

** cocant modulus for Trevira 1127 at 2% strain and 2.80 tf/m? overburden pressure

Initially, the abutment-embankment was analyzed using backfill and founda-
tion parameters corresponding to Condition 1 shown in Table 2, and by comparing
settlement when geotextile reinforcement was included in the backfill to that when
no reinforcement was emplaced. In each case, a uniform surcharge pressure was
applied at the end of construction. The analysis indicated that emplacing multiple
layers of reinforcing in the backfill did not measurably reduce the amount of
settlement caused by the weight of the soil or due to surcharge loading. Likewise,
distribution of stresses and overall stability of the backfill was not noticeably
affected.

To further substantiate these findings, three more conditions were analyzed.
First, a weaker backfill material was simulated using backfill parameters cor-
responding to Condition 2 in Table 2 while foundation parameters corresponding to
Condition 1 and emplacement of geotextile reinforcing was maintained. Next, weaker
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foundation conditions corresponding to Condition 2 were used while backfill
parameters for Condition 1 and pgeotextile reinforcing were maintained. Third, a
stronger geogrid was simulated using parameters presented in Table 3 was considered
while both backfill and reinforcement parameters for Condition 1 were used. 1In
each case, a uniform pressure load was applied at the end of construction. Again,
the analysis showed that the inclusion of reinforcement did not markedly alleviate
settlement from occurring in the backfill behind the bridge abutment.

The reason why is believed to be due to the boundary conditions inherent in
the embankment-abutment system. Figure 6 depicts the resulting soil movement
vectors when backfill and foundation parameters corresponding to Condition 1 were
used without the inclusion of the geotextile reinforcement. A lateral component of
soil movement can be seen in the foundation in the direction of the cut-slope. In
contrast, the backfill soil shows nearly exclusive vertical soil movement, caused
primarily by the lateral restraints imposed by the abutment. Tensile reinforce-
ments such as geotextiles add increased strength to a soil by réstraining soil
deformation, through frictional and passive resistance, parallel to the plane that
the reinforcement is emplaced. Because the reinforcement was placed laterally
whereas a negligible amount of lateral soil movement occurred, the analysis
indicates that the tensile resistance of the reinforcing was not activated in any
measurable capacity.

These findings are also supported by the results of a recent study conducted
at Purdue University (2) in which the behavior of reinforcements placed in embank-
ments (which have less inherent lateral restraint than the backfill placed behind
bridge abutments) of different geometries were analyzed. The study indicated that
while the use of reinforcements can effectively reduce shear and lateral strains
and increase embankment stability, they have little effect on alleviating vertical
settlement,

CONCLUDING REMARKS

(1) The results of this study clearly indicated that, under similar
compaction efforts and boundary restraints, settlement of the backfill
is not alleviated by the inclusion of soil reinforcement. Due to the
boundary restraints inherent in the abutment structure, the backfill
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2R BE R 2N 2R 2R 2N
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tends to move vertically downward and the amount of lateral soil
deformation needed to mobilize the tensile resistance of the reinforc-
ing is negligible.

(2) By attaching the reinforcement to abutment wall, the differential
settlement can be spread over a wider area, thus alleviates the "bump."
The voids occurred beneath the attached-end of the reinforcement,
however, may produce ill effects under service conditions.

(3) The apparent success reported by the Wyoming Highway Department is
speculated by the authors as a result of the improved backfill stiff-
ness due to inclusion of geotextile as a compaction aid. Further
research is continuing at the University of Colorado at Denver to
investigate this mechanism. Presently the Wyoming Highway Department
is conducting full-scale tests to measure the effectiveness of geosyn-
thetic reinforcement and similar plans are underway in Colorado.
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Parametric Study of Geosynthetic Reinforced Retaining Walls Using the
Displacement Method

SUMMARY

For two years now, the "Displacement Method" has been widely used in France for the design of
geosynthetic-reinforced retaining walls with a vertical or sloping facing. Compared with the more
conventional limiting equilibrium methods, the displacement method has the notable advantage of making
allowance for the tensile modulus of the geosynthetic sheet, the soil-geosynthetic sheet interaction
conditions and different construction conditions (fixing the geosynthetic material to the facing, for example).
The following article explains the method and gives details of a particular application.

The "Displacement Method" is a design method for reinforced soil retaining blocks. The method is based on
the limiting equilibrium principle for the soil and on the principle of local equilibrium for each geosynthetic
sheet. These two aspects of the method will be described first before illustrating a concrete example.

1. LIMITING EQUILIBRIUM OF THE SOIL RETAINING BLOCK

The conventional method consists in assuming that the block of active soil is in limiting equilibrium. This
soil block is separated from the rest of the soil massif by a slip line. Along this slip line, the soil satisfies
Coulomb's law:

(a) Tpe= - = ————— = C.+G tan¢,

Tp is the maximum shear stress and 7, is the limit value required to obtain limiting equilibrium of the active
soil block along the slip line. Fs is the safety factor of the soil in shear.

Numerous methods based on the slope stability study are available. They differ by the shape of the slip line
and by the equilibrium equations used. The most widely used for reinforced soil massifs is the "two-block
method" which was presented elsewhere (3). The slip line is a broken line but, unfortunately, this method is
not statically acceptable as it does not satisfy the equilibrium of moments. In (4), the results obtained were
compared with those from the displacement method.

Bishop's simplified method is a slice method widely-used for slope stability calculations. Unfortunately,
this method is again statically unacceptable and the slip line has got to be circular.
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Consequently, the perturbation method (6) had to be chosen. This is a statically acceptable slices method
(the static equilibrium equations are established for each slice) where the slip line is assumed to have any
shape. The fundamental hypothesis relates to the distribution of forces normal to the slice base (figure 1 -

()8

(b) N;= Nj.. (A +p.tany)

(c) with Ny = (W, - S),).cos Y+ S siny;

A and p are parameters determined by the calculation.

Anq  Ap

NS/ W

GEOSYMTHETIC

R —
normal forces Ni envelope

Figure 1 : Use of Slices Method for reinforced soll mass
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Figure 2 : "Displacement Method" - Proposed mechanism

The system of equilibrium equations is solved in order to obtain (Fs,, A, p), where Fg, is the safety factor on
non-reinforced soil.

In the case reinforced soil, the tensile force in the geosynthetic sheet j at the intersection with the slip line,
is o inclined at ;. Ny, is therefore replaced by Ny

(d) N; =Ny =Ny, + o5.sin (v + Bj)

Values for (Fs;, A', ) are obtained by the separate determination of (o, B;). For a fixed slip line (Fg, < 1.5),
the limiting equilibrium with reinforcement is obtained when Fg; = 1.5.

2. SLIDING BLOCK KINEMATICS

In the rest of the study which follows, consideration will be given only to circular slip lines: circles centred on
the free surface of the top of the slope (Figure 2), although other slip line shapes could be considered,
especially the lines merging with the geosynthetic sheet at the bottom.

Let the active block be subject to a rotation: in that which follows, a constant rotation ;=6 will be assumed,
acting along the slip line, although a progressive failure movement can be taken into account (1)

In this overall movement, each reinforcement sheet is subjected to shear - flexion forces at the intersection
with the slip line and comes under tension (o, Bi) through its anchorages in the soil (L, in the active zone,
Lap in the passive zone.

3. PULL-OUT BEHAVIOUR OF AN ANCHORED GEOSYNTHETIC SHEET

The soil-geosynthetic sheet interaction behaviour can be assessed by means of friction tests. This behaviour
will be characterised by 1, (equation (a)) and by u,, relative soil-geosynthetic sheet displacement required to
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reach t = T,. A large number of friction tests have been carried out, leading to the proposed simplified
relation in figure 3. The following equation is also proposed:

(e) U, = Upe + Up. 6,/ (1+€5.0)
In that which follows, the value of u, will be assumed to be constant with g,.

The behaviour of the geosynthetic sheet under tensile stress will be characterised by its tensile modulus J:
(f) =JE with a € o4

where € is the elongation and oy the intrinsic tensile stress (maximum permissible).

The theoretical behaviour of a geosynthetic sheet anchored over a length L, can be obtained from knowledge
of the behavioural laws under friction and tensile forces (3). Let ua be the displacement of the anchorage
head for a tensile force as. Figure 4-a represents the behaviour of a sheet with free-end in G (a¢ = 0) and
figure 4-b the behaviour of a sheet fixed to the facing in G (ug = 0). For the example in Section 6, this
corresponds respectively to passive and active zone anchorage.

L, and ] have a proportionally much greater effect than u,,.
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4, SHEAR - FLEXION BEHAVIOUR OF A GEOSYNTHETIC SHEET

In the vicinity of the slip line, the sheet has a convex membrane shape. It was shown in (2) how the
a
membrane sheet deformation could be estimated on the basis of A; (figure 2), the active [aj = f (uAj)] and

passive [0 = & (uij)] anchorage boundary conditions, the tensile modulus J, and the stiffness modulus, Ks.
Figure 5 shows the influence of soil stiffness Kg on the equilibrium shape for the particular case of the
Kingston experimental wall (Canada) (3), with all other parameters remaining the same. Unfortunately, for
a structural works project, Ks will often be difficult to estimate. Faced with this difficulty, the Laboratoire
Central des Ponts et Chaussées (LCPC) (1) proposed a simplified mechanism (cf. figure 6). In that which
follows, a distinction will be made between the "MEMBRANE" program, used essentially for research and
taking into account sheet membrane flexion (IRIGM), and the "CARTAGE" program (Bj = 0), widely used by
the LCPC for design work.

5. DISPLACEMENT METHOD CALCULATION PROCEDURE

Consider a fixed slip line for which Fs = Fs, < 1.5 for A = 0. The limiting equilibrium will be reached for a
value of Fs = Fg; = 1.5 by mobilisation of reinforcement sheets (A > 0).

For a vertical slip A;, the equilibrium tensile force o; between the anchorage zones and the shear - flexion
zone is obtained. For the anchorage zone:

() u:\i=v(ai,L:\i,uGioraci=0)

(g) uﬁj = v(ai,Lij, agj=0)

In addition, it will be checked that:
(h) aj < (oc;nax anchorage) and ) a;< % Z(a;mxanchorage)

For the shear - flexion zone: the tension is constant in the shear - flexion zone and equal to the tensile force at
the anchorage head.

a p
(i) "MEMBRANE" program A; =f(Ks, o; B, uaj, uAj)

() "CARTAGE" program A= ( u;i + uii).sinh and B; =0

The procedure consists in increasing 4; = A by small increments. o (and B; for the Membrane program)
increases with A. The limiting equilibrium is obtained when Fs = Fs; = 1.5.
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Figure 6 : Different assumptions for "“MEMBRANE" and "CARTAGE"programs
OjiM: ®yc tensile forces for MEMBRANE and CARTAGE programs
6. APPLICATION OF THE DISPLACEMENT METHOD

The displacement method is applied to a vertical facing massif, of height h = 6 m, made of soil reinforced
with 11 sheets of geosynthetic material (cf. figure 7) fixed to the facing (ug; = 0). The length L of the sheets
is variable. The intrinsic tension (maximum permissible) will be chosen greater than the maximum mobilised
tension according to the equilibrium calculation.

(k) Omax £ Of

Figure 7 (CARTAGE) shows the monitored procedure: by modifying the slip line (in this case 6 circles i = 1 to
6), a variation in equilibrium o;and A values is obtained. It is found that the maxima of A and (max o are
generally obtained for the same slip line (here, the critical circle, i = 4).

The o; distributions obtained, compatible with slip kinematics, are considered to be much more realistic than
those obtained from a trapezoidal distribution of soil thrust for example (Reinforced Earth Method) (2).

Figure 8 shows that the Membrane Program gives higher A values than those with Cartage, for realistic Kq
values. However, the tensile forces o; remain within the same order of magnitude (B; > 0 leads to a reduction
in o).

i

Figure 9 shows that charts can be obtained from oy, = max; (max; o) and from Ap,x = max; A. Compared to
traditional methods, a double design criterion can be used.

(k) Olmax < o
1 Amax < Apem\issible
A typical chart was presented in (4), where the relationships max = ¢ (L, ]) and Ap,x= d(L,]) are

obtained for several ] values. By respecting the criteria (k) and (1), a family (o , J) of suitable geosynthetic
sheets for the structure is obtained.
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Consideration of Strain in the Design of Reinforced Embankments

ABSTRACT

An examination of the development of shear strain in soft clay foundations
underlying geotextile reinforced embankments is presented. It is shown that the
shear strain response of the foundation is significantly affected by the reinforc-
ing fabric modulus and the foundation soil modulus. Results are presented at
various stages of loading which demonstrate the formation of a band of maximum
shear strain as the reinforced embankment approaches failure and ultimate col-
lapse. Implications with regard to strain softening soils are briefly discussed.

INTRODUCTION

In recent years, research has been undertaken to establish the potential
benefits of using geotextile reinforcement to improve the performance of embank-
ments on poor foundations and to develop design methods (eg. (1), (2), (3), (4)
and (5)). Recognizing that geotextile reinforcement may improvement embankment
performance is only one step. There is also a need to investigate the response of

the underlying soft foundation and establish the extent to which various factors
affect that response.

The purpose of this paper is to discuss some finite element results which il-
lustrate the shear strain response of the foundation soil due to Toads imposed by
geotextile reinforced embankments. The effects of various factors such as the
modulus of fabric and foundation on the development of shear strain in the founda-
tion will also be discussed. Due to space limitations, it will only be possible
to present a few results for the case of a granular reinforced embankment with a
crest width of 18 m and 2:1 side slopes. The foundation is assumed to have an un-
drained strength and modulus profile which increase linearly with depth.

DETAILS OF THE NUMERICAL ANALYSIS

The results reported in this paper were obtained using a small strain elasto-
plastic finite element program. The specific formulation adopted assumes a Mohr-

Coulomb failure criterion together with a flow rule of the form proposed by Davis
(eg. (6)). Utilizing a finite element mesh with 4247 degrees of freedom, embank-

ments were "constructed" by turning on gravity within rows of elements. This in-
volved up to 14 1ifts and a total of up to 250 Toad steps. Comparison of results
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with benchmark solutions suggests that the collapse height obtained with this mesh
is accurate to within 7% of plasticity solutions.

Embankments with a crest width of 18 m and side slopes of 2 to 1 were con-
structed on 15 m deep soft clay deposits. The clay foundation was in turn assumed
to be underlain by a rigid base.

In general, the most critical stage when constructing embankments on soft
clay foundations corresponds to that at the end of construction. As a result, the
undrained shear strength, c;(¢=0) and undrained modulus E, (taking Poisson's
ratio to be 0.48) were used to predict the short term behaviour of embankments
constructed on relatively soft cohesive soils. The finite element results pre-
sented herein are for the case of a soft clay deposit with strength and modulus
which increase linearly with depth from some surface value. Strength profiles of
this type are commonly encountered in soft, normally or slightly overconsolidated
clays. Two values of the ratio of undrained modulus to undrained strength (Eu/cu)

were considered, namely, Eu/cu = 125 and Eu/cu = 500. The clay foundation was as-

sumed to have a unit weight, vy, of 16.5 kN/m3 and a coefficient of earth pressure
at rest, Ké, of 0.60,

The embankment fill was assumed to have a stress-dependent Young's modulus
based on Janbu's equation, where the fill modulus is a function of minor pringipal

str'e(s)s?.)5 The parameters used for the granular fill were ¢ = 32°, y = 20 kN/m3 and
\) . - °

The geotextile was assumed to be located within the embankment fill at a dis-
tance of 375 mm above the clay-fill interface, thus allowing for a 375 mm granular
working mat. The fill-geotextile interface friction angle was taken to be 32°,
The analyses allowed for slip at the clay-fill interface helow the reinforced em-
bankment as well as slip at the fill-geotextile interface. In some of the cases
considered, a 0.75 m thick granular pad extended up to 4.4 m from the toe of the
slope shown in the figures. This fill had no significant effect on the general
observations to be made, although it does have a small effect on local strain and
stability.

DEVELOPMENT OF SHEAR STRAIN IN THE FOUNDATION DURING LOADING

Figures 1 through 3 show contours of maximum shear strain at various stages
in the “construction" of an 18 m wide (crest width) embankment on a soft clay
deposit. The deposit has a nominal (unfactored) undrained shear strength, Cuo
of 15 kPa at the surface of the deposit and a rate of increase in strength with
depth, p., of 2 kPa/m. The analyses were performed with a factor of 1.3 applied

to the foundation strength parameters, (i.e. CJO = 15/1,3 = 11,54 kPa and pe =

2/1.3 = 1,54 kPa/m). Unless otherwise noted, the ratio of undrained modulus to
undrained strength (Eu}cu) adopted for the clay foundation was 125 and geotex-
tile modulus, J, was 4000 kN/m.

For purposes of further discussion, shear strain, y, in the clay foundation
is defined as the maximum or engineering shear strain (eg. (7)).

Figure 1 shows the contours of maximum shear strain in the clay foundation
for a height of fill equal to 5.2 m. The maximum shear strain experienced by the
underlying soil is approximately 6% and occurs below the centreline of the
embankment. At this point the maximum strain in the fabric is 1.7%.
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Figure 1. Shear strain contours at 5.2

Cﬁo’ pé, Eu/cu = 125 and J

m fill thickness: factored parameters
4000 kN/m (0.5% contour interval)
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Figure 2. Shear strain contours at 6 m fill thickness: factored parameters

CJO, pé, Eu/cu = 125 and J = 4000 kN/m (0.5% contour interval)
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The contours of shear strain at a fill height of 6 m are plotted in Figure 2
with the maximum being in the order of 10%. Once again, the maximum shear strain
experienced by the clay foundation occurs under the centreline of the embankment.
The maximum strain in the fabric has increased to 2.5%. What is interesting to
note from Figure 2 is that under the shoulder of the embankment one can see the
beginning of the formation of what turns out to be (in Fig. 3) a band of maximum
shearing strain in the clay foundation.

For purposes of further discussion, a reinforced embankment will be deemed to
have failed at a fill height where the increment in vertical displacement is equal
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to or exceeds the increment in fill thickness just added. Thus, the additioq of
more fill will not result in a net increase in embankment height. (For a detailed

discussion regarding the failure and collapse of geotextile reinforced embank-
ments, see Rowe and Soderman, i.e. (8) and (9).)
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Figure 3.  Shear strain contours at failure (6.9 m): factored parameters

Cﬁo’ pg, Eu/cu = 125 and J = 4000 kN/m (2% contour interval)

Figure 3 shows the shear strain contours plotted at a 2% interval, at the
failure height of 6.9 m for this reinforced embankment. It can be seen that a
band of maximum shear strain has now developed in the clay foundation with a maxi-
mum value of about 23%. At failure, the maximum strain in the geotextile is
approximately 7%.

As might be expected, the foregoing results demonstrate that the shear strain
in the soil increases with increasing embankment height. What is less obvious is
the fact that even with a high modulus reinforcement, there can be significant
shear strains developed in the foundation and that these shear strains may be much
greater than the maximum tensile strain developed in the reinforcing geotextile.
For example, at a height of 5.2 m (see Fig. 1), there is an extensive region of
the soil where the shear strain is between 3% and 6%, even though the maximum fab-
ric strain is only 1.7%. For an elasto-perfectly plastic soil (i.e. where there
is no strain softening), the failure height of 6.9 m is well below the plasticity
collapse height, however the engineering shear strains in the foundation are of
the order of 18% or higher along the potential failure surface despite the fact
that the maximum fabric strain is only about 7%. These results indicate that con-
siderable caution is required in projecting the likely strains that will develop
in the foundation based on an allowable or expected strain in the geotextile rein-
forcement.

For a given geometry and strength profile, the relationship between strain in
the geotextile and shear strain in the foundation will depend on a number of fac-
tors such as the modulus of the foundation soil, the load level and the modulus of
the fabric. The effect of soil modulus will be discussed in subsequent sections.

Space does not permit the presentation of many results for different fabric mo-
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duli, however it is noted that for a given embankment height, the shear strains in
the foundation are greater for fabric moduli less than the value of J = 4000 kN/m
adopted for Figures 1-3. On the other hand, it is also found that the failure
height (and consequently the allowable design height) can increase with increasing
fabric modulus. For these situations, one can compare the shear strains in the
foundation obtained at an allowable height corresponding to a factor of safety of
1.3 (based on peak shear strength) and it is found that the engineering shear
strain in the foundation under working conditions increases with increasing modu-
lus of the fabric. Thus, for an elasto-plastic soil and a given factor of safety
increasing the modulus of the fabric may increase the allowable design height, but
the engineering shear strain will also increase with the increased embankment
height. This increase in engineering shear strain may pose a problem for strain
softening soils since the increase in shear strain will lead to additional loss of
shear strength. Hence, it may not be possible to realize the same improvement in
performance by increasing geotextile modulus as is possible for perfectly plastic

soils.
BAND OF MAXIMUM SHEAR STRAIN AND POST FAILURE RESPONSE

The numerical analysis indicates that as one approaches failure, and ulti-
mately collapse, a band of maximum shear strain develops in the clay foundation.
This band of maximum shear strain is, in essence, the location through which the
failure mechanism passes, as can be illustrated by comparing the strain contours
shown in Figure 3 with the velocity field at failure shown in Figure 4, The
arrows in the velocity field indicate the direction and relative magnitude of soil
movement at failure of the reinforced embankment system. Here, a surface which
encompasses the region of major movement in the clay foundation, as indicated by
the velocity field, also corresponds to the location of the band of maximum shear
strain shown in Figure 3.

Figure 4. Velocity field at failure (6.9 m): factored parameters
CJO, pé, Eu/cu = 125 and J =l§g00 kN/m
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Figure 5.  Shear strain contours at 6 m fill thickness: factored parameters
cao, pg, Eu/cu = 125 and J = 1000 kN/m (2% contour interval)
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Figure 6.  Shear strain contours at 6.7 m fill thickness (i.e. post failure):
factored parameters c*o, pg, Eu/cu = 125 and J = 1000 kN/m (5% con-

u
tour interval)

The strain contour shown in Figures 1-3 were obtained for a fabric modulus,

J = 4000 kN/m. Figures 5 and 6 show strain contours obtained for the same founda-
tion properties but a fabric modulus of J = 1000 kN/m.

Firstly, a comparison of Figures 2 and 5 shows that at an embankment height
of 6 m the shear strains developed in the soil for J = 1000 kN/m (Fig. 5) are much
larger than the strains obtained for J = 4000 kN/m (Fig. 2). In fact, for J =
1000 kN/m, the fill height of 6 m corresponds to the failure height. Comparison
of Figures 3 and 6 also shows the benegzg of geotextile modulus for an elastic-
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perfectly plastic soil. With J = 4000 kN/m, the strains in the foundation at fai-
lure (6.9 m, see Fig. 3) are substantially less than the strains developed at a
height of 6.7 m for J = 1000 kN/m (Fig. 6).

As noted by Rowe and Soderman (8), (9), failure of a reinforced embankment
may be deemed to have occurred when the addition of more fill does not increase
the net embankment height above original ground level, however the plasticity col-
lapse "height" (i.e. the maximum thickness of fill which can be added before "col-
lapse" occurs) may be considerably greater than the failure height. Figure 5
shows the strains at failure (6 m) and Figure 6 shows the strains which result
from increasing the fill thickness to 6.7 m. Comparing Figures 5 and 6, it can be
seen that there has been a substantial increase in shear strain due to the addi-
tional 0.7 m of fill. This comparison clearly shows that even though from the
strict standpoint of plasticity the embankment may not have collapsed, it most
certainly has failed at a height of 6 m and the post failure response involves ex-
cessive straining of the foundation.

If the 6.7 m embankment has failed, but not collapsed (where collapse in-
volves indeterminant strains and deformations), how is the increased fill height
being supported? In part, the additional fill (beyond the failure height) is
being supported by the increased strain and force in the fabric. However, this
additional fill results in a change in the 1location of the zone of maximum
shearing, which is forced deeper into the foundation soil. Since the soil's
strength increases with depth, this then supports a higher embankment height. The
movement of the zone of intense shearing is evident from Figures 5 and 6. In
Figure 5 (h = 6 m), the band of intense shearing extends to a depth of approxi-
mately 5 m below the surface of the clay foundation. In Figure 6 (h = 6.7 m), the
band of intense shearing extends to a depth of approximately 6.6 m. Thus, the
post failure response of the embankment involves movement of the potential shear
plane deeper into the foundation material. This can happen for a perfectly
plastic soil, however if the soil exhibits any measure of strain softening then
localization will occur along the original plane of intense shearing (eg. as shown
in Figure 5). One would not expect that the shear plane could subsequently move
deeper as was seen in Figure 6 and consequently one would expect that collapse
would occur at an embankment height very similar to the failure height (i.e. the
response would be far more brittle). Clearly, more research is required to iden-
tify the effects of strain softening on the performance of reinforced embankments.

WORKING STRESS CONDITIONS AND THE EFFECT OF FOUNDATION MODULUS

To provide an indication of the shear strains which might be expected in the
clay foundation beneath the embankment at working stress levels, analyses were
performed with nominal (unfactored) parameters. The results presented in Figures
7 and 8 are for a clay foundation with a nominal undrained shear strength at the
surface c,o = 15 kPa and a rate of increase in strength with depth of p. = 2
kPa/m. Thus, the "design" height for a factor of safety of 1.3 corresponds to the
failure heights obtained using factored parameters as reported in the previous
section.

In both cases the embankment was reinforced with a geotextile having a modu-
lus J = 1000 kN/m. The primary difference in the two analyses is the ratio of the
undrained modulus, E;, to the undrained strength, c, in the clay foundation
(Ey/cy).  For an E,/c, ratio equal to 125 and an allowable working height

of 6 m (based on analyses performed using factored parameters, see Fig. 5), finite
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element analyses suggest that the clay foundation should experience a maximum
shear strain of about 5% under working conditions, as shown in Figure 7. Under
these conditions, the corresponding strain in the geotextile is approximately
2.1%.  Increasing the stiffness of the foundation four-fold (i.e. E,/c, = 500)
has significantly reduced the shear strains experienced by the underlying clay
foundation for the same allowable working height. The maximum shear strain in the
underlying clay is about 1.3% (Figure 8), with the corresponding strain in the
geotextile equal to about 0.6%. The four-fold increase in foundation stiffness
from Ey/cy, = 125 to Ey/c, = 500 has resulted in a reduction in foundation
soil shear strain and fabric strain of almost a factor of four.
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Figure 7.  Shear strain contours under working conditions: nominal parameters,
Cuo® Pc» Eu/cu = 125 and J = 1000 kN/m (0.5% contour interval)
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Figure 8.  Shear strain contours under working conditions: nominal parameters,
c Eu/c” = 500 and J = 1000 kN/m (0.5% contour interval)
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Figure 9. Plastic region under working conditions: nominal parameters,

Cuo® Pc? Eu/cu = 125 and J = 1000 kN/m

Figure 9 shows the plastic region corresponding to the allowable working
height for E,/cy, = 125. The cross-hatched area indicates the zone of soil
which has reached its shear strength. Clearly, the embankment 1is still quite
stable under working conditions, since the zone of plastic soil is contained by a
large mass of elastic soil. The only significant difference between this plastic
region and that obtained for E,/cy = 500 was that for E,/c, = 500; there
was less plasticity in the embankment fill. This is due to the fact that a
stiffer foundation resulted in smaller deformations in the embankment fill at this
load level and hence less soil plasticity occurred.

Thus, under working load conditions (with a factor of safety of 1.3), the
strains in the geotextile and the shear strains in the underlying foundation are
strongly influenced by the undrained modulus of the underlying soil. However, for
smaller factors of safety, plastic strain begins to dominate over elastic strains

and the failure height of this embankment is essentially independent of the modu-
lus of the foundation material.

It is of some interest to compare the results from the finite element analy-
sis with what might have been expected using conventional limit equilibrium design
methods for this particular case. As the basis of comparison, the "allowable
height" was determined using factored parameters cgf = Cuo/1’3 and p¥ = pc/1.3

(cyo = 15 kPa, p. = 2 kPa/m) and a fabric modulus of 1000 kN/m. Based on the

finite element calculation, the failure height for the factored parameters was 6 m
and the strain in the fabric was about 8% (for both Eu/cu = 125 and 500). Using a

conventional limit equilibrium analysis and allowable fabric strains of 2% and 5%,
the corresponding "failure heights" were 4.8 and 5.1 m respectively. This sug-
gests that for this specific case and a perfectly plastic soil, the conventional
approach is conservative if a limiting strain of either 2% or 5% is specified.

The “failure heights of the embankment" deduced using factored parameters
correspond to the working or design height for the nominal parameters. Table 1
symmarizes the strains determined from f{ggte alement analyses for working condi-
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tions where the allowable height of 6 m was deduced from the finite element analy-
sis as well as allowable heights of 4.8 and 5.1 m which were deduced from a limit
equilibrium analysis using 2% and 5% "allowable" strains as previously discussed.
Results are given for values of E,/c, of 125 and 500. These ranges are con-
sidered to bracket the ratio of E,/c, expected for most soft soils (eg. see

(10)).

TABLE 1 Summary of Calculated Maximum Strain in the Geotextile and Foundation

Under "Working" Conditions - Cuo = 15 kPa, e = 2 kPa/m

Modulus Ratio

Eu/cu = 125 Eu/cu = 500
Maximum Maximum Maximum Maximum
Fabric Shear Strain Fabric Shear Strain

Fi11 Thickness Strain in Foundation Strain in Foundation

(m) (%) (%) (%) (%)
Allowable Heights
4.8* (ef=2%) 1.2 3.3 0.3 0.9
5.1* (ef=5%) 1.4 3.8 0.4 1.1
Allowable Height
6.0 2.1 5.0 0.6 1,3
Height Exceeding
Allowable
6.5 2.6 6.3 0.7 1.7
6.8 3.1 7.3 1.7 4.9

* Calculated from limit equilibrium using factored parameters and an allowable
strain, at limiting equilibrium, of €ge

At an embankment height of 6 m, the strain developed in the fabric is quite
small and ranges between 0.6 and 2.1% depending upon the ratio of Eu/cu. The
embankment height 4.8 m was based on an allowable fabric strain of 2% using fac-
tored parameters and the calculated strain range of 0.3 to 1.2% obtained using the
nominal parameters at this design height is Tess than the 2% assumed at "failure",
however the engineering shear strain varied from 0.9 to 3.3% depending on Eu/cu.

The embankment height of 5.1 m was based on an allowable fabric strain of 5% and
1t can be seen that the calculated maximum fabric strain at this height ranged
between 0.4 and 1.4% (i.e. they are well below the "allowable" strain of 5%).

Thus, provided that the initial estimate of shear strength (i.e. the nominal
parameters) was either accurate or conservative then, for this case, a design
hased on a limit equilibrium calculation using an allowable strain of either 2% or
5% would perform quite satisfactorily for a perfectly plastic or strain hardening
soil. 133
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An examination of the engineering shear strains tabulated in Table 1 indi-
cates that at the 6 m design height based on the finite element calculations, the
maximum shear strain in the foundation is sensitive to the modulus ratio and
varied between 1.3 and 5%. As the embankment height is increased from 6 to 6.8 m,
there is a rapid growth in the plastic region in the underlying soil and as the
plastic strains begin to dominate over the elastic strains, the effect of the

ratio E,/cy becomes less significant. Thus, at a height of 6.8 m, the maximum
engineering shear strain in the foundation ranged from 4.9 to 7.3%. if the soil
is perfectly plastic or work hardening, then these maximum shear strains may not
be of concern. However, if the foundaton material is strain softening then there
is considerable cause for concern, since one would normally expect considerable
strength loss in the soil at shear strains approaching 5%. It is also noted that
the stiffer soil profile (Ey/cy = 500) exhibits a much more brittle behaviour
than the soil profile with E,/c, = 125 even for a perfectly plastic material.
While the soil is largely elastic, the strains for Ey/c, = 500 are quite small
however they increase rapidly once the plastic region becomes extensive. Thus,
the presence of small strains and good performance at a given height does not ne-
cessarily imply that more fill can be added without significant change in embank-
ment performance. For example, with E,/c, = 500, increasing the height by 5%
from 6.5 m to 6.8 m more than doubled the calculated maximum strain in the geotex-
tile and increased the maximum shear strain in the foundation by a factor of 2.9.

It is noted that if no limit is placed on allowable strain in the reinforce-
ment, limit equilibrium would indicate that the allowable height could be at least
7.1 m (based on factored parameters and a factor of safety of 1.3).

CONCLUSIONS

Some results obtained from a study of the effects of geotextile and founda-
tion soil moduli on the shear strain response of a soft foundation underlying a
geotextile reinforced embankment have been presented. It has been shown how the
shear strain field beneath a geotextile reinforced embankment changes during load-
ing. At load levels well below "failure", the maximum shear strain experienced by
the underlying clay foundation is located below the centre of the embankment. As
loading continues to failure and ultimately collapse, a band of maximum shear
strain develops which coincides with the potential shear plane defining a failure
mechanism. Post failure response of the embankment involves movement of the po-
tential shear plane deeper into the foundation soil. Implications with regards to
strain softening soils were briefly discussed.

In general, the shear strain in the foundation soil increases with increasing
embankment height. Analyses have shown that at a given load level prior to fai-
lure and for geotextile moduli less than J = 4000 kN/m, increasing fabric modulus
tends to decrease foundation soil shear strain. However, for an elastoplastic
soil and a given factor of safety, increasing the modulus of the fabric may in-
crease the allowable design height but the engineering shear strain will also in-
crease with increased embankment height.

For any given geometry and strength profile, the relationship between strain
in the geotextile and shear strain in the foundation will depend on a number of

factors. These factors include foundation soil modulus, reinforcing fabric modu-
lus and load level.
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Considerable caution should be exercised when projecting the likely strains
that will develop in the foundation soil based on an allowable or expected strain
in the geotextile. Even with high modulus geotextile there can be significant
shear strains developed in the foundation soil. Shear strains may be much greater

than the maximum tensile strain developed in the reinforcing geotextile. This
suggests that considerable caution should be adopted in using conventional limit

equilibrium calculations to estimate stability if the foundation material exhibits
strain softening.
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Effect of Surface Crust on Reinforced Embankment

ABSTRACT

Reinforced embankments are often constructed on soft clay deposits which are
overlain by a thin surface crust. This paper uses a finite element analysis with a
cap type soil model to show that the properties and thickness of this crust are dom-
inant factors affecting reinforced embankment behavior. It is shown that crust
strenagth has the agreatest influence on the increase in embankment height made possi-
ble by reinforcement. Crust thickness and compressibility are also important fac-
tors. The analvses show that reinforcement is effective for reinforcing embankments
constructed on foundations with pockets of weak soil in an otherwise strong crust.

INTRODUCTION

Geosynthetic reinforcement is commonly used to increase the stability of
embankments founded on soft clays. Soft clays often are overlain by a thin surface
crust with higher strength and lower compressibility than the underlying soil. The
strength and deformation mroperties of the crust have a significant influence on the
design of reinforced embankments (2). This was evidenced by two geoarid reinforced
embankments constructed to failure on Champlain Clay near St. Alban, Quebec. It was
concluded that crust strength was the most important factor controlling the observed
failure heights(l). A previous study by the authors (2) showed that crust strength
was more important than overall foundation thickness., compressibility of foundation
soil, embankment width, and embankment side slope in determining reinforced embank-
ment behavior.

This paper will show the importance of the surface crust on the behavior of
reinforced embankments. The effect of crust strength, thickness. and stiffness on
deformations, failure height. and reinforcing force are presented. The influence of
overall foundation thickness and embankment width is discussed. In addition, the
effect of pockets of weak soil in an otherwise strona crust is examined. This study
is an extension of work presented in (2).

A finite element analysis technique was used. 5¢il behavior was represented
bv a cap type work hardening <oil model. A brief description of the model and anal-
vais procedure is aiven in the next section. Further details are given in (Z,6).
Procedures, to determine the model parameters from readily available soil test
results are aiven in (3). Model parameters for a wide variety of clayey soils is
given in (4),
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ANALYSIS PROCEDURE

The effect of reinforcement on embankment behavior was studied using a plane
strain finite element program PS-NFAP., The cap soil model was implemented in the
progiram by McCarron (6). Program operation is described in (5). There are main-
frame and PC versions of the proaram. HWost of the analyses for this study were per-
fermed using the PC version operating on a 12 Mhz AT-compatible computer. Typical
solution times ranged between 30 minutes and 2 hours.

Foundation soil behavior was represented by an elastic~-plastic model with a
strain hardening cap. The main features of the cap model are cutlined in the next
section. Further details are given in (2,6). The procedure used to represent
embankment and reinforcement behavior is described in the subsequent section. Eight
node isoparametric quadrilateral elements were used for both the embankment and
foundation.

Cap Soil Model

The form of the cap model used in this paper has a cone shaped Drucker-Prager
ultimate failure surface and an elliptical work hardening cap (Fig. 1). They are
expressed in terms of effective stresses by the first invariant of the stress tensor
[T and the second invariant of the stress deviator tensor J.. Compressive
s{resses and strains are taken as negative. The ultimate f&ilure surface has a

slope a and an intercept with the Ji/z axis of « (Fig. 1). The equation of this
surface is -

al ! + Jl/z - =0 (1)

1 2
The cap intersects the 1/ axis at x and the ultimate failure surface at
coordinates [&, (x-&)/R] (Fig. 1). The aspect ratio R is the ratio of the major and
minor radii. The cap’s shape is described by the equation of an ellipse

(Ii-2)2+R2J2— (x - )% = 0 (2)
e
ULTIMATE
FAILURE @50/ T21 ) :
SURFACE \ e, ';’X";URE
X -4 POSITION

INITIAL -
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e = >
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The position of the cap is coupled to the plastic volumetric «train £y by the
relation

&s = Wlexp(Dw) - (3)

where W and D are curve fitting parameters. A normal flow rule is assumed. For
overconsol idated soils the initial position of the cap is fixed by the undrained
shear strength ().

Elastic behavior is aoverned by the bulk (K) and shear (G) modu!i which are
given by

. B Y K, ] = .
K = KIAD fll/(3Ap)] 2 ; G =G, + GK (4)

where Kl. KZ’ Gl' and G2 are fitting parameters; Ap is atmospheric pressure and has

the same units as the moduli. A small minimum value of the bulk modulus K was

min
specified to avoid numerical difficulties. For undrained loading the condition of
no volume change is obtained by adding the apparent stiffness of the pore fluid-

solid particle system to the stiffness of the soil skeleton (6).

A loading increment can produce one of the following types of strain response
depending on where the state of stress plots in stress space (Fig. 1). (1.) For
states of stress within the region bounded by the cap and ultimate failure surface
the response is elastic. The initial state of stress for overconsolidated soils
plot in this region: thus, their initial response is elastic. (2.) For states of
stress on the cap or on the ultimate failure surface the response is elastic plus
plastic. The initial state of stress for normally consolidated soils plot on the
cap. (3.) For states of c<tress at the intersection of the cap and ultimate failure
surface the response is plastic. Soils that have reached their ultimate shear
strength plot at this point and exhibit perfectly plastic behavior.

Representation of Embankment and Reinforcement Behavior

The stress-strain behavior of the embankment fill was taken to be elastic-
plastic with an ultimate failure surface of the Drucker-Prager type (2). A typical
1ift by 1ift embankment construction sequence was simulated using an incremental
loading technique (6). Buoyant unit weight was used for fill that settled below the
ground water table which was taken to be at the original ground surface.

The reinforcement was modeled with 2 or 3 node one-dimensional truss elements
which supported only axial tensile loads. No slip was allowed at the soil-rein-
forcement interfaces. Thi< is reasonable provided the interface shear strenath
equals or exceeds the soil shear strength. One measure of the benefit provided by
the reinforcement is the relative increase in embankment height defined as the per-
cent increase in height of the reinforced embankment over the unreinforced embank-
ment compared at the lesser of the two horizontal deformations at failure., This
definition is used throughout the remainder of this paper.

CASES ANALYZED

The cases analvzed had the basic geometry showrn in Fig. 2. The embankment had
2h:lv side slopes. Two embankment base widths were considered: 27.4 m (90 ft) and

138



Geosynthetics ‘89 Conference
San Diego, USA

\_2] 1 _~— LOCATION OF REINFORCEMENT

R

—
|
1

=
¥ ek

SCALE:
10 M

Fig. 2 Problem geometry and typical finite element mesh,

54.9 m (180 ft). The overall foundation thickness was generally 9.1 m (30 ft) but a
thickness of 4.6 m (15 ft) was used for a few cases. Surface crust thicknesses of 0
m (no crust), 1.1 m (3.75 ft), and 2.3 m (7.5 ft) were analyzed. The soijl under]y-
ing the crust was taken to be normally consolidated. The reinforcement was l|ocated
at the base of the embankment and had a modulus of 880 kN/m (5000 I1b/in) which rep-
resents a strong, high modulus geotextile or geogrid. A typical finite element mesh
is shown in Fig. 2. The problem geometry is symmetric about the embankment
centerline; thus, only half of the embankment and foundation was modeled.

The embankment fill was granular. Its effective friction angle was d>’=32o
which corresponds to a=0.17 for plane strain conditions (2,3). A small cohesion
intercept of 0.005 kPa was used to avolid numerical difficulties. The bulk modulus
fitting parameters were chosen to match nonlinear stress strain parameters given by
(7). K,=190 and K_=0.65 provided a reasonable fit. A_was 101.3 kPa. A minimum
bulk modulus of ! ﬁPa (20 psf) was specified. Poisson”s ratio was taken 50 be 0.35
resulting in Gl=0'33 and GZ=0'0' The fill had a unit weight of 19.6 kN/m~ (125
pcf).

The normally consolidated foundation soil had the properties given in Table 1.
The corresponding cap parameters were determined using the procedures given in (2,3)
and are summarized in Table 2.

The surface crust was taken to be overconsolidated. It had the same proper-
ties as the normally consolidated foundation soil (Table 1) except as noted below,
Two undrained shear strenaths of the crust were considered: 12 kPa (250 psf; strong
crust) and 6 kPa (12% psf; weak rcrust). The cap parameters for the crust were
determined using the procedures given in (2,3) and are summarized in Table 2. In
addition, the effect of a more compressible crust was examined by performing
analyses with K. = 49,0 and 26.1. These had the effect of reducing the bulk and
shear moduli of the crust by rouahly /2 for Kl = 49,0 and 1/4 for Kl = 26.1.

BEHAVIOR OF RE[NFORCED EMBANKMENTS

The results of a finite element study of the influence of the crust on the
behavior of reinforced v wareinfor ed snbankments are presented in this section.
Firat, the behavior of an embankient with a 54,9 m bhase width constructed on a
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Table 2. Cap parameters for foundation soil.
Para- Normal ly Stronag Weak
meter consolidated Crust crust
a 0.183 0.1n 0.17
(3 0.005 kPa 0.00% kPa 0.005 kPa
kl 98.0 98.0 98.0
K., 1.0 1.0 1.0
L.
K_. 48 kPa 48 kPa 48 kPa
min
Ap 101.3 kPa 101.3 kPa 101.3 kPa
Gl (.46 0,46 0. 46
GZ 0.0 6.0 0.0
on -0.99¢ -0.996 -0.996
% n.a. -1.75 -0.83
W 0.146 0.146 0.146
R 0.7% 0.75 0.75%
Ko 0.47 1.0 0.6

foundation with an overali thickness of 9.1 mand a 2.3 m thick weak crust is
evamined in detail. This will show the effect of reinforcement on the deformations
and induced stresses. Then, the effects of crust strength, thickness and
compressibility will be examined individuatly. Fipally, the influence of a pocket
of weak soil in an otherwise strong crust will be presented.

Comparison of Reinforced and Unreinforced Embankment Behavior

A detailed examination is presented of the behavior of reinforced and unrein-
farced embankments with a 54.9-m base width constructed on 2 foundatinn with an
avarall thickness of 9.1 m and @ 2.3-m thick weak crust. Hor izarntal disp!acement ot
the embankment toe versus embankment height for reinforced and unreinforced embank
merta is shown in Fia. 3. The embankment hieiaht was taken to be the distance from
the low point on the after zeltlement embankment clest to the original ground
surface. [t can be seen that the reinfo cement incregsed the height at failure and
rodured bor izontai displacement at the toe. For both embankments the rate of

P

clisplacement increased as the height increased. The heiaght at failure was 2.5 m for
the reinforced embankment rompared to 2.2 m fom the unreinforced embankment . The
relative increaze in hejght (definec above) made pnssibie by the reinforcement was
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Fig. 3 Horizontal displacement at toe, Fig. 4 Maximum force in reinforcement,
54,9-m wide embankment, 9.!-m 54.9-m wide embankment, 9.1-m thick
thick foundation, 2.3-m thick foundation, 2.3-m thick weak crust.

weak crust.,

22%. The maximum force in the reinforcement versus embankment height is shown in
Fig. 4. The force at failure was 19 kN/m.

Horizontal displacements along several vertical sections in the foundation for
an embankment height of 2.2 m are shown in Fig. 5. The largest displacements occur
in the upper 3 m at the sections beneath the slope (23 m from centerline) and at the
toe (27 m from centerline). Reinforcement clearly reduces deformations in this
region but has a much smaller effect at other sections and at greater depths. Thus,
the largest displacements and the greatest effect of the reinforcement occurs
primarily in the crust.

The change in shear s#pﬁss in the foundation caused by the reinforcement was

examined by comparing the JZ in reinforced and unreinforced embankments at a
height of 2.2 m. The change in Jilz caused by reinforcement is shown in Fig. 6.
1/2 ==

The largest reduction in J occurred beneath and beyond the toe in the upper | m
of the crust. Again, the rFeinforcement has the largest influence in the crust.
Further discussion of the effect of reinforcement on stresses and displacements is
given in (2).

Effect of Crust Strength

Displacements at the toe of reinforced and unreinforced embankments on founda-
tions with strong, weak, and no crust are compared in Fig. 7 for the 54,9-m wide
embankment on a foundation with an overall thickmess of 9.1 m and a 2.3-m thick
crust. Crust strenath is seen to have a large effect on displacements and height at
failure. Similar behavior occurred for other combinations of embankment width,
foundation thickness, and crust Lhickness,

The relative increases in height made possible bv reinforcement are compared

for % combinations of aeometi. 10 Table 1. Reinfor cement clearly becomes more
effective as the cruzl strenath deoresse for the strong, weak. and no crust cases
The range in relative inc-egse 0 helabt was O-117, 13229, and 60%-72%, respec-
Pivelv, Thus, the relative incresaes Cor each crust <trenath faill in a limited
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Fia. 5 Comparison of horizontal displacement profiles, 54.9-m wide embankment,
9.1-m thick foundation, 2.3-m thick weak crust.
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Fia. 6 Chanae in JE/“ in foundation due to reinforcemant for, 54.9-m wide
embankment . <9, 1-m thick foundation, 2.1-m thick weak crust.
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Table 3. Effect of crust strength on relative increase
in height made possible by reinforcement.

Embankment base width (m) 54.9 54.9 54.9 27.4 27.4
Foundation thickness (m) 4.6 9.1 9.1 9.1 9.1
Crust thickness (m) 2.3 2.3 1.1 2.3 1.1
Crust strenagth: Strong 5% 6% 9% 11% 97
Weak 15% 22% 177 13% 21%
None &60% 12% 12% 70% 70%
= r r ; . range even though 5 combinations of
~ 3.0 | — REINFORCED ] base width, foundation thickness,
g | = = UNREINFORCED and crust thickness were examined.
p—4 = =- -
T 20 I -] Crust strength also has a
E large effect on failure height of
o i CRUST 4 reinforced and unreinforced embank-
X910k . ments as shown in Table 4. Failure
P - height is plotted versus crust
= NESERESE 8 strength for 2.3-m and 1.1-m thick
0. i | 1 L . crusts in Fig. 8., For the no crust
8.00 HOR?I'ZOOSNTALOI-D]gPLAC%I\;SNT A?'%%E (,\?)'ZS cases the failure height was plotted
at an undrained shear strength of 3
Fig. 7. Effect of crust strength on kPa which is the average value of
horizontal displacement at the upper 2.3 m of the normally con-
toe, 54.9-m wide embankment, so) idated foundation soil. It is
9.1-m thick foundation, seen that the influence of embank-
2.3-m thick crust. ment width and overall foundation

thickness is small compared to the
effect of crust strength.

The maximum force in the reinforcement is plotted versus embankment height in
Fig. 9 for the 54.9-m wide embankment on a foundation with a 9.1 m overall thick-
ness and a 2.3-m thick crust. For a given embankment height the reinforcing force
increases as the crust strength decreases. The maximum force in the reinforcement
at failure for 5 combinations of geometry and the strong, weak, and no crust cases
is given in Table 5. The reinforcing force at failure ranged from 14 to 33 kN/m.
There is no discernable relationship between the reinforcing force at failure and

Table 4. Effect of crust strength on height at failure
for reinforced and unreinforced embankments.

Embankment base width (m) 54.9 54.9 54.9 27.4 27.4
Foundation thickness (m) 4.6 2.1 9.1 9.1 .l
Crust thickness (m) 2.3 2.3 1.1 2.3 .
Crust strength: Strong 3. 172,99 3.1/2.5 2.1/2.0 3.2/2.8 2.2/2.1
Weak PL6/2.0 2.8/2.2 2.0/1.6 2.5/2.2 2.0/1.5

None 1.4/0,9 1.4/0.8 1.4/0.8 1.3/0.8

*Heiaht of reinforced/unreinforcec embankment at failure (m)
143
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Fig. 8 Embankment heiaht at failure versus undrained shear strength of crust.

crust strength. One reason is that

2 %;ﬁigp | the computed force is very sensitive
5 WEAK to the exact point where the FL
CRUST 1 solution fails to converge.
+ NO . ; .
CRUST Effect of Crust Thickness

Displacements at the toe of
reinforced and unreinforced embank-
ments on foundations with 2.3 and
I.1-m thick strong crusts as well as
no crust are compared in Fig. 10 for
the 54.9-m wide embankment on a 9.1-

EMBANKMENT HEIGHT (M)

I L | ] |
5.0 10.0 15.0 20.0 25.0 30.0
MAXIMUM FORCE IN REINFORCEMENT (kN/M)

0.9

Fig. 9. Effect of crust strength on m thick foundation. Similar behav-
maximum force in reinforce- jor occurred for the 27.4-m wide
ment, 54.9-m wide embankment, embankment and weak crust cases.
9.1-m thick foundation, Examination of Table 3 shows that
2.3-m thick crust. crust thickness of 2.3 mor 1.1 m

have only a small influence on the
relative increase in height made possible by reinforcement. However, there is a
large relative increase for the no crust cases. Table 4 and Fig. 10 show thalt the
failure heiaght decreases as the crust thickness decreases.

The maximum force in the reinforcement at failure is plotted versus embankment
height for embankments with a 54.9-m baze width on a foundation with a 9.1-m overall
thickness, and 2.3 and |.l-m thick strong crusts as well as no crust in Fig. 1t.

[t is seen that for a given embankment height the reinforcina force increases as the

Table 5. Effect of crust strenath on maximun force in the reinforcement at failure.

Fmbankment base width (m) N, 9 54,9 54.9 27.4 27.4
Foundation thicknes<s (m) 4.6 9.1 9.1 9.1 9.1
Crust thickness (m) 2.3 2.3 1.1 2.3 il
Crust strenath:  Htrona 19 KkN/in 17 14 22 206

Weak &3 14 17 33 17

None te 21 21 15 15
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Fia. 10 Effect of crust thickness on Fig. 11 Effect of crust thickness on maxi-
horizontal displacement at mum force in reinforcement, 54.9-m
toe, 54.9-m wide embankment, wide embankment, 9.1-m thick found-
9.1-m thick foundation, weak ation, 2.3-m thick weak crust.

crust.

crust thickness decreases. However, there is no discernible relationship between
maximum reinforcing force at failure and crust thickness.

Effect of Crust Compressibility

The effect of crust compressibility was examined for a 54.9-m wide embankment
on a foundation with a 9.1-m overall thickness and a 2.3-m thick strong crust. This
was done by performing analyses with three values of the cap modulus parameter K, =
98.0, 49.0, and 26.1. This had the effect of varvying the bulk and shear moduli with
lower values as K, decreased. The resulting displacements at the toe for reinforced
and unreinforced embankments are shown in Fig. 12. The displacements increase and
the failure height decreases as K, decreases. The relative increase in failure
height due to reinforcement was 6% for K, = 98.0, 16% for K = 49.0, and 30% for K
= 26.1. Thus, the reinforcement becomes more effective as %he compressibility of
the crust increases. Ffor a given embankment height the reinforcing force was found
to increase as Kl decreases. The maximum reinforcing force at failure was between
16 and 17 kN/m for all three values

3 T T T T OF K .
a = R

5 | Tk =2 : [ffect of Weak Pocket
t, | a | ‘
k.lo The influence of a pocket of
5 - & weak, normally consolidated soil in
3 10 | an otherwise strong crust was inves-
Z1.0r . o : ) -
= REINFORCED tlgdted.. An embankment wlth a-27.4
= — — UNREINFORCED m base width on a foundation with an
“JO 1 ! | 1 overal!l thickness of 9.1-m and a

8. 0.05 0.0 045 020 0.5

2.3-m thick strong crust was used
for this analysis. Two positions of
the weak pocket were considered, one

HORIZONTAL DISPLACEMENT AT TOE (M)
Fia. 12. Effect of crust stiffness on

horizonta! di=placement at 3t the embankment toe and one be-
ey S, e ﬁidp il nesth the embankment slope, as shown
Gul-mothick Foundation. in Fig. 13, The displacement at the
Zod=m thick whrona orast.

embankiment toe for {he weak pocket
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WEAK POCKET

BENEATH SLOPE WEAK POCKET
AT TOE

SURFACE CRUST

Fig. 13 Location of weak pockets.

' ; . ; in both positions, as well as a case

5530 | —— REINFORCED i with no weak pocket for comparison,
= = — — UNREINFORCED is shown versus embankment height in
% - i Fig. 14. The reinforcement
T,k 4 significantly reduces displacement.
E ’ The relative increase in height due
W - € ] to reinforcement was 17% for the
2.0l %% o NO WEAK POCKET | weak pocket at the toe and 16% for
= ‘ e + WEAK POCKET UNDER the weak pocket beneath the s!ope.
= SLOPE ’ This is compared to 117 for a strong
! : t with no weak pocket. Thus,
098605 o010 015 020 025  CrYs . .
FoRZONTA DISFLICENENT AT TOE () Teinforcement | en effect ve reans
Fig. 14 Effect of weak pocket on hori- contain pockets of weak soil. The
zontal displacement at toe. maximum force in the reinforcement
24.7-m wide embankment, 9.l-m at failure as 20 kN/m for the weak
thick foundation, 2.3-m thick pocket at the toe and 24 kN/m for
strong crust. the weak pocket beneath the slope.
CONCLUSITONS

Based on this study the following conclusions are made:

|. The properties and thickness of the crust are a very important factor in
the behavior of reinforced embankments.

2. The reinforcement has the greatest effect on reducing displacements and
shear stresses in the upper portion of the Foundat ion where the crust generally
OCCUrs.,

3. The relative increase in embankment heighlt made possible by reinforcement
increases as the crust <trength decregses and as the crust compressibility
increases; however, the effect of crust thickness is small.
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4. For a given embankment height the maximum force in the reinforcement
increases as the crust strenagth decreases., thickness decreases, and compressibility
increases.

5. The reinforcing force at failure ranged from 14 to 33 kKN/m for all the
cases analyzed., This is less than the breaking strength of most geotextiles and
geogrids used for reinforcing applications,

6. Reinforcement is an effective means of increasing the stability of embank-
ments constructed on foundations which may contain pockets of weak soil.
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Design and Construction of Synthetic-Grid Reinforced Embankment over
Soft Waste

Abstract

Law Environmental, Inc. and Nicolon, Inc. designed a synthetic-grid
reinforced diversion ditch embankment over a soft waste foundation to divert
potential run-on around a regulated unit and to an adjacent river. The
embankment is approximately 3.7 meters (12 feet) high at the crest and 9
meters (30 feet) wide at the base, and was built on a foundation of soda ash
waste with a typical average shear strength of 5 kPa (250 psf) and typical pH
in the range of 10.5 to 12.5. One section of the embankment was instrumented
with two lines of instruments to monitor deformations in the structure so that
the performance of the embankment could be evaluated using actual field data.
Geosynthetics were also used to line the diversion ditch on top of the
embankment and for separation between a drainage layer and fine-grained fill
material.

This paper presents the design procedure followed in producing the
original design for this project, including the development of a high-strength
base reinforcement material, and an evaluation of the embankment stability.
The construction of the dike is discussed, and the results of a limited field
instrumentation program and the conclusions drawn from these results are
presented. Finally, conclusions and recommendations for work on similar
facilities are presented.

1.0 Introduction

Geosynthetics have been in use in civil engineering applications for
several decades, so much so that there are now many "common" uses of

geosynthetics, These uses have included pond and landfill 1linings wusing
geomembranes, slope and foundation reinforcement wusing geogrids, and
filtration and separation functions using geotextiles. These wuses of

engineering fabrics, which were revolutionary and innovative a short time ago,
are commonplace today. However, innovative applications continue to evolve,
particularly in designs for hazardous waste-related applications.

The hazardous waste industry and the pgeosynthetic industry uniquely
complement each other for several reasons. The use of geosynthetics in
designs involving hazardous waste allows the owner and designer a greater
degree of flexibility in problems associated with these types of projects.
These problems may involve chemical compatibility of materials, handling of
waste material during construction, and exposure of personnel and equipment
during construction. The use of geosynthetics may also allow the designer to
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minimize or avoid the high costs associated with handling and exposure to

waste. In addition to these general considerations, other complications may
arise in dealing with hazardous waste due to governmental regulations
regarding these products. These regulations are extensive and strictly

enforced in the United States. One project recently completed at a hazardous
waste site incorporated geosynthetics in many different functions to minimize
the inherent problems associates with work involving hazardous materials.

2.0 Background

The site is a former industrial waste unit which is located in a
mountainous region of the eastern United States. Past waste disposal
practices at the operating facility resulted in formation of a waste "pond"
having dimensions of approximately 282,000 square meters (70 acres) surface
area and 20 meters (65 feet) deep. The unit is bounded on one side by a steep
mountain slope and on the other side by a river. A plan view locating these
features is shown in Figure 1. One of the environmental concerns associated
with the site involves the leaching of hazardous constituents from the
facility into the adjacent river due to excessive run-on to the pond from the
surrounding drainage basin.

In order to minimize run-on from the adjacent mountain slope, the owner
constructed a 610-meter (2000 foot) long diversion ditch around the facility,
adjacent to the hillside, in 1983. The location of this ditch is shown in
Figure 1. However, in 1986, the structure was observed to have failed in
several locations along its alignment, and there was concern that run-on would
enter the waste "pond". An investigation by Law Environmental indicated that
the structure had failed due to a combination of factors, including poorly
compacted fill material, surface infiltration through the ditch (due to
adverse grades and a rough, porous channel surface), subsurface seepage, and
low foundation strength. Using the methods described in Section 4, the
existing structure was determined to have a calculated factor of safety
against slope stability failure of 0.9. The factors contributing to failure
and the computed critical failure surface are illustrated in Figure 2.

3.0 Remedial Alternative Selection

The remedial alternative selection process involved identifying
performance and design criteria, identifying and evaluating the alternatives,
and choosing an alternative for implementation.

The performance and design criteria used to compare, evaluate and select
the preferred remedial alternative were identified based on economic and
regulatory considerations. First, the alternative had to provide sufficient
capacity to handle a 100-year flood. Second, the preferred solution would be
required to allow the embankment to accommodate minor settlement and
differential settlement with minimal maintenance. Third, the preferred
solution would be able to be constructed using conventional earthwork methods,
minimizing the risk of exposure to hazardous materials by personnel or
equipment, and having a minimum factor of safety for slope stability of 1.4.
Finally, the remedial alternative should be cost effective.

Several alternatives were identified to re-establish run-on control at
the facility. Alternatives included (1) diversion of run-on at the roadway
uphill of the facility (see Figure 1), (2) resurfacing of the existing ditch
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to prevent surface infiltration, and (3) reconstruction of the diversion ditch
along its existing alignment. The first two alternatives were eliminated
because they either did not provide the necessary degree of minimization of
run-on or provide long-term survivability of the structure.

Two concepts for implementation of the third alternative included (1)
replacing the soft waste beneath the diversion ditch embankment with
structural fill or (2) reconstructing the diversion ditch over the soft
waste. The first concept was eliminated due to anticipated complications
concerning handling the waste and the cost associated with excavating the
waste and replacing with structural f£ill (approximately $100,000). Therefore,
the chosen remedial alternative involved excavation and reconstruction of the
severely distressed sections of the embankment along its existing alignment
and surface retreatment of the more stable sections of the embankment to re-
establish flow in the ditch channel.

4.0 Embankment Design

4.1 Design Considerations

Several factors affected the selection of a final design cross-section
for the reconstructed sections, including the strength of the waste and fill
materials, the final height of the embankment, hydraulic flow, and seepage
control considerations.

The strengths of the waste and backfill materials were evaluated by
performing triaxial shear strength tests on undisturbed (waste) or remolded
(backfill) samples of the material obtained from the site. The results of
the laboratory testing program are summarized in Table 1. As shown in the
table, the existing embankment fill material was generally a low plasticity
silty, clayey sand, and the waste material beneath the fill was a highly
plastic silt. During the fileld investigation, the waste was observed to vary
in granular consistency from location to location, and in some areas the waste
was observed to have some pozzolanic properties. In other areas the waste was
observed to contain voids. The pozzolanic properties may have been the reason
for the high cohesion displayed by the waste during triaxial testing. A
lower, presumably more representative, value of strength was used in the
design stability analyses. Also, the phreatic surface was observed to be near
the surface of the soft waste. The embankment £f1l11 displayed some low
Standard Penetration Resistance values (N<10) in some locations, indicating
variable levels of compaction.

The final height of the embankment was chosen based on the hydraulic
requirements of the diversion ditch. The hydraulic design was required to
carry the 100-year, 24-hour flood run-off from the adjacent area. The
resulting ditch required to carry this flow was approximately 6 to 10 meters
(20 to 32 feet) wide at the top and 0.9 to 1.8 meters (3 to 6 feet) deep.
Constrained to a mild 0.5 percent final grade along the ditch invert, the
resulting height of the embankment was approximately 3.7 meters (12.0 feet).

The drainage control features associated with preventing surface
infiltration and controlling subsurface seepage did not significantly affect
the stability of the embankment, but did represent another area where
geosynthetics were used in this project. Geosynthetics were included in the
final cross-section to provide separation, filtration, protection, and
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low hydraulic conductivity. The several different geosynthetlcs used are
indicated on the as-built cross section in Figure 3.

4.2 Detailed Analysis

After selecting a preferred cross-section, the embankment was analyzed
using several methods to determine the amount, if any, of reinforcement
required to construct the embankment as planned. The embankment was analyzed
for failure against bearing capacity, slope stability, block sliding, and
plastic failure. A finite element analysis was also performed. The analytical
methods and results are described below. Figure 4 shows a diagram of each
method of analysis for reference. The results of the analyses are summarized
on Table 2.

Bearing Capacity: Bearing capacity of the existing embankment was evaluated
using classical bearing capacity theory. The embankment was modeled as an
eccentrically-loaded footing over the waste, with an additional lateral load
due to the active pressure of the adjacent embankment section over the rock
hillside. Under the existing conditions, the embankment had a calculated
factor of safety against bearing capacity failure of 1.6. Therefore, it was
concluded that bearing capacity was not the critical mode of failure. The
design cross-section was also analyzed against bearing capacity failure,
glving a calculated factor of safety of 1.8. Assuming that reinforcement
could be iInstalled to balance the lateral load (thereby eliminating the
effects of the lateral load on the analysis), the design cross-section had a
calculated factor of safety of 2.6.

Slope Stability: The embankment was evaluated for slope stability using two
different computer programs, STABGM and PCSTABLS5. STABGM 1s a 1limit-
equilibrium slope stability program which uses Bishop’s Modified Method to
compute the factor of safety as a ratio of the moments resisting failure to
the moments inducing failures. The effect of reinforcement is included by
calculating the resisting moment afforded by the reinforcement, taken as the
design strength per foot of the reinforcement times the moment arm. PCSTABL5
is also a limit equilibrium program, but wuses the Janbu method to calculate
the factor of safety as the ratio of resisting to driving moments. The
performance criteria for the project called for a minimum factor of safety for
slope stability of 1.4,

The existing embankment was evaluated for slope stability using both
programs. The calculated factors of safety were 0.9 by both STABGM and
PCSTABL. Thus, it was concluded that the probable mode of failure was a
circular shear fajlure caused by the weak foundation (this conclusion was
supported by the presence of tension cracks at the top of the existing ditch).
STABGM was used to back-calculate the strength of reinforcement needed to
provide a computed factor of safety of 1.4 for the design slope of 1.5:1.
Calculations indicated that a tensile strength of approximately 175 KN/meter
(12,000 pounds per linear foot) was required to provide a computed factor of
safety of 1.4. However, analyses indicated that if the reinforcement force
were not mobilized at the rock/soil interface, then the critical failure
circle would pass through that point; the calculated factor of safety of the
design cross section wunder this condition would be approximately 1.0.
Therefore, the reinforcement force was modeled as being fully mobilized at the

rock/soill interface.
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Finally, the embankment was evaluated using drained, (effective stress)
material strength parameters and no reinforcement to evaluate the long term
stability of the structure. This analysis provided for failure (degradation)
of the reinforcement over the long-term (30 years) design life of the
facility. Under these conditions, the calculated factor of safety was an
acceptable 1.3.

Block Sliding: The design embankment was evaluated to determine the calculated
factor of safety against block sliding along the rock interface and along the
surface of the weak waste material using the computer program PLSTABL5. The
embankment over the waste was assumed to act as the central block, with the
active block defined as the portion over the rock. The effects of
reinforcement were not considered in the analysis. The resulting factor of
safety against block sliding was computed to be 1.8.

Finite Element Analysis: The computer program SSTIPN (Soil-Structure
Interaction Program), developed Ozawa (1973), Kulhawy, Duncan, and Seed
(1969), and Wong (1976), was used to evaluate the stresses, strains and
displacements within the completed structure. The program incorporated a
nonlinear, stress-dependent "hyperbolic" model for the constituative stress-
strain relationship of the soils and waste materials. Also, internal forces
and displacements were calculated for structural elements, in this case, the
base reinforcement layer. The possible reinforcing effects of other layers of
geosynthetics (separating geotextiles, etc.) were ignored. Input parameters
for the model were determined based on the results of triaxial shear strength
tests of the embankment soil and waste materials, and physical characteristics
of candidate reinforcement materials. The properties of the thin gravel
drainage layer were estimated from published values for similar materials.

The results of the analysis indicated that for the unreinforced
embankment, settlement would be approximately 5 cm (2 inches), that several
elements in the waste material approached failure, and that potentially
significant differential settlement could occur along the embankment
foundation. The reinforced embankment, however, had a calculated settlement
of approximately 3 cm (1.2 inches), had few elements approaching failure, and
showed minimal differential settlement along the embankment foundation.
Although apparently small, differential settlements of this magnitude could
cause ponding and adverse grades in the channel of the ditch, and were to be
minimized. Stress in the reinforcement was calculated to be approximately 137
KN/m (9400 pounds per linear foot). Figure 5a shows the elements which
approach failure in the unreinforced case; Figure 5b shows the elements which
approach failure in the reinforced case. The deformed shape of the foundation
is illustrated in Figure 6 and discussed in Section 6.

Plastic Failure Analysis: Plasticity theory as presented by Linn (1967) was
used to evaluate the safety of the proposed design under plastic failure
conditions. A significant assumption in the analyses stated that the active
pressure wedge over the rock produces a lateral force on the embankment which
is resisted totally by either the weak waste material (unreinforced case) or
the reinforcement (reinforced case), and that this is the reinforcement’s only
effect on stability. This assumption required that the reinforcement be
anchored to the rock hillside during construction. The plastic failure
analysis was not used as a design analysis but rather to provide insight into
understanding the 1likely failure mechanisms and to bound the range of
acceptable solutions to the problem. 152
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The analyses indicated that a "safe", statically admissible stress field
(lower bound) existed for an unreinforced embankment of less than 2.9 meters
(9.4 feet) height and for a reinforced embankment of less than 3.9 meters
(12.8 feet) height. Also, a kinimatically admissible failure surface (upper
bound) was determined to exist for an unreinforced embankment of greater than
4.3 meters (14.0 feet) height and for a reinforced embankment of greater than
5.9 meters (19.2 feet) height. Thus, the plasticity analysis indicated that
the design height of 3.7 (12.1 feet) meters was less than the "safe"
reinforced height of 3.9 meters. By comparison, analyses indicated that the
existing failed section height of 3.6 meters (11.8 feet) was greater than the
safe, lower-bound calculated height of 2.7 meters (9.0 feet).

4.3 Selection of Reinforcement

Having calculated the required reinforcement force needed to provide
stability, the type of reinforcement was chosen. The type of reinforcement
was selected based on stress-strain characteristics, creep characteristics,
and chemical compatibility of each of the candidate materials. These
considerations, along with damage to the geogrid during construction, were
used to determine the required wide-width tensile strength of the fabric.
However, no single-layer geosynthetic having the required tensile strength was
available from geosynthetic manufacturers. The use of multiple layers of
geosynthetics was not considered to be desirable because the structure was
relatively short, and numerical analyses indicated that only the lower layer
of reinforcement typically mobilizes the full design strength. Therefore, a
high strength and high modulus woven geogrid was selected.

The stress-strain characteristics of the reinforcement were chosen to
match, as closely as possible, the stress-strain properties of the soil and
waste materials. Candidate materials included steel, polyester, polypropylene
and nylon, which were chosen because of their availability. The stress-strain
properties vary significantly between the extensible polymer materials and the
relatively inextensible steel; the polymers attain their maximum strength at
between 5 and 25 percent elongation, and steel at approximately 0.2 percent
elongation. Thus, the polymer materials have a greater degree of strain-
compatibility with the soil and waste, which attain their maximum undrained
shear strengths at 3 to 5 percent strain, than the steel, and so steel was
eliminated as a candidate reinforcement material. The creep characteristics of
the materials were compared based on manufacturer-supplied data of raw polymer
material. Extrapolating the data one logarithmic cycle beyond the test
duration, the effects of creep on the elastic modulus of the material were
observed to be minimal beyond a period of approximately sixteen years.
However, polyester was observed to retain a much greater percent of its
strength after this period than either nylon or polypropylene. Also,
polyester had significantly greater tensile strength characteristics than
either nylon or polypropylene. Therefore, polyester was chosen as the
preferred reinforcement material. Since polyester is not generally compatible
with some of the waste constituents, a coating of PVC was specified for the
geogrid. PVC was chosen also because its elastic modulus is lower than that
of polyester, and therefore would stay continuous over the ployester at the
anticipated strains,

To insure long-term performance of the geogrid, several strength
reduction factors were specified, which required that the geogrid be
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manufactured with a significantly higher tensile strength than that required
in the design. Factors of 0.5 for creep, and 0.9 for construction
survivability were selected to account for deviations in the expected
performance of the geogrid from the performance during wide-width tensile
strength testing, resulting in a specified wide-width tensile strength of the
geogrid of approximately 330 KN/meter (23,000 pounds per linear foot). The
final material had a wide-width tensile strength of approximately 350 KN/m
(24,000 pounds per linear foot), and the PVC coating stayed continuous over
the polyester during wide-width testing, even at relatively large strains.

5.0 Construction

The embankment was constructed using conventional construction equipment
and methods. To provide access by construction equipment, the contractor
initially constructed a road adjacent to the future toe of the embankment by
pushing this existing embankment material out onto the waste pond. A medium-
strength, woven geotextile was used for base reinforcement of the road. The
road was eventually left in place after construction of the embankment. After
construction of the access road, the sections of the embankment which were to
be completely rebullt were excavated down to the waste material level. A
polypropylene separating geotextile was then placed over the waste, followed
by 8 to 12 inches (20 to 30 cm) of washed gravel. The geotextile was placed
in such a way as to minimize contact of personnel or equipment with the waste.
The details of the constructed cross-section are shown in Figure 3.

The high strength reinforcing geogrid was then placed on the gravel
layer. To simplify installation, all seams were sewn in the factory. Field
installation was directed by Nicolon'’'s representative, using the contractor's
crews. Installation of the geogrid took about one to two hours. In order to
provide anchorage of the geogrid to the rock hillside, a critical feature
based on the results of the detailed analyses, the geogrid was placed up the
slope for a distance of five feet, which exceeds the expected bond length of
the gravel/reinforcement interface. After placing the remaining 6 to 8 inches
(15 to 20 cm) of gravel over the geogrid, the front end of the reinforcement
was wrapped over the gravel drainage layer to retain the gravel during the
remainder of construction.

After placement of the gravel drainage layer and associated
geosynthetics, the soil embankment was constructed using conventional methods.
The geosynthetic and gravel layers provided a firm foundation on which to
compact the backfill soils, which were placed in thin lifts and compacted
using a sheepsfoot roller to 95 percent of ASTM D-698 Standard Proctor maximum
dry density. Following construction of the embankment, a surface treatment of
protecting geotextile, HDPE, and grout blanket was placed in the ditch invert
to promote surface drainage and to minimize surface infiltration. These
materials are identified on the as-built cross-section shown on Figure 3.

6.0 Instrumentation

In order to estimate the actual mobilized tensile force in the
reinforcement, two lines of instruments were placed in one section of the
embankment. The purpose of the instrumentation was to provide verification of
the design, rather than for research; therefore, a durable, dependable, and
relatively inexpensive system was chosen for instrumentation. Horizontal

154



Geosynthetics '89 Conference
San Diego, USA

inclinometers were installed directly above the reinforcement in order to
indirectly obtain a deformed shape of the reinforcement and allow calculation
of the local in-situ strain. From this, the approximate stress in the geogrid
was determined based on the results of the wide-width tensile test. For a
more exact determination of in-situ stress, strain gauges, extensiometers, or
other direct measuring devices for direct measurement of stress and strain
should be used.

The results of the reading of one of the inclinometers is shown on Figure
6. The figure shows that the structure has deformed slightly, as predicted,
and that the location of maximum stress in the reinforcement is adjacent to
the rock face. The deformation shown is generally consistent with the results
of the finite element program; deviations from the predicted deformation are
likely the result of nonhomogeneaty of the waste, the existence of the access
road adjacent to the toe of the embankment, and the significantly higher
strength of the actual reinforcement than the strength specified in the
analysis. Based on the deformed shape of the reinforcement, indirectly
measured by the inclinometer, a maximum strain of approximately 2 percent has
occurred near the rock face, and the corresponding stress is approximately 135
KN/M (9000 pounds per linear foot). Therefore, the fabric is likely
performing at a stress level somewhat below the design specifications, but
consistent with the levels predicted by the finite element analysis. This
difference in stress levels is to be expected, since the design specifications
incorporated a relatively high factor of safety. The instrumentation results
also indicate that the reinforcement closer to the face of the embankment is
experiencing lower levels of strain than the reinforcement near the rock face,
which i1s consistent with the results of the finite element and other analyses.

7.0 Conclusions and Recommendations

This case history demonstrates that innovative solutions involving the
development of specialty geosynthetics may be a considered option in
approaching challenging design situations, and that the innovative solutions
may prove to be functionally and economically more attractive than
conventional engineering solutions. Based on the design requirements, the
selected remedial alternative, and the results of detailed design and limited
instrumentation results, it 1s concluded that the selected alternative
provided the desired degree of long term survivability, minimization of
required maintenance, and flexibility, all of which were identified as
important factors during alternative selection.

The results of the detailed analysis and limited field monitoring support
the selection of the specific components of the final design cross-section.
The field instrumentation, although limited in scope, has provided useful
information regarding the working stresses in the fabric and deformation of
the base of the fill. The results of the detailed analysis satisfactorily
predicted the response of the waste and the reinforcement under the load of
the reconstructed embankment. However, of the analyses performed, only the
bearing capacity and slope stability analyses (and possibly the deformational
analysis) would likely be required to evaluate the suitability of a design for
most projects., The selected solution also provided the least expensive of the
several solutions proposed. Therefore, the use of geosynthetics in this
project benefited the client with respect to function, ease of implementation,

and cost.
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TABLE 1
SUMMARY OF LABORATORY TEST RESULTS
SHEAR STRENGTH

CRAIN SIZE DISTRIBUTION (%) ATTBERG LIMITS % TOTAL EFFECTIVE
MATERIAL SAMPLE  SAMPLE DEPTH U.5.C.5. = mmememeeeeememeasmmran memmeeneeee— NATURAL  mooomsoomes sseem
TYPE BORING NO. TYPE (FT. ) GROUP  SYMBOL GRAVEL SAND FINES L.L. P.L. P.I. HMOISTURE % ’ (%) ¢ (psF) ¢ (°) ¢ (PSF)
Road B-2 58 4 - 5.8 G 53 3 14
Embankmant
FiN B-2 S8 14 - 15.8 SC a8 38 26
B-2 5§ 24 - 26.5 8C 27 3 k1)
e-8 ss 6.5-8 cL 1 24 15 30 23 7 14
B-8 58 14 - 15.5 cL 0 L o1 44 25 19 14
Ditch B-4 uo -5 SC - &M 138 24 40 k1] 25 13 20 20 200 37 100
FiN
8-8 88 1.5 -3 cL 13 28 50 39 23 16 1
8-10 8S 1.6 -3 cL 3 k1) 58 30 21 1 28
e-1 58 4-85.5 sC 18 40 k[ a8 21 17 15
Waste B-6 uo 1M1 -1 M 0 21 17 108 a2 24 150
p-10 up 14 - 18 128 83 45 273 12 s00 53 [

NOTES : (1) U. 6. C. 6, = UNIFIED SOIL CLASSIFICATION SYBTEM
(2) L.L. = LIQUID LIMIT
(3) P.L. = PLASTIC LIMIT
(4) P.1. = PLASTICITY INDEX
(5) @ = SHEAR FRICTION ANGLE OF RESISTANCE
(8) C = COHESION
(7) §§ = SPLIT SPOON
(8) UD = UNDISTURBED
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TABLE 2
Summary of Embankment Ana1ysis Results
Results
Analysis Method Unreinforced Reinforced
Bearing Capacity FS = 1.8 FS = 2.6
Circular-Arc Slope Stability FS = 1.0 FS = 1.4
Block-81iding Slope Stability FS = 1.8 : e
Finite Element Settlement = 5 cm Settlement = 2 cm
Plasticity - Lower bound Emb. height = 2.9 m Emb. height = 3.9 m

4.3 Emb. height = 5.9 m

Plasticity - Upper bound Emb. height
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F.M. DUARTE
G.S. SATTERLEE
U.S. Army Corps of Engineers, U.S.A.

Case Study of a Geotextile Reinforced Levee on a Soft Clay Foundation

ABSTRACT

This paper presents the results of a levee test section that
was reinforced by a single layer of high strength polyester

gaotextile. Strain gages were attached to the geotextile to
measure the strain in the geotextile during and after construction.
Settlement plates, piezometers, and inclinometers measured the

deformation and performance of the composite structure. Geotextile
tensile requirements were computed using the Spencer and Bishop
circular arc methods, and the wedge method of slope stability
analysis. The tensile values from the limit equilibrium slope
stability analysis are compared to the tensile values recorded by
the strain gages attached to the geotextile, to evaluate how
accurately the theoretical values compare with the field data.

INTRODUCTION

Geotechnical engineers are often faced with the challenge of
constructing a structure on a very soft foundation, or enlarging an
existing structure. When the desired factor of safety for
rotational stability can not be achieved, alternatives for building
the structure on the existing alignment are generally expensive, and
a new alignment is usually selected. In southern Louisiana, the twe
most commonly used methods tc construct over very soft soils is to
build on piles, or remove the soft organic material and replace it

with sand or shell. Both alternatives are very costly, require
specialized equipment, and are alsc ver time consuning. With the
development of high strength geotextilas a new alternative has beaen

introduced.

This paper presents the results of a 152.4 meter long levee tect
section in which a high strength polyester geotextile (297.7 kN/n
at 5% strain) was used to reinforce a levee enlargement. The
project is located in the southeastern portion of the State of
Louisiana, in lower Plaquermines Parish (county), Dbetween the towns
ef NWairn and Emxpire. 160
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An aerial view of the site is presented in Figure 1.

Figure 1. Aerial view of construction site.

The people who live on the very narrow strip of land between the
Mississippi River and the bays that lead to the Gulf of Mexico are
protected from river floods and hurricane surges by the levee
systems. The test section was constructed on the hurricane
protection levee.

Currently, the crown of the existing levee is at approximate
elevation 2.29 meters National Geodetic Vertical Datum (N.G.V.D.).
It has to be raised to an elevation of 4.42 meters to provide
protection against a 100-year storm, and also to compensate for
foundation settlement. Stability analysis of the existing levee
indicates that the factor of safety 1is approximately 1.1. Raising
the crown elevation to 4.42 meters, with the required side slopes,
results in a factor of safety of 0.8 for a slide into the drainage
canal, and a factor of safety of 0.85 for a slide towards the gulf.
Stability berms cannot ke constructed to improve the stability of

the section because +the canal is too ¢lose to the existing levee.
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Construction without a reinfcrcing geotexti
centerline of the levee approximately 26.6 me
and excavating a 2 mnmeter deep trench t.
compressive organic material. A hydraulic dJredge would Dbe used to
pump sand into the trench, and after allowing the sand to drairmn,
several clay pumpings would be required to bring the section to
design grade. This ¢type of construction 1is estimated to ccst
$85,000,000, covers 4000 acres of marsh, and take 13 vyears to
construct 13 miles of levee.

(PN e
PR vy 'S

ters towards the gulf
> remove the highly

The primary objective of the study 1is to determine if a single
layer of high strength geotextile c¢an be used effectively teo
reinforce the section so that the present levee can be enlarged on
the existing alignment. Other items of interest are the strains in
the reinforcing geotextile and the deformations and performance of
the composite section.

DESIGN SECTION

The levee was enlarged by holding the landward existing levee toe
and raising the levee towards the gulfside, thus resulting in a 6.1
meters gulfward shift of the present baseline. The top 0.9 meters
of the existing levee were degraded to establish a flat wide
platform to work from, but more importantly to provide more
anchorage by placing the geotextile deeper into the section. The
high strength geotextile was placed on the degraded levee portion,
down the existing levee slope, over the marsh grass, and submerged
in the ponded areas. Both ends of the geotextile were folded back
to form anchors tc provide additional resistance to pull-out. Sand
was placed over the fabric to a maximum height of 1.2 meters, and
clay was placed above the sand to design grade. The final secticn
has a 2.44 meter crown width, a protected side slope of 1V on 3E,
and a marsh side slope of 1V on 4H. Refer to Figure 7 for more
details.

INSTRUMENTATION

Several lines of instruments were placed perpendicular %o the
levee centerline to measure the performance of the test secticn
during and after construction. Instruments consist of
strain gages, settlement plates, piezometers, and inclinometers.
This report - focuses mainly on strain gage and inclinometer data.
The strain gages provide feed back cn the tensile demand on the
geotextile, and the inclinometers provide information on the lateral
deformations. Both are essential in determining the potential
failure plane and the mnmagnitude of the resistance required to
balance the driving force and increase the factor of safety.
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STRAIN GAGES

Strain gages were placed at three locations approximately 30.5
meters apart. Two of the locations c¢ontained displacement
transducers that were manufactured at the Waterways Experiment
Station (WES), and the third location contained foil gages. A
schematic of the foil gage layout is presented in Figure 2. Most
gages were placed perpendicular to the 1levee centerline to
determine the maximum tensile demand on the fabric. The data
obtained from the WES gages 1is inconclusive and erratic, and
therefore is not presented. Data from the foil gages appears to
yield good wvalues, but unfortunately, the foil gages were only
placed in a limited area over the marsh. The foil gage readings
were normalized to an initial reading of 0.9 to facilitate
comparisons among the gage plots. This value 1s convenient because
one third of the gages which are perpendicular to the centerline had
this value for their initial reading prior to f£ill placement. This
offset value is approximately the same as that obtained from the
laboratory tests that were performed at Drexel University, and shown
on Figure 5. The strain measured by the foil gages increases
towards the marsh, with the furthest marshward gages showing a
strain of 3.5%, indicating that the greatest tensile demand on the
geotextile is at or beyond this location. Strain gage plots showing
the strain at selected 1locations on the instrumented geotextile
panel are presented in Figure 3.

€
r——f——&h ~% “wam —ﬁ

FOIL GAGES

s
2 [] 4 "

PROFILE VIEW s LracTanTecLs

+ El-E []m B Dcu &5 Ucu 4 []cu 8.’1[]@!
4

PLAN VIEW

Figure 2., Strain gage locations
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Figure 3. Strain gages plots.
INCLINOMETERS
Inclinometers were placed at two levee stations approximately
30.5 meters apart. Three inclinometers were placed at each
station. Figure 4 presents the inclinometer layout and deflections
for the station containing inclinometers 11, 1831, and 15.

Inclinometer 11 was placed next to the existing canal to monitor the
ground movement toward the canal. Inclinometer 13 is at a distance
of 1.7 meters gulfward of the new levee centerline, and inclinometar

15 is at a distance of 9 meters. The inclinometers close to the
center of the slope experienzed the largest gulfward movement,
approximately 35.6 cm. at inclinometer number 15. Inclinomreters
adjacent to the crown, also zxperienced significant movement towards
the gulf, approximately 30.5 cm. at inclinometer number 13. No
apparent movement was recorded by the instrunrents next to the canal.
Maximum movement cccurrod above apprcximate elevation -3.4m. This
information was used ‘o establish the critical elevation for the

sulfside sleope stability analysis.
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SETTLEMENT

Settlement plates were installed on top of the reinforcing
geotextile at distances of 1.5 and 7.6 meters on the gulfside of the
new c¢rown centerline. Congolidation was relatively fast and
constant during the first menth after constructicn, bkut slowed down
therzafter. Four hundred days after construction, ths settlements

were 0.62 and 0.78 nmeters, respectively. Consolidation 1is still
progressing at a vary slow rate. jes
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PIEZOMETERS

Piezometers were installed under ‘the gulfside edge ot the new
levee crown at elevations -1.5, -3.3, -€.2, and -9.2 meters to
monitor the pore pressure in the foundaticr. Pore pressures peakad
at the end of construction and rapidly dissipated to a residual
value above the initial readings. The maximum pors pressures were

1.6, 3.0, 0.8, and 2.3 meters, respectively.

GEOTEXTILE PROPERTIES

Laboratory results of the polyester gcotextile test specimen
indicate that the fabric has a tensile strength of 297.7 kN/m at 5%
strain, an ultimate strength of 665.4 kN/m, a friction angle of 30
degrees when pulled over a silty soil and 14 degrees against a
marshy organic clay with very high water content. The strains in
this paragraph were measured by a linear voltage displacement
transducer (LVDT).

SLOPE STABILITY ANALYSES

Before the test section was constructed, stability analyses were
performed using the wedge method of analysis to determine the
geotextile tensile strength that was required to resist the
unbalanced forces and increase the factor of safety to 1.3. Based
on the design parameters, x-section, and stratification that was
available, the most critical failure mode was towards the canal, at
an elevation of -12 meters. A geotextile with a tensile strength of
297.7 kN/m at 5% strain was chosen. The factors of safety presented
in the introduction are also based on the same set of analyses. The
analyses presented in this paper include the data that was obtained
from the test section, which resulted in slightly different design
parameters, x-section, and stratification than had been used in the
previous analyses. Review of the test data reveals that the
critical failure surface is towards the gulf at an elevation of -3.4
meters.

Stability analyses, using the latest information, were conducted
to compare the tensile values that are obtained by the wedge method
(1) and circular arc methods, and to determine how accurately these
theoretical values compare to the values measured by the strain
gages. Safety factors were computed for the unreinforced and
geotextile reinforced sections using the Wedge method, and the
Spencer (1967) and Simplified Bishop (1955) mzthods from the UTEXAS
(2) slope stability program.
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WEDGE ANALYSIS

Stability analyses wers performed for a failure surface at
“levation -3.4 meters, the elevation above which maximum movement
was indicated by the slops inclinometers, to determine the

gectextile tensile strength required to increase the factor of
safety to 1.0. 2 geotextile with a tensile strength of 117 kN/m is
required. Geotextile %ensile requirements were computed using the
following equation:

F.s. (D) - R
Da - Dp (active & passive driving forces)
Ra + Rb + Rp (resisting forces)
= required factor of safety
Tensile requirement in the geotextile kN/m

H7x oA

v

CIRCULAR ARC ANALYSES

Circular arc analyses were used to compute the safety factors of
the same section that was analyzed by the Wedge Method. Results for
the unreinforced section are presented in Figure 6. Analyses for
the reinforced section are presented in Figure 7. A geotextile with
a tensile strength of 96.3 kN/m is required to increase the factor
of safety to one, for a failure surface at elevation =-3.4 meters.
This tensile value and the tensile value obtained by the wedge
analysis will be compared to the tensile demand measured by the foil
gages .

STRAIN GAGE ANALYSIS

Samples of the polyester gJgeotextile were recovered from the
field and instrumented with foil strain gages for tensile/strain

tests (3). Each specimen contained a foil gage and an LVDT
measuring device side by side to compare the strain measured by
each instrument. It 1is necessary to establish a relationship

between stress versus strain for the foil gages, because this
relationship can be used to convert the strain that is measured by
the foil gage in the field to a tensile force. The tensile force
from the stability analysis 1is compared to the tensile force from
the foil gages to determine how accurately the analysis predicts
geotextile tensile demand. The largest strains were recorded by
the gages furthest gulfward (CT 5, LT 5, RT 5). he average
last reading for these gages is 3.5% strain which corresponds to an
average tensile demand of 57.6 kN/m in Figure 5. The tensile demand
measured by the foil gages that are attached to the geotextile is
significantly less than the tensile values computed by the wedge or
zircular arc slope stability methods. The tensile value computed by
the wedge analysis is 2.03 times that measured by the foil gages.
For the circular arc analysis, the valusz is 1.67 times larger than
Ths measured value.
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Inspection of Figure 5 shows that the tensil. lues obtairned by the
circular arc and wedge analysis correspond te 4.5% and 5% strain.

600 A POIL GAUGE 01 (wo failure)
§ POIL GAUCE 82 (failure)
@ TOIL GAUCE 03 (Failure)

550

500 ..

450 -~

400

350

250

200 ~

Measured Stress (kn/m)
1

150 =

100 -

50 =

Measured Strain (%)
Figure 5. Stress versus strain of the three foil gages

CONCLUSIONS

Results of the test section «clearly show that a geotextile
reinforced levee is a viable alternative to increase the flood
protection. The test section was completed over two years ago, and
since then all of the instruments have been monitored extensively to
determine the performance of the composite section. All of the data
to date indicates that the section is working better than had been
anticipated, especially since the field geotextile strains are
lower than the computed values from limit equilibrium analysis.
There is no evidence of cracks or any signs of unacceptable stress
in the test section. Lateral deformations, measured by the
inclinometers, have stopped for all practical purposes. Strain gage
readings peaked during August 1987 and there has been no increase
since then.

Circular arc =slope stability analysis, for a factor of safaty of
one, reguire a geotextile with a tensile strength of 96.3 kN/m. The
wedge method of slope stahility requires a tensile strength of 117.0
XN/m, for the szame factor of safety. Maximum tensile demand was
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recorded by the gages furthest gulfside. A tensile demand of 57.6
¥N/m was measured. Beth stability methods gave conservative
results, with the wedgs analysis yielding a F.S. = 2.03 when
compared to the demand measured by the foil gages. It should be

noted that the zone of nmaximum tension was not at the circle/soil
interface, but far frem it, close to the toe of the new levee. This
rmay suggest that a failure mechanism other than the circular arc is
at work. Even if this 1is so, the current methods of stability
analyses are resquiring tensile strengths that are on the safe side.
This is acceptable until the mechanics of the composite section can
be better understood and the analysis can be refined to yield more
accurate and economical designs.

The geotextile reinforced 1levee alternative will reduce the
estimated construction cost for the 13 miles of levee from
$85 million to $54.2 million; construction time f£rom 13 years to 6
vears; and marsh destruction from 4000 acres to 100 acres.
Residents will also benefit from 1lower flood insurance premiums
during the reduced construction time. After the levee is complete,
the first floor of residential and commericial buildings will not
have to be constructed 4.3 meters above the ground surface, as is
presently required to prevent damages from flooding.

REFERENCES

(1). Caver, W. W., "Slope Stability in Soft Layered Soil
Systems", Master of Science Degree, Oklahoma State University,
May 1973.

(2)., Edris, E. V. Jr., "UTEXAS 2 Slope - Stability Package,
Volume 1, User's Manual," Department o¢f The Army Waterways
Experiment Station, Corps of Engineers, I. R. GL-87-1,

August 1987.

(3). Koerner, R. M., "Comparative Strain Evaluation of the

Nicolon 0-2 Geotextile Using LVDT and Foil Strain Gauges",
Drexel University, April 1987.

171



Geosynthetics ‘89 Conference
San Diego, USA

P.J. LANGSTON
N.D. WILLIAMS
GeoServices Inc., Consulting Engineers, U.S.A.

Design Methods For Reinforced Embankments On Soft Foundations

ABSTRACT

Embankments constructed on soft foundations may be designed with geosynthetic tensile
reinforcement to increase stability. This paper presents a five-step, systematic
approach for the evaluation of reinforced embankment stability. Each of the five steps
addresses a different failure mechanism. When more than one method is available to
analyze a particular failure mechanism, the methods are compared and recommendations are
made.

INTRODUCTION

An embankment constructed on a soft foundation may be designed with a layer of
tensile reinforcement at its base to reduce lateral displacements and improve the
overall stability of the embankment. The design of the embankment must be established
to determine the reinforcement properties required for adequate performance and safety.
A systematic design approach should be followed to evaluate embankment stability with
respect to the internal and external failure mechanisms shown in Figure 1 [Koerner,
1987]. One systematic approach is to divide the design into five steps:

1) A bearing capacity analysis to evaluate the limits of the embankment geometry.
Unfortunately, conventional bearing capacity analyses neglect the effects of the
reinforcement and the lateral interface shear stress resisting deformation.
Therefore, conventional analyses will be conservative and modified methods of
analysis will provide a more realistic estimate of capacity.

2) A slope stability analysis to evaluate the location of the surface of maximum
shear stress in both the embankment and the foundation soils. The effect of the
reinforcement may be handled in several different ways.

3) A deformation analysis to estimate the elongation of the reinforcement. The
results from this analysis ‘are used to estimate the required modulus of the
reinforcement, the strains in the reinforcement, and the anchorage requirements.

4) An anchorage length evaluation to estimate the distribution of tensile force in
the reinforcement along its length.

5) A base sliding evaluation to estimate the required interface shear strength
between the embankment and the reinforcement.
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This paper presents a discussion of this five step approach to the design of
embankments constructed over soft foundations. The design approach focuses on the use
of geosynthetic reinforcement, though the same general approach could be used with other
reinforcing materials.

BEARING CAPACITY

As stated previously, conventional bearing capacity analyses may be used to evaluate
the ability of the foundation soils to support the entire embankment. Conventional
analyses typically neglect the effects of the embankment side slopes, mobilized
reinforcement tension, mobilized shear stresses at the embankment-foundation interface,
and the deformation of the foundation soil as the embankment is constructed. The
bearing capacity of an unreinforced embankment may be evaluated using the following
equation [Bowles, 1988]:

Q, =9,/ Fge= [N+ aN, + (yBNJ)/2T/ Fye (1)

where: q, = allowable foundation bearing capacity (yH,); H, = allowable embankment
height; v = effective unit weight of the foundation s0i1; qu = ultimate foundation
bearing capacity; Fg = factor of safety aga1nst bear1ng capacity failure; ¢ = the
undrained shear strength of the foundation soil; = bearing capacity factors;
q = surcharge stress due to embankment fill; and § = %oundation width.

Bearing capacity factors developed by Meyerhof, Hansen, and Vesic can be used with
Equation 1 [Bowles, 1988]. Additionally, bearing capacity factors such as those
developed by Mandel and Salencon [1967] can be used to account for increasing shear
strength with depth and/or layered soil conditions.

For embankments constructed over soft, cohesive foundations where short-term (i.e.,
undrained) loading is the considered failure mode, Equation 1 may be reduced to:

qa =C Nc / Fac (2)

Evaluation of the bearing capacity using Equation 2 may yield a factor of safety less
than 1.0 for a reinforced embankment, even though test results or finite element
analyses demonstrate stability. Based on finite element solutions, Rowe and Soderman
[1987] developed a slightly different bearing capacity analysis that includes the
effects of the average height of the embankment and the influence of the side slopes.
In this analysis, the embankment is assumed to act as a rigid footing with the fill
essentially held together by the reinforcement. Rowe and Soderman also suggests using
data which reflect undrained strength increasing with depth.

For their analysis, Rowe and Soderman define an equivalent width, b, of the
embankment in order to use plasticity solutions for a rigid footing. The pressure at
the edge of a rigid footing, as evaluated from plasticity theory, is (2 + m)c. Assuming

that the effective width extends between points on the embankment where the overburden
pressure, vh, equals (2 + n)c, the following equations can be evaluated:

=(2+mc/v (3)
and, b=B+2n(H - h) (4)

where terms are denoted in Figure 2.
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From Figure 2, the triangular edge of the embankment is assumed to provide a
surcharge which tends to increase the footing stability. The surcharge pressure, qg,
is assumed to be distributed over a distance x from the edge of the footing. It is
assumed that x is approximately equal to either the depth, d, at which the pressure is
dissipated or the depth, D, of the deposit, whichever is smalier.

Figure 3 can be used to determine the depth, d, at which the pressure is dissipated.
The figure can also be used for soils whose undrained strength is relatively constant
with depth or increases with depth. The assumed surcharge pressure, q , acting over the
distance x can be calculated by:

q, = nvh?%/2x for x > nh, (5)
and, g, = (2nh - x)yh / 2nh for x < nh, (6)

The ultimate bearing capacity of a rigid footing, q,”, of width, b, is calculated
using:
q,’ =cN, +aq (7)

The average applied pressure, q,’, due to the embankment over the width, b, is
calculated using:

q," = 7[BH + n(H - h?)1/b (8)
The maximum possible factor of safety for a given geometry is evaluated using:
Fec' = a,'/q,’ (9)

According to Rowe and Soderman [19871, when gq,’/q,’ = 1.0 , collapse is considered to
be imminent.

The allowable height can be increased by building the embankment in stages and
allowing time between each stage for the foundation soil to consolidate and gain
strength. If the hydraulic conductivity of the soil is low, vertical drains may be
placed in the subgrade to accelerate consolidation.

Comparison of Bearing Capacity Analyses

Consider the embankment in Figure 4. In this example, the desired height is known
and the factor of safety is calculated for various side slope conditions. In Table I,
the effect of varying the side slope geometry is explored using both a conventional
bearing capacity analysis (Equation 2) and Rowe and Soderman’s analysis (Equations 7 to
9). Additionally, the factor of safety is calculated for two other arbitrary cases: (i)
the actual embankment height and the assumed surcharge given by Equation 5 or 6 (i.e.,
Fec'’' =4,'/q,); and (ii) the average embankment and no surcharge (i.e., Foe!''= q,/q9,").
As illustrated in Table 1, the improvement in the factor of safety using Rowe and
Soderman’s analysis is primarily due to the stabilizing effect of the surcharge. At
this time, there is little field or experimental data on the bearing capacities of
reinforced embankments. Therefore, it may be prudent to be conservative and consider
the Rowe and Soderman analysis an upper bound solution. For design, it is suggested
that the improvement in the factor of safety due to the use of the average height of the
embankment be ignored and that F,. '’ be used (rather than Fy.').
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Table I. Comparison of Factor of Safety for Bearing Capacity

Side Conventional Rowe and Soderman Modified FS

S ope qu qa I:BC qu' qa, FBCI FBCI 4 FBCI "
3:1 809 1200 0.67 1180 1090 1.08 0.98 0.74
4:1 846 1200 0.70 1372 1075 1.23 1.14 0.79
5:1 884 1200 0.73 1415 1063 1.33 1.18 0.83
6:1 921 1200 0.77 1493 1055 1.42 1.24 0.87
7:1 959 1200 0.80 1559 1048 1.49 1.30 0.92

SLOPE STABILITY

The reinforcement force needed to increase the factor of safety against slip surface
failure through the embankment and foundation can be approximated using limit
equilibrium analyses, plasticity analyses, or finite element analyses. Currently, the
most widely used technique is the 1imit equilibrium approach, modified to account for
the tensile force in the reinforcement. This section addresses only limit equilibrium
analyses.

When an embankment is constructed on a soft foundation, the reinforcement is usually
placed at the interface of the embankment and the foundation. In the limit equilibrium
analysis, the reinforcement is treated as an independent free-body tensile force.
Assumptions with regard to the orientation and magnitude of the reinforcement force at
the slip surface are required. Almost all reinforcement is placed horizontally. Most
analysis methods incorporate the assumption that this orientation does not change during
or after construction. There is currently some debate, however, as to whether the
reinforcing force should be assumed to be horizontal or at some intermediate angle
[Collins, 1987]. The horizontal orientation provides the most conservative results.

Overview of Limit Equilibrium Analyses

Their are several available Timit equilibrium methods for slope stability analysis.
These methods differ in the number of equilibrium equations satisfied and the
assumptions made. Assumptions are necessary because the number of available independent
equilibrium equations is smaller than the number of unknowns.

This section provides a comparison of several of the more commonly used limit
equilibrium analyses methods, including the Ordinary Method of Slices [Fellenius, 1936],
Bishop’s Modified method [Bishop, 1955], Janbu’s method [Janbu, 1954], Spencer’s method
[Spencer, 1967], and the Log Spiral method [Taylor, 1937, and Haung and Avery, 1976].
all modified for inclusion of tensile reinforcement. In addition, Jewell’s design
method [Jewell, 1980] which was specifically developed for reinforced embankments, is
also compared.

General Cemparison of Limit Equilibrium Methods

The Timit equilibrium methods for slope stability analysis have four common
characteristics [Duncan, 1980]:

1) They all use the same definition of the factor of safety, F: F = the soil shear

strength along a considered slip surface divided by the shear stress required for
equilibrium along the same s1ip surface.
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2) They all assume that the stress-strain characteristics of the soil used in the
slope are non-brittle, and that the mobilized shear stress js the same along the
entire slip surface.

3) They all use some or all of the independent equilibrium equations to calculate
the shear stresses and normal stresses on the slip surface. The normal stresses
are, in turn, used to calculate the distribution of soil shear strengths along
the failure surface.

4) Since the number of equilibrium equations is smaller than the number of unknowns,
all the methods make assumptions in order to solve the equations.

A summary of the equilibrium equations satisfied by each method of analysis and the
assumptions significant to each method are provided in Tables II and I1I respectively.
Most of the 1imit equilibrium methods divide the analysis into a number of vertical
slices bounded by the slip surface, as illustrated in Figure 5. These methods allow
determination of non-linear slip surfaces and conditions where soil properties and pore
pressures vary along the slip surface.

Reinforcement

The 1imit equilibrium methods described above must be modified to account for the
presence of reinforcement(with the exception of Jewell’s method). In the analysis, the
assumption is made that the reinforcement layer provides an additional restoring moment
Mg =T ey, where T is the mobilized reinforcement force at the intersection of the slip
surface and the reinforcement, and y, is the vertical distance between the center of
rotation for the considered slip surface and the reinforcement, assuming the
reinforcement has a horizontal orientation. The overall moment equilibrium equation
for the factor of safety of a reinforced embankment becomes:

F = moments resisting failure + 2 T o y, (10)
moments inducing failure

Table II. Characteristics of Equilibrium Methods
[after Duncan and Wright, 1980, with modification]

Procedure Equilibrium Conditions Satisfied Equations  Shape
overall slice vert. horiz. and of Slip
moment moment force force Unknowns* Surface

Ordinary Method yes no no no 1 circular

Bishop’s Modif. yes no yes no N+ 1 circular

Janbu’s yes yes yes yes 3N any

Spencer’s yes yes yes yes 3N circular

Log Spiral yes N/A yes yes 3 log spiral

Jewell’s yes no yes no N+ 1 circular

* N = number of slices
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Table ITI. Assumptions in Equilibrium Methods [after Johnson, 1974, with modification]

Procedure Assumptions Employed
Ordinary Method Resultant of side forces is parallel to base of each slice.
Bishop’s Modified Resultant of side forces is horizontal (no vertical side forces).
Method

Janbu’s Generalized Location of side force resultants on sides of slice is assumed but
Method can be varied.

Spencer’s Method Side forces are parallel.
Log Spiral Method Shape of the s1ip surface is a logarithmic spiral.

Jewell’s Method Uses slip circle analysis to determine reinforcement force and
compare to available force for compatibility.

Comparison of Limit Equilibrium Analyses with Base Reinforcement

A number of comparative analyses have been made for unreinforced embankments to
evaluate the differences in the minimum factors of safety calculated by the different
methods [Duncan, 1980, and Fredlund, 1977]. One problem in rigorously comparing the
methods over a wide range of conditions is that a large number of parameters are
involved including the embankment geometry, the values of the strength parameters (c and
¢), the unit weight of the soil, and the pore water conditions.

In order to compare the limit equilibrium methods for the application considered in
this paper, a sample problem was analyzed using each of the methods. The same soil
properties and embankment geometry shown in Figure 6 were used with each method. For
simplicity, a constant undrained shear strength with depth was assumed for the
foundation soil. Computer generated solutions were used when available to search for
the critical failure surface. Based on that critical surface, the effect on the factor
of safety of a layer of geosynthetic reinforcement with a horizontal orientation and a
mobilized reinforcement force of 12,000 1b/ft was evaluated. The results of these
analyses are presented in Table 1V,

Table IV. Comparison of Factors of Safety
Based on Various Methods of Slope Stability Analysis

Method of Unreinforced Mobilized Reinforced
Analysis Factor of Safety Reinforcement Factor of
Computer  Hand _ Force (1b/ft) Safety

Ordinary Method 0.86 * 12,000 1.27
Bishop’s Modified 0.90 0.90 12,000 1.30
Janbu’s Rigorous 0.84 0.84 12,000 1.26
Spencer’s 0.90 0.93 12,000 1.34
Log Spiral * 0.90 12,000 1.30
Jewell’s * o 12,000 1.30

* Data not available.
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The conclusions reached from inspection of Table IV are essentially no different than
those from previous investigations of unreinforced embankments. The factors of safety
calculated by the various methods are only different by a few percent. Duncan [1980]
and Fredlund [1977] both determined that the methods which evaluate a factor of safety
based on moment equilibrium (i.e., Ordinary, Bishop’s, Spencer’s, Janbu's, Log Spiral,
Jewell’s) are less sensitive to the side force distribution than the methods that
evaluate the factor of safety only with respect to force equilibrium (infinite slope or
wedge analysis).

DEFORMATION ANALYSIS

For a given reinforcement, the mobilized reinforcement tension is a function of the
strain in the reinforcement and the reinforcement modulus. The larger the strain the
higher the tensile force. However, if too much deformation is allowed, the embankment
can develop cracks and the reinforcement may no longer be able to tie the structure
together, thereby reducing stability. Therefore, "relatively high" modulus values are
desirable in the reinforcement of embankments over soft soils.

_ Strains may be induced in the reinforcement as a result of [Bonaparte et al., 1987]:
1) Placement of reinforcement and fill;
2) Undrained settlement of the foundation soil during and just after construction;

3) Llocalized elongation of the reinforcement at the embankment foundation interface
due to the development of a slip surface at the end of construction or after a
period of undrained creep; and

4) Consolidation settlement of the foundation soils.

According to Bonaparte et al. [1987], for high modulus reinforcement placed with
proper construction procedures, the tensile strain due to installation and fill
placement should be no more than 1 to 2 percent. The tensile strains induced in the
reinforcement as a result of settlement during construction have been determined by
finite element analysis to be on the order of 1 to 8 percent depending on the embankment
height, soil and reinforcement properties, and soil/reinforcement interaction. The
strain generated by the s1ip surface formation is typically neglected since the desired
modulus should be high enough to prevent this from occurring. Finally, strains induced
by consolidation are usually disregarded because soil consolidation 1is wusually
relatively uniform and does not cause large lateral movement. As consolidation
progresses, the soil strength increases, thereby reducing the need for the reinforcement
[Bonaparte et al., 1987]. Based on these considerations and available information from
resent projects, Bonaparte and Christopher [1987] recommended the following tensile
strains, €nax? for selecting reinforcement tensions for limit equilibrium analyses:
highly sensitive or brittle clays, €., = 2 to 3 percent; medium- to low- sensitivity
clays, €., =4 to 6 percent; and nonsensitive and plastic clays, €, = 10 percent. For
a required mobilized reinforcement tension, T, and value for ¢, the required
reinforcement tensile modulus is given by:

E=T/ €. (11)
where: T = the required mobilized reinforcement tension in units of force per unit

width obtained from the limit equilibrium analysis; E = the required reinforcement
secant tensile modulus given in units of force per unit width of reinforcement; and ¢,
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is as recommended above. The maximum reinforcement strain for design, € pax> is also
affected by the strain limits required to prevent creep rupture of the reinforcement.
Although a discussion of creep rupture is beyond the scope of this paper, it should be
evaluated as part of design.

ANCHORAGE LENGTH AND DESIGN TENSILE STRENGTH

The assumed stress distribution in the reinforcement varies from zero at the toe of
the embankment to the design tensile stress, o), at a distance, 1, from the toe of the
slope, as shown in Figure 7. The anchorage length, 1, is a function of the overburden
pressure, interface shear strength between the embankment and reinforcement, interface
shear strength between the subgrade and reinforcement, and the side slope of the
embankment. The anchorage length may be computed as follows:

1= @ (12)

(a + o, tans)

where: @, = reinforcement design tension (which incorporates a factor of safety); a =
the adhesion between the reinforcement and subgrade; o, = the maximum overburden stress
(YH)3 v = the unit weight of the embankment soil; H = the height of the crest of the
embankment; and & is the interface friction between the embankment and the
reinforcement.

If the embedment length, calculated from Equation 12, is less than sH, where s is
the side slope as denoted in Figure 7, then the embedment length may be computed as
follows:

1=-a+/a + 4a, sy tans (13)
2 sy tang

If the embedment length, calculated from Equation 12 is greater than b/2, then the
embedment is b/2, and the reinforcement design tension may be computed as follows:

ap = b/2 [a + g, tans] (14)
where: b = the base width of the embankment as shown in Figure 7.

The adhesion, a, and interface friction angle, §, can be measured in direct shear
or pullout tests. The boundary conditions in the tests should simulate field conditions
to the extent possible. That is, the subgrade and embankment soils should be placed in
the test apparatus at the same water content and density that are anticipated in the
field and the test should be performed at a confining stress and rate of deformation
representative of field conditions.

BASE SLIDING

Lateral spreading or sliding of the embankment relative to the reinforcement may
occur if there is insufficient shear strength mobilized between the embankment and the
reinforcement as shown in Figure 1(c). The factor of safety against lateral spreading
may be computed by dividing the shear force resisting failure, S, by the active force
inducing failure, P,. The factor of safety reduces to:

179



Geosynthetics ‘89 Conference
San Diego, USA

Fgs = (2x + sH)tané, (15)
HK

a

where: x = the horizontal distance along the crest of the embankment to the point of
sliding, as denoted in Figure 7; H = the height of the crest of the embankment; s = side
slope_as denoted in Figure 7; & the interface friction angle for base sliding; and K,
= tan2(45' - ¢/2). The critical value of x can be determined by manipulation of the
equation assuming a factor of safety equal to 1.0.

X =H K, s (16)
2tans, ~ 2

If the value of x, computed by Equation 16, is less than 0.0, then x = 0.0 should
be used in Equation 15 to calculate the factor of safety. The interface friction angle,
6,, used in Equations 15 and 16, is the interface friction angle for base sliding. This
value should be measured in a direct shear test which properly models the boundary
conditions above and below the base reinforcement. If direct shear data are not
available, the interface friction angle for base sliding between cohesionless soils and
geotextiles may be conservatively assumed to be approximately equal to 0.80.

OTHER DESIGN CONSIDERATIONS

In addition to the analyses for bearing capacity, slope stability, deformation,
anchorage length, and lateral spreading, several other design consideration may need to
be considered.

Effects of Consolidation

As an embankment is constructed, excess pore-water pressures develop in the
foundation soil. The shear strength of the subgrade soil increases with time as the
excess pore pressures dissipate and the soil consolidates. The rate of increase of the
soil shear strength may be evaluated using consolidated undrained triaxial shear tests.

The rate of consolidation of the foundation soil may be increased through the use
of sand columns or wick drains. Sand columns or wick drains decrease the length of the
drainage path, thus allowing excess pore-water pressures to dissipate more rapidly.
Analytical or numerical (i.e., finite element or finite difference) analyses may be used
to evaluate the rate of excess pore pressure dissipation and the rate of increase of the
shear strength.

Minor Principal Stress

In linear embankment construction, the major principal stress in the geosynthetic
is assumed to act in the direction parallel to the embankment cross-section and the
minor principal stress is assumed to act parallel to the center-line of the embankment.
However, during construction significant stresses may be induced in the minor principal
stress direction. For this reason, Koerner [1987] recommends the assumption that the
minor principal stress is 50% of the major principal stress unless construction can be
controlled adequately to allow for smaller values. In addition at the ends of the
embankment, the minor principal stress may be equal to the major principal stress.
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Effects of Seams and Holes

Seams are one of the most critical components in geosynthetic reinforcement. They
are required primarily to provide uniform stress transfer from one piece of material to
another. The method used to join the adjacent pieces of geosynthetic affects the
performance of the entire assembly. Seams may be constructed by mechanical, physical,
or chemical means. Mechanical joining includes using pins, staples, and sewing.
Physical means include welding or heat seaming. Chemical bonding of materials can
achieved with adhesives [Ko, 1987].

Sewing is the most commonly used method for seaming geotextiles used in embankment
construction, while mechanical joining is most commonly used with geogrids. According
to Ko [1987], the strength of seams formed by sewing depends on four factors: 1) stitch
geometry; 2) seam geometry; 3) sewing thread material and structural geometry; and 4)
geotextile material and construction. The geotextile specification should define these
four factors.

The loss in strength of the geosynthetic due to holes in the material must also be
assessed. Holes may be caused by the installation of wick drains or monitoring devices,
or they may result from accidents during construction. The loss in strength due to
holes has been assessed experimentally by ‘Koerner [1987]. The data demonstrates that
while the geosynthetic strength decreases almost linearly (within +9% to -4%) with hole
size, the seam strength loss is considerably higher. The designer must estimate the
size, spacing, and number of holes to predict the total anticipated strength reduction.
If drains are to be installed the number of holes can be estimated within reason.

CONCLUSIONS

The five step approach outlined in the previous sections encompasses the minimum
requirements for the design of a reinforced embankment over a soft foundation. By
approaching the design in a systematic and logical manner, geosynthetic performance
properties can be determined for inclusion in the project specifications.
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Geotextile Assisted Soft Site Stabilization

INTRODUCTION

Land with poor soil subgrade conditions is becoming increasingly more valuable as
cities develop and expand. Property once bypassed by developers because of soft
soil conditions is now in the center of town, making it much more valuable.

As well, spoll areas used to contain dredged river silts are beginning to fill
up, resulting in the need to f£ind some means of closure and use by the city or
local government. This land can be turned into a park, recreational area or
developed in some way for the public good.

Finally industry 1s capping old waste and storage ponds and basins. In some
instances the company no longer wishes to maintain a waste storage facility on
its premises., Others are to comply with regulation governing disposal of waste
materials.

The condition common to all these situations is the very soft nature of the soil
deposit, and the consequent difficulty {in placing any type of £ill on top of
these sites. The use of geotextile reinforcement 1is a relatively new and
successfull way to facllitate site closures. Thelr use has resulted in site
cappings that would have been difficult or impossible to accomplish with
conventional civil engineering means.

ANALYSIS AND DESIGN APPROACH

Use of geotextiles for soft soil site closures requires evaluation of 4 key
areas:

Geotechnical - underlying soil strength/bearing capacity
Loading - applied loads/stresses

Geosynthetic - geotextile requirements and selection
Construction - installation and fllling procedures

Each will Dbe discussed individually, followed by a review of their

interrelationships.
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Geotechnical
Bearing capacity can be determined using the following equation.

q ult = Cu*Nc + g*Ng+

Where: C = soll cohesion (psf)
Nc = bearing capacity factor (dimensionless)
g = surcharge
Ng = Bearing capacity factor

For coheslive solls with ﬁ = 0, this equation reduces to:

q ult = Cu*Nc

Where:
Nc = 5.14 square footing

5.7 strlp footing

The appropriate bearing capacity factor to use is dependent upon the method of
filling, and the construction equipment used. If the soil cover is placed in
strips or fingers, the strip footing best approximates the loads induced by the
£ill and equipment. If the fill 1s spread by heavyweight equipment uniformly
over the fill a square footing approach, simulating the bulldozer may be more

applicable.
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Figure 1
Fig. 5. Bearing capacity factor for non-homogeneous soil (synthesized from results by Davis
and Booker, and Matar and Salencon. 3¢ FROM ROWE 1)

Rowe (1) 1looked at the effect of tensile strength and modulus on stability of
embankments constructed on soft solls. He reported an increase in the net £ill
height as the geosynthetic modulus increased, approaching the perfectly rigid

case depicted above.
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These factors assume a reinforced £fill at the surface and no increase in cohesion
with depth, which is the case when soft, unconsolidated silts, dredge spolils or
tailings are the foundation soils. If the subgrade strength increases with depth
or there is a finite depth to the soil deposit, figure 1 can be used to determine
increase 1in Nc. Note that fiqure 1 is the upper limit in bearing capacity,

assuming a rigld geotextile reinforced fill.

All this assumes that the soll undrained shear strength is known. One of the
most difficult aspects of this type of geotechnical problem is determining that
strength. If tube samples are obtainable, care must be used to limit disturbance
to the sample from transportation and handling. Extremely soft soils will not
hold their shape when the sample is removed from the sampling tube. In-situ
testing 1s best suited for this soil type, usually vane shear testing. These

results should be corrected (3&4).

Fill

Geofabric Pond to be stabilized
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Proposed construction method. (a) Placement of geofabric; (b) placing of stabilizing
berms: (¢) placement of fill; (d) widening of berms )

Stabilizing berm

Fabric

Fig. 2. Stabilization of very soft clay (mud) with geotabric. Broms (2)
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One design procedure (Brohms, 2) takes into account subgrade strength,
geosynthetic strength, modulus and installation and fill placement procedures.
By inducing an wundulating shape during fill placement the geosynthetic is
stressed, purposely redistributing £ill 1loads. This procedure is directed at
fills of large aerial extents where edge fixity (anchorage) can be assured and
the fabric possesses a tensile modulus sufficient to redistribute the soil loads
and confinement conditions. This "finger" approach can be used with success in
filling soft areas where the bearing capacity is limited or questionable, The
load redistribution 1is similar to the tensioned membrane approach for geotextile
reinforced haul roads.

Applied loading
Placement of £fills over soft sites induces both a live load and a dead load on
the foundation soils. Each 1s critical and both are Interrelated. Fligqure 3

shows the 1load induced by the £111 (dead load) and by low ground pressure
equipment (live 1load). The combined or resultant curve is also shown. Note the
minimal pressure at a depth of 1.5 feet. For comparison both 4 psi and 8 psi
contact pressure have been plotted.

Usually 1low ground pressure equipment (LGP) is used for placement of the first
1ift. It 1is important to evaluate contact pressure for the equipment used. 1If
pads are attached to the tracks, with the load not properly centered, a
nonuniform contact pressure results.

EQUIPMENT :
PRESSURE (psi) FILL WEIGHT (psi) COMBINED PRESSURE (psi)
23456 0 123465¢678
11 - — e FEET
¥= 110 pcf 1 .
8 psi
= 2| 4 psi
==
=
& 3]
[an]
4.
5]

FIGURE 3. VERTICAL PRESSURE VS. DEPTH '
{ASSUMES 629 LOAD DISTRIBUTION (1:2) WITH EQUIPMENT LOADS OVER
A 10 X 10 FT. AREA)

Geosynthetic requirements

Two geotextile functions required for this type application are:
1) Separation, and 2) Reinforcement.
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Separation

Separation is required to prevent intermixing of the £ill and the foundation
solls. In this function construction survivability becomes important. The Task
Force 25 interim recommendations for high and very high survivability site
conditions (6) may be used as minimal guidelines for survivability. Although not
finalized as of this date they are a good general indicator of minimum physical
properties.

SURVIVABILITY CATEGORY GRAB BURST PUNCTURE TRAPEZOID TEAR
HIGH 180 LBS 290 PSI 75 LBS 50 LBS
VERY HIGH 270 LBS 430 PSI 110 LBS 75 LBS

To this must be added any additional requirements related to the project
conditions, dependent upon the secondary functions the fabric may be asked to
provide. Filtration is sometimes considered in £ills over soft ground, where
drainage up thru the fabric is anticipated. In that event fabric permittivity,
opening size, flow capaclty may also be specified.

Reinforcement

Geosynthetic reinforcement can add stability to £il1 11£ft heights by increasing
edge of £ill stability and as a tensioned membrane to increase ultimate bearing
capacity. Critical geosynthetic reinforcement properties are tensile strength
and tensile modulus. Wide-width strip tensile testing (ASTM D 4595) should be
specified, with the complete stress-strain curve defined. For extremely soft
sites fabric stiffness (vs drapability) can improve installatlon ease. Geotextile
seam strength must be specified, requiring prior submittal of factory and field
seams for verification testing .

Additional physical properties which may be considered are creep and durability.
Geotextile creep can be critical if long term loading is anticipated on the
geosynthetic. However, in many closure situations, the stresses are relatively
short term, in that once the site is covered and final graded, most of the
reinforcement needs have been met.

pDurability is a second consideration, one that can be important in closures of

chemical ponds. This should be investigated 1if aggressive chemicals are
anticipated in an impoundment, or 1f very high (or 1low) Ph conditions are
present. Exposure testing 1is wuseful for evaluating the resistivity of the
geosynthetic.
Construction

construction with geotextile fabrics is comprised of several steps, all important
to the finished project.

Fabrication is the combining of individual rolls of fabric to make up a full

sheet. The standard loom widths of 12ft-17ft necessitate seaming in order to
transfer load between adjacent sheets and assure reinforcement and separation
integrity. Seam strengths must be specified using wide strip tensile test

methods in order to relate seam strength to fabric strength. Overlapping of
geotextiles to provide reinforcement is ineffective and not recommended.
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Seaming 1s accomplished with both factory and field sewing. Factory sewing is
typically the combining of 2,3,or 4 rolls prior to shipment to the field.
Notable exceptions are found in the 1literature (5) where glgantic rolls were
factory sewn, rolled onto a large cylinder, then barged to the site and
installed.

Field sewing requires experience. One approach is to fabricate at one end of the
area to be covered and accordion sew a sufficient number of rolls to make up the
completed sheet. Figure 4 shows this method.

,_h‘/(:::;"GEOTEXTILE FABRICATION AREA

SLUDGE POND
(TO BE COVERED)

-

FIGURE 4. TYPICAL GEOTEXTILE CLOSURE PROJECT LAYOUT

Installation can be simple or difficult, depending on fabrication techniques and
site conditions. Polypropylene geotextiles can be easily installed on a water
filled pond by floating the fabricated sheet across (Gs .94). Polyester fabrics
will sink 1f not installed guickly (Gs 1.03).

Localized stresses induced by pulling at selected points can result in tearing of
the reinforcement during installation. More pull points are preferred
(100'spacing, maximum) providing better control over the process. Installation
should be avoided on very windy days.

Fill Placement is a critical step in the geotextile assisted soft site
stabilization process. The first or initial lift requires the most care and
attention. This is the time when overstressing of the subgrade soil is most
likely. Lightweight equipment (<6psi), uniform thin 1lifts and orxdered placement
are the keys to a successful project.

The placement proceedures outlined in Broms(2) are effective on very soft sites
and large aerial extents to develop fabric tension and load redistribution.
Other approaches are used when roadways of limited width are being constructed.
(6)
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In summary, the importance of a qood site investigation to determine the soft
soill properties cannot be overestimated. One case history to follow was less
than successful because the soft soils or sludges to be covered was not
investigated thoroughly enough.

Soil and equipment loading is important part in the closure success. Low ground
pressure equipment will reduce the applied loads.

Geosynthetic specifications must take Into account the strength properties
sufficient to withstand installation aswsell as subsequent soil loading.
Durability and longevitiy required of the geosynthetic may or may not be
critical.

Most important in soft site closure success is the method of installation. This
will affect the applied loads and the durability or survivability requirements
for the fabric.

COMPLETED PROJECTS

Three projects will be described below, each with its own unique characteristics.

Bentonite sludge pond closure

The Wyoming Department of Environmental Quality required that an obsolete
bentonite tailings pond be closed. Subgrade soils ,composed of bentonite mine
tailings, were estimated to have shear strengths of less than 100psf. The site
had a small amount of standing water ar one edge. Pond dimensions were 225 feet
by 400 feet.

The engineer specified a geotextlle with a seam strength of 300 1bs per lnch wide
width tensile strength. As well, an 18 inch wood chip cover was specified to be
placed before any soil £ill. This reduced the contact pressure at the fabric
soll interface from the four psi equipment load to approximately 3 psi.

The geotextile was fabricated on one edge of the pond and consisted of 38 12.5ft
wide rolls each 200 feet long accordion sewn. One interesting construction
development was the effect the cold temperatures had on the sewing operation.
The polypropylene geotextile supplied became very stiff at low temperatures which
slowed the sewing operation down considerably on cold days.

An anchor trench was required to be cut around the perimeter, the geotextlle
anchored and the anchorage covered with three feet of soll before closure could

proceed. The wood chips were installed using a highway snow blower, followed by
placement of the £irst 18 inch soil 1ift. Fill was placed from all four sides
toward the center. Because of the compression of the wood chips the slze and

shape of the mud wave, if present at all, could not be determined. After the
second 18 inch soil layer was placed, fiil trucks were driving directly over the
pond with no difficulty.
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Chemical Sludge Pond Closure

A chemical waste sludge pond was to be covered in the northeast. The aroma,
unsightly nature and the fact that the pond was filled to capaclty necessitated a
closure plan.

Site investigations were quite difficult, but an estimate of the sludge was
made, with strengths ranging from 0 to 50 psf. The pond had approximately 18
inches of standing water, and contained remnants from an old plastic liner placed
there some years before in an attempt to reduce the smell. Pond dimenslons were
450 £t wide and 600 £t long, running South to North.

A geotextile reinforced solution was specified and a geotextile with over 400 lbs
per inch wide width tensile strength selected. Seam strengths tested indicated a
a seam strength of approximately 300 1b per inch.

FIGURE 5. VIEW OF THE SITE SHOWING GEQTEXTILE BUBBLE

Field sewing commenced at the south edge with factory supplied rolls 12.5ft wide
and 440 ft 1long. Cables were attached to the fabric at three polnts using a C
clamp type 4x4 type arrangement and the completed panel was dragged across from
south to north.

During the pull debris from the old plastic 1liner became caught on the
geotextile, resulting In Increased drag on the fabric, resulting ln some rips and
tears. As well the sludge possessed an adhesive quality that further increased
the resistance to fabric movement. After several repositions of pull points the
pond was eventually covered. Patches the full width of the pond were installed
over the torn areas, and the placement of two feet of anchorage £1i1l around the
perimeter begqun.
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Soil placed around the perimeter to allow access onto the pond sunk down to the
dike level, with no visible increase in support noted. Fill placement resulted
in displacement of the sludge, ending in large bubbles or waves of liquid
underneath the geotextile. Although a tightly stressed fabric resulted, no fill
could be placed successfully on top of the fabric.

Discussions with plant engineers revealed the sludge to have a "quick clay"
nature to it, where although it appeared to possess shear strength, once stressed
the strength disappeared. In essence the result was not unlike trying to put a
s0il cap onto a waterbed.

The project was then covered with lightweight straw £fill 1in an attempt to
traverse the site.

predge §11t Pond cap

A dredge spoil lagoon in the Tidewater area was filled and reqguired closure. The
city elected to cap the siteusing geotextile reinforcement and turn it into a
recreation area for the 1local residents. Although irregular in shape, the
dimensions were 2000 feet long and 300-500 wide. The soil within the pond was
thought to have been deposited over the past 10-20 years, and to have reached

some degree of consolidation and strength gain. Still, soil shear strengths were
estimated at less then 100psf.

First attempts at closure resulted in about 75% of the site being capped. The
remaining 25% was rebid as a different contract. Problems with geotextile seam

strength during the first installation resulted in close attention being paid to
the field sewing operation.
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FIGURE 6. FABRICATED GEOTEXTILE PANEL BEING PULLED ACROSS SOFT AREA
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The geotextile selected was a stitchbonded composite, a very stiff material which
possessed a minimum wide width tensile strength of 440 (warp) by 400 (€i111) 1bs.
per inch. Seams were sewn using Kevlar thread, two stitch lines in a "j" seam.
Tested seam strengths were in excess of 300 lbs. per inch. Rolls shipped to the
project slte were of varying 1lengths, allowing the contractor to construct a
custom pattern panel to f£it the irregular shape of the area to be capped. Sewlng
of the 18000 SY panel required about one week.

Installation was accomplished early in the morning before winds picked up, using
four cranes 1lifting the geotextile at equally spaced intervals. Placement took
about 20 minutes once everything was ready. The stretching and smoothing out of
wrinkles required another 2 hours. The fill was then brought onto the site and
placement commenced, from the two sides toward the center, which was the weakest
soil area.

The £filling procedure outlined by Broms (2) was used with such success. This
"fingers of £ill" placement approach resulted in an increase in the stability of
the filled areas, expediting £ill placement.

CONCLUSIONS

Geotextiles can by beneficlal in the closures of soft sites. The success depends
on a reasonable assessment of the subgrade shear strength, with £111 height and
placement determined so as not to exceed the ultimate bearing capacity. Wwhen
insufficient bearing capacity 1is avallable, a procedure utilizing a forced
undulating shape can be implemented, with selection of the appropriate geotextile
strength and modulus coupled with the £111 placement approach.

Fabrication of the panels requires preplanning to orxder proper length rolls, and
to specify factory sewing. Fleld sewing 1s subject to the elements, with cold
and wet conditionshampering sewing progress. Installation ls a critical part of
the construction process, with the potential to damage the fabric if proper
technliques are not utilized.

Fill placement, especially for the £first few lifts, should be performed using
lightweight, low ground pressure equipment ro reduce the 1load at the
fabric/subgrade interface. Light weight £1il1] is sometimes used to reduce the
soil surcharge loads.

The geotextiles used in these projects were stitchbonded composites, manufactured
by Exxon Chemical Company.
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A Functional Approach to the Design of Geotextiles

Summary

The number of application including the use of geotextiles is important and still
increasing. However, the existing design methods are not applicable to all cases,
but are rather limited to well specified fields. To fill up this gap, an approach
of designing geoxtextiles by functions is proposed. It first concerns a quantita-
tive procedure which leads to the choice of the best appropriate family of geotex-
tiles for a given application. This functional approach is then extended in order
to try to quantify the required characteristics of the geotextile and to be able
to choose the appropriate geotextile. Finally, this approach should consider all
aspects of the design of a geotextile (function, installation, long term behaviour,
economy, ...) and thus become what could be called a global procedure for designing
geotextiles.

1. INTRODUCTION

The design of civil engineering structures is often complex, particularly in the
case of new techniques such as geotextiles.

Objective design rules for geotextiles are practically non-existent, for in most
cases they are influenced by their promoter.

* In his instructions for use, a geotextile manufacturer tends to promote the
properties and characteristics of his own product, an often minimises those of
his competitors.

* A consulting engineer justifies his calculations by reference to traditional
theories which are often ill-adapted to a new technique.

* The client proposes design methods which give precedence mainly to the safety of
the structure, and consequently the geotextile is over-designed.

* The contractor is chiefly concerned with the economic aspect, with the result that
the geotextile may be under-designed.

To avoid the user having to interpret the various design methods himgelf, a simple,
global approach is proposed here, that enables the design rules of geotextiles to
be justified objectively.
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2. EXISTING CONCEPTS FOR DESIGNING GEOTEXTILES

2.1, Analytical method

This type of design rests on laws of behaviour and interaction established in the
laboratory and which are based on simplifying assumptions. The surrounding medium
is assumed to be homogeneous, and all the parameters introduced into the model
calculus are representative of a continuous medium.

In order to remain realistic, the model has to be adjusted and the limits of its
validity must be defined.

It should be noted that in an analytic approach, the aspects of installation and
long term behaviour are considered only in terms of arbitrarily defined factors of
safety.

2.2. Empirical method

The empirical method is based essentially on experience, which, if it is to be
applicable to all cases, must embrace a large number of representative results.
The normative approach is derived from such a method.

It should be pointed out that standards or specifications of use are applicable in
a context which takes local traditions and particularities into account. It is
therefore always risky to simply transpose standards or specifications.

2.3. Pragmatic method

Pragmatism is based on general observation in the broadest sense, taking both
technical and economic aspects into account. This approach is close to the functio-
nal concept which shall be presented here.

The recommendations and directives for use are issued from such an approach. The
purpose- of recommandations is to reveal all the major or secondary parameters
which may have an effect on the design and to express how they may vary. They tell
the engineer what appears to be the best line to follow, in order to solve his
particular problem.

3. THE FUNCTIONAL APPROACH

3.1. Principle of the approach

To arrive at a generally applicable approach, the various major or secondary para-
meters must be related together and their interactions established. Therefore, the
extent and limits of a "Geotextile/Structure" system, has to be defined. This
system is then divided into two subsystems, in order to evaluate :

- on one hand the characteristics specific to the geotextile;
- on the other hand the characteristics required by the type of application.

The only way of establishing and combining the two subsystems is via the functions
of geotextiles, namely drainage, separation, filtration, reinforcement, protection,
containment,
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The evaluation of the functional requirements of the application of the geotextile
in a structure, compared with the functional potentiality of the different families
of geotextiles available on the market, makes it possible to arrive at an optimal
structural design.

3.2. The qualitative approach (1)

In an initial stage, the functional potentiality of the geotextile is defined
(drain, filter, etc.). After identifying the characteristics of the geotextile, it
is possible to establish a relationship between these ones and the functions and
subsequently a hierarchy (Table I of figure 1).

In a second stage, the functional requirements specific to a given application in
a structure are defined. These requirements will differ according to the appli-
cation.

These functions are then hierarchized in terms of their degree of importance. 100 %
is assigned to the principal function or functions. (Table II of figure 1).

In a third stage, the combination of the two preceeding tables (table III of figure
1), taking into account the importance of the functions and assigning a weighting
factor to the characteristics related to the functions (a to g in table I of figure
1), makes it possible to determine, in graphic form, the profile of the optimal
characteristics of the geotextile for the given application. (Table IV of figure
1).

This profile may then be compared to the corresponding profile of the various
families of geotextiles (woven, nonwoven, grids), from which the best appropriate
family can be choosen for the given application.

3.3. The quantitative approach

The quantitative approach has as objective the determination of the required charac-
teristics of the geotextile (it means then not only for a family of geotextiles
and not any more in form of a profile as previously) for a given application. It
tries to translate the existing experience in order to quantify the characteristics
of the geotextile.

A first approach of this design method has been carried out for site roads. A
study of the existing documents lead to discern six different cases frequently
encountered on sites. The features of these cases are detailed in figure 2 (cases
I to VI).

A requirement level for the geotextile has been associated to each of the six cases.
These requirements increase from case I to case VI. They are the expression of the
level of sollicitation, that the geotextile has to sustain.

On one hand, a ponderation similar to the one used for the qualitative approach
has been defined for the six cases. This ponderation expresses the level of perfor-
mance required from each function of the geotextile. The combination of the impor-
tance of the functions and of the importance of the characteristics related to the
functions allows to define a resulting functional weight factor for the application.
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Drain | Filter Separ. | Reinf. | Protect.| Contain.
Thickness a e c f
Compressibility g d e g
Permittivity c b d c
g—>»2a
Transmissivity a f e . .
— increasing
App- opening size b #* importance
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Stiffness g a g
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n Application : importance of functions
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Drain Filter | Separ. | Reinf. | Protect.| Contain,
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60 // Z -
40 '/////Z
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21T 77
NSNS
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* Apply a filter criteria
i v

o Application : importance of characteristics per function Application
Characteristics - - - - - T Ay e ey
Drain | Filter | Separ. | Reinf. | Protect.|Contain. of Characieriolegriance
Thickness 0.05a | 0O.6e [0 0.05a + 0.6e
Compressibility 0.05g 0.6d = l‘— 0.05g + 0.6d
permittivity | 0.05¢ | 0.6b d |l S ae s
Transmissivity 0.05a 06 f 0.05a +06f
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Stiffness g 0.4a = g+ 0.4a
Hongation “a | o4t I 2404t

" Tear d o4d | | }—= d»04d

Puncture E_ i _0.4 c [ ;-_“__ &= "m"b +04¢
Friction 04b - 04b
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Figure 1. The quantitative approach to the design of geotextiles by functions.
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Figure 2. From the qualitative to the quantitative approach to the design of geotextiles by functions.
Example : site roads.
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On the other hand, the six cases have been analysed through the recommandations of
the French Committee on Geotextiles and Geomembranes (C.F.G.G.) (2) and the recom-
mandations of the Swiss Association of Geotextile Professionnals (A.S.P.G.) (3).
This study permitted to refine the required characteristics of the geotextile
(rupture strength, elongation, permeability,...).

Finally, a diagram was drawn, which associates the qualitative to the quantitative
approach as can be seen on figure 2. At each case I to VI is associated a functional
weight factor to which corresponds a required value for a given characteristic of
the geotextile (i.e. rupture strength).

The user has to situate his application in comparison with the six reference cases.
He thereby fixes the importance level of the different functions and gets conse-
quently the required characteristics of the geotextile. Figure 2 shows that for a
site road corresponding to case IV, the rupture strength recommanded by the C.F.G.G.
will be of about 20 kN/m.

3.4. The global approach to the design of geotextiles by functions and the involved
paramaters

The final goal of a design approach as presented in the preceeding chapters is to
have at disposal a design method, which not only takes into account the functional
parameters, but also other parameters, in other words to become a global design
method. It is indeed not conceivable to develop a rigorous method (it means where
all parameters could be calculated), which considers parameters as various as the
ones involved in the choice of a geotextile. Then, the functional approach repre-
sents, in its extension, an interesting solution, as it may consider quantitative
as well as qualitative criteria in the determination of the required characteristics
of the geotextile in its application. The requirements related to the long term
behaviour of the geotextile may also be considered.

Figure 3 shows how the various parameters can be taken into account in the global
approach. As can be seen, the choice of the appropriate geotextile passes on one
hand through the setting up or the application of qualitative and quantitative
criteria and by requirements related to the raw material or the manufactured pro-
duct. On the other hand, standards or specifications (that might be revealed as
being too conservative or too restrictive by such a global procedure), as well as
the economical parameters, act as "filters".

4. CONCLUSION

Up to now, the methods of designing geotextiles applied to well specified fiels.
It has been tried to develop a functional approach being first qualitative, and
then quantitative in order to be able to choose among the various families and
products the best appropriate geotextile for a given application. In its extension,
this approach may allow to consider not only the functional parameters, but also
other parameters involved in the design of geotextiles in a structure.
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Figure 3. The parameters in the global approach to the design of geotextiles by functions.
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Foundation on Sand Underlain by Soft Clay with Geotextile at Sand-Clay
Interface

SUMMARY

Laboratory model test results for the ultimate bearing capacity of
strip and square shallow foundations supported by a compact sand layer
underlain by a soft clay with and without a geotextile at the sand-
clay interface have been presented. The bearing capacity increase due
to the use of a geotextile at the interface has been expressed in term
terms of nondimensional bearing capacity ratio.

INTRODUCTION

Shallow foundations constructed over soft clay soil possess low ulti-
mate and allowable bearing capacities and experience Targe elastic
settlement. One method of improving the load-bearing capacity and re-
ducing the settlement of the foundation is to use a compact granular
fi11 material over the soft clay. Relatively few studies, theoretical
and/or experimental, are presently available in literature relating to
the estimation of the ultimate bearing capacity of shallow foundations
on a compact sand layer overlain by a soft clay at a shallow depth.

Of those available, the work of Meyerhof and Hanna (8) appears to be
the most rational one.

During the last fifteen years several studies relating to the estima-
tion of the ultimate bearing capacity of shallow foundations supported
by soils with reinforcements have been published. Binquet and Lee (2)

and Fragaszy and Lawton (5) used multilayers of household aluminum
foil as reinforcement in sand for determination of the bearing capa-

city of model strip foundations. Akinmusuru and Akinbolande (1) used
multilayers of rope in sand under square foundations for their labora-
tory model tests. Guido et al. (6) have published the results of
their model tests for bearing capacity of square foundations supported
on sand with multilayer geogrid reinforcement. Ingold and Miller (7)
studied the behavior of strip footings in clay with geogrid reinforce-
ment. Based on the above studies, it appears that the beneficial ef-
fects in the performance of a shallow foundation on a compact sand
layer underlain by a soft clay can be further improved by inclusion of
a layer of geotextile at the sand-clay interface as shown in Fig. 1,
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Fig. 1. Foundation on a compact sand layer underlain by a

soft clay with geotextile at the sand-clay interface

The purpose of the present paper is to present some recent laboratory
model test results for a strip and a square foundation on a sand layer
overlain by a soft clay with and without the inclusion of a geotextile
at the sand-clay interface. For comparison purposes, it appears ne-
cessary to present a brief overview of the ultimate bearing capacity
relationship as obtained by Meyerhof and Hanna (8) for foundations on
lTayered soil without the use of geotextile at the sand-clay interface.
This is done in the following section.

BEARING CAPACITY THEORY--COMPACT SAND UNDERLAIN BY
SOFT CLAY WITHOUT GEOTEXTILE INTERFACE

Figure 2 shows the basic assumptions of failure surface in soil as sug-
gested by Meyerhof and Hanna (8). When the distance H between the

. -

.

8

5

e
e

RS BRI = S Bx| Df A
Compact Compact
sand H l _/ i sand
|
A R IR . oy~ 4
e Nt PR et Ve T AT LSl | H
| 4
L -
TR R T L
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H/B ratio

Fig. 2. Failure mode in soil under a foundation at ultimate
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bottom of the foundation and the sand-clay interface is relatively
small compared to the foundation width B, failure will take place by
punching in the sand layer followed by a general shear failure in the
underlying clay layer as shown in the left-hand side cf Fig. 2. For
larger H/B ratios the failure surface in soil will be entirely con-
tained in the sand layer as shown in the right-hand side of Fig. 2.

According to Meyerhof and Hanna (8) for rectangular foundations

B B 2Df tanq)S

= D = 2 S __
qy = (140,270 No (g gy H(IH) v HE(T+ ) K (5= )y D < g

(1)

S

where g, =ultimate bearing capacity; B=foundation width; L=foundation
length; c,=undrained cohesion of clay layer; Nc§¢=o)=bearing capacity
factor for clay with ¢=0 (undrained condition)=5.14; vyg=unit weight of
sand; Df=depth of embedment of the foundation; Kg=punching shear coef-
ficient; ¢g=friction angle of sand; and qg=ultimate bearing capacity
when H/B is relatively large (i.e. when the failure surface is entirely
located in sand as shown in the right-hand side of Fig. 2), which can
be expressed as

. Ll(1-0.48
qs -—2-(1 0.4L)'YSBN,Y(S)+'YSDqu(S) (2)

where N s? and Nq(s) are the bearing capacity factors which correspond
to the soil friction angle ¢g.

The punching shear coefficient Kg is a function of ¢g5 and the ratio of
[cuNc(¢=0)1/10.5ygNy(s)]. For sirip foundations B/L=0, so

5.14c +y H2(1+20f)k (Lot
=5, +—
a, CytYH2 (L) K (2D +y D < 067 BNy +Y DNy (3)
Similarly, for square foundations B/L=1, and
) 2Df tan¢s
=6.168c + He(1+ K +v D 0.5y BN +y D _N 4
q, = 6.168c +2y H2(1+—)K (—5—)*+y Do < 0.5y BN +y DN ) (4)

LABORATORY MODEL TESTS

The model foundation used for the laboratory tests had dimensions of
76.2 mm x 304.8 mm (for strip foundation tests) and 76.2 mm x 76.2 mm
(for square foundation tests). Thus the width B of each foundation
was kept at 76.2 mm. These model foundations were made from an
aluminum plate 9.53 mm thick.

The tests on the strip foundation were conducted in a box measuring
915 mm (length) x 304.8 mm (width) x 762 mm (height), and the square
foundation was tested in a box measuring 915 mm (length) x 915 mm
(width) x762 mm (height). The sides of the box were heavily braced to
avoid lateral yielding. 205
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A polypropylene needlepunched nonwoven geotextile was used for the
present tests. According to the manufacturer's data, the average grab
tensile strength, grab elongation, burst strength, trapezoidal tear
strength, and puncture resistance were, respectively, 534 N, 50%, 1448
kN/m2, 200 N, and 289 N.

The sand used for the model tests had 98% passing No. 10 U.S. sieve,
72% passing No. 40 U.S. sieve, and 0% passing No. 200 U.S. sieve., The
clay used for the tests had 61% passing No. 200 U.S. sieve, with a
liquid 1imit of 34% and a plasticity index of 21%. The pulverized
clay soil was mixed with the required amount of water and stored in
several sealed plastic bags in a moist curing room before use.

For conducting a test, the moist clay soil was compacted in the test
box in 50.8 to 76.2 mm layers up to the desired height and unit weight
using a flat-bottomed rammer. After compaction, if required, the geo-
textile was placed over the compacted clay Tayer. Sand was then

poured into the box and compacted in 25.4 to 50.8 mm layers. At the
end of sand compaction, the model foundation was placed centrally in
the box. Load on the model foundation was applied by a hydraulic jack.
The settlement of the foundation was measured by a dial gauge. Sche-
matic diagrams of the test arrangements are shown in Fig. 3. The se-
quence of the model tests and the numerical values of the average soil
parameters are given in Table 1. Results of some of the tests reported
herein on strip foundations are also available in the works of Das (4).

MODEL TEST RESULTS

Figure 4 shows typical load per unit area on the foundation (g) vs.
displacement plots obtained from Test Series 2. The ultimate bearing
capacity (qy) is determined from the load-displacement diagrams in
the manner described by Vesic (g). The ultimate loads are also shown
in Fig. 4. The load-displacement diagrams for all test series showed
a similar configuration.

Figure 5 shows the plot of qy vs. H/B for Test Series 1 and 2 in which
a geotextile was not used at the interface of the sand-clay layer. As
expected for each test series the qy value increased with H/B up to a
maximum value and remained constant thereafter beyond(H/B)>(H/B)., at
which qy becomes equal to qg. Also plotted in this fiqure is theoret-
ical variation of q, as predicted by the Meyerhof and Hanna theory (8).
In predicting the tﬁeoretica] variation, the values of the bearing ca-
pacity factors Nqg(s) and Ny(s) proposed by Caquot and Kerisel (3) have
been used. The agréeement between the theory and experiment is rela-
tively good.

The ultimate bearing capacity qy obtained from Test Series 3 and 4 are
shown in Fig. 6 as a function of H/B. These tests were conducted with
a geotextile at the sand-clay interface. For any given test series,
the magnitude of quy increases with H/B up to a maximum value, and with
further increase of H/B it reduces to a relatively constant value.
The.1nterpretation of the ultimate bearing capacity obtained from Test
Series 1 and 3 and 2 and 4 can be done in the following manner

u = ql+q2+q3 206 (5)
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Fig. 3. Schematic diagram of laboratory test arrangement

where qy=ultimate bearing capacity with geotextile interface at a
given H/B value; gp=ultimate bearing capacity at H/B=0; gp=increase
of ultimate bearing capacity due to the sand layer of thickness H
only; qgz=increase of ultimate bearing capacity due only to the inclu-
sion of the geotextile.

The explanations of q,, 97, Q2» and g3 are schematically shown in Fig.
7. Equation (5) can ge written in a nondimensional form of bearing
capacity ratio (2) as

O

_oJu_
BCR = 47 1+A(BCR) *+A(BCR) ¢ (6)

where BCR=bearing capacity ratio; A(BCR)S=contirubtion of the sand
Jayer of thickness H to the bearing capaCity ratio; and A(BCR)G=

contribution of the geotextile to the bearing capacity ratio.
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TABLE 1
SEQUENCE OF MODEL TESTS AND AVERAGE SOIL PARAMETERS

TEST SEQUENCE

Test
series Test details

1 Strip foundation tests without geotextile at sand-
clay interface. D¢/B=0.5; H/B=0, 0.25, 0.5, 1.0,
1.5, 2.0, 2.5 and 3.0.

2 Square foundation tests without geotextile at
sand-clay interface. Dg/B=0.5; H/B=0, 0.25, 0.5,
0.75, 1.0, 1.5 and 2.0, _

3 Strip foundation tests with geotextile at sand-
clay interface. D¢/B=0.5; H/B=0.25, 0.5, 0.75,
1.0, 1.25, 1.5, 2.0, 2.5 and 3.0; B'/B=10

4 Square foundation tests with geotextile at sand-
clay interface. Df/B=0.5; H/B=0.2, 0.4, 0.6, 0.75,
1.0, 1.5 and 2.0. B'/B=10.

5 Strip foundation tests with geotextile at sand-
clay interface. D¢/B=0.5; H/B=0.75; B'/B=2, 3,
4, 5, 6 and 8.

6 Square foundation tests with geotextile at sand-
clay interface. D¢/B=0.5; H/B=0.6; B'/B=2, 3, 4,
6 and 8.

NOTE: B'=width of geotextile

AVERAGE SOIL PARAMETERS

CLAY: Moist unit weight, yc=20.12 kN/m3; cy=14 kN/m?2
(from undrained triaxial test); moisture content
=21%; degree of saturation=95%

SAND: Unit weight, yg=17.01 kN/m?3; $s=43.5° (determined
from direct shear tests)
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Fig. 7. Explanation of notations given in Eq. (5)

Using Eq. (6) and the average experimental plots shown in Figs. 5 and
6, the variations of A(BCR)s and A(BCR)g have been calculated and are
shown in Fig. 8(a) and (b). From this figure it may be seen that
A(BCR)g (i.e. theinfluence of the geotextile on the ultimate bearing
capacity) becomes practically equal to zero at H/B=1.5 for strip foun-
dations and at H/B=1 for square foundations.

Figure 9 shows the variation of BCR=1+A(BCR)s and BCR=1+A(BCR)g+A(BCR)g
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without geotextile at sand-clay interface
(Test Series 1, 2, 3 and 4)
based on the average experimental plots given in Figs. 5 and 6. From

this figure, the following observations can be made:
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1. For strip foundations, the ratio of the maximum bearing capacity
ratio with geotextile at the interface to that without geotex-
tile can be given as

[1+A(BCR)S+A(BCR)
[1+A(BCR)

(BCR)
(BCR)

max-with geotextile 6 max ~ 1.08

max-without geotextile S]max

2. For square foundations

(BCR)
(BCR)

max-with geotextile ~ 1.24
max-without geotextile

3. The maximum value of (BCR)pax with geotextile at the interface
occurs at H/B=(H/B)cpr-g, and the maximum value of (BCR)pax with-
out geotextile use occurs at H/B=(H/B)cpr. The ratio of
(H/B)cr-g/(H/B)cr is about 2 for strip and square foundations.

4. The magnitude of (H/B)cp-g decreases from about 0.75 for strip
foundations to about 0.5 for square foundations.

GPTIMUM WIDTH OF GEOTEXTILE

Test Series 5 and 6 were conducted to detrmine the optimum width B' of
the geotextile. Results of these tests are shown in Fig. 10. From
these results it can be seen that, for a given foundation, the magni-
tude of qy increases with B'/B up to a maximum value and remains prac-
tically constant thereafter. The minimum value of B'/B at which the

250 i ,J—-\__ .| J A

~ .‘~__ _____ _—-—--_
/
hog IX Test Series 5
s Strip foundation--H/B=0.75;
200 b= S Df/B=0.5 .
. ¢
&
~
=
z K
3 R EOPE— ﬁ
o 150 ’ Test Series 6 -
A Square foundation--
/ H/B=0.6; Df/B=O.5
!
/
100 1 | | |
0 2 4 6 8 10
B'/B

Fig. 10. Variation of q, Vs. B'/B (Test Series 5 and 6)
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maximum value of q, is derived is equal to about 3 for square founda-
tions and about 4 for strip foundations.

CONCLUSIONS

A number of laboratory model test results for the bearing capacity of
strip and square foundations on a compact sand layer underlain by a
soft clay layer have been presented. Based on these tests, the fol-
lowing conclusions can be drawn:

.

The maximum bearing capacity ratio of a foundation increases
with the use of geotextile at the sand-clay interface. For the
present tests, the increase is about 24% for square foundations
and it decreases to about 8% for strip foundations.

With the use of goetextile, the critical value of the H/B ratio
at which the maximum bearing capacity ratio occurs is about 0.75
for strip foundations and about 0.5 for square foundations.
These values of H/B are about half of those obtained when a geo-
textile was not used at the interface.

The optimum width of the geotextile layer for deriving the maxi-
mum possible bearing capacity ratio is about 4B for strip foun-
dations and 3B for square foundations.

The increase of the bearing capacity ratio obtained by using a
geotextile at the sand-clay interface may also be a function of
the tensile strength of the geotextile itself. For the present
tests only one type of geotextile was used; hence, further tests
are required to develop a parametric model.
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A Comparison of Texturized and Non-Texturized GEOWEB-Reinforced
Earth Slabs

SYNOPSIS

GEOWEB-reinforcement is a three-dimensionsl grid (cell)
confinement system; where grid confinement decreases lateral
movement of the soil particles when loaded, thus increasing
both stability and load carrying ability of low quality soils,
e.g., loose sands and clay backfill material. A comparison of
the results of laboratory model plate loading tests using both
untexturized and texturized GEOWEB-reinforcement is presented
herein. The model plate loading tests were used to study the
load bearing capacity and settlement characteristics of GEOWEB-
reinforced earth slabs. Five parameters were investigated:
texturization of the GEOWEB material, expressed in terms of the
root-mean-square (RMS), the number of layers of GEOWEB-
reinforcement, the depth below the plate to the top of the
first layer of GEOWEB-reinforcement, the size of the GEOWEB-
reinforcement, and the relative density of the soil. For all
parameters investigated the texturized GEOWEB-reinforcement
performed substantially better than the untexturized GEOWEB-
reinforcement, always yielding higher load bearing capacities
and lower settlements than those for the earth slab reinforced
with untexturized GEOWEB material. In general, the maximum
load bearing capacity increases (180%) and settlement
reductions (87%), due to the placement of GEOWEB-reinforcement
in the earth slab, occurred with the texturized GEOWEB
material. The maximum increase in load bearing capacity and
reduction in settlement due to texturization of the GEOWEB
material were 130% and 42%, respectively.

GEOWEB GRID CONFINEMENT SYSTEM

At present, the GEOWEB grid (cell) confinement system is
manufactured with an untexturized GEOWEB material. As will be
reported herein, texturization is a definite improvement that
should be considered. After extensive testing at the U.S. Army
Engineer Waterways Experiment Station (WES) Vicksburg, MI, it
was found that axisymmetric cell shapes worked best while
plastic materials proved to be durable, inex