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USE OF GEOTEXTILE FOR  FOUNDATION IMPROVEMENT 

Ramanuja Chari  Kannan, P.E., R.  C.  Kannan & Associates, Inc. 
Unites  States  of America 

ABSTRACT 

Light  commercial  and  industrial  buildings  in  Florida  are  normally  supported  on  spread 
footings. If  an  unsuitable soil condition such as  organic  matter  or  debris is encountered,  piles  or 
mat foundations are used. However, for low-rise  buildings it is not  economical  and feasible. 
Removal and  replacement  of  the  unsuitable  soil  is as expensive as using a piled  foundation 
system for small structures. However,  by  using a layer of geotextile,  site  preparation  could  be 
achieved  at a reasonable cost. 

In  the two case  histories  reported  in this paper, a layer of  geotextile  provided  economical 
alternative to excessive  excavation  and  backfilling. In one  case organic material  was 
encountered  and in the other,  construction  debris  was  encountered. Use of geotextile  reduced  the 
amount of  excavation  required,  reduced  the amount of  dewatering  required  and  helped  cut  both 
the  cost  and  time  required to complete  the  site  preparation  work.  The  buildings  have  performed 
well. The  use  of  geotextiles  in  cases  such  as  these will provide  both  economic  and  structural 
benefits. 

INTRODUCTION 

Geotextiles  have  been  used  in  pavements  as a structural  element  for  load  distribution  and soil 
separation. However in case of  buildings, the use  of  geotextiles  have  not found a similar  load 
distribution  application.  Foundation design for  ground-supported  buildings is based  on  bearing 
capacity  and  settlement  calculation.  Theoretical analysis is available for layered  systems 
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involving sandy  and clayey soils. However, when  highly compressible organic matter or highly 
non-homogenous debris is encountered, analysis becomes a complicated issue. In the case of 
organic soils, practically no theoretical analysis exists. In the case of non-homogenous materials 
such as construction debris, landfills, etc. in-situ load tests have been found more appropriate 
than theoretical analysis. Unlike foundation design for buildings, extensive use of geotextiles 
has produced empirical methods of analysis based on measured performance for the design of 
pavements, reinforced earth systems and slope stabilization. Theoretical analysis has also been 
made possible by the use of limit-equilibrium methods. Design procedures are simplified by 
combining the theoretical concepts and experience gained from full-scale field performance 
tests. 

Geotextiles have been successfully used  in  road construction, slope stabilization and  in earth- 
reinforced retaining walls. The methods of design suggested are based  on performance tests. In 
foundation design however, the use of geotextiles has not gained wide acceptance. One of  the 
reasons for this is the fact that full-scale load tests have not  been feasible in the case of 
buildings. The other factor is that scale effects that are applicable to roads may  not  be applicable 
to buildings. This paper lists two case histories where geotextiles have been successfully used to 
provide adequate foundation support in difficult site conditions. 

In the two case histories described in this report, geotextiles were used  primarily as a 
structural element to aid in  load distribution. A geotextile layer was introduced as a stratum of 
high-tensile strength material that will help reduce the stresses and therefore the deflections in 
the underlying strata. Yamauchi  and Kitamori (1985) recommended a method  of analysis to 
estimate the bearing capacity of such foundation systems. We also used classical bearing 
capacity analysis (Terzaghi, 1943) to estimate the bearing capacity of the prepared foundation 
soils and Schmertmann's method (1970) for settlement analysis. In both methods of bearing 
capacity estimation, the critical factor is the thickness of sand layer over the fabric. We therefore 
designed the thickness of the sand layer such that the stress increment at the depth where the 
fabric was placed was less than 10% of the loading intensity of the footings. In one of the two 
cases described, a single-story commercial building was constructed on a site where peat was 
encountered at a shallow depth below the foundation. The unknown behavior of organic soils 
and the high water table conditions were the limiting factors in this design. In the second case, 
construction debris was found. Using a layer of geotextile helped prevent excessive removal of 
debris that  had  been  dumped perhaps 30 years ago. The  unknown nature, depth and extent of 
buried debris presented a problem, which was essentially overcome by using a layer of 
geotextile to provide separation and  load distribution for two-story residential buildings. The 
geotextile fabric was also used  in both cases to separate the unsuitable soils from the foundation 
soils. 

In the two cases discussed, the structures are light and the use of other methods of deep 
foundations to circumvent the unsuitable soils were expensive. The use of a woven  high density 
polyethylene fabric was the best solution in  both cases. In structures of this type in  sand, 
settlement problems normally appear as step cracks within one to six months of completion. In 
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the cases described here, no cracks have appeared for over four years. The use of geotextiles in 
foundation design is therefore open for further study, analysis and wider use. There may also be 
other applications such as reducing the swell potential, which should be investigated. 

CASE  HISTORY ONE: FOUNDATIONS OVER ORGANIC SOILS 

The maintenance building for Eckerd College in St. Petersburg, Florida was proposed to be 
located on a site close to the waters of Tampa  Bay and adjacent to a large pond. The building 
was a single-story structure, with a concrete masonry block office building attached to a steel- 
framed workshop building. The loading intensity  from the load  bearing walls was not 
anticipated to exceed 4 kN/m. Subsurface exploration conducted before the construction began 
showed a layer of organic soils. These soils ranged  from  sand  mixed with fibrous organic matter 
to a layer of peat at three of the five test pits dug within the building footprint. The organic 
material was located at a depth between of 1.2 m to  1.8 m below the ground level. The thickness 
of the organic material ranged  from about 25 mm to 600 mm. This was a peat-like material 
mixed with sand and the organic content determined by ASTM D2974-87 test method was 18 to 
23%. The soil profile used  in the engineering analysis is shown in the table below. 

Table 1. Soil Properties of subsurface soils 

Depth 

23 to 27 15.5 + 0.3 Poorly  graded  SAND (SP) 1 to 1.2 Ground 

friction angle Yd in kN/m3 (m) From (m) 
Estimated  Dry  unit weight Soil Description Depth to 

@ effective degrees 

and  Fill materials 

{Encountered to 3 m depth at 
some locations) 

Dark brown 

1.2 Not applicable 13.5 + 0.4 Muck  and Peat (Pt) 1.8 

1.8 

23 to 26 15.5 + 0.3 Poorly graded SAND with 6.1  5.2 

22 to  25 1 5.8 + 0.3 Poorly graded SAND (SP), 5.2 2.3 

22 to  25 15.8 + 0.4 Poorly graded SAND (SP), 2.3 

gray 

SILT (SP-SM) 

I 

Prior to construction, it was decided that the organic soils should be  completely  removed 
where they were encountered and replaced with clean granular soils. When construction began, 
it was noticed that the muck  and  peat were present under the entire footprint of the building. The 
water table was at 1.2 m below the surface and the organic matter was encountered just below 
the water table. As the original intention was to remove the organic soils, dewatering the 
excavation was attempted. However, unexpected  heavy rains and the proximity of the large 
bodies of water made dewatering practically impossible. With difficulty and working between 
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drier days, the contractor was able to excavate to a depth of about 2.4 m. Without a cut-off wall 
or the use of a sheet pile wall the dewatering and excavation could not be continued. Besides, 
there was no assurance that the adjacent detention ponds could be maintained during further 
dewatering. 

After discussing and evaluating other possible alternatives such as deep foundations, two 
options that were economically feasible were left. The first option was to redesign the building 
to be supported on a post-tensioned mat  and the second alternative was to use a layer of 
geotextile as stabilizing layer. A number of factors contributed in favor of trying geotextile, 
which  included the light structural loads, the need to complete the building on time, the delays 
associated with the re-design, bidding and finding a specialty contractor with post-tensioning 
experience and of course, the cost escalation. The solution recommended was as follows. 

With the excavation already 2.4 m deep and  more rains expected, the first  priority  was to 
backfill  to an elevation above the water table. We recommended that at least 600 mm of 
granular fill be placed  at the bottom of the excavation and compacted with a vibratory tamper. A 
layer of geotextile was then to be  laid on the compacted surface. The geotextile recommended 
was a woven high-density polyethylene 0.75 mm thick. The minimum  material properties 
specified were 25.4 x 28.0 kN/mWide Width Tensile Strength (ASTM D4595), Grab Tensile 
Strength of 1 110 N, Mullen Burst Strength of 3445 kPa. Elongation was not specified, as it was 
estimated to be nominal (under 5%). Granular fill was then to be placed  in 300 mm thick lifts 
and  compacted to a minimum of 98% of the modified Proctor maximum  density  (AASHTO T- 
180.) The total thickness of the fill from the fabric layer to the finished floor elevation was about 
2.4 m. The  bottom of  the footings was 600 mm below the finished floor and hence the footings 
were placed at or near the existing ground surface. With this arrangement, the stresses at the 
fabric elevation were estimated to be less than 0.4 kN/m2 and hence the underlying organic soils 
are stressed to lesser levels. As the organic soils are always expected to be below the water 
table, no significant volume changes were expected. Estimated settlements for the structure were 
15 to 20 mm. 

Since the structure was completed in early 1998, it has performed well. Though settlement 
has  not  been measured, the building was observed at six-month intervals for two years and no 
settlement cracks have been noticed. As the workshop part of the building is steel-framed 
structure, it was considered feasible that minor settlements could be adjusted. But that has not 
been necessary. 

CASE  HISTORY TWO: FOUNDATIONS OVER DEBRIS 

Sun City Center is a retirement community in Hillsborough County, Florida, about 40 km 
south of Tampa. Development began in the late sixties and has continued since then. When the 
earliest developers arrived, there were no facilities other than a river located about 10 km south 
of the area. The site was primarily agricultural land  and a watershed for the Little Manatee 
River. Our client, who  is developer of retirement communities, began developing a 47-hectare 
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parcel  in 1988. The site was believed to be virgin land except for a 4-hectare parcel that was 
used  in the seventies as staging area for the construction of other housing developments in the 
vicinity. The  initial phases of construction, which included a golf course, went on smoothly for 
the first three years. When development began on one of the sub-parcels adjacent to an existing 
housing in 1990, we discovered buried debris, consisting mostly of construction debris within an 
area 200 m wide, 100 m long and extending from 1 to about 5 m deep. The surface cover was 
barely 300 mm thick and the debris included such items like water heaters, piles cut off, 
concrete washout from trucks, pieces of lumber, plastic wraps, steel cables and reinforcement 
bars to name a few. Obviously one of the earlier developers had discovered an ideal source of 
fill and a landfill very conveniently located. Fortunately, the debris was non-toxic, but its 
removal was not economically feasible. Two story apartment buildings were slated for 
construction in this area. Driving piles was impractical because of the nature of the debris. 

Based  an elastic settlement analysis (Schmertmann, 1970), it was decided that the buildings 
could  be supported on spread footings provided that a uniform, compacted stratum at least 2 m 
thick could  be created below the foundation elevation. It was decided therefore that a partial 
removal  of the debris would  be attempted and a layer of geotextile will  be  used to separate the 
debris-laden soil  from the prepared foundation soils. The subsurface soil conditions showed that 
excellent fill material will be available from the excavation of detention ponds at the site and the 
excavated debris could  be  disposed at  site. This was the most economical solution. 

The  use  of geotextile in this case permitted the design of shallow spread footings for the 
buildings. The  only other alternative was to abandon the site and move the buildings elsewhere; 
an option that could  not  be exercised once the construction of the golf course had  begun. The 
geotextile recommended in this case was a woven high density polyethylene 1 mm fabric. The 
minimum material properties specified were 30 x 35 kN/mWide Width Tensile Strength (ASTM 
D4595); Grab Tensile Strength of 1400 x 1400 N; Mullen Burst Strength of 4480 kPa. The 
geotextile was required to meet  AASHTP M288-96 requirements for Class 2 Separation and 
Class 1 Stabilization. The site was cleared and the debris was excavated to a depth of about 2.4 
m  below  he existing ground surface. The finished floor elevation was about 600 mm above the 
existing ground surface. Though the composition of the debris varied, large pieces of concrete, 
timber, etc were found to be less than 20% of the volume of the earth excavated. Most of the 
debris was between gravel and boulder size, rarely exceeding 500 mm  in any dimension. As the 
debris was excavated, it was sorted to separate usable soil  from the debris. To obtain a level 
surface to lay the fabric, the voids in the debris laden soil were filled with crushed concrete 
aggregate, a recycled material that has been used as a road base for over a decade in this area. 
This gave a working surface that could be rolled with a heavy vibratory compactor and gave a 
surface to lay the fabric. The prepared surface is shown in the frame below. 

Once the fabric was laid, clean granular fill was placed in 300 mm liRs  and  compacted to a 
minimum density of 98% of the modified Proctor maximum density. The compacted surface 
was designed to provide an allowable bearing capacity of 150 kN/m2. 
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Figure One: Prepared surface over buried debris 

At the time of this writing, seven buildings and the roads have been completed. Construction 
on  the other six buildings and a club house is scheduled to begin in last quarter of 2000. 

In addition to the buildings, some of the utilities and pavements located in the area of the 
debris were also treated in a similar manner. A layer of woven high-density polyethylene was 
placed about 600 mm below the bottom of the pipes before the pipe bedding was prepared. In 
case of the roads, the fabric was laid at a higher elevation, below the base course and integrated 
with the subgrade. 

Figure Two: Partially completed building pad. 
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OTHER APLICATIONS 

In recent years we have come across numerous cases of single-story homes damaged by 
sinkhole activity all over the Tampa  Bay area. A sudden dramatic collapse occurs infiequently, 
but excessive damage due to ground subsidence caused by solution activity  is common. 
Settlement in the range of 15  to 30 mm is often encountered. In trying to remedy  many of these 
structures this writer has recommended (Kannan, 1999) that the residential structure be 
supported on post-tensioned mat,  placed on stabilized ground. After grouting the  voids  in the 
limestone, we have recommended the use of geotextile to provide a uniform  bearing stratum. 
Geotextile in this case also aided  in retarding the migration of foundation soils to subsurface 
strata due to solution activity. 

CONCLUSION 

These case histories have established the feasibility of building light structures on compacted 
fill placed over geotextile. A theoretical method of design has  not  been developed, but  in these 
two cases conventional bearing capacity analysis was used. This innovative solution saved  both 
time and  money involved in extensive excavation, dewatering and bringing imported fill. 

Future research should focus on conducting full-scale load tests where settlements could  be 
measured. Research should also focus on developing a theory for load-distribution when a 
layered system includes a negligibly thin layer as compared to the thickness of other soil strata. 
We have also found that the modulus of subgrade reaction for post-tensioned mat  design can be 
substantially improved by using a layer of geotextile. This also needs further study  and research 
in developing design guidelines. 
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CRATER  RIM  STABILIZATION  USING 
GEOGRIDS  AND  GEOCELLS  AT THE 
NATIONAL  MEMORIAL  CEMETERY OF THE PACIFIC, 
OAHU, HAWAII 

JEFFREY K. KALANI, URS CORPORATION 
UNITED  STATES  OF  AMERICA 
JAMES K. P. KWONG, Ph.D., P.E., URS CORPORATION 
UNITED  STATES OF AMERICA 

ABSTRACT 

A geocell and geogrid reinforced soil slope concept was  selected to stabilize approximately 
120  m of eroding and unstable portions of the crater rim  at the National Memorial Cemetery  of 
the Pacific. Hillside erosion had encroached to within inches of existing gravesites. 

Based on the results of a preliminary and design-phase geotechnical investigation, an 
approximately  120-m  long, 3- to 10-m high reinforced soil slope was designed to be  founded  on 
a mid-slope volcanic ledge. In order to construct the reinforced slope, a temporary, near-vertical 
construction slope was established as well  as a narrow access path along the  top  of the slip scarp 
to avoid disturbing any existing gravesites. 

Construction of the reinforced soil slope was rapid despite  the  wet season and very restrictive 
access. The flexibility of the geogrid  and geocell reinforcement system permitted timely  design 
modifications that not  only  avoided potential delays  associated with encountering a higher  rock 
layer,  but  it also resulted in substantial cost and time savings. The  use of geosynthetics was cost 
effective, allowed the restoration of the steep crater rim  in difficult and hilly  terrain,  and 
provided area for additional memorial markers. 

INTRODUCTION 

When  heavy rainfall induced slope failures in loose fill areas  near the edge of Punchbowl 
Crater at the National Memorial  Cemetery of the Pacific, mitigative measures were required to 
stabilize the crater rim while retaining the natural character of the Veteran’s Memorial, which  is 
a National Monument set within  an extinct volcanic crater (Figure 1). 
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Figure 1. Aerial View of the National Memorial Cemetery of the Pacific 

After evaluating technical, cost, constructibility, and aesthetic considerations, it was 
determined that a reinforced soil slope design incorporating geosynthetics would provide a 
viable solution. Analysis of slope instability and observed ground movements resulted in a 
design, which included reconstructing an approximately 120-m (400-ft) long, 3- to 10-m (10- to 
32-ft) high portion of the 1H:2V hillside using geogrids and geocells to provide slope 
reinforcement. To reduce potential degradation of  the reinforced slope due to erosion and pore 
pressure build-up, geosynthetics were incorporated into the permanent erosion control and 
drainage systems designs. 

Extremely restrictive construction boundaries and access within the sensitive setting of the 
cemetery, as well as limited working hours, created a challenge to design an effective and 
constructible solution. Despite these challenges, the feasibility of construction using 
geosynthetics to provide slope reinforcement, improved drainage,  and erosion protection was 
demonstrated while completing the project ahead of schedule and within budget. 

This paper presents a case study, which describes how geosynthetics provided a solution to 
the challenging design and slope reconstruction of  the failing fill areas along the southeast rim 
of Punchbowl Crater at the National Memorial Cemetery of the Pacific. Emphasis is placed on 
the geotechnical design approach, as  well as the economic, performance, and constructibility 
advantages of using geosynthetics. 
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PROJECT  DESCRIPTION 

This project involved stabilizing a sloped portion of a gulch within the crater rim at the 
United States National Memorial Cemetery of the Pacific. The cemetery is considered a 
National Historic site and is located within a nearly circular, extinct volcanic crater known as 
Punchbowl Crater, located at the foot of the Koolau Mountains on the southern side of Oahu, 
Hawaii. The project site is located along the east to southeast side of the crater. 

At the request of the U.S. Department  of  Veterans Affairs (VA), a geotechnical investigation 
was conducted to identify the probable  causes  and the extent  of slope failures and  ground 
settlement  that occurred at  several  locations along the crater  rim  after a period of heavy  rainfall 
(Figures 2 and 3). Recommendations  for stabilizing the crater  rim  to prevent progressive slope 
failures  in the study  areas, as well  as developing construction  plans, specifications, and  cost 
estimates  were also included  in the scope of this project. 

Figure 2. Slope Failure along  Crater Rim Figure 3. Slope  Failure at Top of Gulch 

SITE  CONDITIONS 

A study  of the local geology at Punchbowl Crater and a geotechnical exploration program 
were conducted to identify the surface and subsurface conditions of the crater rim and gulch area 
near the observed slope failures. The study included a review of available pertinent information 
including miscellaneous  construction  drawings,  local  and  regional  geologic  maps  and  reports,  and 
aerial  photographs. Geotechnical borings, test pits, and probings were conducted along the edge 
of the crater rim and gulch to obtain information on the subsurface conditions in the area of 
instability. 
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Local Geology 

Punchbowl  is a tuff cone that erupted on the southern coastal plain of Oahu  at the foot of the 
Koolau  Range. This cone consists of inward  and outward dipping  beds of brown volcanic tuff 
with fragments of coralline limestone and Koolau basalt. Fire fountains replaced the steam 
explosions  of the phreatomagmatic eruption, depositing spatter, and  lava flowed into the crater, 
forming a lava lake. When the lake subsided, thin lava flows were left  at the summit of the cone 
and  near  its vent, presently exposed  at the head of the gulch  located  at the southeastern portion 
of the rim  of the crater (the project site). This gulch appears to form a natural drainage channel 
for the crater (Figure 1). 

Crater  Rim  and  Gulch 

Aerial photographs revealed that extensive fill was placed at the head of the gulch to create 
and  expand the cemetery’s burial area in  1949. Additional fill was placed  in the early 1970s to 
expand the burial area even further into the gulch. 

The  geotechnical exploration program indicated that the fills consist mainly of loose 
tuffaceous silts, sands, cobbles, boulders, and miscellaneous debris generated by cemetery 
activities. Underlying the fill along the crater rim and gulch  is  highly weathered, medium  dense 
to dense tuffaceous sand with some  gravel  and  weakly to moderately cemented volcanic spatter. 
The tuffaceous deposits are underlain by hard basaltic rock. The elevations of these deposits 
varied significantly along the crater  rim  and gulch. The natural slope of the loose fill along the 
areas of slope instability generally  ranged  from about 40 degrees to near vertical. 

EVALUATION OF CRATER RIM  INSTABILITY 

Based  on the results of slope stability analyses, the crater rim slope failures, which were 
primarily surface sloughing and shallow failures, probably occurred  as a result of a combination 
of the following factors: 

A significant amount of uncompacted  and uncontrolled fills with relatively low  shear 
strength parameters was placed on the slopes of the crater rim  and gulch. 

Saturation of the fill slopes by rainfall infiltration and  storm  water runoffs resulted in  the 
development of excessive seepage forces and pore water pressures in the fill slopes, thereby 
increasing  the driving forces on  the  already marginally stable slopes. 

Intense rainfall caused surface erosion  and scouring of the slope surfaces along the crater 
rim. 
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The  slope  stability  analyses  indicated  that  crater  rim  and  gulch  areas  appeared to be  adequately 
stable  against a deep-seated  slope  failure.  However,  the  analyses  also  indicated that the existing fill 
slopes  were  marginally  stable  under a dry condition.  Future  slope  failures  were  expected  when  the 
fill slopes  become  partially  or  fully  saturated  with water. It was  determined  that  if the existing 
unstable fill slopes  were  not  adequately  stabilized,  the  slope  failures  would have continued  with 
time,  encroaching  deeper  into  the  remaining  filled  portions  of  gulch. 

MITIGATIVE DESIGN CONSIDERATIONS 

During  the  design  phase,  the  VA  stressed  their  desire  for  the  final  product to maintain  the 
natural  aesthetic  character  of  Punchbowl  Crater  and  provide  lasting  performance. In addition,  due 
to the  sensitive  setting of the  cemetery  neither  removal  nor  relocation  of  burial  sites was permitted 
during  the  geotechnical  exploration  or  during  construction.  Therefore,  constrictive  construction 
boundaries  and  limited  equipment  access  imposed  additional  considerations  that  influenced  the 
design  of  this  project. 

Several alternatives that were considered for the stabilization of the failing slope areas 
included: 

Cutting  back the slope angle of the unstable fills; 
Reinforcement of the crater rim  and gulch slopes using convention construction methods 

Using  geosynthetics to reconstruct the failed and unstable slopes. 
such  as concrete retaining walls; and 

In general, cutting back an  unstable slope to a lower angle is a commonly used method for 
slope stabilization. However, this approach would have required  the  removal of a number of 
burial  sites  and, therefore, was not  an option. The use of conventional construction methods 
including large reinforced concrete retaining structures, such as contiguous caisson walls and 
reinforced concrete retaining walls would provide adequate structural support. However, the 
aesthetics of  the naturally vegetated crater rim would be  compromised  and would not  be 
acceptable to the VA. In addition, the cost and constructibility of a concrete retaining structure 
was found to be unreasonable. Therefore, a geosynthetic reinforced  soil slope was identified as 
the only alternative that would provide an aesthetic, constructible, and economically viable 
solution. 

GEOSYNTHETIC  REINFORCED  SOIL  SLOPE  DESIGN 

Selection  of the specific types of geosynthetics to be used  on  this project was through a 
combination  of functional performance, constructibility, aesthetics, and cost. Design of  the 
reinforced soil slope followed Federal  Highway Administration (FHWA) design and 
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construction guidelines (FHWA, 1997). Slope stability analyses were performed to evaluate the 
internal  and  external stability of the unreinforced slope at various cross sections along the crater 
rim  and  gulch to determine the required area of reinforcement. To provide long -term 
protection against slope instability of the reinforced soil slope, an  internal drainage system, and 
a permanent  erosion control system were incorporated into the design. 

Basis for  geosynthetic - selection 

Structural geogrids were selected for the primary reinforcement against slope instability 
based on their relatively low cost, ease of installation, and wide range of strengths. Geogrids are 
generally  made  from plastics that are either  woven  from strips or  punched  and stretched from 
sheets to form a open, grid-like pattern (Koerner, 1994). 

There are several alternatives for the facing of a reinforced soil slope including wire mesh, 
concrete blocks,  and geocells. The primary functions of these facings are resistance to surficial 
slope instability  and scouring. Each facing alternative provides unique aesthetic appearances at 
significantly varied costs. Due to the historical significance of the area and the fact that the 
crater rim  is  part of a National Memorial, the VA required that finished reinforced soil slope 
resemble the original look of the crater rim. This meant that the facing  system  must permit the 
growth of the native vegetation throughout the entire reinforced soil slope surface. Based on 
discussions  between the VA  and the project’s landscape architect, it was determined that a 
geocell facing  system would best provide the aesthetic finish that the VA  desired. 

Geosynthetic Properties 

The Specifications for this project stated that the geogrids shall consist of high-density 
polyethylene  (HDPE), high tenacity yarn,  or  polyaramides configured into a grid. The geogrids 
selected for  use by the Contractor for this project were non-woven,  punched  and drawn, HDPE 
geogrids with strengths that varied between  2.3 to 3 kN/m (1,700 to 2,400 lbs./ft) depending on 
the elevation and location within the wall section. 

The geocells  used for this project met the Specifications, which called for a minimum peel 
strength of 2 kN  (450  lbs.); a carbon black content of 1.5 to 2.0%; a sheet thickness of 1.25 mm 
(0.05 in.); and a minimum environmental stress crack resistance of 2,000 hours. 
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Slope Stability  Analyses 

The computer program Reinforced Slope Stability (RSS) was used to conduct the slope 
stability analyses.  RSS, which was developed by GEOCOMP for the FHWA, evaluates factors 
of safety for circular failure surfaces and  block sliding using the simplified Bishop method of 
slices and the simplified Janbu method, respectively  (FHWA, 1997). 

Based  on  available subsurface data such  as the shear strength of the existing soil and the 
approximate rock elevation, RSS analyses were performed for fourteen wall stations that were 
modeled to represent the wall design and subsurface conditions. Both static and pseudo-static 
(ISH = 0.15g) loading scenarios were analyzed by RSS for each section. The strength, vertical 
spacing, and  length requirements of geogrid  layers were computed  for  minimum factors of 
safety of 1.5 (for static loading) and 1.1 (for pseudo-static loading) against randomly generated 
circular slip surfaces and block sliding. In general, the slope stability  analyses of the fourteen 
wall sections assumed the following: 

The reinforced slope would be founded on a sound rock or volcanic tuff layer of sufficient 
thickness and  shear strength to preclude a bearing capacity failure. 
The reinforced slope would be reinforced with horizontally continuous layers of extensible 
geogrid, which would be placed from the slope's face and extend to the lengths specified. 
The reinforced slope would be constructed with a free-draining, compacted granular backfill 
with an  internal friction angle, 4 of 40°, a cohesion intercept, C of 0, and a unit weight, y of 
20 kN/m3  (125 pcf). 
The native  soil behind the reinforced slope had an internal friction angle, 4 of 36.7", a 
cohesion intercept, C of 0, and a unit weight, y of 17 kN/m3 (1 10 pcf). 
A  geodrain  would be installed at the construction slope / backfill interface, which would 
allow free drainage of water from the soil behind the reinforced slope, thus dissipating all 
pore pressures; and 
The reinforced slope would be constructed with a facing system,  which would prevent 
surficial failures from developing on the wall face. 

Using this approach and applying reduction factors to account for installation damage, long 
term strength, and pullout resistance, minimum  geogrid strengths and  lengths were obtained for 
each layer  and  for  each station of the crater rim's reinforced slope. 

Reinforced Soil Slope Geometry 

The  total  height  of the reinforced  slope  was  determined by the depth to rock  at  any  given  point 
along the  crater  rim.  Based  on the results  of  the  field  investigations,  the  depth to rock  was 
determined to vary  from  approximately 3 to 10  m  (10 to 32 ft) below the existing  top of slope.  In 
general,  the  vertical  design  profile of the  reinforced  slope  face  consisted  of two slopes: a 1H:2V 
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slope  below  Elevation  96  m  (3  16 ft), and a 3H:4V  slope  above  this  elevation.  The  inclination  of 
slopes  at  the  transition  walls  was  varied to match  the  final  grade  design. 

The  reinforcement scheme also varied with the height and location of the reinforced slope. 
Generally,  below Elevation 95  m (3 12 ft), geogrids with minimum  long-term allowable tensile 
strengths of 3.3  kN/m (2,400 lbs./ft) were placed horizontally every  305 mm (12 in.). Near the 
top of the wall, geogrids with minimum  long-term allowable tensile strengths of 2.3 kN/m 
(1,700 lbs./ft) were  placed  every 457 mm (18 in.). 

Non-structural  cellular  confinement  facing  systems  provide  support to the facing area through 
the  use of interconnecting  strips of high  density  polyethylene  (HDPE)  which  form  oval shaped, 
honeycomb-like  cells.  The  system  is  frictionally  connected to the structural  geogrids.  The  length 
of  each  geocell  layer  necessary to provide adequate face stability  and  plantable  area for the 
reinforced  slope  was  determined to be 1.5  m  (4 ft). A typical cross section of the geogrid and 
geocell reinforced soil slope is presented on Figure 4. 

Figure 4. Typical Geogrid and  Geocell Reinforced Slope Cross  Section 
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Drainage and Erosion Control  Svstems 

Adequate surface and subsurface drainage is critical for the long-term  stability  of reinforced 
soil slopes. A continuous 102 mm (4”) diameter perforated polyvinyl chloride (PVC) pipe 
drainage system was specified in combination with a geodrain composite against the back of the 
slope to prevent pore pressure  build  up and allow the free discharge of water that enters the 
slope. To reduce the potential for long term scouring of the slope, a drainage swale was 
designed to intercept and divert surface water away  from the top of the slope to a new inlet grate 
and  into  the catch basin. The designed drainage systems are shown on Figures 4 and 5. 
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Figure 5. Reinforced Soil Slope Plan and Profile 



CONSTRUCTION SEQUENCE 

Construction of the reinforced soil slope began with excavation of a temporary access road 
along the side of the crater rim and along the  top of the unstable areas. To prevent potential 
damage to existing gravesites, access through the burial grounds was not allowed. A 
combination of concrete soldier beams, installed by hand-dug methods, wooden lagging, 
shotcrete, soil nails, and anchors were used to construct a near-vertical temporary slope, which 
provided a safe work area on the edge of the crater rim as the temporary access road was 
excavated to  the designed base of slope (Figure 6). 

Figure 6. Construction of Temporary Access Figure 7. Placement of Geocell Facing 
Road and Slope 

The first layer of geocell facing was placed once the excavation reached the designed base of 
slope or to the competent bearing rock ledge, consisting of weathered volcanic spatter and 
basaltic lava flows. Prior to installation, the geocells,  which  were  shipped in collapsed  form,  were 
expanded  and anchored into the ground using a fabricated  frame so that the cells could be filled 
with  granular backfill. The cells  within the slope area were filled  with structural fill while  exposed 
cells  were filled with loose  topsoil to help establish vegetation. 

In a few localized areas  where the underlying  rock at the base  of the reinforced  slope  was 
undulating or where voids existed, a concrete leveling  pad  was  poured to create a firm,  even 
foundation for the reinforced  soil  slope without having to over-excavate competent volcanic  rock. 
The leveling pads, which  ranged  from 1 to 3 m (3 to 10 ft) wide,  varied in thickness  from 
approximately  0.5 to 1.5 m (1.5 to 5 ft). Rebar dowels were grouted  vertically  into the underlying 
rock  and extended up into  the  concrete leveling pad to provide  resistance against sliding  along the 
rock  interface (Figure 8). 

Granular fill was placed and compacted in 152-mm (6-in.) thick lifts using a vibratory roller. 
The appropriate strength geogrids were laid out flat at the design elevations and tacked down 
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while the next  layer  of fill was spread out. At the base of the reinforced slope, a geodrain 
system was installed, connecting to a geosynthetic drainage composite, which was installed 
between the reinforced soil slope and the shotcrete temporary slope. The shotcrete was 
perforated  at 2 m (6 ft) on center  at locations where drainage fabric strips were placed prior to 
the application of shotcrete. 

1 
~ ~ A N I C S  SUBGRADE 

Figure 8. Typical  Concrete Leveling Pad for Reinforced Slope Foundation 

This procedure continued until the reinforced slope reached  its design height. The height 
and  the angle of the slope were gradually transitioned at the ends of the crater rim stabilization 
area to match the exiting grade,  and to maximize the amount of sunlight reaching the vegetated 
reinforced slope face. 
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CONCLUSIONS 

The  selection of a  geogrid-  and  geocell-  reinforced  earth  slope to stabilize  and  restore  an 
eroding,  unstable  portion of the crater  rim  provided the following  benefits: 

0 The  crater  rim was stabilized  without  the  need  for  any  re-location  of  gravesites. No gravesites 
were  lost,  despite  previous  ground  instability,  which  encroached to within  inches of existing 
graves. 

The  use  of  geocell  and  geogrid  reinforcement  allowed  the  construction of a  narrow 
mechanically  stabilized  earth  slope  within  a  very  narrow  working  area. Founding the 
reinforced  slope  on  a  rocky  mid-slope  ledge  substantially  reduced  the  height  and  cost  of 
reconstructing the unstable  portion  of  the  crater  rim  (Figure 9). 

The  highly  flexible  materials  also  allowed  rapid,  timely  design  modifications, to take advantage 
of favorable  subsurface  conditions  encountered  during  construction  excavation.  Where 
possible  the  base of the slope  was  founded  at  a  higher  elevation,  which  reduced  construction 
cost  and  time. These changes  in  the  design  were  easily  and  smoothly  incorporated  into  the 
already  completed  portions of the  reinforced slope due to the  flexible  and versatile nature  of  the 
geosynthetic  reinforcements.  Through  partnering  efforts,  these  savings  were  used to offset 
additional  boulder  removal  and  leveling  concrete  costs  and  still  have  cost  underruns,  which 
were  contributed  in part to the  construction of a  new  automated  entrance  gate for the National 
Memorial. 

The  use of granular, select fill (sandy gravel or almost base course-grade) to construct the 
reinforced  soil slope, have substantially reduced the potential for erosion during 
construction. The wall was constructed through a  wet  season, with no significant rain 
damage  during construction. 

The use of a geocell facing provides the opportunity to reuse the  unique, local crater rim 
topsoil on the restored, reinforced slope face to provide a  matching landscaping blend  with 
the rest of the cemetery (Figure 10). 
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Figure 9. Adjustment of Design to Take Figure 10. Final Reinforced Soil Slope 
Advantage of a Mid-Slope Rock Ledge 
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ABSTRACT 

The start of a huge  railway  network  modernisation project in  Slovak Republic is a suitable 
opportunity to incorporate track substructure improvement  using geosynthetic reinforcement. 
This  paper  presents a new track subbase arrangement  with stiff integral biaxial geogrids  on a 
low  bearing  capacity soft subgrade. This technique is compared to the classical technologies 
such  as  replacement of soft subsoil  and stabilisation. Four typical cross-sections of  reinforced 
track  substructure are designed. 

INTRODUCTION 

Heavy  investment is currently  being made into the rail sector in Europe. The Central  and 
Eastern  European Countries joining  the EU have  made strong efforts to modernise their rail 
network.  Impacted rail lines include two of the north-south  and  west-east  TransEuropean 
corridors  (N0s.V  and VI) between Poland, Hungary and Ukraine, a corridor that runs  across  the 
west  and  north  region  of  Slovak Republic fkom Bratislava to Kosice (corridor N0.V) and  from 
Zilina to Skalite (corridor No.VI). Total length of these main line  railway tracks is about  500 
km. 

This large complicated modernisation project requires both  new  materials  and  new 
technologies.  The new railway track will fulfill AGC(  1985)  and  AGTC( 1993) requirements  for 
/1/ higher  speed - 160 km/hr., /2/ higher  load - 22.5 tons for axle, and /3/ higher traffic comfort. 
To fulfill these requirements, requires not only  new  construction elements to the track 
superstructure,  but also reconstruction of the  track substructure. 

Almost the whole first part of the corridor, a section 40 km long follows the existing track 
line  and  only  short section is newly designed. Geotechnical investigations of the soil subgrade 
along the axis of the existing rails shows  long sections with a very soft subsoil, which  can  not 
provide the required subgrade bearing capacity. It was therefore necessary to improve the 
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bearing  capacity  of the ground  in these sections. The current Slovak Railways Regulation  for 
Railway  Sub-grade includes various types of soft subgrade improvement-stabilisation such  as 
lime,  cement, chemical, and asphalt stabilisation only. The use  of geosynthetic reinforcement  in 
subbase  is a new  improvement method of track substructure on soft subsoil. 

Based  on the foreign experience (especially from Czech Republic, United  Kingdom, 
Germany  and France) analysis, laboratory  and field tests,  and  local experiences in the field  of 
thin  reinforced  soil  layers, a design procedure was prepared. The design method contains a set  of 
typical structure arrangements. One of  the types of reinforcing geosynthetics, stiff integral 
biaxial  geogrids (SIBGs), is  used to improve the performance of weak soils to support railway 
track  foundation. SIBGs are stiff geogrids having a punched sheet drawn biaxial structure. 
“Integral”  in  above  symbol is interpreted as the real  integrity  of  both an extruded  polymer  in 
nodes  and  geogrid matrix in final product. 

A modulus  of  deformation approach based  on  empirical experience was applied.  The 
regulation for new corridors requires a minimum modulus of deformation  of 50 MPa on the 
subbase surface. After detailed geotechnical analysis of soft subsoil, a plate load  bearing  test 
defines the modulus of deformation at the subsoil surface. When the subsoil parameters  and  its 
modulus  of  deformation are known, the dimensioning  of the subbase layers and  additional 
improved  subgrade layer, if  any,  can be carried out. Multi-layer  geogrid  reinforcement is used 
to increase the bearing  capacity (synergistic effect) of the layer on the very soft subsoil. 

In the paper the terms related to track superstructure/substructure are used  in  accordance 
with Figure 1 .  

x 3000 
/ 41 00 x / / 

/ 3000 

(1) Track ballast, (2) Subbase, (3) Subgrade, (4) Surface  under sleeper, ( 5 )  Subbase surface, (6) 
Subgrade surface, (7) Upper SIBGeogrid, (8) Lower SIBGeogrid, (9) Track superstructure, (10) 
Track  substructure 

Figure 1.  Terms related to track superstructure/substructure 
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CONVENTIONAL TRACK REHABILITATION METHODS 

A railway subbase with  adequate  long-term  support capability is the basic requirement to 
ensure that the railway surface stability and the required track geometry is sustainable. As a 
result  of  current  railway  network modernisation and  rising  speeds  in  Slovak  Republic,  it  has 
been  decided to reconstruct all of the localities with  low  subgrade bearing capacity that have 
been  diagnosed  in the preliminary site investigation. Unavoidable track rehabilitation has  been 
done  in the localities with  diagnosed damage or in the places where the bearing capacity  has  not 
reached  the  values required for the origin speed and  load  parameters. 

In the framework  of current reconstruction done in the railway  of  Slokak  Railways two 
basic  arrangements to improve the subgrade bearing  capacity are used: 

1. Method  based  on leaving the track structure intact, ( rail and sleepers ) 
2. Method  based  on dismantling the track structure. 

Method  based  on  leaving; track intact 

The  method  based on leaving the track structure intact enables  placement  of the new  layer, 
or  an  additional layer, into the current subgrade construction  using special track machines  or 
kits.  This  method is described  as preventive repair work especially  from the point  of  view  of  the 
main  railway  line traffic loads. This method is  only  accepted  if there are no diagnosed  failures 
of the subsoil,  i.e. there were no deformations. 

The  disadvantage  of this method is in the facts: /1/ the subsoil exposure is  insufficient  and 
its profile  is difficult to achieve accurately, and /2/ the compaction  of the subbase  layer  is 
usually  insufficient  and additional track tapping is  required. 

Experience  confirm  unambiguously that the method that gives the most  advantage is in  the 
localities,  where the track level  line allows the insertion  of  an additional subbase layer thickness 
without the necessity to revise the soil formation thickness or  other  railway objects and  facilities 
as  floodgates,  bridges,  level crossings, platforms, traction line etc. 

It was therefore decided that the method based  on dismantling the track structure would  be 
used  in  modernisation project. 

Method  based  on  dismantling; the track structure. 

The method  of dismantling the track structure is a traditional rehabilitation method for 
subgrade  bearing capacity improvement, where the old  material is removed and  new,  or 
recycled,  material replaces it in  the track structure. The earthworks  were  carried  out by standard 
earthmoving  and materials handling equipment. The method forms the new multi-layer  subbase 
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using  traditional  and non-traditional materials of  determined characteristics and  thickness.  The 
rail  level  remains at  the origin level. 

However,  longer track sections require that the method is  only  used  in  time  of 
uninterrupted closure, and  in the case of multi-rail sections, the parallel railway is used  for to 
proved  access  and transport. The great advantage of the method is  in the  work quality, but  from 
the point  of  view  of traffic management it has disadvantages. It  is not  only possible to produce 
the required  subgrade slope but to compact it as well. Other advantages of the method  are  in  the 
possibility  of  using  new  materials  with the parameters  of  high  quality. These give the guarantee 
for simplifling the repair work technologies and  consequently decreasing the financial costs. 

Traditional  arrangement of track substructure 

With  present experience, it  is only possible to improve the subsoil bearing capacity  and 
reach  the recommended subgrade bearing capacity using the method based  on  dismantling the 
track  and  making a new multi-layer  subgrade  construction. This construction reaches the 
parameters resulting from the railway classification according to  the speed  range RP1 to RP4 in 
Slovak  Railways.  This often comes from constructing a subbase layer from  gravel-sand 
(gravel-grit) in place  of the top part  of the subsoil, or improving the top part of  subsoil  with 
stabilisation 

At  present, thicker subbase layers can be  considered to be a traditional method of  railway 
subbase  improvement  and  have  been  used in most railways for more than 60 years. In some 
cases,  the  subbase layer itself is sufficient to increase the bearing capacity  of  subgrade,  but,  in 
other  cases,  geosynthetics (fbnctioning as filters, separators, drainage layers, barriers,  or/also 
reinforcement)  are necessary, placed  in the subsoil and subbase layers. 

Stabilisation techniques in track substructure 

If the optimal thickness of subbase layer on the soft subsoil is incapable  of  reaching  the 
requested  equivalent  deformation  modulus  measured  on the subbase surface then either chemical 
stabilisation (lime, cement, bitumen)  or geosynthetic reinforcement are used to increase  the 
bearing  capacity  of the subsoil. 

Stabilising the  soil increases its bearing capacity  and  prevents weathering deterioration. 
However, stabilisation has been known for about 30 years, and its application is  included  in 
Standard S4 “Railway substructure”, but this technology  has  not  been  used  extensively  in 
Slovak  Railways. The reason why this technology has  not grown in the improvement  of  subbase 
level is not just because there is insufficient experience  in  Slovak Railways, but  especially 
because  of the well-known sensitivity of the technology to atmospheric conditions during  its 
application. The great disadvantage of stabilised layer  placement  is the considerable  weather 
dependence. It means that the application of this technology  is  not possible in winter and  also 
rain  can  endanger  and  devalue the quality of the stabilised layer. Uneven distribution of 
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stabilisation  material  and the imperfect  compaction  of the composite material  under  favourable 
weather  conditions, too, basically influence the local  drying  and decrease the achieved 
compaction  level  and hence decrease the layer  bearing  capacity. 

Geosynthetic  reinforcement into track substructure 

At  present, geosynthetics providing various technical characteristics and  application 
possibilities  are  used with subbase materials. Geosynthetic  reinforcement makes it  possible to 
increase the subbase  bearing  capacity.  Geosynthetic materials suitable for reinforcement  are 
different  not  only  with their form  and  dimensions,  but also their physical-mechanical properties. 
This  fact  opens the spread of possibilities for their use into track substructure. 

Based  on the results obtained  from  detailed analysis of  all  above traditional construction 
of  track  substructures, the designer made recommendations  regarding the use  in the railway 
modernisation  project  of available track substructure solutions. The following points must  be 
considered: 

uninterrupted traffic on the parallel main line 
0 limited thickness of new track structure on soft subsoil 

the limited closure of reconstructed line, the limited time for reconstruction of  selected 

geological  and climatic conditions on the site 
section 

The analysis results shown that the subbase reinforced by stiff integral biaxial geogrids  meets 
the  above  requirements (PRODEX, 1995). Slovak Railway Authorities approved this solution. 

GEOGRIDS AS  REINFORCING  COMPONENT IN MODERN RAILWAY TRACK 

It therefore  seems  appropriate to use the very  good  index  and performance properties of 
SIGBs extensively  in railway reconstruction. Climatic conditions do not influence their use  and 
so the risk  involved  in selection of  the technology  decrease  and the certainty of  achieving  the 
requisite  values rises. Substructure reinforced by this type of  geosynthetic is a composite 
consisting  of  high  quality  crushed stones and SIGBs - Geoplate - which  provides the multiple 
layer  system  with a higher stiffness and bearing capacity. A number  of types of  Geoplate  using 
have  been  developed. One of these is a track substructure. 

Effectiveness  of SIBGs in  Track Structure 

The  positive influence of polypropylene SIBGs in  increasing the bearing  capacity  of soft 
subsoil was verified during the construction of railway corridors in  Czech  Republic  (Mica  et  al., 
2000), where various geosynthetic materials were tested. Stiff integral biaxial geogrids  were  the 
most  effective  among geosynthetic reinforcements and the contractor  could  always  rely  on  them 
(Mala,  2000). The total amount of SIBGs installed into track substructures in the Czech 
Republic  is  approximately 990 000.00 m2  up to  the present time. Most of this quantity  was  used 

Geosynthetics  Conference 2001 
27 



after  changing the original reconstruction technology  designed  in the project  as  it was not 
possible to implement it.. This experience was applied to projects in the Slovak  railway 
modernisation. SIBGs placed  under  and into granular  crushed stone is now a common  case 
(Havrila  et al., 2000). In order to assess and  understand the mechanism of  improvement  of  the 
Geoplate  system a set  of plate load bearing tests carried  out according to Slovak  and  German 
standards  have  been  conducted  at construction site (Bacmsuihkova et al.,  2000). 

Usually,  only negligible strains are present  in a subbase reinforced by several layers  of 
SIBGs.  The  mobilised tensile strength in  reinforcement is small  and it  is developed  only for a 
short time. It is, therefore, the complex stiffness of the SIBGs that is of greater significance since 
it  governs the forces that can be  mobilised in geogrids. Each layer  of SIBGs incorporated  into 
the  multiple  layer system acts as a bearing capacity type of  geosynthetic reinforcement. This 
special  function  of geosynthetic reinforcement of soils is a fourth one added to the three 
presented  mechanisms (Koerner, 1994). 

Geogrids  Used In Project 

The  geogrids  used  in the project shall conform to  the properties of  Table 1 .  These 
specifications  allow geosynthetic reinforcement effectiveness when  it is subjected to the 
rhythmic  passage  of train wheels. SIBGs hnctioning as lateral confinement-type reinforcement 
restrain  movements  of soil particles in the substructure. This stiff reinforcement  with  large 
apertures  (an optimum relationship geogrid aperture/aggregate size is satisfied) does  not  need to 
deform  into a curved tension-membrane before it can act. A double reinforced substructure 
provides a higher stiffness and essentially higher bearing  capacity  as a synergistic effect is 
developed  there. 

Table 1. Geosynthetics requirements for reinforcement application in truck substructure 

Property 
Biaxial integral stiff geogrid Type of  geosynthetic  reinforcement 

Requirement 

15 % Elongation (strain at failure) 
(wide strip) 

> 30.0 kN/m Tensile  strength, longitudinal/transverse 

Junction strength (GRI:GG2 test method) 
> 0.9 Nddegree Geogrid  matrix stiffness (in-plane torsion rigidity 

> 85 % 

Slovak  Railways Authorities review Agreement  with application 
according to Kinney & Xiaolin test method) 

and  agreement  prior to application 

The  main mechanism of this reinforcement is  the immediate response of the stiff integral 
geogrid  interlocked  with  crushed granular particles in stiff apertures to cyclic loading.  The  ribs 
of  integral  biaxial grids are manufactured with a significant vertical face. This  provides a 
bearing surface for the interlocking fill particles. This interlock, combined  with  high junction 
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strength,  high tensile stiffness at  low strains and  bending stiffness, accounts for the high 
efficiency  of these geogrids in strengthening thin subbase layers. 

The  action  of SIBGs described  above utilises the results of  grid performance testing 
(Kinney,  Xiaolin,1995)  in practice, and their recommendations. They identified the geogrid 
matrix  stiffness as a dominant property of the geogrid  used in the base  reinforcement. Stiffness 
of  SIBG  is  important  property  but  not  only the tensile stiffness (tensile modulus)  but  also 
bending (flex) stiffness and  especially the torsional stiffness. The combination of all types  of 
above-mentioned stiffnesses could  be  expressed  by  one  parameter - a complex stiffness. 
Geosynthetic stiffness is usually not included in the important criteria and principal properties 
required  for  geosynthetic evaluation nor  in geosynthetic index properties. Further investigations 
into the effects of  geosynthetic complex stiffness on thin multi-layer  reinforced  subbase 
behaviour  are required. 

In the above-mentioned  modernisation project SIBGs of two different strength levels  are 
used  and  are  identified  as the H-geogrid  and the L-geogrid. Their properties are shown in  Table 
2. 

Table 2. Specifications of geogrids for track substructure reinforcement 

I Parameters I SDecifications I 

I I I 
Geogrid  matrix stiffness (in-plane 
torsion  rigidity according to Kinney 
& Xiaolin test method) 

0.5 N.m/degree 0.9 Nddegree 

Agreement  with application Consent to use into track substructure was given by 
Slovak  Railways Authorities 

Typical  Cross Sections With Geogrids - 

For the modernisation project Slovak  Railways required that a recommended bearing 
capacity  should  be achieved on the subbase surface if there are inhomogeneous  ground 
conditions.  The designer developed four types of track substructure arrangement  with  SIBGs, 
see  Figure 2. 
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I 
3000 i, 41 00 3000 

Y 1 0.001 Y 

I h2=400mm y-30~30 or  4Ox40kN/m 

Remark:  Thickness of h2  depends  on  both the lower  geogrid type (30x30  kN/m  or  40x40  kN/m) 
and  loading  conditions during construction period, if E,, << 6 MPa. 

Figure 2. Typical arrangement of  the track superstructure for different modulus  of  deformation 
on the subbase surface 

The  main  components of the track substructure are: /1/ properly prepared  subgrade, /2/ the 
subbase  consisting  of  high  quality  crushed stone, and /3/ one or two layers of  SIBG(s).The  type 
and  number  of  geogrid layers, and the subbase thickness are  selected  depending  on the different 
subgrade  bearing capacity. 

SUMMARY OF DATA OBTAINED 

The  construction  quality control process for the track substructure is intended to 
accomplish four objectives: /1/ to ensure that subbase materials  are suitable, /2/ to ensure that 
subbase  materials  are  properly  placed  and  compacted, /3/ to ensure that geogrids  are  not 
damaged  in  any  way  and that their placement  meets  project  specifications,  and  /4/ to ensure  that 
the completed subbase has a required  bearing  capacity.  Quality assurance plan  considers  plate 
load  bearing  capacity tests as a QC tests. The results of these tests are in Table 3. 

Discussion  of Results 

In order to verify the effectiveness the different types  of  substructure  presented  in  Figure 2, 
two sets  of tests are compared for each track substructure  arrangement (Figure 3).  The  first  set 
considers  subbase thickness of  400mm  and one SIBG (type (B) in Figure 2. The  second  set 
considers  subbase thickness of  500mm  and two SIBGs (type (C) in Figure 2. The average  values 
of  deformation  modulus, Esb, are similar for the both  data set (Table 3). For type (B), the  value 
of Esb is 70.5 MPa and for type (C) is 65.8 MPa respectively. Difference in  moduli  ESb-Es, = 
60.0 - 58.2 = 1.8 MPa  is very small (two last columns  in  Table 3). From the above  it  follows 
that  both types of substructure arrangement, type (C) on  subgrade  with  an  average  modulus  of 
deformation  of 7.6 MPa and type (B) on subgrade with  an  average modulus of  deformation  of 
10.5  MPa,  provide similar track substructure improvement. 
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Table 3. Results of a plate load bearing capacity control tests. 
Section Bratislava - Trnava, Track substructure type (B) and type (C), Lines No. 1 and 2 

Km Difference in Modulus of  deformation, E ( m a )  Subbase 
count 
of the 

layers No. track 
thickness geogrid Line 

39.100 1 1 400 
77.6 70.3 

58.0 65.3 7.3 

No. Of Subbase surface, Subgrade surface, moduli Esb - Esg 

E,  Esb ( m a )  

(mm) 
Type (B) gType (C) TYPe(C) TYPe(B) Type(C) Type (B) 

The  relatively  high scatter of  moduli  in Figure 3 arises fiom the following factors: 
Three types of  crushed stone with different grading curve were used  in  subbase  layer. 
Inhomogeneous nature of the foundation soil. 

0 Changes  in subgrade properties due to climatic  conditions  during the construction. 
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Figure 3. Comparison  of two sets of a plate load bearing capacity control tests 

Despite the above differences in results in each  data set, average values indicate a clear 
improvement  tendency. Similar trends were reported by  Bacmafiitkova et al. (2000). The  data 
presented  in  Table 3 confirms that the designer succeeded  in reaching similar results with  the 
two  different types of reinforced  subbase. This knowledge has many  important  practical 
implications for the construction of the next  corridor sections. 

The  results shown in Figure 3 also confirm that low  bearing  capacity  subgrades  with 
surface  moduli  of  deformation  in the range  between 6 MPa and 12 MPa require the different 
substructure  arrangement.  We recommend that special care should  be taken in this case.  Final 
design  of the track substructure is very sensitive to the E,, value. Figure 3 indicates that a small 
change  of E,, value can provide a considerably different substructure arrangement. 
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The  geogrid  placement procedure is  given  in  detail in  the project specification. Geogid 
sheets (4,O m width) are  placed by hand  at half width of total subgrade surface, see Figure 4. 

Figure 4. Lower geogrid on an underlying nonwoven geotextile 

The  lower  geogrid is placed on nonwoven geotextile. The subbase layer of crushed stone is then 
placed  and  compacted in lifts. The type and  weight of compaction  equipment  has an ~ ~ ~ o ~ a ~ ~  
influence  upon the bearing  capacity of the constructed  subbase. The compactive  energy is 
measured  continuously  and the bearing  capacity  control tests are  carried  out  on the subga 
surface. 

ENEFITS OF GEOSYNT 

A stiff integral biaxial geogrid provides several possible benefits and,  therefore,  advantages 
to their use. This type of geosynthetic, used in this manner in the new track substructure, can 
give  significant technical, technological and  economic benefits including: 

0 reduced thickness of subbase in comparison  with traditional subbase thickness 
e the use of products  produced  under factory controlled conditions 
0 unrestricted  and  continuous construction process (no technology  breaks) 
0 simple construction method, standard construction plant  used 
0 long-term effectiveness and stable conditions in the track substructure. 
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A comparison  between reinforced track substructure and stabilisation techniques  for 
modernisation  project  based  on the results of  the above  mentioned analysis (PRODEX, 1995)  is 
presented  in  Table 4 below. 

Table 4. Comparison of two track substructure improvement  methods for the modernisation 
project 

Criterion for 
evaluation 

Bearing  capacity 

Ease of  quality 
assurance (QA) 
Vulnerability to 
damage 
Construction meed 

1 

Geological conditions 

Sensitivity to climatic 
condition 
Materials  used 

Equipment 
Construction 
conditions 

Experience 

Long-term 
effectiveness 

Subbase reinforced by SIBGs 

Constant  or  slowly increasing - 

with time 
Relatively simple, standard 
procedures 
Small 

High 
Design respects all  geological 
conditions without problems. 

Small 

Crushed stone  is near to 
construction site. 
Traditional 
Equipment  and construction 
sequences are simply  adapted 
to conditions in site. 
New technology, good 
experience in Central Europe. 
Long-term railway top stability 
and safe track geometry were 
monitored in Czech Republic 
after four years of traffic. 

Stabilisation techniques 
(lime, cement) 

High after application. Probably 
decreasing  with time. 
Complex QA procedures requiring 
skilled  and  knowledgeable  people 
High 

Small I 
High sensitivity and  low  long-term 
resistance to both the moisture  and a 
high  water table in soil environment. 
A strong granular subgrade is 
necessarv  on soft subsoil. 
High (rain, frost) I 
No suitable soils are on site. Clayey 
soils  must be imported. 
Special 
Soft subsoil is unsuitable for heavy 
machines. Narrow construction site is 
limited factor. 
Classical technology, limited 
experience  in track substructure. 
Bearing capacity reduction was 
noticed locally. Brittle stabilisation 
layer  on soft subsoil was cracked. 

CONCLUSION 

Stiff integral  biaxial geogrids are used  in  railway track substructure. The reason  for  the 
success  of this application is that provides a simple solution to many  problems  connected  with 
both the design  and construction of the new track superstructure/substructure on  low  bearing 
capacity  subsoils. 
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The  paper compares the reinforcement technique with the subgrade stabilisation method. 
Only  technical  and technology criteria are taken into consideration in the evaluation of the types 
of  structure discussed, not  economic criteria. In comparison  with the stabilisation method, a 
geosynthetic  reinforcement provides, an  added significant technology benefit, as  well  as a 
structural  support. Practical experience in construction of foreign corridors is  analysed  and 
applied to local conditions. The noted factors, which are more effective than soil stabilisation, 
increase  the attractiveness of subbases reinforced by geogrids. 
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ABSTRACT 

U.S.  federal regulations require that municipal solid-waste landfills located in seismic impact 
zones, which encompass nearly half of the continental United States, be designed to resist 
earthquake loading. To evaluate the seismic performance/deformation of the containment 
structures, the seismic response of the waste repository must be evaluated. Conventional site 
response analyses use 1-D wave propagation without consideration of the required composite 
liner system installed at the base of the waste that usually contains geosynthetics. This results in 
high levels of acceleration being propagated through the landfill. Yegian et. a1 (1 998) proposed 
the use  of an equivalent layer to account for the stiffness and damping characteristics of the 
liner. 

This paper describes a parametric study of the response of geosynthetics lined landfills to 
seismic shaking using a one-dimensional equivalent linear wave propagation approach. The 
study focuses on the effects of a) the geosynthetics liner, b) ground motion frequency content, c) 
ground motion scaling, and d) thickness of the underlying soil. The paper raises issues relevant 
to engineers involved in the seismic design of landfills and in their assessment of their 
performance during a seismic event. 

INTRODUCTION 

U S .  federal regulations for new municipal solid-waste landfills (United States 1991) specify 
that  new waste cells and the lateral expansion of existing cells shall not be located in  seismic 
impact zones, unless all containment structures, including liners, leachate collection and removal 
systems and surface water control systems, are designed to resist the maximum horizontal 
acceleration (MHA) if the site is located in a seismic impact zone. A seismic impact zone is 
defined by the U.S. Environmental Protection Agency as areas with a 10% or greater probability 
that the maximum horizontal acceleration in lithified earth material will exceed 0.lg in 250 
years. To evaluate the seismic performance of all containment structures, the seismic response 

Geosynthetics  Conference 2001 
37 



of the waste repository must be evaluated. This is necessary to determine the permanent 
deformations within the soil foundation, bottom liner system, waste, and final cover system. 
These permanent movements could damage the liner system and possibly cause groundwater 
contamination and/or disrupt the function of the final cover or leachate and gas collection 
systems. 

To estimate the permanent deformation of the liner and cover systems, the maximum 
horizontal acceleration induced by the design earthquake in the liner and cover systems must be 
known. To obtain these accelerations the MHA in the underlying bedrock is usually estimated 
from  maps developed by the U.S. Geological Survey (Algermissen et al. 1990) and then a site 
response analysis is conducted to propagate this earthquake motion to the bottom liner and  final 
cover systems. This propagation has become increasingly difficult because of the increased 
seismic hazard, especially in the central United States (FEMA 302, 1997) where the  bedrock 
MHA  can exceed 1.8g, the large depth of alluvial soil usually present under the landfill, and  the 
high frequency of the earthquake motion. These factors usually result in large maximum 
horizontal accelerations being calculated at the bottom liner system. 

This paper presents a parametric study of the influence of a geosynthetic on propagation of 
ground motion through a landfill. The wave propagation problem is approximated as  the l-D 
vertical propagation of SH waves. This study evaluates the implications of the method proposed 
by  Yegain and co-workers for evaluating the seismic response of landfills taking into account 
the effects of the geosynthetic liner layer. 

DYNAMIC RESPONSE  ANALYSIS 

Many recent field case histories (Byrne et al. 1992, Stark et al. 1998, Seed et al. 1990, Stark 
1999) suggest that geosynthetics, and in particular a geomembrane, can create a weak interface 
due to the low frictional resistance between it and another geosynthetic component or soil. This 
weak interface may not be beneficial for slope stability purposes but may be beneficial to the 
seismic response of the waste repository. The weak interfaces may not be able to transmit the 
seismic shear stresses and thus function as a base isolation system. The base isolation system 
reduces the magnitude of shear stress transmitted across the interface by undergoing shear 
displacement. Yegian et al. (1998) present a study of the dynamic response of geosynthetic 
interface in municipal solid waste. Laboratory tests are used to develop equivalent stiffness and 
damping properties of the interface. Yegian et. al. (1998) propose the use of these properties in 
the analysis of l-D response of landfills using the equivalent linear method (e.g. SHAKE). This 
paper presents a parametric study of computed landfill response using the equivalent layer 
approach. 

SOIL PROFILE AND  PROPERTIES 

Two soil/waste columns representative of landfills in southeast Missouri and  northeast 
Arkansas are used in the parametric study and shown in Figure 1. The figure shows the  unit 
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weight used for the soil layers as well as the waste. The geosynthetic, a smooth HDPE/dry  clay 
composite, is represented as a 1 m thick equivalent layer. The modulus degradation and damping 
curves for the layers are shown in Figure 2. The curves are based on those widely used in  the 
literature. The equivalent layer curves are those recommended by Yegian et al. (1998). 
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Figure 1 Soil profiles used in analyses 
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Figure 2 Modulus Degradation and Damping Curves used in the Numerical Analyses 

INPUT GROUND MOTION 

Four input ground motions are used in the analyses and presented in Table 1, Figure 3 and 
Figure 4. The recorded motions include Miramichi and Mexico City. The synthetic motions  are 
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the New Madrid (http://mae.ce.uiuc.edu) and Alameda motions. The Alameda motion was  used 
in assessing the seismic vulnerability of two immersed tubes in the San Francisco Bay Area 
(Hashash et. al. 1998). The Miramichi and New Madrid Motions are representative of a Mid- 
Continent  type earthquakes. 

Table 1 lists significant parameters of the ground motion including the predominant period of 
the  ground motion. M is the magnitude of the earthquake event. The motions have  peak 
accelerations ranging between 0.lg and 0.76g. The motions have predominant periods ranging 
between 0.03 sec and 0.63 sec and have significantly different frequency content. Figure 4 
presents the response spectra (5% damping) of the unscaled as well as motions scaled to 0.6g. 
The scaling only affects the amplitude of the ground motion but does not alter the frequency 
content. In the analyses, scaled and unscaled motions are used as input to the wave propagation 
analysis. 

Table 1 Time histories used in the comparative analyses 
Miramichi 

Brunswick, 
Time  history  (outcrop) M=5 .O, 198 1, New 

Type recorded 
Duration  (sec) 

0.0055 Peak  displacement  (m) 
0.0475 Peak  velocity ( d s )  
0.3972 Peak  acceleration (g) 
4.52 

Predominant  period  (sec) 0.03 

Mexico  City 
M=8.1 

recorded 

0.1051 
0.1 154 
0.0378 
0.63 

New  Madrid 

Motion event 
Retrofit  Design 1000  year 

Alameda 

synthetic synthetic 
18.48 48. 

0.2701 0.7598 
0.1477 

0.2 0.04 
0.4207 0.1138 
0.741 1 

PARAMETRIC STUDY 

A series of 1-D wave propagation analyses are conducted using the soil profiles and ground 
motions described in previous paragraphs. The analyses are conducted using the  equivalent 
linear method and the programs SHAKE and CyberQuake (software.brgm.fi). The study focused 
on a) the influence of the equivalent layer, b) the influence of the thickness of the underlying 
soil and c) the input ground motion on the waste fill response. The following is a description of 
the analysis results. 

EFFECT OF  EQUIVALENT  LAYER  ON WASTE RESPONSE 

In this series of analyses the influence of the equivalent layer on the waste response is  studied 
using the shallow soil profile and a waste deposit 17.5 m thick. Figure 5 plots the peak 
acceleration and strain profiles computed ignoring the influence of the geosynthetic layer. The 
waste  fill experiences peak shear strains up to 0.3 % and large ground accelerations in  the  range 
of 0.4g to 1.0 g. Figure 6 presents a parallel set of analyses whereby the geosynthetic layer is 
modeled as  an equivalent layer. Note however the different horizontal scales used. The analyses 
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use the  ground motions scaled to, peak ground acceleration, PGA=O.6g. The peak shear strains 
in  the  waste  fill and the ground accelerations are significantly reduced above the equivalent 
layer compare to those in Figure 5. Shear strain levels in the equivalent layer are significantly 
larger than the overlying and underlying layers. Figure 7 shows profiles of acceleration and 
shear strain ratio profile. The figure shows that peak accelerations in the waste fill are nearly 
half those computed assuming no influence of the geosynthetic layer. The peak strain ratio 
profile shows a concentration of shear strains in the geosynthetic layer which experiences 
significant shearing and acts as a "base" isolation layer resulting is reduced shaking of the 
overlying  waste fill layers. 

Miramichi Mexico City 1985 
n 0.4 n 0.1 5 3 0.3 5? 0.10 
c 0.2 c .o - 0.1 .- o 0.05 
F 0.0 F 0.00 
a, -0.1 - a, -0.05 
8 -0.2 8 2 -0.3 2 -0.10 

-0.4 -0.1 5 

+ 

0 1 2 3 4 5 0 10 20 30 40 50 60 

Time  (sec)  Time  (sec) 

New Madrid Alameda 
n 0.3 n 0.8 
3 0.2 3 0.6 
0 0.1 c 0.4 
* .g 0.2 2 0.0 2 0.0 
- -0.1 a, -0.2 8 8 -0.4 2 -0.6 - 

c 
.- + 

a, 

2 -0.2 
-0.3 -0.8 I I I 

" I' 
0 5 10 15 20 0 10 20 30 40 50 

Time (sec)  Time  (sec) 

Figure 3 Time histories used in the comparative analyses 
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Figure 4 Acceleration spectra (5%) for the time histories used in the analyses 
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INFLUENCE OF SOIL  COLUMN  THICKNESS 

A similar series of analyses was conducted using a deep soil profile with a total column 
thickness of 350 m. Figure 8 plots the peak acceleration and strain profiles computed ignoring 
the influence of  the geosynthetic layer. The waste fill experiences peak shear strains up to 0.6 % 
and ground accelerations up to 0.3g. Figure 9 presents the same results computed whereby the 
geosynthetic layer is modeled as an equivalent layer. The peak shear strains in the waste fill  and 
the ground accelerations are significantly reduced. Shear strain levels in the equivalent layer are 
significantly larger than the overlying and underlying layers. Figure 10 shows profiles of 
acceleration and shear strain ratio profile. The figure shows that except for TIME HISTORY 1, 
peak accelerations and strains in the waste fill are similar for analyses with and without the 
equivalent layer. Accelerations and to a limited extent strains computed in the analyses using the 
equivalent layer do not show the significant reduction that was observed in similar analyses 
using the shallow soil profile illustrated in Figure 7. 

AMPLIFICATION OF  PEAK  GROUND  ACCELERATION AND PERIOD CONTENT 
OF GROUND MOTION 

Figure 11 is a summary plot of acceleration amplification factors for a suite of analyses. The 
analyses include soil profiles with (filled symbols) and without (open symbols) the equivalent 
layer. The analyses use the unscaled ground motions as well as ground motions scaled to 0.2g 
and 0.6 g. Amplification factors are plotted versus the dominant period of the ground motion. 

Figure 1 l a  shows the data for the shallow soil profile. The data shows that the presence  of 
the equivalent layer consistently leads to lower amplification factors. The use of an equivalent 
layer will result therefore in lower seismic demand on the waste fill. Figure 1 l b  shows the  data 
for  the deep soil column. The analyses show that the presence of the equivalent layer has 
minimal effects on the amplification factors for the deep soil profiles. 

In both profiles the amplification factor shows strong dependence on the dominant period of 
the ground motion. The amplification factor increases as the dominant period increases and 
approaches the period of the deposit (site period). The dependence is true regardless of  the 
scaling of the ground motion. Therefore, the  frequency content of the input ground motion, 
which is expressed here in terms of the dominant period, has an important effect on  the 
computed ground motion. The designer will have to carefully choose the input ground motion 
for a specific site. The ground motion has to have the appropriate frequency content compatible 
with the ground shaking level. Merely scaling the ground motion to desired peak ground 
acceleration may not always be suitable. 
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AMPLIFICATION/ATTENUATION OF GROUND MOTION 

The results of the analyses are also plotted in Figure 12 in the form of surface peak ground 
acceleration versus rock site (input) peak ground acceleration. The figures also include empirical 
limits for sites with no landfills but with containing soft soils by Idriss (1990). 

For the shallow soil profile, Figure 12a, the analyses using the unscaled ground motions 
(open  and solid circles) fall within the limits of measured data. Analyses using Mexico City 
motion (#4) when scaled to 0.6 g give a surface acceleration that falls outside the measured data. 
This may indicate that it is inappropriate to scale that ground motion from the recorded value of 
0.lg to 0.6 g without an adjustment of the ground motion frequency content. 

For  the deep soil profile, Figure 12b, the analyses show that all computed values fall  at  or 
below  the median solid line proposed for empirical correlations. The analyses show  greater 
attenuation of the ground motion than empirical correlations. It is likely that this analysis 
approach is inappropriate for deep soil profile. Recent work by Hashash et. al. (2000) shows  that 
for deep soil deposits the dependence of modulus degradation and damping curves on  confining 
pressures has a significant impact on site response analysis for deep soil depsoits (>50-100 m). 

LINER DISPLACEMENTS 

The slip along the liner has been computed using the following methods: 
1-  The rigid block (Newmark method) using the concept of yield acceleration. 
2-  The method proposed by Yegian et. al. (1988) using the concept of "maximum slip" or  peak- 

to-peak slip, obtained by multiplying the computed maximum shear strain with the thickness 
of the equivalent soil layer. 

Figure 13 plots the displacements using the Newmark versus the Yegian and Harb (1998). 
The rigid block method gives estimates of displacement that are much larger than those of 
Yegian  et al. (1998) for analyses without the equivalent layer. The rigid block method computes 
larger displacement for analysis without the equivalent layer than  for those with the  equivalent 
layer, which is contrary to what would be expected. Similar results were obtained for  analyses 
other  time histories. The rigid block method is not recommended for use in analyses with  the 
equivalent layer. 

CONCLUSION 

This paper presented a parametric study of landfill response using the procedure proposed by 
Yegian & co-workers. The analyses show that the use of  the equivalent layer concept  will 
reduce the computed acceleration in the waste fill and hence enhance stability estimates. The 
analyses show that the frequency content of the ground motion plays an important role in  the 
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amplification of the ground motion. Scaling of a ground motion to desired peak ground 
acceleration should also consider the frequency content of the ground motion. 

The paper did not address many important issues related to seismic design of landfills. These 
issues include a) appropriate mid-continent earthquake time histories to use in an analysis, b) 
relationship between computed displacement and anticipated damage to landfill liner, leachate 
collection system and cap systems, c) influence of non-linear response of the soil and waste. 
More research is required in the future to address these issues. 
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ABSTRACT 

Construction Quality Assurance (CQA) testing of geomembranes for solid waste applications 
began in the early 1980’s at a time when owners, designers, regulators and even manufacturers 
had relatively little experience in testing and evaluation of geomembrane installations. 

While CQA testing programs have generally remained unchanged over the last fifteen years, 
the technology applied to the manufacture, seaming and testing of geomembranes has grown 
significantly. All these improvements have led to significantly lower seam failure rates in the 
field. Specifically, for projects with a good  CQA program and experienced CQA technicians 
and installers, the frequency of destructive testing and material conformance testing can  be 
reduced. 

The current CQA focus on prescriptive destructive seam and sheet conformance testing 
reduces the emphasis placed  on more important aspects of a successfbl geomembrane 
installation. The authors opine that reducing reliance on destructive testing alone and focusing 
more effort on installation monitoring and other seam performance indicators will result in  less 
expensive installations and liners that perform more effectively. We can take advantage of 
technology improvements to enhance the economic and environmental benefits of synthetic 
liners. 

INTRODUCTION 

Synthetic liners had entered the mainstream of a small but important group of Civil 
Engineering applications by the close of the 1970’s. Projects requiring water containment, such 
as canals and reservoirs, or groundwater protection in  liquid  or solid waste applications were 
increasing in  number  and importance on an international scale. Frobel (1984) reported that 122 
million square feet of synthetic liner was installed in  1980; nearly double the quantity installed 
in 1976. 
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In the early 1980’s, work performed by Anderson et al. (1981) demonstrated that certain 
chemicals could easily breach natural liners. In the United States, this work resulted in 
mandating the use of synthetic liners (soon to be termed “geomembranes”) in hazardous waste 
applications. Regulatory pressure combined with the economical and effective nature of 
geomembranes have led the expansion of the synthetic liner industry beyond what was imagined 
in 1980. 

As with any  new product or application, the use of geomembranes was accompanied by 
problems and failures. The products themselves were marketed as “impermeable layers” to 
engineers, owners, contractors and regulators that were largely inexperienced with 
geomembrane applications. Worse yet, many of the manufacturers were unaware of the 
environments in which their products were to hnction, and  how to effectively install and seam 
the liner. The proponents of geomembranes were concerned that their use was greatly affected 
by the perception that synthetic liners simply were not effective. In fact at the same time that 
Frobel was noting the dramatic increase in the use of geomembranes, Kastman (1984) was 
reporting seam defects at a frequency of up to one for every fifty feet of seam! The US 
Environmental Protection Agency (USEPA 1983, 1984, 1985a) issued reports describing the 
current practice of geomembrane use and outlining causes of liner failures. Most notable was 
the correlation between the lack of attention to seam quality and project failures. Failures were 
also attributed to poor design, poor installation and adverse weather (USEPA, 1985a). Clearly 
these new wonder products were  not “impermeable”. A great deal of work was needed in order 
for  geomembranes to meet their considerable potential. 

THE EMERGENCE OF QUALITY ASSURANCE 

Initial emphasis on what would eventually be termed “Construction Quality Assurance”, or 
CQA, was on the manufacturers themselves. Many believed that geomembrane failures were a 
result of poor or inconsistent resin  or sheet production. Of course, at this time the nature of 
failures was just beginning to be discussed in open forums and  in EPA reports. Clearly, 
reported failures were a result of more than just poor material. Expert design, installation and 
testing were in their infancy  in the early 1980’s. Unsuitable subgrade, weather, and 
inexperienced contractors were all outside the control of the geomembrane manufacturers. 
Geomembrane users and producers alike began to realize this and the call went out for more 
effective design and quality assurance. In his opening address for the First International 
Conference on Geomembranes, Giroud, when discussing geomembrane failures stated: “The 
main reason, I believe, is that many people, when they use geomembranes, tend to neglect two 
important aspects, design  and quality assurance.. .” (Giroud, 1984). 

While emphasis continued on manufacturer Quality Control, much effort was focused on 
developing comprehensive CQA programs that would be inclusive of design, construction and 
testing of geomembranes. Hazardous waste disposal and processing was  an area where the need 
for such a CQA program was most acute. Federal and state regulatory agencies were developing 
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criteria for double lined disposal facilities and surface impoundments. A variety of 
geomembrane design, installation and testing procedures were available and in use to some 
extent. The  need  at the time was to assemble the best methods and to organize them into an 
effective strategy to assure that geomembranes performed to their potential in every installation. 
This need was formalized when the USEPA issued the Minimum Technology Guidance (MTG) 
for double lined disposal facilities in 1985 (USEPA, 1985b). This watershed document required 
owners to “submit and implement a written construction quality assurance plan .. .” to be 
administered by a registered professional engineer. This required CQA Plan, which was subject 
to review and approval, was to contain important elements that still form the foundation of CQA 
Plans and state regulatory requirements to this day. 

The MTG,  as  well  as a variety of state regulations, permanently installed CQA as a part of 
construction (and permitting) of waste disposal facilities. Technical guidance issued for 
“Subtitle D ’  Municipal Solid Waste Landfills nearly a decade later is based upon this initial 
MTG for hazardous waste landfills. Efforts focused on proper geomembrane selection for a 
given application resulted in improvement in geomembrane resins and sheet throughout the 
1980’s and  1990’s. Geomembrane manufacturers, particularly HDPE producers, made  great 
strides in testing their products and distributing testing and promotional literature to all 
interested parties.  Now  market forces dictated that it was critical for these manufacturers to 
keep ahead of performance and testing requirements outlined in the CQA plans of their most 
important customers. While the process was not  always smooth, it evolved rather quickly. 
Economic and performance benefits were realized by the entire industry. 

CQA programs, as well as regulatory and economic forces also improved construction. 
Standards for geomembrane subgrade vastly improved with the introduction of the MTG. 
Through experience and assignment of responsibility for subgrade quality in the CQA plan, the 
relationship between a firm smooth subgrade and geomembrane performance is well understood. 
Gone are the days when soft, wet or rocky subgrade made effective seaming of geomembranes 
practically impossible. Of course, it still is difficult to seam a liner on poor subgrade, but 
established CQA practice reduces or eliminates this occurrence. This is certainly one element of 
CQA that should continue in the fhture. 

Geomembrane installation itself has evolved and improved. At the time the MTG was 
published, most  HDPE seams were constructed using extrusion welds. Fusion seaming was 
available but  not  in widespread use in the United States. Installation crews lacked the 
experience level  we expect today. Coordination between installers and earthwork contractors 
was often poor. Since few contractors had seen an “acceptable subgrade” or witnessed how 
quickly such subgrade could be lined, the geomembrane installers often had to wait around  or 
work under  less than ideal conditions. Shortcuts to make  up for lost time inevitably impacted 
geomembrane performance. Inexperienced or  over zealous designers, regulators and  CQA 
personnel, added to the early challenges of assuring effective liner performance. Still, 
construction quality increased dramatically in the last half of the 1980’s. Improvement 
continued into the 1990’s. The industry has matured, and the improved standards of practice are 
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widespread in the waste disposal industry. Implementation of CQA Plans has played a 
significant role in these developments. 

DESTRUCTIVE SEAM TESTING - A  CQA  CORNERSTONE 

It was a common occurrence during failure investigations in the 1980’s.  An owner would 
report that a geomembrane had failed. A group of engineers, and sometimes regulators, would 
arrive at the scene, walk around and  begin to remove seam samples for testing. More often than 
not,  some  flaw  in the seams would  be “discovered”. Dirt in the seam area, “cold joints”, 
inadequate overlap or  other  malady would be quickly identified as the culprit and repair or 
replacement  would soon begin. In the aftermath, a report would state that a “lack of seam 
quality control” was the main contributing factor to the problem. (Read all those USEPA 
reports from the mid-1980’s  and one will see that term numerous times.) To state it more 
bluntly: someone did not do their job very well and there was no one responsible to make sure 
the job was done well. A CQA firm  (any installer as well) could have conducted the necessary 
seam testing on that “failed” geomembrane before the project was put into service. The owner 
could  have saved time and  money  by incorporating a CQA Plan into construction. This painful 
lesson was learned at a painfully high frequency. 

Geomembrane CQA programs are not simple, but the stated program goals are easy to 
understand. “Did the owner get  what the owner paid for?” “Does the installation meet the 
requirement of the plans and specifications?” “Will the geomembrane function as intended?” 
As the focus of geomembrane performance shifted from the sheet itself to the seams, two 
complementary seam evaluation approaches entered the mainstream. Nondestructive testing 
methods involved evaluation of the integrity of the seam as a whole. No samples were obtained; 
the  seam was left intact. Tests were developed for different types of geomembranes. From a 
CQA perspective, the effective CQA technician observed and recorded the testing. 
Nondestructive testing gave an indication of  the “water tightness” of the seams, but  not of their 
mechanical properties. For many applications, nondestructive testing could uncover only the 
poorest of seams or the largest of flaws. Experience indicated that destructive testing was more 
rigorous if the sampling happened to occur at the location of a flaw. By removing a sample, 
testing it to failure and observing the seam sample closely, inadequate seams were more 
apparent. Of course, to test these specimens, a sample must be removed from the seam. In most 
cases, the destructive test passed. But the hole in the “good” seam remained. 

Destructive testing remains the best approach to evaluate the “bottom line” geomembrane 
performance. The peel adhesion and  bonded shear strength tests were developed as the “one- 
two punch” in seam evaluation. If a seam passed the peel and shear tests, generally it was 
assumed to be  ready to go. Destructive seam test data were used to demonstrate compliance of 
seams. 
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Oh,  by the way, those holes where the seam samples were removed still needed to be 
repaired. For HDPE geomembranes, those repairs were made using a patch and extrusion 
seams. As the HDPE industry turned to  the near exclusive use of double hot wedge seaming 
methods, those repairs were still made using extrusion welds. Since fusion was by all accounts 
quicker, more effective, consistent and less physically demanding than extrusion, extrusion guns 
were vanquished to the rear of the installer’s trailer. The authors contend that as enthusiasm for 
extrusion welding declined, so to did the skill to effectively complete an extruded repair. We 
continued to create repairs that had to be repaired using a method that inspired less and less 
confidence. As we better understood the effect of stress cracking of HDPE geomembranes, we 
began to look at all those extrusion welds with a critical eye. Surely extrusion welds are the 
only practical solution to seal liner penetrations and patches, but to improve the long term 
performance of geomembranes; it is our interest to minimize the quantity of extrusion welds 
completed. 

A balance between the need to test and the importance of keeping good seams intact needed 
to be established. This theme was evident during a 1993 workshop hosted by the USEPA on the 
seaming and testing of geomembranes (USEPA, 1993). At this workshop, several 
representatives of installers, manufacturers and engineering firms, including the author of this 
paper, expressed the need  for more effective nondestructive test methods with an eye toward 
eliminating unnecessary destructive testing. Such methods would ideally identi@ the small 
flaws that could  be evident during destructive testing, but  would  not require that a sample be 
removed  from the production seam. Enthusiasm for experimental techniques such as the 
ultrasonic shadow method  and other “black boxes” that potentially could provide this benefit 
was nearly unanimous. Regulators were noncommittal, or  at worst, resisted the change. After 
having seen past liner problems that were the engines of CQA Plans, some regulators did not 
want to see some electronic box cloud the picture. A rigid CQA testing formula seemed to be 
working, and this approach fit well with the regulatory need for written documentation. 
Construction quality was improving, so it is hard to fault that approach. 

The ultrasonic shadow method, too had its limitations, and never did meet the lofty 
expectations expressed in 1993. We as an industry should still pursue a truly nondestructive 
seam test method that will eliminate the need for cutting and removing destructive seam 
samples. Let us assume that some combination of destructive and nondestructive testing will be 
necessary to thoroughly evaluate seams for the near future. Does this mean we have to stay with 
the rigid formulas for CQA testing that were established in the late 1980’s? Certainly not. 
Geomembrane material has improved. Design and CQA personnel are more skilled and 
experienced than ever before. Contractors and geomembrane installers give us excellent results 
on a more consistent basis. We can take advantage of these improvements to update CQA 
approaches to provide more cost and environmentally effective solid waste disposal facilities. 
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DESTRUCTIVE SEAM TESTING - BREAKING THE  MOLD 

Review of the literature fails to uncover the source of the “standard” destructive test 
frequency of one sample per 500 feet of seam. For landfills, this is the national norm for testing. 
This frequency is even contained in some state regulations. Certainly there is no federal law or 
USEPA guidance that mandates a fixed frequency, but many state regulators expect this 
frequency in  CQA Plans that they review. Where did the “500-foot rule” come from? During 
that 1993 EPA workshop, Koerner stated that this frequency originated in Henry Haxo’s 1988 
rigorous compilation of the state of the practice (USEPA, 1988). Test frequency practice was 
well established in hazardous waste facility construction by then, however. Besides, Haxo 
recommended that the testing frequency be established based upon the nature of the project and 
the performance of the installer. A rigid frequency was not established. Furthermore, during the 
1992 Geosynthetic Research Institute Conference on CQA and CQC, speakers and authors 
repeatedly supported a flexible CQA approach that would minimize the number of needless 
patches in the liner. A 1992 USEPA guidance document on quality control of solid waste 
facilities (USEPA, 1992) devoted an entire section on sampling strategies for geomembranes, 
but never validated the 500-foot rule. Despite these efforts, the approach to destructive testing 
has not  evolved to reflect the industry’s knowledge and experience. 

The prescriptive approach inherent in the 500-foot rule is simply not justified today.. A 
logical experienced-based approach will result in a more effective installation. A CQA 
technician may dutifully sample every 500 feet of seam but still miss significant flaws. Today 
we assume that CQA using the 500-foot rule will result in a quality installation -just as we used 
to believe that geomembranes were impermeable. Engineers, installers, manufacturers and 
regulators have the requisite experience to consider alternate approaches to CQA that meet the 
goal of environmental protection. We can take advantage of the improvements in almost every 
aspect of geomembranes over the last fifteen years. We can improve CQA at little or no 
additional cost. 

Installers certainly have the most direct influence on seam quality. A good installer cares 
about seam  quality and works hard to correct any problems. No installer makes money while 
fixing their own mistakes. Not all installers do quality work, and even the good ones have bad 
days. In the authors’ opinion, CQA testing of seams is still necessary, even when the best 
installation crew  is on the job. We should have the flexibility to adjust destructive test 
frequency to suit the performance of the installers. This is not a new concept. Richardson 
(USEPA, 1992) suggested several statistical sampling methods that accounted for failure rates. 
One installer even  kept historical records of the failure rates of its seaming technicians and 
rewarded the best performers. Personal observation, as well as numerous discussions with 
others involved with CQA, indicates that seam failures during construction cause most installers 
to carefully investigate and mitigate the cause. Many installers test portions of the seam sample 
on site before it  goes to the laboratory to assure themselves of its quality. This is a far cry  from 
the “early days” when destructive seam failure rates of 25% were taken in stride. Today, 
installations of twenty or more acres are completed without a single destructive seam failure! 
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This paper is not intending to suggest that those responsible for CQA automatically assume 
that the installation crew assigned to their project is “good”. An important part of CQA is to 
compel the installer to establish the quality of the crew’s experience even before the project is 
awarded. Once on site, the crew again needs to demonstrate quality in all aspects of installation. 
The CQA staff should have the flexibility to increase or increase the testing frequency based on 
the level of quality demonstrated by the crew. Flexibility is the key issue. 

To illustrate the improved quality of geomembrane installations for landfill applications with 
a high degree of CQA, a summary of recent destructive seam test results is provided in Table 1. 
The projects are representative of projects located in the southeast US and completed under the 
authors’ supervision in the last few years. The projects represent several types of geomembrane, 
although predominately the installations were HDPE. The type and size of facility, destructive 
test frequency  and the failure rate are provided. For all of the projects, double track fusion 
welding was conducted, except for repairs. Extrusion welds or solvent seams (for PVC 
geomembrane) were used  for repairs. All of the installers were considered to be experienced 
and personnel qualified based  upon the criteria listed in the project specifications. 

The maximum failure rate for destructive seams samples for these projects was 10.5 percent, 
an improvement over the expected failure rate in the 1980’s. It should be noted that of the six 
failed samples on the project with the highest destructive failure rate, three were from extrusion 
welds. (The comparative failure rates of fusion and extrusion seams, where listed in Table 1 is 
noteworthy.) The other failed samples were obtained from areas identified as questionable by 
CQA staff who closely monitored the seaming. All of the samples obtained for the projects 
represented on Table 1 were selected by CQA personnel who visually monitored the seaming 
process. This is a key point. The CQA staff did not  merely  rely on a formula to select test 
locations. Experience, flexibility and close observation of the installation were also required. 

Several installations represented on Table 1 had no failed destructive seam samples. (This 
has also been observed on other projects that were not included  in the table as well.) These 
projects include frequencies of one sample per 500 feet and 1000 feet. Clearly for these 
installations, reducing the average test frequency is justified considering’the means of sample 
selection. Even  for the projects with failed destructive tests, closely monitoring the seaming and 
identifying potential spots was more effective than increasing the test frequencies. 

An effort was made on all of the projects listed in Table 1 to closely monitor all aspects of 
geomembrane installation with the goal of identifying areas where seam quality may  not  be 
satisfactory. The ultimate goal  is to work with the owner and installer to quickly identi@  and 
remedy seam problems. This is important in minimizing the impact of any seaming problem, 
therefore limiting the cost to both the owner and the installer. 
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Table 1 - Summary of Seam Performance for Various Geomembrane Installations 

FACILITY 

TYPE 

PRIVATE 
LANDFILL 

BASE LINER, 
1999 - 2000 

COUNTY 
LANDFILL 

BASE LINER, 
1999 

COUNTY 
LANDFILL 

FINAL 
:OVER, 1999 

2OUNTY ASH 
MONOFILL 

BASE  LINER, 
1999 
CITY 

LANDFILL 
FINAL 

COVER, 

COUNTY 
LANDFILL 

BASE  LINER, 

1996 -1 998 

1996 - 1997 

COUNTY 
LANDFILL 

BASE  LINER, 
1998 

GM 

TYPE 

1.5 mm  HDPE 

1.5 mm  HDPE 

1 .O mm 
LLDPE 

TEXTURED 

1.0  mm 

PYLENE 
POLY  PRO- 

3.8 mm  PVC & 

POSITE 
PVC COM- 

1.5 mm  HDPE 

1.5 mm HDPE 

GM  AREA 

M2 (SF) 

83,000 
(890,000) 

38,000 
(410,000) 

88,000 
(950,000) 

36,000 
(390,000) 

280,000 
(3,000,000) 

129,000 
(1,390,000) 

86,000 
(930,000) 

SAMPLING 

FREQUENCY 

11305 m 
(1000  LF) Of 

Seam 

1/150  m 
(500 LF)  OF 

SEAM 

1/305  m 
(1000 LF) Of 

Seam 

11305 m 
(1 000 LF) Of 

Seam 

11305 m 
(1000  LF) Of 
Field Seam 

111 50 m 
(500 LF) OF 

SEAM 

1/150  m 
(500 LF)  OF 

SEAM 

NUMBER OF 

DESTRUCTS 

27 

57 

43 

50 

76 

124 

90 

NUMBER  OF 

FAILURES 

0 

6* 

0 

0 

Y 

7** 

0 

* - Three of the six failed samples were extrusion welds. 
* *  - Two of the seven failed samples were extrusion welds. 

FAILURE 

RATE 

0% 

10.5% 

0% 

0% 

4.0% 

5.7% 

0% 

Geosynthetics  Conference 2001 
58 



A QUICK LOOK AT CONFORMANCE TESTING 

A similar argument can  be  made to the traditional approach to pre-construction conformance 
testing of the rolls of geomembrane prior to installation. A conformance testing program 
involves sampling selected rolls of geomembrane, and testing representative samples in the 
laboratory to assure that the sheet properties meet project criteria. Like destructive seam testing, 
conformance testing was born as a response to liner failures. Sampling and independent testing 
of the liner provides assurance that the materials delivered to the site met both the project 
specification and the manufacturers published properties. Occasionally substandard material 
was delivered to the site only to be tested and rejected by the CQA staff. In response, HDPE 
manufacturers developed comprehensive production monitoring and testing programs. 
Geomembrane test standards have become more widespread, allowing easier exchange of test 
data. 

Producers of HDPE geomembranes have adopted excellent production, Manufacturer 
Quality Control (MQC) testing and reporting programs, in part, as a response to CQA plan 
requirements for conformance testing. In instances where geomembrane manufacturing 
information is in question, a designer is justified in increasing sampling frequency for 
conformance testing. Here is another case where a prescriptive approach is not suitable. 

Conformance testing for  base liner applications has traditionally been conducted at a 
frequency of one sample set for each 100,000 square feet of material delivered. Each material 
lot is sampled. It is the experience of the authors and other colleagues queried for this paper that 
HDPE geomembranes rarely fail conformance evaluation. Of course, it is advisable to first 
carefblly review MQC Certificates and closely compare roll numbers to those inventoried at the 
site. We  can utilize the improved comprehensive MQC data to streamline the CQA testing 
process. For manufacturers that provide prompt and complete test data and Quality Control 
Certificates for each roll of material delivered, the CQA engineer can consider reducing the test 
frequency. Each lot should be sampled at least once, however. 

If there are questionable data, then the CQA engineer is responsible for additional sampling 
and testing. It is not in the manufacturer’s interest (or anyone else’s either) to produce, ship or 
install off-spec material. The role of CQA is to veri@. The level of testing conducted in say, 
1990 represents over-testing in  today’s industry. We are all looking for ways to reduce CQA 
costs without sacrificing quality. Given the right circumstances, a conformance sampling 
program is one place to look. 

RECCOMENDATIONS: WHAT WE CAN  DO BETTER 

It is tempting to provide recommendations for “new” reduced CQA test frequencies in light 
of the position outlined thus far  in this paper. To an extent, that would defeat the purpose of 
developing a logical means to redefine CQA testing. Most of the elements of CQA programs 
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that have evolved from the mid-1980’s are still necessary today. We should not abandon what 
we have learned over the years, but we should not lose sight of the fact that circumstances have 
changed. The following sections contain brief discussions and recommendations of what 
elements of geomembrane CQA we should update. 

Observation And Reporting 

It should be obvious that CQA of geomembrane installations should be a full time endeavor. 
During the “unenlightened” stage of geomembrane CQA  it was not uncommon for an  owner to 
hire an engineer to look  over the installation after it was completed. The engineer could make 
only the most subjective observations about the quality of the installation since he or she simply 
had  not seen the liner installed. The industry quickly learned that full time observation was the 
most effective way to quickly identify and remedy problems. The eye of an experienced 
engineer  or  technician  is still the  most eflective nondestructive  or destructive test we have. A 
decade ago it was common to staff a technician for each welding crew. The technician was 
responsible for visually observing the seam preparation, overlap, speed and temperature of the 
welding device, the presence of debris in the weld area, fishmouths, burnthroughs, etc. True, 
some of these items  could  be monitored at a distance or after the seam was completed. But,  it is 
also true that the trend toward close visual inspection corresponded with fewer failures and 
improved seam performance. There is a trend today, especially on “routine” projects, to 
severely limit the number of CQA technicians. Some owners have eliminated full time CQA  in 
favor of the “after the fact” inspections alluded to above. With fewer eyes on the seaming and 
no reduction of the documentation load, the technician’s role is reduced to that of data collector. 
The technician obtains reams of data but has the opportunity to see very little. This is especially 
true for the larger landfill cells constructed today. Is this the role we want for CQA today? 
Given the key  role geomembranes play in environmental protection, the industry should openly 
debate the future role of the CQA technician, engineer and the CQA program as a whole. 

Destructive Test Frequency 

This issue has  been addressed at length in this paper, so the authors’ opinions on this matter 
must  be clear by now. Reduce the number of destructive tests taken as the performance of the 
seams are verified. Minimize the number of extrusion patches needed to repair an otherwise 
good seam. Some ideas to implement this strategy are: 

- Place emphasis on test welds (both fusion and extrusion) completed prior to 
production seaming. Many equipment problems can be flushed out before any  real damage is 
done. Make sure that all personnel and equipment are re-qualified each shift. Eliminating the 
test weld requirements saves no time or money. 

- Sample early in the first production shift to establish the quality of seams as 
soon as possible. Try to obtain at least one sample for each shift. Keep good records on 
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technician and equipment performance. Have the installer remove balky equipment (or staff) as 
soon as identified. 

- Sample fusion and extrusion seams completed by  each welding technician - yes, 
even the superintendent if  he picks up a machine. 

- Try to sample fusion seam ends in the field as soon as they are completed. 
Testing a section of seam that will end up in the anchor trench or covered by another panel is an 
inexpensive way to get  good information quickly. A sample needs to be only a few inches long 
and it can  be tested immediately. 

If these items (and others) are included in the CQA program, and the installer has 
demonstrated  good seam quality in initial testing, increasing seam sampling frequency (to say 
one sample per 1000 or 1500 feet) has a solid foundation. Maintain the reduced sampling as 
long as  the  level of CQA inspection is high and the installer maintains his level of performance. 

Conformance Testing 

HDPE geomembranes are close to becoming commodity products. With good  MQC testing 
and documentation, sampling each 200,000 to 300,000 square feet of material can  be justified. 
Of  course, each manufacturer’s lot or batch should be sampled at least once. Experience 
indicates that rogue material (you know, the rolls that nobody manufactures, ships or unloads 
but  get onto the job site anyway) usually appears as single rolls with an out of sequence lot 
number. A roll picked for conformance sampling from a lot containing twenty or thirty rolls 
does not fail very often. 

Monitor Elongation in Destructive Tests 

The  load  at  break or yield is almost always recorded for peel and shear tests. A minimum 
load  is  usually specified in CQA plans and the loads are tracked throughout the project as an 
indicator of seam quality. What do peel or shear strengths actually mean? Ian Peggs (Peggs, 
1999) has  been writing for years that seam strength is not a good indicator, in real stress terms, 
of the quality of a seam. A better indicator is elongation or strain of a seam. For HDPE 
geomembranes, seams that break at high stress but  at  low strain may seem suitable at first 
glance,  but brittle behavior is an indicator of longer-term problems for the seam. Major 
variations in strain at yield or break can indicate overheating, poor seam preparation or other 
problems  and should raise alarm. Monitor the elongation at break for fusion and extrusion 
seams  and look for samples exhibiting values considerable lower than typical for the project. 
Establish minimum elongation values for the type and thickness of the geomembrane and the 
type of seam used. Elongation behavior of seams will not  be the same as exhibited during 
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laboratory tensile testing of the sheet itself. Consider developing a database that includes results 
from multiple projects. 

Reduce Emphasis on Shear Testing 

The industry has been conducting peel and shear testing on HDPE seams in tandem since the 
first seam testing was conducted. If one test is conducted, it is automatically assumed that the 
other will  be conducted as well. In reality, very few shear tests ever fail in terms of strength. 
The failure always occurs in the sheet adjacent to the weld. It takes a rather poor seam to 
actually not  qualify  under shear test criteria. It is safe to assume that any shear specimen that 
fails a shear test could be visually disqualified by anyone with minimal CQA experience. 
Furthermore, it is extremely rare that a seam passes peel adhesion testing and fails in shear. 
Shear testing is simply not enough of a challenge. Consider reducing the number of shear tests 
conducted in the laboratory as part of a CQA program. Instead of five specimens, try testing 
two per sample. We lose nothing in seam quality, but reduce paperwork and testing costs. We 
can  spend the additional money  on visual inspection by experienced technicians. 

Focus on Long - Term Performance of Seams 

By design and necessity, CQA activities focus on short term installation and test parameters. 
Our efforts in manufacture, design, installation and testing should be focused on assuring long 
term performance of geomembranes and seams. In simple terms, any activities, testing or data 
collection that limit stress cracking (for HDPE) will reap benefits. 

Stress crack evaluation of HDPE geomembranes has been conducted  in the laboratory for 
some time. Evaluation of seams  in this mode is not as advanced. With the advent of the 
Notched Constant Load Test (NCLT), (ASTM D5397) and the work initiated by Geosynthetic 
Research Institute (Hsuan, et. al., 1992) we have the tools to incorporate stress cracking 
potential into CQA testing programs. Such tests take 100 to 300 hours to perform in the 
laboratory. That is a concern, but not enough of a reason to ignore the potential problems 
associated with stress cracking. Perhaps with time and additional experience with NCLT we  can 
conclude that such CQA testing is not necessary for most applications. The long term 
performance of seams is one of  the few remaining areas where CQA evaluation can generate the 
information to continue the maturity of the industry. 
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Costs and Benefits of Geomembrane  Liner  Installation CQA 

G.T. Darilek 
Leak Location Services, Inc., USA 
D.L. Laine 
Leak Location Services, Inc., USA 

ABSTRACT 

Because the cost of third-party construction quality assurance (CQA) of geomembrane liner 
installations is typically comparable to the cost of the geomembrane liner, CQA must be optimized 
to obtain the most benefit for the owner, rate payers, and environment. A regulation-based CQA 
protocol  usually includes testing the material, observing the quality control (QC) program ofthe liner 
installer,  and performing destructive tests on samples of the geomembrane seams. Another well- 
established type of third-party CQA is leak location surveys using an electrical leak location method. 

This paper compares representative costs, benefits, and results of the two types of CQA used 
on geomembrane liners where both types were used. The relative merits of the two types of CQA 
are discussed. Examples of direct cost benefits are also presented. 

A large percent of regulation-based CQA is the destructive testing of double wedge welded 
seams. Industry experience has shown that these welds seldom  fail, and they require the test area to 
be repaired using a much longer length of inferior extrusion welding. Leak location surveys have 
shown that construction damage caused while placing protective drainage material on the 
geomembrane is a far more significant problem than double wedge welded seam failure. A much 
better cost benefit can be realized if a significant part of the resources spent on destructive testing 
of  seams  is used for electrical leak location surveys to eliminate construction damage. 

INTRODUCTION 

This  paper examines geomembrane CQA issues, particularly for geomembranes that are heat 
welded,  but is applicable to all geomembranes. Present conventional geomembrane CQA measures 
emphasize the destructive testing of geomembrane seam welds. This type of testing tests only a 
fraction of a percent of the length of the welds, is expensive, delays the project, and requires the test 
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area to be repaired using much longer lengths of inferior manual seam welding. Geomembrane welds 
seldom  fail the destructive test, and a failure of a destructive test does not necessarily mean the 
geomembrane would have failed in service. A much  more significant problem is construction 
damage caused while placing protective drainage material on the geomembrane. In practice, little 
or no CQA resources are used to prevent or detect such actual damage and failure of the 
geomembrane. 

Economic efficiency dictates that human, material, and capital resources will be  used to 
produce the highest overall long term value to consumers. In the waste disposal industry, 
governments have mandated the use of geomembranes and CQA measures to monitor their 
installation. The advancement of new technologies can  make these regulations outdated and  even 
nonproductive, and a new perspective is needed produce the optimum overall benefit to owners, 
ratepayers, and the environment. 

GEOMEMBRANE LINER CQA 

Geomembrane testing methods can  be divided into two categories: destructive testing and 
nondestructive testing. In the United States, the regulatory guidance includes testing the 
geomembrane material, observing the QC program of the liner installer, and performing destructive 
tests on samples of the geomembrane seams. In some cases, all of the CQA test methods are listed 
in the governmental guidelines, but the destructive tests are described in more specific details. 
Therefore, third party CQA has historically emphasized destructive testing and observation. 

Destructive testing CQA is necessarily limited to a spot check of very limited lengths of the 
geomembrane seams. One destructive test every 500 feet is generally specified for double wedge 
welded seams, and more frequent intervals are usually specified for manual extrusion welds. For 
double wedge welds, usually a three-foot sample of a seam is cut out of the liner. One third of the 
seam is tested by a third-party CQA firm, one third is provided to the installer for QC,  and the other 
third is saved by the owner. Multiple smaller samples of the seam are usually tested in a shear and 
in a peel test. 

Non destructive testing methods for geomembrane seams commonly include air pressure 
testing, vacuum box testing, spark testing, air lance, mechanical probing, and electrical leak  location 
testing. Table 1 lists the most-commonly used methods and features for the methods. 

Leak location testing using electrical methods has become a well-established method of CQA 
for geomembrane liner installations, as described by Laine and Darilek (1993). This method tests 
all of the geomembrane liner area and seams. A voltage is impressed across the geomembrane and 
electrical potentials are measured to detect the points where electrical current flows through the 
geomembrane. In the case of landfills, the method is applied after protective drainage material  is 
placed  over the geomembrane. Therefore, the geomembrane is tested under a load, and after the 
potential for damage of  the geomembrane has passed. A conductive media such as the prepared 
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subgrade, geosynthetic clay liner, or a water-flooded leak detection zone must be under the 
geomembrane for proper operation. The leak location accuracy  is typically to within a distance 
smaller than the depth of cover. False positive indications of a leak are not a problem if proper data 
sampling techniques and equipment are used. For thoroughness, areas with small marginal signals 
are further investigated. These areas are easily investigated so the cause of  the signal is resolved  or 
eliminated before the leak location crew leaves the site. 

The electrical leak location method has been  used to find a great number of leaks in 
installations that had regulatory CQA programs. The number of leaks, and characteristics of the 
leaks have been documented in several papers. Colucci and Lavagnolo (1 995) reported an average 
of 15.3 1 leaks per hectare (6.20 leaks per acre) for 25  landfill liners in Italy. Of the leaks larger than 
100 square millimeters, 305 out of 320 of the leaks were holes or tears probably attributed to 
construction damage. Laine and Darilek (1993) reported an average of 22.5 leaks per hectare (9.11 
leaks per acre) for surveys of ponds filled with water in the United States. Rollin et al. (1999) 
reported 2.03 leaks per hectare (0.82 leaks per acre) for bare geomembranes at eleven sites in Canada 
and France. 

Other implementations of the electrical leak location method are commonly used  for  testing 
geomembranes of ponds and tanks filled with water. A probe can be scanned over the geomembrane 
while the operator is wading in the water, or a probe can be  towed across the liner if the water is  deep 
or hazardous. A simplified adaptation ofthe method can  be  used on bare uncovered geomembranes. 
A squeegee, sponge, or water spray probe connected to an electrical power supply is used to scan the 
liner as it wets the dry geomembrane as described by Rollin et al. (1999). When the water from  the 
probe makes continuity with earth ground, a circuit is established and electrical current flows. A 
sudden increase in the current indicates that the water fkom the probe has intersected the position of 
a leak. 

ECONOMICS OF GEOMEMBRANE  LINER CQA 

Tedder (1 997) reported primary and secondary leachate flow data from 24 landfill cells with 
a primary liner consisting of a 60-mil HDPE liner. These cells were constructed with a regulatory 
CQA program. In the 14 cells with comparable data, 4.2 percent ofthe leachate flowed through leaks 
in the primary liner before it could be pumped out. 

This example raises serious questions about the cost benefit of regulatory CQA. Shepherd  et 
al. (1 992) raised questions about the true costs and benefits of the CQA efforts. They felt that if the 
regulatory  CQA requirements are  not aligned with the overall concept of obtaining significant 
environmental protection value, then alternatives that better meet the overall objectives should  be 
used.  They pointed out that it might be more economical to install redundant geomembrane liners 
instead of paying for the detailed regulatory CQA. 

Geosynthetics  Conference 2001 
67 



Table 1.  Common  CQA  and  QC  Test Methods 

Method 

Load Liner) 
Under (Percent of 
Test Speed Area Tested 

Air Lance No Fast, 3 to 10 m (10 Seams (0.5%) 
to 30 ft) per  minute 

~~ 

Air 
about weld seams Pressure 

No Setup time plus Double wedge 

(0.5%) 10 minutes per  seam 

Conductive No Very rapid, 1 to 2 Primarily for 
Sheet panels, limited 

(99%) 
acres) per day test on seams 
hectares (2 to 4 

Destructive 

Testing 
turnaround, days (0.00 15%) Seam 

Yes  Very slow 0.2% of seams 

Electrical 
(1 00%) Leak 

Yes About 0.5 to 1 100% of liner 

per person day Location 
hectare (1 to 2 acres) 

Vacuum Slow, labor Primarily for 
Box extrusion 

welded seams 
intensive 

(0.2%) 

No 

Test for 
Construction 
Damage 

No 

No 

Yes, but prior 
to placement 
of drainage 
material 

No 

Yes, after 
drainage 
material 
placement 

No 

Features and Limitations 

Economical QC test used on very flexible 
liners only. Tests for  unbonded areas 
only. Requires operator skill and 
experience. 

Economical QC test for double wedge 
welds only. Welds tested at a fraction of 
their strength. 

Rapid QC test of panels and areas that 
cannot be tested with vacuum box, 
requires installing proprietary 
geomembrane. 

Test for maximum seam strength, about 
12 feet of inferior extrusion weld needed 
to repair each test point,  may  delay 
project . 
Only test conducted after potential for 
construction damage has occurred. 

QC test, operator dependent. Cannot be 
used on wrinkles and corners. Leak may 
not be indicated with clay or water under 
liner. Primarily used  for extrusion welds. 



Shepherd et al. (1 992) also reported the cost of CQA for a single composite liner constructed 
in 1991 to 1993 was US$31,000 to US$74,000 per hectare ($12,500 to 30,000 per acre). In one 
case, the cost of the geomembrane CQA only was US$22,000 per hectare ($8,900 per acre). 
Electrical leak location surveys for geomembrane liners typically cost US$3,700 to US$6,200  per 
hectare ($1,500 to $2,500 per acre). The cost for third party oversight ofthe electrical leak  location 
testing is not included in these figures, but this oversight is usually accomplished in conjunction 
with other ongoing CQA work. The benefit of these costs in finding quality problems is examined 
later  in this paper. 

DISCUSSION OF REGULATORY  REQUIREMENTS 

In the United States and elsewhere, government regulations and technical guidance 
documents, have been promulgated for geomembrane liner construction quality assurance for 
landfills. The guidelines do not preclude the use of any technologies, but the guidance for some 
technologies is so specific that the industry has implemented those requirements and  ignored others. 
Furthermore, some guidelines were addressed at overcoming limitations in the construction 
technologies at the  time the guidelines were authored. This has  been the case regarding the 
destructive testing of geomembrane seams, which was a weakness at the time. Since that  time, 
double wedge welding machines have replaced the older technologies. In addition to providing a 
double  weld, and a weld of superior strength with less operator skill required, the double wedge 
weld provides an intermediate channel that can be easily tested with air pressure for leaks through 
the  welds. As will be shown in this paper, seam test failures are rare, and industry experience has 
shown that seam failures in service are practically nonexistent. 

The regulations require that double-wedge welded seams be destructively tested at regular 
intervals. The portions of the seam where destructive test samples are removed must be repaired 
using the inferior manual extrusion welder. Typically, one meter (three feet) of double wedge weld 
is  replaced with about 3.5 meters (12 feet) of manual extrusion weld. Extrusion welding requires 
greater operator skill and judgement for preparation and welding. The industry has recognized that 
manual extrusion welds fail at a far greater rate than double wedge welds. Electrical leak  location 
surveys of geomembrane liners has also shown that extrusion welds are a significant source of small 
leaks. Therefore, the superior double wedge weld area under test is being replaced with about  3.5 
meters (12 feet) of inferior manual extrusion weld. Even  if the failure rate of extrusion welds is the 
same as that of double wedge welds, the destructive testing results in more than three times the 
exposure to seam failures. The extrusion welder requires manual grinding of the weld area, which 
weakens the geomembrane. The repair of the destructive test sites also requires the difficult task 
of making two seams over the existing double wedge weld. It is even possible that a sample of a 
seam with a small leak through it could pass a destructive test. The presence of a patch, and  the 
rigidness of an extrusion weld introduce points for stress to accumulate under a load. In addition, 
failure of a seam during a destructive test does not even  mean that seam would have  failed  in 
service. Furthermore, it is plausible that a sample of seam with a small leak could pass a destructive 
seam test. 
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Nosko et al. (1996) reported electrical leak location surveys for more than 100 sites where 
several thousand areas of damage were found. Of these, 73 percent were construction damage 
caused  during the installation of the covering layer and two percent were accidentally caused after 
the covering layers were installed. Only 24 percent of the damage found was caused during the 
installation of the geomembrane. The problems with the seams were fiom extrusion welds at tees 
and  around penetrations and corners. They do not mention failures in double wedge welds. 

COMPARISON OF BENEFITS  OF  TYPES OF CQA 

Questionnaire 

To document the cost benefits of geomembrane liner CQA, confidential questionnaires were 
prepared  and sent to 33 entities who have had  third-party regulatory CQA, and an electrical leak 
location survey performed on a landfill construction project within the last three years. Eight 
responses were received that contained comparable information on the costs and benefits of CQA. 
Of these, six leak location surveys were initiated in response to a leakage problem, and two were 
planned  as part of  the initial CQA. The questionnaire asked for direct and indirect costs for the 
CQA  and  leak location, problems identified by the CQA and leak location activities, and benefits 
attained. It was realized that completing such a questionnaire with absolute accuracy would  have 
been a daunting task. Although accurate data was desired, getting any response was more important 
than having no response. Therefore, the questionnaire was designed to elicit responses by allowing 
the responder to qualify the answers. Thirty-six percent of the responses were rated as “accurate, 
from reported data.” Twenty-three percent were rated as  an “estimate, based on some data,” and 25 
percent were rated as an “estimate.” The data was tabulated and analyzed and plotted to obtain  cost 
benefits. 

Direct Cost Benefits of CQA - Identification of Problems 

The  primary use of geomembranes is for containment. A geomembrane liner cannot  meet 
its  intended purpose and specifications if it has bad seams or leaks, so identifying problems is an 
important part of CQA. Therefore, it would be instructional to quantify these benefits for the eight 
installations where comparable data was as obtained. 

Figure 1 shows a scatter plot of the cost of the two types of CQA versus the number of 
problems found. The data points for the two methods are grouped together within the shaded areas. 
Problems included failed seam tests, and holes in the liner. The most effective CQA should find the 
most problems at the lowest cost. Therefore, tests represented by data points in the lower right-hand 
part of the graph are the most cost effective. From the plot, it  can  be seen that the leak  location 
surveys located far more problems per dollar than the regulatory CQA. This is particularly 
significant because the leak location surveys were always conducted after the conventional CQA 
program. Therefore, the easier problems to identify would have been identified and  eliminated 
before the leak location survey was performed. For conventional CQA, the average cost to find a 
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problem was $7,945. The average cost to find a problem using leak location was $1,186. In either 
case, if these problems were not detected, the future cost of these problems could make these CQA 
measures  very cost effective. 

Seam Failures 

In the questionnaire, the respondents listed a total of 826 destructive tests of double wedge 
seams. These seam samples were taken out of the installed geomembrane, and did not include start- 
up samples or verification samples taken on scraps of liner. Of these 826 tests, 19 failed (or 2.3 
percent) the destructive test. Each section ofthe seams where the destructive samples were removed 
had to be patched requiring about 3.5 meters (1 2 feet) of hand extrusion welding. This leads to the 
question of whether testing the resulting 826 patches times 12 meters or 2,890 meters, (9,900 feet) 
of extrusion welds would produce more than 19 failures. The end result is possibly that the 
destructive testing accomplished more harm than good. 

Other Benefits 

The questionnaires asked if there were any other benefits of third party CQA, and  electrical 
leak location testing. A summary of the comments is: 
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Regulatory CQA 

- Verified proper startup, testing, and destructive sample testing. Verified panel layout 
plans and documented placement procedures. 

- They put the pressure on the geomembrane subcontractor to do good work 

- High confidence level that construction is performed correctly and per the design. 

Leak Location Testing 

- Extremely useful service for owner and regulatory agency. Picks up problems with 
the liner that are not identified with standard CQNQC procedures. 

- Electrical leak location would be a great pre-startup tool if the cell is designed to 
allow for large areas to be tested. 

- Caught leaks not visible to naked eye. Detected leaks created by placement of 
drainage layer of fill over liner. 

- New York State will not approve use of cell without acceptable action leakage rate 
results regardless oftesting. The leak detection testing eliminated one possible source 
of infiltration into secondary system. 

- Eliminated labor to uncover liner (Alternative was to remove all the protective cover 
and visually inspect liner). 

- Accurate. Detected defects made during placement of overlying material. 
Heightened contractor’s awareness 

An ExamDle of Cost Benefit 

Leachate in landfills must be treated before it can be safe for release to the environment. 
Depending on the nature of the leachate, the cost can  be  very significant. For this reason, many 
landfills are designed so that rainfall that falls on unused parts of the landfill is diverted from the 
waste so no leachate is generated and the rainwater can  be discharged without treatment. However, 
these areas usually share the same leak detection zone with the area containing waste. Therefore, 
any  leakage through the primary liner must undergo treatment. Treatment costs include collection 
and pumping for removal of landfill, hauling to the treatment plant, and treatment charges. If leaks 
in the primary liner can be eliminated or greatly reduced, water treatment costs can be reduced. 
Figure 2 shows the treatment cost for three years for a 4-hectare (1 0-acre) landfill for various water 
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Figure 2. Leachate Treatment Costs Versus Leakage for a 4-Hectare (10-Acre) Landfill Cell for 
Three Years 

treatment cost rates. The typical cost for a leak location survey of a 4-hectare (10 acre) landfill is 
also shown on the graph. 

As an example, if the leakage rate was reduced 600 liters per hectare per day, and if the cost 
of treatment was 1 cent per liter (3.8 cents per gallon), then the cost savings would be $26,280 over 
a 3-year period for a 4-hectare (10-acre) landfill. Because the typical cost to perform a 4-hectare 
(10-acre) leak location survey is $20,000, a cost savings, for water treatment alone, would  be 
$6,280. Tedder (1997) reported average leak detection system  flow  and area for 24 landfill cells in 
Florida. The average landfill cell size was 4.45 hectares (1 1 acres) and the average leakage rate was 
558 liters per hectare per day (59.7 gallons per acre per day). Therefore, the above example is 
realistic, even  for average installations. 

A PLAN FOR OPTIMUM  CQA  COST  BENEFITS 

A more cost effective plan for geomembrane CQA would greatly reduce the destructive 
testing requirements and incorporate leak location testing after the protective drainage layer  is 
installed. This plan would eliminate the potential for possible damage in the areas where the 
destructive sample sites are repaired. Destructive samples can be taken at non-critical places such 
as at the anchor trenches and  at sites that already  would require patching such as at the end  of a 
panel  or  at tee junctions. However, the threat of destructive testing should be kept to positively 
motivate the installation crew to best workmanship. Therefore, the CQA should include a limited 
number of destructive tests in suspect locations, and  at a very few truly random locations. 
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Consideration should also be given to performing pressure testing at higher pressures that do  not 
damage the geomembrane liner seams. 

For the best cost benefit, electrical leak location testing should be incorporated into the CQA 
program. The sump areas are the most critical parts of a liner system because they are subjected to 
the highest hydrostatic pressure, and because of the large amount of detailed geomembrane seaming 
required in these areas. As a minimum, the secondary sump areas should be tested before and  after 
drainage gravel is installed and at least the lower parts of the primary liner should be tested for  leaks 
after the protective drainage material is installed. In double geomembrane installations with a 
conductive leak detection zone such as geosynthetic clay liner or sand or gravel, and for single liner 
installations, the entire primary liner should be tested for leaks using the electrical leak location 
method. 

CONCLUSIONS 

The benefits of geomembrane liner CQA can  be improved, and potential damage caused by 
destructive geomembrane seam tests can be minimized by selecting a more optimum mix of testing 
methods. Geomembrane seam problems have been found to be far less significant than construction 
damage. Valuable resources are being focused on testing a fraction of a percent of the seams, which 
comprise a fraction of a percent of the geomembrane. Then the entire geomembrane is subject  to 
possible extensive construction damage in the process of installing drainage material on the liner, 
with no subsequent testing of the geomembrane. Geomembrane liners that had been installed with 
extensive regulatory CQA programs are found to leak appreciably because of construction damage 
caused while placing drainage material on the geomembrane. Electrical leak location testing is  an 
efficient and effective way to locate this damage for repair. 

The benefit of the regulatory-based CQA regime is to provide control of the geomembrane 
installation, document the geomembrane installer’s QC efforts, and identify weaknesses in the 
installation that may  lead to future leakage. In most  cases, some problems were identified  and 
corrected. The average cost to identify a problem using the regulatory CQA was US$7,945. 
Regulatory CQA is ineffective in identifying or preventing damage caused during the placement of 
protective drainage material on the geomembrane with heavy equipment. 

The benefit of leak location CQA was in identifying and accurately locating a large number 
of actual leakage failures in the geomembrane. The leak location CQA had the ability to find 
construction damage not related to geomembrane installation as  well as leaks caused during 
geomembrane installation. The average cost to identify a problem using leak location was 
US$l, 186. The cost benefit of conducting leak location surveys using an electrical method  is 
several times more effective than the benefit of a regulatory  CQA program. Instances of using leak 
location surveys can be shown to provide direct and quantifiable benefits. 
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Now is the time to reexamine CQA requirements. Engineers, regulators, and owners  must 
specify a CQA program that produces the most benefit. They cannot develop a false sense of 
security the regulations imply while ignoring more productive technologies. A significant part of 
the cost presently devoted to destructive testing of seams can be much better spent on  leak  location 
surveys to detect far more significant damage caused  when protective drainage material is being 
placed  on the liner. As a minimum, the most critical parts of every geomembrane liner used  for 
waste storage should be tested using the electrical leak location method. 
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AN INNOVATIVE  GEOSYNTHETIC  COVER  FOR  A  DEEP  HAZARDOUS  WASTE 
LANDFILL  IN  A  SEISMIC  ENVIRONMENT 

R. JEFFREY DUNN, GEOSYNTEC CONSULTANTS, U.S.A. 
ANIRBAN DE, GEOSYNTEC CONSULTANTS, U.S.A. 

ABSTRACT 

The paper describes the design of  an innovative cover system for a hazardous waste landfill. The site 
is located in the Central Coast region of California, atop a thrust fault with a peak horizontal ground 
acceleration of 0.86g. The design storm for the cover was a Probable Maximum Precipitation (PMP) 
event. 

The relative performance of various alternative cover configurations were evaluated utilizing design 
criteria such as relative infiltration, static and seismic slope stability, settlement, drainage and erosion 
resistance, operations and maintenance, and constructability. 

The selected final cover configuration led to significant savings in cost of construction, but with high 
performance through features such as a high-transmissivity tri-planar geocomposite to reduce hydraulic 
head on the liner on flat slopes during the PMP and to prevent saturation of the vegetative layer, low 
hydraulic conductivity contaminated on-site soil as foundation layer for geomembrane liner and the 
inclusion of a geonet biotic barrier within the vegetative cover layer. 

INTRODUCTION 

Background 

The unlined landfill, located near Casmalia in the Central Coast region of California, was the disposal 
site for hazardous wastes, most notably pesticides and solvents in drums and in bulk, during the 1970s 
and 1980s. Waste depths were up to 50 m, with side-slopes of 3 horizontal to  1 vertical (3H:lV), or 
flatter. Figure 1 shows a plan view of the landfill, with topography, prior to the construction of the final 
cover system. 

The landfill was constructed in an existing canyon. Liners and leachate collection systems were not 
installed beneath the landfill. Base and side-slope containment was provided by native claystone 
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materials underlying the site. Figure 2 shows a cross section through the landfill. The landfill was 
constructed prior to promulgation of the prescriptive requirements of Title 23 of the California Code of 
Regulations (CCR) which governed hazardous waste disposal and the initial waste placement operations 
predated the Resource Conservation and Recovery Act (RCRA) regulatory requirements for engineered 
landfills. 

The landfill started receiving wastes in late 1979. The waste materials were placed either as bulk 
materials or in the form of containerized liquids or within laboratory packs and crushed containers. Soil 
cover was placed between successive lifts. After 1989 the landfill only accepted wastes generated on- 
site, specifically, excavated and solidified pond bottom sludges from closure of on-site treatment ponds. 
These consisted primarily of soil or soil-like material, and formed the existing landfill cover. The soil 
material was classified as plastic silt (MH) according to the Unified Soil Classification System (USCS). 

The major design criteria for the landfill cover system was its ability to isolate waste material in the 
landfill from intrusion, to promote vegetation growth, to limit infiltration of liquids into waste after 
closure, and to be compatible with closure of four other landfills and surrounding areas at the site. The 
final cover system was also to be designed to reduce requirements for long-term monitoring, 
maintenance and repair. The design storm for the cover was a Probable Maximum Precipitation (PMP) 
storm event, measuring 340 mm over a 24-hr period, with a return period exceeding 10,000 years. 
Finally, the presence of burrowing animals at the site warranted the inclusion of a biotic barrier layer 
within the final cover system. 

The conceptual design of the landfill cover included the development of several alternative cover 
configurations. The design performances of the different cover alternatives were compared. The 
various issues related to design, and regulatory approval are discussed in the paper. 

Seismicity 

The results of a seismic site exposure evaluation indicated that the Maximum Credible Earthquake 
(MCE) at the site is a moment magnitude (M,) 6.6 event on the Lion’s Head thrust fault, which 
underlies the hazardous waste facility. This MCE was characterized with a mean peak horizontal 
ground acceleration (PHGA) of 0.86g in a bedrock outcrop at the geometric center of the site, a 
significant duration of strong shaking of 10 seconds, and a target acceleration response spectrum 
representing the anticipated frequency content of the MCE. 

DESCRIPTION  OF  ALTERNATIVE  COVER  CONFIGURATIONS 

The alternative cover configurations initially identified ranged from a single monolithic layer cap to 
those that were generally consistent with the United States Environmental Protection Agency (USEPA) 
recommended cover design, for hazardous waste landfills presented in USEPA [1989]. All  of the 
identified alternatives were designed to be constructed over a foundation layer composed of existing soil 
and borrow material, all recompacted as necessary to achieve suitable density and hydraulic conductivity 
characteristics. 
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Figure 2. Longitudinal Cross Section  Through the Landfill 

After preliminary analyses, four of the alternatives were  found to be suitable for consideration in the 
final design phase. These alternatives, labeled A through D, are shown schematically in Figure 3. 
Alternatives A and B include a geomembrane layer directly above the soil foundation layer. 
Alternatives C and D are generally consistent with the RCRA recommended covers, and include a low 
permeability soil barrier layer 600 mm (2 ft) thick, in addition to the geomembrane. Alternatives A and 
C include a geocomposite drainage layer and separate geonet biotic barrier, while Alternatives B and D 
include a granular drainage and biotic barrier layer. 

ANALYSES OF COVER  ALTERNATIVES 

The performances of the different alternative cover configurations with respect to various design 
criteria are discussed in the following sections. Relative performance of the alternatives was evaluated 
by analyzing the following criteria: 

infiltration; 
static and seismic slope stability; 
settlement; 
additional factors: 
= drainage and erosion resistance; 
= operations and maintenance; 

constructability; and 
adaptability to future closure activities. 
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Figure 3. Alternative Cover Configurations 
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Infiltration 

The estimated relative infiltration through each of the cover alternatives was evaluated using the 
Hydrologic Evaluation of Landfill Performance (HELP) model [Schroeder et al., 1994a and b]. This 
model is widely accepted as an effective tool to compare infiltration performance of different cover 
configurations. 

Infiltration Analyses - Preliminary Phase 

In the preliminary phase, analyses were completed on the alternative configurations to evaluate the 
relative performance of various cover alternatives under identical environmental conditions, using 
rainfall data for the years 1974 to 1978 (which are the default years of data in HELP). Results of the 
preliminary HELP model analyses on the  four cover alternatives are shown in Table 1. The results in 
Table 1 show that Alternatives A, C and D all have essentially zero infiltration, and Alternative B has 
near zero. Thus, in terms of infiltration, Alternative A is effectively equivalent to the RCRA 
recommended alternatives (Alternatives C and D). In Alternative A, a foundation layer of soil, 
composed of recompacted existing cap material, with limited quantities of soil from on-site borrow 
sources, provides a moderately low hydraulic conductivity of approximately 1 x d s .  While this is 
slightly higher than that typical of a low permeability barrier layer, it is still sufficiently low to act as a 
composite with the geomembrane, which limits infiltration through the cover. 

Table 1 
Results of Preliminary HELP Model  Analyses 

Percent  Percolation 

C 
0.00023 0.0034  0.00076 D 

0 0 0 

Notes: 
1. Infiltration estimated on a per acre basis from rainfall data accumulated during the years of 1974 - 1978. 
2. Initial moisture content was assumed to be at field capacity. 

Infiltration Analyses - Final Phase 

The final phase of HELP model analyses was completed only on Alternative A (selected 
configuration) and Alternative C (RCRA-recommended cover configuration). Three precipitation cases 
were modeled, as follows: 
0 synthetically generated 30 years of rainfall; 
0 effect of irrigating the cover during the first two years after construction; 
0 a design rainfall corresponding to the PMP  event, simulated under previously saturated soil 

condition. 
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The input of the PMP resulted in the highest amount of water collected in the geocomposite drainage 
layer. The geocomposite drainage layer was modeled as a 5-mm (0.2-in.) thick layer with two different 
hydraulic conductivities. The first was a hydraulic conductivity of 0.10 d s ,  corresponding to a 
transmissivity of 5 x m2/s. The second was a hydraulic conductivity of 0.02 d s  with the same 
material thickness, corresponding to a transmissivity of 1 x m2/s. 

Four different surface slopes, corresponding to different areas of the landfill cover, were modeled in 
the final analyses. Table 2 shows a summary of results for some of the cases analyzed in the final phase 
of HELP model analyses. The results indicate that the Alternative A is a viable alternative to the typical 
RCRA cover (Alternative C), in terms of maximum head over and leakage through the cap liner. 

The analyses showed that the effect of variability in the hydraulic conductivity of the geocomposite 
drainage layer was significant. The  lower hydraulic conductivity of 0.02 d s  was acceptable for side 
slopes of  20% (5H:lV) and steeper, for which the maximum head above the  liner was calculated to be 
less than the minimum thickness of the geocomposite of 5 mm (0.2 in.). However, the higher hydraulic 
conductivity of 0.1 d s  was required for the flatter slope of 4% on the landfill top deck (the uppermost 
portion of the landfill). This was necessary to satisfy a design requirement of keeping the maximum 
head above the geomembrane liner less than the geocomposite thickness. This variation in hydraulic 
conductivity of the geocomposite drainage layer between the top deck area and side-slope areas required 
specifying two different minimum transmissivity requirements for the geocomposite. 

Table 2 
Summary of Results of Final  HELP  Model  Analyses 

[Infiltration  and  Head  Over  Cap  Liner - Peak  Daily  Average  Values  (Average  Annual  Values)] 

Notes: 
1.  Infiltration estimated on a per acre basis from synthetically generated rainfall data over 30 years. 
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A double-sided geocomposite with a non-woven geotextile on each side of a normal (bi-planar) 
geonet component was specified for all areas, except for the top deck area. For the top deck area with a 
slope of 4%, a geocomposite with a tri-planar geonet component was specified. The tri-planar 
geocomposite has enhanced flow capacity (compared with the traditional bi-planar product) due to the 
presence of structural ribs. The  drainage geocomposite in the cap  system was designed to convey 
collected water to  the surface water drainage ditches on the  each bench, or to the perimeter drainage 
ditch where it is then diverted away from  the drainage layer. 

Static and Seismic Slope Stability 

Preliminary stability analyses using an infinite slope model showed that the estimated seismically- 
induced permanent displacements (in the downslope direction) were in excess of 300  mm  (12 in.), which 
was the maximum displacement acceptable to the reviewing regulatory agencies. Therefore, changes 
were made to the final cover grading and the vertical distance between consecutive benches was limited 
to 9 m (30 ft), and finite slope analyses were utilized. The most critical case was that of a shallow, 
non-circular failure surface occurring at the critical interface in the cover system. 

A schematic cross-section of the  cover slope was developed consisting of two portions - a 
3.2(H):l(V) portion at the bottom that extended 6 m (20 ft) vertically, followed by a 2(H):l(V) portion 
on the top, that extended the remaining 3 m (10 ft) up to the bench. The bench was 6.4 m (21 ft) wide. 

A focused testing program, consisting of interface direct shear and triaxial compression tests on the 
interfaces and the vegetative and foundation soils, was completed to allow identification of the critical 
interface or soil shear strength. The test conditions modeled field conditions. The residual (large 
displacement) shear strength properties in terms of adhesion a, and interface friction angle 4 , from the 
interface test results are presented in Table 3. The interface between the geotextile and the textured 
geomembrane has the lowest residual shear strength and thus, represents the critical interface of those 
evaluated. The shear strength at the interface was lower than the undrained shear strength of the 
vegetative or the foundation soil. This interface appears above the barrier layer in all four alternatives. 
Thus, any potential sliding should be above the geomembrane layer and the integrity of the cover system 
should be maintained. 

It was recognized that the construction of cap Alternatives C and D would require the use of  low 
hydraulic conductivity clayey soil material, and the interface between the soil barrier layer and the 
textured geomembrane could exhibit decreased interfacial strength as  compared with the textured 
geomembrane/foundation layer soil interface. Similarly, Alternatives B and D would require the use of 
geotextile cushion and the granular drainagehiotic barrier layer, which may exhibit decreased interfacial 
shear strength. It is generally undesirable to have a critical interface below the barrier layer. 
Accordingly, on the basis of slope stability performance being as good or better than the RCRA 
alternatives, Alternative A was selected for further stability analyses. 

Seismic Slope Stability 

A seismic field exploration program was conducted to provide an accurate basis for the seismic site 
response and deformation analyses. The program consisted of Spectral Analysis of Surface Waves 
(SASW) measurements at the landfill, as well as on native material at the site. The  SASW testing 
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provided shear wave velocity profiles that were used in site response analyses. Details about SASW 
testing can be found in Kavazanjian et al. [ 19961. 

Table 3 

Shear  Strength  Properties  of  Interfaces  in  the  Cap  System'') 

Notes: 
1 .  Following test method ASTM 
2. Residual strengths correspond to a minimum shear displacement of 50 mm (2 in.) 

Seismic response analyses were conducted using a one-dimensional non-linear model using the 
computer program D-MOD-2 [Matasovic, 19931. From the seismic response analyses, time histories of 
average acceleration at the base of the landfill final cover system were computed  for  two different 
heights - 30.5 and 48.8 m  (100 and 160 ft) of the landfill. The time histories of acceleration obtained 
through the seismic response analyses were utilized in Newmark deformation analyses [Newmark, 
19651 to evaluate the seismically-induced permanent deformation of the landfill final cover system. The 
processing of the average acceleration time histories was performed using the computer program 
YSLIP-PM [Yan et al., 19961. The estimated seismically-induced permanent displacements of the final 
cover system were limited to below 300 mm (12 in.). 

Settlement 

Design considerations for settlement analyses included the following: 

total and differential settlement and subsidence; 

generate additional settlement; and 

cap materials (particularly geomembrane) and their relative ability to withstand strains due to both 

the relative weight and thickness of the final cover and the resulting incremental load that will 

0 selection of cover grades to reduce potential for disruption in surface water drainage. 

Given the general lack of geotechnical data on settlement characteristics of wastes, settlement 
analyses were limited to parametric evaluation. The components of settlement that were analyzed as per 
Finger [ 19891 included the consolidation settlement of the bulk waste and the subsidence due  to collapse 
of void spaces inside and around containers. It was assumed that all future consolidation will occur 
under saturated conditions. Therefore, consolidation settlement was assumed to occur only below the 
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level of liquids in the landfill, while other types of compression settlement could occur both above and 
below the liquid level. 

Total Settlement 

The results of parametric settlement analyses indicated that for  a cover system requiring minimum 
fill placement, as in Alternative A, the total settlement may range from 0.3 to 4.0 m  (1 to 13 ft), 
depending on the choice of waste consolidation properties and various drainage conditions of the waste. 
The high end of the range was considered highly conservative, since it is not consistent with the 
condition of the existing interim cover, which showed little, if any sign of settlement distress or damage. 
Alternatives B, C and D require more fill than Alternative A, and consequently, the settlements for those 
alternatives were calculated to be somewhat higher. Maximum tensile strains due to differential 
settlement associated with Alternative A were very conservatively estimated to be 1.6 to 8.8%. This 
range of strains was lower than the yield tensile strain of  13% specified for the HDPE geomembrane, 
and was also below the multiaxial yield strain values reported by Koerner [ 19941. 

Subsidence Effects 

The final cover system may be impacted by localized subsidence resulting from the collapse of a void 
within the waste mass. A likely scenario of generation of a void would be the collapse of a partially- 
filled container, just below the existing soil cover. The impact of collapse of this hypothetical void was 
analyzed following the method by Sagaseta [1987]. The results of the analyses indicated that a tensile 
strain of only 1.4% would be induced in the geomembrane following the collapse of a half-filled 55- 
gallon drum situated 1.5 m (5 ft) below the existing landfill surface. The  drum was assumed to 
instantaneously collapse to one-half its original volume. The calculated value is well below the yield 
strain of  13% for the HDPE geomembrane. In addition, the existence of a drum only 1.5 m (5  ft) below 
the surface is a very conservative assumption, not supported by the findings of  an extensive field 
investigation program. 

Effect of Settlement on Cover Alternatives 

Based upon the estimated effects of settlement and subsidence, cover Alternatives A through D all 
appear to indicate satisfactory performance when subjected to total and differential settlements. 
Estimated settlements increase somewhat with thickness of the cover system. Therefore, Alternative A, 
which required only 600  mm (2 ft) of additional fill in the cover section, results in the lowest settlement 
and was the preferred cover alternative. 

Additional Factors 

Additional factors considered in the design performance of the selected cover alternatives included 
the following: 
0 Drainage and erosion resistance 
0 Operations and maintenance 
0 Constructability and the ability to meet performance standards 
0 Adaptability to future closure activities at the site 
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The surface features of the  four  cover alternatives, A through D are identical. Therefore, the 
performance of the four alternatives were found to be identical from considerations of drainage and 
erosion resistance, as well as operations and maintenance. 

With regards to constructability, the key item was the identification of suitable borrow soil area. 
During the design process it was concluded that only limited quantities of borrow soils for both barrier 
and drainage layers were available on-site. The use of a geosynthetic clay liner (GCL) as the barrier 
layer was considered early in  the design process. However, evaluation indicated that incorporation of a 
GCL might result in excessive cover deformations during the design earthquake, so it was eliminated 
from further consideration. Therefore, Alternative A, which utilized geosynthetic barrier and drainage 
layers, was considered to be the most economic option. 

The accepted cover configuration was expected to be adaptable to future closure activities at the site. 
Anticipated future closure activities include closure of adjacent landfills and other areas of the site as 
part of groundwater remedy, which required provisions for tie-ins at temporary terminations. Generally, 
geosynthetics-based alternatives are most adaptable to future tie-ins. Alternative A was the most 
acceptable configuration in this regard. 

SELECTED  CONFIGURATION 

The results of the engineering evaluation for the four final cover configurations are summarized in 
Table  4. Alternative A was selected as the final cover configuration on the basis of the engineering 
evaluations. This is related mainly to this configuration’s ability to better accommodate uncertainties 
with respect to the properties of waste and thus, the performance of the cover related to infiltration, 
slope stability and settlement. In addition, Alternative A rates highly in constructability, drainage and 
erosion resistance and adaptability to future closure activities. 

The  cover configuration in Alternative A consists of the following (from top down): 
0 600-mm (24-in.) thick vegetative soil layer; 

geonet biotic barrier, installed 300 mm (12 in.) below the ground surface; 
geocomposite drainage layer (non-woven geotextile/geonet/non-woven geotextile); 

0 1.5-mm (60-mil) thick HDPE geomembrane (double-sided textured); and 
0 600-mm (24-in.) thick foundation layer. 

The vegetative soil cover consisted of clean on-site borrow materials, with organic materials added to 
the upper-most lift to promote growth of vegetation. The biotic barrier which was intended as a barrier 
to small burrowing animals, such as mice, consisted of a HDPE geonet installed approximately 300 mm 
(12 in.) below the ground surface. By limiting the intrusion of smaller animals to above the barrier 
layer, larger animals which depended on smaller burrowing species for a food source, would not have 
any reason to dig below the geonet. The HDPE geonet was selected, based on results of studies by 
Rumberg [ 19821. 

The drainage geocomposite was designed as a double-sided geocomposite with a non-woven 
geotextile on each side of a geonet component. Two types of geonet components were specified for the 
geocomposite. For all areas of the landfill, except for top deck area, which had a slope of 4%, a normal 
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(bi-planar) geonet was specified. For the  top deck area with a  slope of 496, a geocomposite with a tri- 
planar geonet was specified. The tri-planar geocomposite has enhanced flow capacity (compared with 
the traditional bi-planar product) due to the presence of structural ribs. The geotextile component of the 
geocomposite was a non-woven material having mass per unit area of 270 g d m 2  (8 oz/yd2). 

The low permeability layer selected for  the  cover was a 1.5-mm (60-mil) thick double-sided textured 
HDPE geomembrane. Chemical resistance of HDPE to the liquids from the landfill and existing 
contaminated cover soils was evaluated by geomembrane manufacturers and was reported to be good. 

The foundation layer consisted of contaminated existing cover soil and borrow soil, recompacted to 
achieve desired density, hydraulic conductivity, and undrained shear strength. Specifically, a hydraulic 
conductivity of 1 x 10.' m/s or less measured in the laboratory, was specified for the foundation layer 
material. 

Alternative 

Infiltration 
Slope  Stability 

Settlement 

Drainage  and 
Erosion  Resistancc 

Operations  and 
Maintenance  Cost! 
Potential  Damage 

for Design 
Earthquake 

(MCE) , Constructability 

Table 4 
Summary of Cap  Alternatives  Evaluation 

A  D C B 

ssentially Zero 
Higher deformations Suitable. Higher deformations uitable 
Essentially Zero Essentially Zero Essentially Zero 

interface between Potential for critical 
geomembrane and interface between 
clay barrier layer. geomembrane and clay 

than Alternative A. than Alternative A. Potential for critical 

barrier layer. 

owest additional 

Suitable Suitable Suitable uitable 
settlement. settlement. settlement. :ttlement 
Highest additional Increased additional Increased additional 

.easonable Reasonable Reasonable Reasonable 

#OW. Low to moderate, but Low to moderate. Low, but greater than 
lovement above 

Potential for sliding of of geomembrane. Movement above eomembrane. 
Greater than Alternative C. Potential for sliding Alternative A. 

geomembrane. geomembrane. 

'ery good. 

off-site source of biotic soil. barrier layer material. 
permeability soil and low permeability source of biotic :quired. 
Requires source of low Requires source of Requires off-site lo off-site borrow 
Good. Good. Good. 

Less adaptable, due to Less adaptable, due Fairly adaptable. 7ery adaptable. 

barrier layer material. 

to additional layers. additional layers. 
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REGULATORY  APPROVAL 

The design of the landfill final cover  system was reviewed by the United States Environmental 
Protection Agency (USEPA) and two different agencies of the California State Environmental 
Protection Agency (CalEPA), namely the Department of Toxic Substances Control (DTSC) and the 
Regional Water Quality Control Board (RWQCB), as well as the local County. The final design was 
approved in 1999 and construction started in Summer 1999, and was completed in early 2000. 

SUMMARY  AND  CONCLUSIONS 

The use of low permeability foundation layer located just below the geomembrane and covered with 
a suitable drainage geocomposite provided the necessary RCRA-equivalent solution in the cover system 
and eliminated the need for a separate underlying low hydraulic conductivity barrier layer, thus saving 
construction cost and responding to the  shortage of borrow soil. The performance of the final cover 
configuration that was approved and constructed was shown to be equivalent to that of a RCRA cover. 

Relatively high flow capacity was required of the geocomposite on the top deck, due to the use of the 
PMP as the design event. This challenge was adequately met through the utilization of tri-planar 
drainage geocomposite on the top deck and a bi-planar on steeper side-slopes. 

Overall, the design described here demonstrates that a geosynthetic cover system was found to be 
suitable even at a site with relatively steep side-slopes, located in a highly seismic region and designed 
for a sizeable design precipitation event. To date, the constructed cover system has been performing 
well. With good vegetation, the cover had minimal erosion during the first rainy season after 
construction, and the geocomposite drainage layer has functioned well in reducing the potential for 
saturation of the vegetative layer material, and appears to be significantly reducing infiltration of liquid 
into the waste. 
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ABSTRACT 

Traditional  material quality assurance programs  have  involved sampling of geosynthetic 
product  rolls after they arrive on the construction site. This procedure often results in expensive 
investigations  and time delays when independent testing reveals non-conforming product rolls. 
Over the past decade, independent  in-plant inspection and  sampling has evolved as a  way to 
bypass the inefficiencies of on-site sampling. 

In-plant inspectors and samplers act as owner representatives at the manufacturing facility. 
There are several levels of service ranging fiom thorough  inspection of the entire production  run 
to sampling of select rolls during or after the production run. Knowledgeable  involvement at the 
manufacturing  facility can minimize conhsion and mistakes  on the construction site. 

This paper  briefly describes how the various  in-plant procedures cooperate with  and 
contribute to quality assurance plans. Then, in greater detail, the paper documents the evolution 
of in-plant procedures in light of the pursuit  of efficiency. Finally, the paper addresses the future 
of the quality assurance of geosynthetics. 

INTRODUCTION 

Traditional  material quality assurance programs have  involved sampling of geosynthetic 
product  rolls after they arrive on the construction site. This procedure often results  in  expensive 
investigations  and time delays when independent testing  reveals  non-conforming product rolls. 
Over the past decade, independent  in-plant  inspection  and  sampling has evolved as a way to 
bypass the  ineficiencies of on-site sampling. 
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Independent  inspection,  sampling  and  testing can be  performed  before the material  is 
shipped to the site. This requires the samples to be taken at  the manufacturing plant by an 
independent  third  party  and  shipped  from there to the independent  laboratory for testing.  A 
close  coordination  between the Construction  Quality  Assurance  (CQA)  Engineer, the 
manufacturer,  and the independent  lab  is  necessary to facilitate  efficient  in-plant  inspection  and 
sampling. 

A typical  liner  construction  project  organization  will  have the owner  contracting  individually 
with  a  designer,  a  contractor,  and  a  CQA  Engineer. The contractor  will  subcontract  for 
geosynthetic  supply  and  installation.  Separately, the CQA  Engineer  will  contract  with an 
independent  laboratory to provide  geosynthetic  sampling and conformance  testing. The CQA 
Engineer  has the ultimate  responsibility  for  certi@ing to  the permitting  authority  that  the  project 
was  constructed  in  accordance  with  approved  plans  and  specifications.  Thus, the CQA Engineer 
has the responsibility  and the associated  authority to “assure” the quality of the construction. 

RECENT  ISSUES IN IN-PLANT  ACTIVITIES 

In-plant  sampling  by an independent  third  party has become  a  routine  element of quality 
assurance  for  landfills  and other critical  containment  applications. This practice  has  advantages 
over  on-site  sampling  for the facility  owner  and  CQA  Engineer as well as for the manufacturer. 
The CQA  Engineer  will  know  that the properties of  the geosynthetics  delivered to the  job site 
have  already  been  independently  verified. In  most  cases, the manufacturer  cannot  ship  until the 
CQA  Engineer  has  reviewed the results of this testing and has  accepted the materials.  The 
geosynthetic  manufacturer  benefits  because  in-plant  sampling  helps to minimize the possibility 
of material  rejections  on-site.  If one or more  rolls are rejected, this will be known  prior to 
shipment,  and the inadequate  rolls can be  replaced.  In the absence  of  in-plant  sampling, the 
rejected  rolls  would  be on the job site. The manufacturer  would  have to bring  replacement  rolls 
and  retrieve the rejected  ones.  This  could  be  very  costly to the manufacturer,  in  terms of 
transportation  and  handling  costs,  and to  the contractor,  in  terms of construction  delays. 

In-plant  sampling has grown  from one part-time  independent  laboratory  employee at a  major 
manufacturer to a  network of in-plant  personnel  working for a  variety  of  labs  and  engineering 
firms in manufacturing  facilities  across  North  America.  In-plant  inspection  and  sampling 
protocols  originally  applied  only to geomembrane.  In-plant  personnel  currently  sample 
geomembrane,  geonet,  geotextile,  geocomposite,  geosynthetic  clay  liner (GCL), and  other 
materials. To perform their duties, these third  party  representatives may travel  hundreds of 
miles to a  facility  that  rarely  produces  material  that  requires the service, or they  may  make  daily 
visits to nearby  facilities  that  frequently  need  in-plant services. 

This  expansion of in-plant  services  has  been  accompanied by increased  competitiveness 
among  geosynthetic  manufacturers, waste companies,  engineering firms, and  independent 
laboratories. The tendency  towards  efficiency  has  encouraged the growth of in-plant  sampling, 

Geosynthetics  Conference 2001 
92 



but  it  has also led to pressures  for  quality  assurance  to  be faster, cheaper,  and  consequently, 
easier to implement.  Some of the current practices in in-plant  sampling can be  linked  to the 
need to keep  project  expenses  at a minimum,  though there is  an additional cost to this service 
that is normally  paid by the owner directly or  through  his  representative - the CQA firm. 

Another  important  factor influencing current in-plant  protocols  is the Specifications.  Each 
landfill  or  containment  application  has a set of governing specifications. The CQA Engineer 
bears the burden  of  assuring  (and  commonly certifling) that  construction  at a landfill takes place 
in accordance  with these specifications. The specifications detail the properties that the 
geosynthetic  materials  must  have,  and  they  mandate the frequency  at  which the properties  must 
be  investigated. The geosynthetic  manufacturer  must  certifL  with  quality control data that the 
materials  delivered  to the site meet  all  of the requirements  of the specifications. Often the 
manufacturer  is  required to increase the frequency of a particular test to meet the specification, 
or  occasionally the manufacturer may have to find a laboratory to perform a test that they are not 
equipped to perform. The specifications also enumerate quality assurance properties  and a 
frequency  for  each of these properties to be  performed  by  an independent  third  party  laboratory. 
Quality assurance testing may or may  not  be  required  on all of  the  geosynthetic  materials. 

To date,  most  specifications  do  not  contain  details  about the sampling of the geosynthetics. 
There may  be a provision for in-plant  sampling, or the specification simply may state that 
samples  will  be  taken.  The  responsibility for sampling the materials  will  almost  always  fall  to 
the CQA Engineer. In the absence of additional  stipulations, the CQA Engineer is free to decide 
how to implement sampling. 

The lack of sampling  requirements  in specifications and the economic  pressures so prevalent 
in the industry  have  combined to allow the evolution of some questionable  in-plant  sampling 
practices. Some of these practices  have  become  overwhelming  and disruptive to manufacturers 
who face numerous  in-plant  sampling requirements. Independent  laboratories are finding it 
more  difficult to coordinate with the CQA  Engineer  and  manufacturer,  and CQA Engineers 
worry that truly  independent  sampling  may  not be taking  place. 

Communication 

Efficient  and effective in-plant activities require good  communication  between the CQA 
Engineer,  the  independent  laboratory,  and the manufacturer.  The CQA Engineer,  or  possibly a 
party  authorized by the CQA  Engineer, will decide which  independent  laboratory will perform 
quality  assurance;  however, this information is not  always  relayed to the chosen  laboratory. All 
too  often, the manufacturer is the first to contact the independent  laboratory about a project  that 
requires in-plant sampling. The  laboratory  does  not  know who the client  is,  what  the 
specifications are, or what  to do. A mad dash to track  down  the  information  ensues  while the 
manufacturer waits. Sometimes the manufacturer’s  information  is  correct,  and  sampling  and 
testing proceeds. In other  cases, the directive is  incorrect,  and  sampling is not needed. 
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Occasionally  when  sampling  is  needed, the manufacturer  contacts the wrong laboratory. This 
situation can be  extremely  uncomfortable for all of the parties  involved. 

Another  common scenario occurs when the independent  laboratory  is  properly  informed of 
the in-plant sampling requirements  for the project,  but the manufacturer  is left uninformed. The 
manufacturer  may produce and ship the geosynthetic  without the independent  lab’s  knowledge, 
or  the lab may  find out  at  the last  minute. This culminates in a hurried scramble to obtain, ship, 
and test samples. 

When these communication  mishaps  occur, the inconvenience  and delays diminish the 
advantages of in-plant  sampling. The manufacturer  may  not ship the order on time  because the 
quality assurance testing is incomplete, or  the shipment may proceed at  the manufacturer’s  risk. 

In-Plant  Personnel 

The person  who  performs the in-plant  sampling  is either employed  by the CQA Engineer or, 
more  commonly,  employed  by the independent  laboratory  selected  by the CQA Engineer to 
provide  conformance  testing  for the project.  If the in-plant  sampler  is an employee of the 
independent  laboratory, he or she is  commonly a part-time  employee and only works when 
sampling  is required. Due to the seasonal nature of landfill  construction, the sampler  may  work 
very  little during the winter months. During the peak  summer  months, the sampler  may  need to 
work for several  hours every day. Samplers that travel  long distances to perform  sampling  may 
have  less than twenty-four hours notice  before  making  a trip out of town. The number of work 
hours per  week  and the time during the day or evening  when  work needs to be done are 
unpredictable  and  irregular. The in-plant sampler is on call whenever the need  for  sampling 
arises.  In-plant samplers are stationed near manufacturing  facilities across North America, and 
many of them  work hundreds of miles  away from the laboratory that employs them. 

To fill this position,  independent  laboratories have looked to college  students,  retirees,  and 
other individuals  who are interested  in working but do not require a steady or fixed  income.  A 
newly  hired  sampler  may have no experience with geosynthetics,  quality  assurance, or the waste 
industry. The most  important qualification tends to be  flexibility. Training often includes a visit 
to the independent  laboratory for several days and at least  one day of  training at  the 
manufacturing  facility  by another employee of  the independent  laboratory.  After this brief 
training, the in-plant  sampler  will wait for  the laboratory to contact  him or her when  sampling  is 
needed.  When sampling is  needed the first few times, the sampler  will be dependent on the 
individuals at the manufacturing  facility  for help. Even  with the brief  training, the sampler  will 
know  very  little about geosynthetics. The sampler will learn about  geosynthetics and quality 
control  from the manufacturer either intentionally or simply  by  frequent  interaction. 

These realities concerning in-plant  personnel  may  be cause for concern since the sampler 
acts as the eyes of the CQA Engineer in the manufacturing  facility.  Although the majority of  the 
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sampler’s  professional  interaction  will  be  with the manufacturer’s  employees, he or she has to 
remain  independent. CQA Engineers may  have  concerns  about who is performing these tasks 
on their behalf  and  if the person  is  capable of doing so. Manufacturers also  have concerns about 
the inexperienced  individuals who enter their facilities to act  as samplers. A new sampler may 
monopolize  the  time  of  one or more  of  the  manufacturer’s  employees  as the sampler learns to 
sample  correctly  and efficiently. In a way, the manufacturer ends up  paying the cost of training 
the new person.  Additionally, the manufacturer  is  concerned  about the sampler’s safety while in 
the  plant,  potential liability issues,  and confidentiality. 

In spite of  these  issues,  the  interaction  between the in-plant  sampler  and the manufacturer 
does  have  benefits.  In addition to obtaining samples and  performing testing, the independent 
laboratory  and  its in-plant sampler  aid in communications  between the manufacturer  and the 
CQA Engineer.  Often the person  most capable of communicating  with the manufacturer  is  the 
in-plant  sampler. By making frequent visits, the sampler  develops a unique  professional 
relationship  with the individuals at  the facility. The sampler often understands a particular 
product  line  and  its  idiosyncrasies  better than anyone  not  working  for the manufacturer  does. 
This  relationship enables the independent  laboratory to determine why a sample  may  not  meet 
specification criteria and  be able to explain this to the CQA Engineer.  Rather  than  being a 
hindrance to independence, the in-plant sampler finds that a cooperative relationship with the 
manufacturer enhances the laboratory’s abilities to meet the CQA Engineer’s  needs. 

Sampling 

The mechanics  of  sampling  will  vary  depending  on  the  manufacturing facility, the  type  of 
geosynthetic,  and the distance that the in-plant  sampler has to travel;  but the basic  procedure 
remains  constant. The independent  laboratory  notifies  its  sampler  of an upcoming  project  and 
its requirements. The sampler communicates regularly  with a contact at  the manufacturing 
facility to find out  when the material  will  be available to sample. The manufacturer may  be 
producing to fil l  the order or the rolls may be taken from  inventory.  When  rolls  are taken from 
inventory, the sampler  will  wait for the manufacturer to provide a complete  roll  list for the 
project. The rolls to be  sampled can be  chosen  from the list.  Because the rolls are usually 
staged in large  piles  or  stacks,  locating  and  unearthing the specific  rolls can be  time  consuming. 
The sampler  will w-ait to hear that the rolls to be  sampled are in an accessible  location  before 
travelling  to the plant.  Samplers  can experience a lot of frustration  and may wait  many  hours  if 
they travel to a facility  without arranging for  the rolls to be  pulled  from the stacks ahead of time. 

During  construction  season, it is  common to produce  for a specific  order, in this case the 
sampler,  laboratory,  and CQA Engineer have  more  flexibility to decide how  to collect the 
samples. The  sampler  can  visit the plant  periodically  throughout  the  production run to collect 
samples, or all of the sampling can take place after production  when  the order is complete. The 
factors affecting  how  sampling  is  implemented  include the size  of the order, how  urgently  the 
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material is needed  on site, the ease with  which  the  material  is  expected  to  pass  specifications, 
and the distance the sampler  must  travel to  take  the samples. 

Another  important  aspect  of the implementation  of the sampling  is deciding on  who  will 
select the  rolls to be sampled. When  sampling  is  performed  on-site, the CQA Engineer  selects 
the  rolls  to be sampled  and  oversees the cutting of the samples.  In-plant  sampling  circumvents 
the inefficiencies  of this process,  but the CQA  Engineer  oRen  does  not  choose the rolls to test, 
and  is  rarely  present during sampling. In some cases, the CQA  Engineer  will  have the 
opportunity to choose the sample rolls from a roll  list;  however, this method  proves to be  very 
inconvenient  for the manufacturer  because the requested  rolls  are  often  buried  at the bottom  of 
large stacks. This  method also requires waiting to sample  until the end  of  production  when  the 
roll  list  is  available, educating the CQA  Engineer  if  he  or she is  unfamiliar  with the 
manufacturer’s  numbering  system or products,  and  then  allowing the manufacturer time to 
locate  the  chosen rolls. CQA Engineers that choose to select  the  rolls  to be  sampled  may  delay 
shipment of  the materials by as much as a week. 

More  commonly, the in-plant  sampler  or a project  manager  at  the  independent  laboratory 
will  communicate  with the manufacturer as to which rolls  will be sampled; this method  is  more 
efficient but  still  requires the manufacturer to unearth  buried  rolls.  The alternative to the  needle- 
in-the-haystack  approach  is to sample the appropriate rolls as they are produced.  However, 
since the  manufacturer  will  produce  continually  throughout the day  and  night,  it  is  practically 
impossible for the sampler to be  present  when  each  roll to be  sampled is produced. 

A feasible  solution  has evolved. Prior to production, the independent  sampler lets the 
manufacturer  know  how  frequently a sample  will  be  needed.  For  instance, a sample  might  be 
needed  from  every eighth roll to meet the fkequency  called  for in the  project  specifications. The 
manufacturer  then stages every eighth roll so that it  is  easily accessible when the sampler  comes 
to  sample it. The sampler  may come each  day to sample the rolls that are set  aside,  or the 
sampler  may  be  instructed by the client to sample after production  has ended. In either case, 
when  the  sampler arrives, the rolls to be  sampled are staged together. The  sampler  verifies  that 
the  staged  rolls  will  meet the required  frequency  and that all of the staged rolls will  need to be 
sampled. With the assistance of  one or more  of the manufacturer’s  employees, the sampler  will 
take a sample across the roll  width  of  each  roll. The sampler  labels  each  sample  with the roll 
number,  project  name,  and  machine direction. Then the sample  is  wrapped  or  boxed  up  for 
shipment. Usually  an  overnight carrier will  pick  up  packages  daily at the facility. If not,  the 
sampler will arrange for the  samples  to  be  picked  up  or take them to a shipping office. 

In the  above  scenario,  who  decided  which rolls to sample?  The  manufacturer  designated  and 
set aside the  rolls  to  be  sampled. The independent  laboratory  instructed the manufacturer as to 
how  frequently  to  set aside a roll,  but  ultimately the manufacturer  decided  which  roll to sample. 
When a sampler  arrives  at a plant to perform  sampling,  he  or she may find that some of the rolls 
that have  been  set aside are actually the seventh,  ninth, or tenth  roll rather than the eighth. 
Because this small  amount of variation  does  not  prevent the rolls  from  accurately  representing 
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the  material  and  meeting the required  frequency, the rolls set  aside by the manufacturer are 
accepted.  The  reasons  why the rolls available for sampling are not  spaced  perfectly are simple 
and  plausible.  Usually someone on the production  crew  forgot,  or  the crew lost  track  because  of 
mechanical  problems  on the line,  downgraded  rolls,  scrap rolls, or other distractions. 

The problem  with  allowing the manufacturer to choose the rolls to sample is that neither the 
sampler, the independent laboratory, the CQA Engineer? nor the employees of the manufacturer 
who  were  not  present can be certain that the eighth  roll  was  not  set aside because  it  had  some 
kind  of  defect.  Even  more disconcerting is the reality that in some plants the manufacturer’s 
production  crew cuts the  samples off of the rolls; the independent  samplers just come to pick up 
the pre-cut samples. In cases where samplers  need to drive hundreds  of miles to a rarely  visited 
facility, the  independent  laboratory may arrange for the manufacturer to cut  and  send the 
samples  on their own.  Finally, in some facilities where sampling  frequently occurs, the 
manufacturer  does the sampling  for the laboratory  or  CQA  Engineer  on a regular  basis. An 
independent  sampler  is  not  used at  all. These  sampling shortcuts routinely occur with the full 
knowledge  of  laboratories,  manufacturers,  and  even  CQA Engineers. 

Although  these  practices are efficient and  probably save money, anyone concerned  about 
quality  assurance  must  question whether these practices  qualify  as  independent  sampling.  Also 
do these methods of acquiring samples fulfil  the intent  of the project specifications? If so, do 
the  specifications  need to be  revised? 

The manufacturing community does  not  benefit by taking  responsibility for in-plant 
sampling. Manufacturers whose materials require frequent in-plant  sampling  have  found that at 
least one if  not  more of their quality  control  personnel  spend many hours each day  coordinating 
sampling.  The  manufacturer  recognizes the necessity  of  quality  assurance and cooperates  with 
CQA Engineers and  independent  laboratories,  but the manufacturer  has  not  agreed or been 
authorized to perform  quality assurance. When  independent  laboratories do send  in-plant 
personnel to perform  sampling, this can be  very disruptive to established  procedures  at the 
facility. An individual  from  production,  quality  control,  or  shipping  must  stop  his  or  her job in 
order to  assist  with  sampling by driving forklifts and other machinery  and  locating rolls for 
sampling. In most  cases,  rolls to be  sampled  and  any  rolls  impeding access to those  rolls  will 
have to be  moved  at  least  twice to enable sampling to take place. Each time a roll is moved 
there is  potential damage to the core, product,  and wrap. Rolls that  are  wrapped  for  storage  must 
be unwrapped  for sampling to occur. Manufacturers that  cannot  easily  rewrap  the  rolls  with the 
original  covering struggle to find ways to protect  the  roll  after  sampling. 

Shipping 

After  sampling  is  complete, the CQA  Engineer  and the manufacturer  wait  to  hear  from the 
independent  laboratory that the test results are satisfactory. The  manufacturer  can  not ship the 
materials until the CQA  Engineer has reviewed  and  accepted  quality  control  certification  and 
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quality assurance test results. When  materials are urgently  needed  on site, material  may  be 
shipped as soon as samples have been  taken,  with the understanding  that failure of  conformance 
testing may require the shipment  to be returned. 

Manufacturers  encounter  difficulty when sampling  and  testing take place a long time before 
the  material can be shipped. The  CQA  Engineer  has  approved the final  roll  list,  and the 
manufacturer  is  expected to deliver those  exact rolls. Over the course of weeks and  months,  the 
manufacturer  may  have  trouble  keeping the order intact. When  the  geosynthetics are delivered 
to the job site, the CQA  Engineer  may discover that there are differences between the list of rolls 
approved  for  shipment  and the actual  rolls  on site. This  is  especially  troublesome  when one or 
more  of the rolls that was sampled  and  tested never made it to the job site.  If the discrepancies 
are significant, the CQA  Engineer  may  have to re-sample  the  materials  and  wait  for  new  test 
results from the independent  laboratory. 

When the wrong rolls arrive on the job site, the CQA  Engineer  not  only  blames the 
manufacturer  but also holds the independent  laboratory  responsible for not  properly  obtaining 
the  samples.  This can be  very fmstrating for the laboratory  and the independent  sampler since 
they  did  properly  sample  and test the original material  designated for the  project. 

SOLUTIONS 

The current  implementation of in-plant  sampling  is  intended to be efficient and expedient to 
all  of the parties  involved,  but some of these practices  no  longer  accomplish this goal  nor do 
they  uphold  any  standard  of independence. The further  evolution of in-plant activities must 
include a procedure  that  independent  laboratories,  CQA  Engineers,  and  manufacturers  alike  can 
support  and  implement. 

The specifications are the common  thread that ties the CQA  Engineer,  manufacturer,  and 
independent  laboratory together. Although these three parties  have  different  duties to perform 
and  different  interests  and  perspectives,  all three are  bound to follow the specifications.  As a 
legal  document, the specifications have an authority that an organization, company, or 
individual  does  not  have.  When specifications do not  define  explicitly  how  samples are to be 
acquired, these decisions fall to individuals who may also be  making decisions about project 
budgets  and  construction  schedules.  Because  specifications are clear,  tensile tests, destructive 
seam  samples,  and geomembrane thickness are not subject to  negotiation or budget  trimming. 
Independent  third  party  sampling  needs  to be as clearly defined. 

Example  Specification 

The following  text  is  an  example of how a specification  can  eliminate  confusion  about  how 
sampling  should be performed: 

Geosynthetics  Conference 2001 
98 



“The CQA Personnel are responsible as part of Manufacturer Quality Assurance (MQA) for 
verifying that  the geomembrane materials satis6 the specified  properties. This shall  be done by 
sampling  the  geomembrane  material at the specified  frequency in accordance with either 
Paragraph 1 (preferred)  or Paragraph 2. 

1 .  In-Plant Sampling (preferred) - In-plant sampling will  be  performed during or after 
manufacture of the geomembrane  but  before the CQA Engineer approves the material for 
shipment. A member  of the CQA Personnel, a representative of the independent  third  party lab, 
or another independent  third  party representative must go to the manufacturer to cut or observe 
the cutting of the samples, and to label, collect, and  ship the samples to the CQA Laboratory. 
The sampler must  be capable of assuring that the minimum frequency has  been met and that  the 
appropriate rolls have been sampled. The CQA Personnel  will  not approve the shipment of the 
geomembrane  until  reviewing  and approving the  test results. 

2. On-Site Sampling - The CQA Personnel will take samples from the geomembrane after it 
has  been  delivered to  the  job  site.  The samples will  be sent to the independent third party 
laboratory. Installation must  not take place until the test results are reviewed  and  approved by 
the CQA Engineer.” 

Updating  and  developing specifications will take time. The first step in the process is 
communication  and openness. Independent laboratories and manufacturers need to talk with 
each other to  find  out  what  each  is willing and able to  do  to facilitate independent in-plant 
sampling. Each manufacturer and each geosynthetic product  will have unique aspects. With the 
knowledge  and possibilities gained  from this interaction, the independent  laboratory needs to 
approach their clients, the CQA Engineers, to find  out what procedures are acceptable and 
desirable. Mutually acceptable procedures will then need to be  shared  with the speciQing 
community  with the help of industry organizations. Until specifications or other standards 
define what constitutes independent  in-plant sampling, frequent and  candid discussions between 
these parties will  help to clarify the procedures. 

Since specifications currently do not  give the independent  laboratory directions as to  how to 
sample, CQA Engineers need to provide this direction. CQA Engineers need to know the 
answers to the following questions before hiring a laboratory to perform  in-plant sampling: 
Who will  be cutting the samples and what are  this person’s  qualifications  and experience? What 
is the standard operating procedure for sampling geosynthetics at the applicable plants?  What 
documentation  will  be available for review after sampling? 

Example  Solution 

The 12-point procedure detailed  below  is  excerpted  from a recently  adopted  standard 
operating procedure  for in-plant sampling by an  independent  laboratory at a typical geosynthetic 
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manufacturing  facility. The independent  laboratory  wrote the procedure after consultations  with 
the manufacturer’s  quality  control  manager,  lab  supervisor,  and  management.  Additional  input 
for the document  came  from  an  independent  in-plant  sampler, a geotechnical engineer? a former 
CQA Engineer?  and a project  manager at an independent  laboratory. 

This  innovative  approach  to  in-plant  sampling  evolved as an  answer to the manufacturer’s 
concerns and the independent  laboratory’s  need for independence in selecting sample rolls. The 
manufacturer  could  not  continue  to  devote  personnel to digging  requested  rolls  out  of  stacks  and 
re-wTapping  sampled rolls. The manufacturer was also experiencing frequent damage to rolls as 
they were repeatedly  moved  around to facilitate sampling. In the past, the in-plant  sampler 
usually  sampled  rolls set aside by the manufacturer. The new procedure  allows the sampler to 
sample  any  roll in the order  and  allows the manufacturer to cut  samples during production in a 
systematic  and  routine  way. The following  portion of  the procedure applies to a blown-film 
geomembrane line. 

1 .  The independent  third  party  sampler  must  be  present at the beginning of production  of the 

2. The sampler  will assure that an appropriate sample is taken off the first  good roll for the 

3. Every  roll thereafter should  be  sampled. 
4. Unless  special  requests are made  at the time of  production, geomembrane samples  should  be 

a minimum  of 1.5 feet across the roll width. 
5. A sample  should  be  taken off of every roll. Scrap  rolls  and  downgraded  rolls  should also be 

sampled  though these samples  will not be tested. 
6. In the event that there is  overproduction  for the order, samples  should continue to be  taken 

from  every  roll.  If some of these rolls are not  allocated for the order, the samples will not  be 
tested  but  will  be  held  until the order has  been  closed. 

7. Samples cut by the manufacturer’s  production  crew  when  the  sampler is not present  must  be 
properly  labeled  with a roll sticker on  each end. Labeling  must  take  place in conjunction  with 
labeling of the  completed  roll  and  must  not take place after the fact. The samples  should  not 
be packaged or wrapped  until the sampler  is  in the plant to examine the samples. 

8. In order for the  sampler to accept samples cut by the manufacturer’s  production crews, the 
sampler  must  feel confident that each  shift  and  the key  people  on that shift  are  aware  of the 
protocol  and  are able to carry it out properly.  The sampler must be allowed access to the 
plant  at  all  hours  when  production  for the order is taking  place. 

9. In the event  that there are one or more errors in the above  protocol, the sampler at  hisher 
discretion may request  that certain rolls  be  re-sampled  while the sampler is present. 

10. In the event  that  production  begins  when the sampler is not  present, the sampler at  hisher 
discretion may request  that one or  more of those  rolls  be  re-sampled  while  the  sampler is 
present. 

I 1 .  Rolls that are pulled  from  inventory  to fill an order will  have to be  sampled  while the 
sampler is present. The sampler  must  be  given a roll  list that includes the lot  number. 

order. 

order. 
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12. The  sampler  will  advise the manufacturer as to  which  rolls  from the list  need  to  be sampled. 
These  rolls  must  be  sampled  while the sampler is present. 

IMPLEMENTATION 

On June 28, 2000, an independent  in-plant  sampler  and a manufacturer  worked together to 
implement the new standard  operating  procedure.  After finalizing the new procedure earlier in 
June, the sampler  and the manufacturer’s  laboratory supervisor and  quality  control  manager 
decided  to  begin  implementation  on the next  project.  Production for the project was delayed 
several times until the manufacturer  was  instructed  that the material  was  needed  at the landfill 
immediately. The laboratory  supervisor  called the in-plant  sampler on the afternoon  of  June 28* 
to see if  the  sampler  could  be  present that night when production  was  scheduled  to start. The 
sampler  and the laboratory  supervisor  arranged to confirm that the line was running properly 
that evening. 

Production for the order of  approximately 500,000 square feet  of  double-sided  textured 60- 
mil HDPE geomembrane began  around  seven  o’clock that evening.  The  independent  sampler 
arrived  around  nine  o’clock.  The first roll  had just finished. The first  sample  had  been  cut  from 
the end  of  the first roll,  labeled,  and  laid out near the geomembrane  line  but out of the way. The 
in-plant  sampler  discussed the procedure  with the two men  monitoring the line  and the 
production coordinator. 

The in-plant  sampler  returned to the plant the next  morning,  June 29, around  seven  o’clock to 
talk to the day  shift about the new procedure. The in-plant  sampler  reiterated the procedure  to 
the two men monitoring  the geomembrane line  during the day  and  discussed the new  procedure 
with the plant  manager  and  daytime  production  coordinator. Then the sampler  began to 
examine  the  samples  cut by the night crew. The sampler  verified that there was a sample for 
each  roll  produced for the order and that each  sample was labeled correctly. Each roll number 
and  corresponding  lot  number was recorded as well  as the date  of  production,  the  time  when the 
label  was  printed,  and the names  of the individuals  who cut and  labeled the sample.  After 
verieing that the procedure  had  been  properly  implemented,  the  sampler  checked  with the 
laboratory  supervisor to be sure that all  of the rolls had  passed  quality  control  testing.  All of the 
rolls  met  the specifications. 

The sampler  returned to the stack of pre-cut  samples  and  chose the sample  from the first roll 
to  send  to  the  independent  laboratory  for testing. The sampler  took the sample  which  measured 
approximately  one foot across the  entire roll width and cut it  into five one-foot square coupons. 
The  coupons were spaced  evenly across the roll width. The coupons  and a piece  of  smooth 
salvage  from  the edge of the sheet where a label  had  been  placed  were  bound together and 
packaged for shipment to the laboratory.  After  preparing the package for shipping, the sampler 
stayed to monitor the day crew as they  completed the first  roll  of the shift. At the end of the roll, 
the crew utilized  an  automatic cutter to cut three samples across the roll  width  before  beginning 
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a new roll. One member  of the crew took the first  sample  to the manufacturer’s  laboratory for 
testing while the other attached the second  sample to the roll to facilitate sampling of that roll at 
any hture date. The crew  applied labels to the geomembrane roll  and to both ends of the final 
sample  before  placing the sample  on top of  the stack of other pre-cut samples. 

On  June 30, 2000, the  in-plant  sampler  returned  to  observe a different day crew. The 
sampler  repeated the process of  the day  before  and sent two more  samples to the  independent 
laboratory. By July 3, 2000, production for the order was  complete. The sampler  came to the 
plant to finish  monitoring the sampling done by the production  crews  and  to  send  three 
additional  samples  to the independent  laboratory. 

Results  and  Review 

The new procedure  proved to be superior to  the former  sampling routines as a result of a 
systematic  effort to create a mutually acceptable procedure. In review, the first step was for the 
sampler to write a formal procedure for sampling based  on the specific needs of the parties 
involved.  The  second  step was to  gain the approval for the procedure  from the independent 
laboratory  and the manufacturer.  Following this approval, the manufacturer,  without  prompting 
from the laboratory,  presented the new plan to the facility’s  personnel  in a production  meeting. 
When  it  came  time to implement the procedure, the individuals  who  needed to participate in the 
procedure  already  knew  what to do. The procedure  succeeded  in  nominally  modifying the 
manufacturer’s  pre-existing  protocols to meet the needs  of the independent  laboratory  and CQA 
Engineer. 

The independent  in-plant  sampler was enabled  to act and  sample  independently.  The 
authority of the sampler to inspect the cutting of the samples  was  recognized. The sampler  did 
not  call  ahead to see if the manufacturer  had  someone available to help with sampling. The 
sampler  was able to come  to the plant  when  needed  and  perform  sampling  without assistance. 

THE FUTURE OF QUALITY ASSURANCE 

Quality assurance and the in-plant activities that facilitate it will continue to evolve. As 
manufacturers  become  more proficient and  experienced at producing  geosynthetics  and  acquire 
accredidations  for  quality, the need for third  party  quality  assurance  may  wane.  On the other 
hand, as a better  understanding  of the raw materials  used to manufacturer  geosynthetics  and  the 
performance  properties that enable  geosynthetics to function  is  gained,  quality assurance may 
continue with a different focus. 

The industry  as a whole  will define the concept  of  independence  and  decide  what  course in- 
plant activities will take. A standard  practice for in-plant  sampling  of  each  geosynthetic  would 
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eliminate  variation  throughout the industry.  Then  laboratories  could offer sampling in 
accordance  with that standard  and  could  be certified to perform  it at different facilities. 

Training  programs for in-plant  inspectors that culminate in certifications would be  needed  to 
equip  individuals  with the skills necessary to perform their duties. As in-plant personnel  are 
required to gain expertise, these practices  might  evolve  from  in-plant sampling to in-plant 
testing. These  highly  trained  personnel  could  perform  many  facets of independent  third  party 
quality  assurance  in  the  manufacturer’s  own  plant. This would  minimize the need  to  ship 
samples to distant laboratories  and  would allow quality assurance to be even more efficient. 

Quality  assurance  eventually  will  move  away  from  checking  index  properties  that  may  have  little 
correlation  to  actual  field  performance.  In  recent  years,  many  irrelevant  test  methods  have  been 
eliminated  from  quality  control  and  quality  assurance  programs.  This  will  continue  to  happen.  The  old 
tests  may  be  replaced by performance  tests  and  quality  assurance  of  raw  materials.  Advances  in 
accelerated  testing of long-term  properties  and  in  determining  molecular  properties  related  to  durability 
will  lead to accurate  verification  of  a  product’s  “fitness  for  use.’’ 

The future of in-plant  sampling  and  quality  assurance testing also  will  be  dependent  on  the 
manufacturer’s  ability to “certi%” standard  materials. The Product  Certification  Program for 
high  density  polyethylene (HDPE) geomembranes offered by the Geosynthetic  Certification 
Institute of the Geosynthetics Institute offers an example of where the industry  is  heading. As 
standard  specifications are developed  for HDPE, low  density  polyethylene,  and  polypropylene, 
the manufacturer’s  quality  control data and  statistical database could  provide the necessary 
comfort  level  and  eliminate the need for QA sampling  and testing. This step certainly requires 
the engineering community’s acceptance of a Material  Certification  program. 

CONCLUSION 

In-plant  sampling has evolved  rapidly over the past decade into a routine  but  unstandardized 
procedure.  The  efficiency  and convenience of  in-plant  sampling  has  allowed  it to grow in spite 
of the difficulties that are sometimes encountered. The  industry will need to grapple  with  the 
issue of what  truly constitutes independent  sampling  and  discover  practical  and  unobtrusive 
ways to achieve it.  Ultimately,  CQA  Engineers,  independent  laboratories,  and  manufacturers 
can  work  together to find a solution acceptable to each. 
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BUBBLEPOINT AND AOS  TESTING OF GEOTEXTILES 

DAVID J. ELTON,  AUBURN  UNIVERSITY,  USA 
TAREK  MOHAMED,  FORMER  STUDENT,  AUBURN  UNIVERSITY,  USA 
SABIT ADANUR, AUBURN  UNIVERSITY,  USA 

ABSTRACT 
The  apparent  opening  size  (AOS) test is the most  common way to evaluate a pore size in a 
filtration geotextile.  There  are  problems with this test. Bubblepoint testing (BPT)  can  also be 
used to evaluate the pore  sizes, in order to evaluate  the geotextiles' suitability as a filter. The 
BPT  produces the distribution of  pore  sizes; the AOS test provides only a measure of just one 
pore  size. Ten geotextiles were tested with both tests. The BPT results were compared  with 
modified  AOS test results to determine if the more comprehensive  BPT could be  substituted for 
the AOS  test.  The  BPT  gave  consistently  smaller  values  of  the characteristic pore  size  evaluated 
by the modified  AOS test ( 0 9 5 ) .  Consequently,  BPT results should not be substituted  freely in 
AOS-based  design  procedures. 

SCOPE OF THE PROJECT 

This paper compares the results of bubblepoint testing (BPT)  with the results of  modified 
apparent opening size (AOS) (ASTM D4751) testing of  nonwoven geotextiles. The modified 
AOS test gave a distribution of hole sizes. Both  tests give information on the pore sizes of 
nonwoven geotextiles. Ten nonwoven geotextiles were tested. 

PURPOSE  OF CURRENT STUDY 

This study investigates the'BPT as a possible replacement for AOS testing. This study 
compares BPT and AOS test results in  an attempt to show a relation between the two  tests.  If 
the BPT gives the same results as the AOS test, and offers the entire range of geotextile pore 
sizes in addition, the BPT would be more useful than the AOS test.  Moreover, the entire 
range of pore sizes permits a more rational filter design procedure than currently used  with 
AOS test results (a single pore size). 
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Design procedures for  filters made of soil use the  entire  grain size distribution of  the 
protected soil and  the filtration soil. Geotextile filter design procedures can likely be improved 
if  the entire range of geotextile pore sizes is known, from,  say, the BPT, as opposed to only 
one pore size from the AOS  test. Clogging of geotextiles, for example, is controlled by  the 
smaller pore sizes, as  noted by Carroll (1983). The AOS  test  does  not provide information on 
small pore sizes, other than Og5. In this study, the  AOS  test  was altered to  give a range of 
pore sizes. The test  was performed with a large range of  bead sizes, and all the data were 
plotted, rather than data for  just one bead  size. The  procedure  is described below. This test is 
still called  the  AOS test in this paper. 

The BPT addresses some of the AOS  test problems noted  by investigators (Bhatia  and 
Smith 1995; Carroll 1987; Fischer et al. 1996; Dierickx and  Myles 1996). 

BACKGROUND 

Geotextiles are used for  filters in civil engineering applications to  retain soil while 
allowing  water to pass  through. A  properly designed filter has sufficient permeability to allow 
an  adequate  amount of water to pass through while simultaneously providing sufficient 
retention of soil particles. The  pore sizes in the geotextile are the primary criteria used  to 
select the proper geotextile to  serve these two functions (Mlynarek 1999). 

There  are  many  methods  used for evaluation  of  pore  sizes in geotextiles,  including wet, dry 
and  hydrodynamic  sieving;  mercury intrusion porosimetry;  capillary liquid extrusion; and  image 
analysis. Each yields a different  measure  of the pore sizes in geotextiles (Falyse et al. 1985). 
Gourc  and  Faure (1990), Wates (1980), Faure et al. (1986) and  Dierickx  and Van der Sluys 
(1990) discuss the pros and  cons. Dry sieving,  mercury intrusion porosimetry  and BPT testing 
are  briefly  examined below. 

The American  Society for  .Testing and Materials (ASTM) D4751 test (AOS) is a dry 
sieving  method  commonly  used to measure a pore size in a geotextile. In this test, a geotextile 
is placed  on a supporting screen. Uniform diameter glass beads are placed  on the geotextile 
and the system is shaken. Some of the beads pass through the geotextile. The beads that pass 
through are weighed,  and the percentage passing is calculated. If  the percentage passing is 5% 
or  less, the bead diameter is noted  and  the  test is over. If  not, other bead sizes are sieved  until 
this criterion  is met. The diameter of these final beads is noted,  and  compared to the  opening 
size in a US  standard sieve. The US standard sieve number  (which is  the number of 
openingshnch) that is the next lhgest one from the final bead diameter is designated the  AOS. 

ASTM D4751 does not  specify  how  much lower than 5 % is acceptable. Consequently, the 
diameter of beads that produces 4 % passing  and  the diameter of beads that produces 2% 
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passing may both be used  as the result of the AOS test, even  though the two AOS (or two Og5) 
pores are different. ASTM suggests graphical interpolation to determine  the bead size  at 
exactly 5% passing. In addition, this same data may be reported as the bead diameter, rather 
than the AOS. This diameter is termed the Og5 pore  size - the size of the bead  used  when 95% 
(or more) of the beads were retained on the geotextile. Thus, the AOS test provides one 
number to characterize the filtration ability of a geotextile. 

Mercury intrusion porosimetq (MIP)  is another  standardized test method for evaluating  the 
pore  volume distribution of  porous  materials  (ASTM D4404). The test forces mercury into a 
sample at ever-increasing  pressures.  The principle is  that a non-reactive, non-wetting liquid will 
not penetrate  pores until sufficient pressure is applied to force its entrance (shattacharjee 1998). 
The  relationship  between the applied pressure and the pore size into which mercury will intrude 
is given  by the Washburn (192 1) equation: 

where P  is the applied pressure, D  is the pore diameter, y is the surface tension of  mercury  and 8 
is the contact  angle  between  mercury and the  pore wall. As pressure increases, the intrusion 
volume  of  mercury is sensed by the change in capacitance between the mercury  column  and a 
metal  sheath  surrounding the stem  of the sample  cell.  As the mercury column shortens,  the 
pressure  and  volume  data  are continuously acquired  (Youn 1998). Many investigators  have 
usedcommented on MIP with geotextiles (Fischer et al. 1996; Bhatia and Smith 1994,  1996; 
Elsharief  and  Lovell 1996). MIP, then,  provides  the distribution of pore  sizes  based on pore 
volumes.  Unlike other methods, MIP has the ability to provide a pore size distribution of a 
compressed  geotextile,  which is useful for analyzing  in-service geotextile behavior  (Prapaharan 
et al. 1989). 

It is important to note that the MIP, AOS  and  BPT tests each  measure a dlfferent type of pore 
size.  The MIP measures  pore  volumes, the BPT measures  pore constrictions, and the AOS 
measures the random passing  of  beads through a geotextile. 

The  BPT  and MIP methods were compared by Bhatia and  Smith (1994). They found that the 
BPT  was  able to distinguish  between geotextiles of different  manufacturing  processes  and of 
various  thicknesses,  as  long as the cross sections of the  geotextiles  varied. They were concerned 
that MIP caused  enlargement  of  the pores in the geotextiles during  testing. 

Air permeability  testing  (of  which  BPT is a form) is a third method for determining  pores 
sizes in a geotextile.  Bubblepoi& testing has been  used for a long  time.  Bechhold (1908) used it 
with  membranes.  More recently, it has been used with textiles and geotextiles (Miller  and 
Tyomkin 1986; Bhatia and  Smith 1995,  1996; Fischer 1994; Fischer et al. 1996). 
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The  BPT is the air permeability method examined in this study.  Here, air is forced through 
the geotextile while the airflow Irate and the head loss (pressure  drop) across the geotextile  are 
measured.  BPT can produce a complete pore size distribution in a comparatively short time.  The 
BPT  procedure is described in detail below. 

PROBLEMS WITH SOME EXISTING TESTS 

The AOS test has several  problems.  These  problems include static buildup on  glass  beads  and 
variability between geotextile specimens  (the latter is a problem  with all types of  nonwoven 
geotextile tests). The  buildup of static electricity causes  beads  to  cling to the geotextile  rather 
than pass through. Static charge  removers  added to the geotextile  and  the  sieve  frame walls help 
reduce or eliminate the buildup  of static electricity (Carroll 1987). The AOS results may not be 
unique,  since the AOS can be determined from the first bead  size that experiences less than 5% 
passing the geotextile.  Interpolation  between percents passing  above  and below 5% can reduce 
this error. AOS test results are :necessarily  uncertain,  since  there is no assurance that a given 
bead will find a pore to pass through in 10 minutes  of  shaking, if such a pore exists. Yet, the 
pore (not  the number of beads that find  it) controls filtration. Finally,  Dierickx and Myles (1996) 
note that the Og0 pore  size  may  be  more  reproducible than 0 9 5  because it often falls  on a steeper 
part of the pore size distribution curve than Og5. 

Common operator problems  include  sieving for longer than 10 minutes,  sieving the largest 
bead  size first (instead of the prescribed  smallest  size), failure to  shake all the beads from the 
geotextile, and failing to soak the specimen in water  prior to testing. While these are  prescribed 
in ASTM D475 1, they are not always  observed. 

The AOS test only measures  one  size pore. The pore  size  distribution, useful in filter design, 
is not  determined. Carroll (1987) notes that the AOS does  not relate directly to clogging 
potential. 

The MIP test  has problems.'  These include the use of  mercury  (hazardous), a somewhat 
expensive  apparatus, and some  :operator expertise. The test forces mercury into the geotextile 
pores,  including  dead-end  pores  &at  do not contribute to filtration. MIP seems to give  pore  size 
distributions larger than those  given by sieving  or  BPT  (Elsharief  and  Lovell 1996; Bhatia  and 
Smith 1994; Prapaharan et  al. 1989). This may be  due to enlargement  of the pores  by  the 
mercury, or inclusion of  dead-end  pores in the  measurement. MJP measures  pore  volumes, not 
pore  diameters.  Pore  diameters,  however,  determine  clogging  potential. Fischer et al. (1996) and 
Bhatia and  Smith (1994) review MIP problems. 
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THE BUBBLEPOINT TEST 

The  BPT method is a standardized test (ASTM  E1294) for evaluating the pore  size 
distribution in porous materials. The BPT  method is based on the principle of capillary flow, 
which states that a porous material will only allow liquid to pass when the pressure applied 
exceeds the capillary attraction of the liquid in the largest pore. Because an equilibrium 
condition exists with the force of gravity, the diameters  of  the pores present in a porous material 
can be  determined, based on the 'assumption that the pores are cylindrical. 

The test is run on a dry specimen by forcing air through it and measuring the airflow and the 
pressure differential across the specimen at increasingly larger airflows. The test  is repeated with 
a saturated  specimen.  The saturating liquid (here, mineral oil) must be  easily absorbed into all 
pores of  the material, so that the contact angle between the liquid and the porous material is 
equal to zero  (low surface tension liquid generally meets this condition). Gas pressure is then 
gradually increased at the  upstream face of the wetted material. At a critical pressure, the first air 
bubble(s) will come  through the largest pore(s) in the wetted material. If the pressure differential 
and flow rate across the geotextile are known, the diameter of the  largest pore may  be 
calculated. 

The test is repeated for successively larger airflows, allowing the calculation of successively 
smaller  pore sizes. This allows measurement  of the pore size distribution of a porous material. 
This method is based on the following concepts: (1) a dry geotextile will  pass air through all of 
its pores  when  any  amount  of air pressure is applied to one side of the specimen,  and (2) a 
saturated specimen will only pass air through pores when the air pressure exceeds the capillary 
attraction of the  fluid. As the air pressure is increased, smaller and smaller pores will pass air 
(Bhatia and  Smith 1995, 1996). A BPT takes about fifteen minutes to run, after the sample is 
saturated. 

SUMMARY OF TESTING  PROCEDURES  USED IN THIS  STUDY 

Ten  commercially available needlepunched, nonwoven geotextiles were evaluated (Table 1). 

The  BPT apparatus is shown schematically in Figure 1. The geotextile sample was die cut  to 
a diameter slightly smaller than the  46 mm sample holder (Figure  2). Only a few strikes of the 
dies were used to  cut the sample. Excessive strikes caused the  sample to become embedded in 
the cutting anvil, resulting in tearing  of the sample when removed from the anvil. 

The  sample  was placed in the  sample holder with the wire screen behind it. The screen had 3 
mm square  openings. Filtered a& was forced through the sample.  The airflow was regulated with 
a pressure regulator and a manifold  of metering valves.  The airflow was measured by rotameters. 
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Table 1. Geotextiles Used in Project (Data  Provided  by Manufacturers). 

Geotextile  Denier AOS (mm) Mass/area Manufacturing Fibers 
process (dm2) 

1 4-7  0.150  203 needlepunched Polypropylene 
staules nonwoven 

2 

4-7 0.150  335 needlepunched Polypropylene 3 

4-7  0.150  270 needlepunched Polypropylene 
staples 

nonwoven stades 

nonwoven 

4 

5 0.150  339 needlepunched Polypropylene 5 

4-7 0.150  405 needlepunched Polypropylene 
staples nonwoven 

staples 

nonwoven staules 

nonwoven 
6 5 0.150 492 needlepunched Polypropylene 

7 5 0.180 278 needlepunched Polypropylene 
staples 

nonwoven polypropylene 

nonwoven 
8 8-10  0.300  135 needlepunched Continuous ' 

9 8-  10 0.2 12  203 needlepunched Continuous - 

polypropylene nonwoven 
10 8- 10 0.212 270 needlepunched Continuous 

I polypropylene I nonwoven 

Figure 1. BPT Apparatus  Schematic (Not  to Scale). 
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Three  measurements were made.  The  airflow rate was read from a rotameter. The 
backpressure on the rotameter was measured with an electronic pressure gage to correct the 

Figure 2. Sample Holder. 
rotameter readings, which were calibrated at atmospheric backpressure. The head loss across the 
geotextile sample was measured with the manometer,  after the reading became stable, but never 
at a flowrate less  than the  maximum flowrate already experienced by the sample. 

The test was stopped when the apparatus' capacity  (maximum flowrate or maximum head 
loss reading) was reached. The airflow was  stopped  and the sample  was removed and soaked in 
light mineral oil. The sample was slowly placed in the  oil at approximately a 45" angle, letting 
the wetting surface remain above the surface of the oil. This helped remove air from the sample 
and kept air from being trapped underneath the sample. 

The test was run again, with the wet sample, in the same manner as the dry run described 
above. During the wet run, the levels of both the rotameters and the manometer tended to rise 
and fall as air was let through.  This happened because the oil clogging the pores formed bubbles 
which popped and let air through. This caused the oil to escape from the surface of the sample. 
Readings  should not  be made when the head loss (manometer reading) drops. The head loss 
reading should be raised back  to at least the highest level before making a reading so that 
inaccurate readings are not made. A higher flowrate clears out smaller pores in  the geotextile. If 
a reading were made at a smaller flowrate, it would  be incorrect, since air would be flowing 
through pores opened by the previously higher flowrate. 

The  BPT test was performed on two samples of each geotextile following the basic procedure 
in ASTM  F316. The sample holder inlet and outlet were the same diameter as the sample. 
Readings were made at fixed airflows, rather than when the bubbles were observed. A 
manometer was used  to  measurethe head loss across  the sample. The dry sample  was run before 
the wet  sample. 

Bhatia  and  Smith  (1995)  and Vermeersch and  Mlynarek (1996) describe the data reduction 
procedure. The  BPT data from both tests were reduced in a spreadsheet. 

It was desirable to plot the same pore sizes  as  those resulting from the ASTM D4751 test 
results. To  do this, the pore  sizes  corresponding to the glass bead sizes used in the AOS test 
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were substituted into equation (1) and the pressure calculated. Data was deliberately gathered at 
the  flow rates at these pressures during the BPT. 

The AOS test was performed following ASTM  D4751, which included soaking the samples 
in water before testing. This part of the test took several hours. The eight-inch circular geotextile 
samples were secured taut, without wrinkles, in a No. 4 US standard sieve using an elastic hoop. 
However, apart from the D4751 specification, the two samples of each geotextile were tested 
with 50g of every  bead size, regardless of the percentage  of beads passing through the  geotextile. 

Table 2. Ranges  of  Bead Sizes Used in 
the AOS Test 

I 1.425 I 2.000-0.850 I 
I 0.725 I 0.850-0.600 I 
I 0.463 I 0.500 - 0.425 I 

~~~ 

0.328 
0.300 - 0.250 0.275 
0.355 - 0.300 

~ 

0.23 1 I 0.250 - 0.212 
~ .~ 

I 0.196 I 0.212- 0.180 I 
I 0.165 1 0.180 - 0.150 I 
I 0.138 I 0.150-0.125 I 

~ ~ ~~~ 

0.116 I 0.125 - 0.106 1 
The  bead sizes are shown in Table 2. The remainder of the test was performed and the data was 
reduced as per ASTM D475 1.  The pore size vs. percent finer plot was produced from 

% Finer = (1 - (weight of beads passing through the sample / total weight of beads)) x 100  (2) 

The percent finer in the AOS. test  is the  percentage of pores smaller than  the bead size in the 
geotextile. 

RESULTS 

The resulting  comparisons between AOS and  BPT are shown in Figures 3 to 12. In all 
figures, the  longer pair of lines is bubblepoint test data and the shorter pair of lines is AOS  data. 

The figures show  the reproducibility of the BPT  and  some variability of the AOS test. 
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DISCUSSION  OF RESULTS 

The  BPT  test results consistently  gave smaller sized  pore  size  distributions than the AOS tests. 
The BPT 095 values  were  almost  always about 0.15 mm smaller than the AOS 095 values. This 
can be  caused by the AOS test procedure. If the AOS samples  were shaken for more than ten 
minutes,  more  beads  would  have  passed through the geotextile,  resulting in a smaller percent h e r  
calculated.  Similarly,  some  beads  clog geotextile pores,  increasing  the percent finer.  The  BPT 
tests all the pores all the time, wih no clogging  caused by the  test. 

The  BPT  tests  measured  much  smaller  pores  than  the AOS tests  did,  because of the  limited 
bead sizes available,  problems with static electricity and  pore  clogging.  The  smaller  pores  are 
particularly important in geotextile  clogging. 

The slopes of the AOS pore  size  distribution  curves  are  generally flatter than the  slopes of the 
BPT curves,  especially  with the continuous fiber geotextiles. 

The  BPT  tests are reproducible. 

The results for the  seven  staple fiber geotextiles are different than the results  for the  three 
continuous fiber geotextiles. The staple fiber geotextile results  (Figures 3 to 9) show all AOS 
pore sizes  larger than the corresponding BPT  pore sizes. This is the consistent pattern for all 
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pore sizes. This could be explained by the  nature  of  the AOS test, namely, the prescribed 
shaking  time for the AOS test allows too many  beads to “find” a hole to pass through. 

With the  exception  of  geotextiles 8 ,9  and  10,  the  manufacturer’s 0 9 5  falls between the authors 
BPT  and  the  sieving  AOS  values. 

The  continuous fiber geotextiles (nos. 8, 9 and 10; Figures 10,ll and 12) exhibit merent  
behavior.  Here,  the AOS pore  sizes  are not always  smaller than the BPT  pore  sizes.  The  reasons 
for this are not known and  deserve M e r  investigation.  The  larger  denier or manufacturing 
process  may  be  responsible. 

From  the  data  presented,  substitution  of the BPT 0 9 5  for the AOS 095 in current  design 
methods is not recommended.  The results could  lead to retention failure of  the  geotextile. If the 
BPT 0 9 5  is  used in an AOS-based  design  procedure,  it  should  be  noted that the BPT 0 9 5  is 
considerably  smaller  than  the AOS value. 

CONCLUSIONS 

1.  The  BPT  does not give the same 0 9 5  as the AOS test. The BPT 0 9 5  is consistently  smaller 
than the AOS 095.  

2. The  BPT  data are reproducible. 
3. The  AOS  data  showed more scatter than BPT  data. 
4. The  BPT 0 9 5  should  not be substituted  directly  into  design  procedures  based on an  AOS 095. 

The  reproducibility  of the BPT  data,  and the complete  pore  size distribution from the BPT 
offer  designers  information that allows a more robust design procedure to be  formulated  and 
used,  perhaps  following the procedures  suggested  by  Fischer  et  al.  (1990). 
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A  MODEL  FOR  INTERFACE  SHEAR  STRENGTH 
OF NONWOVEN  GEOTEXTILE 
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ABSTRACT 

An analytical model for predicting the shear stress-displacement behavior of nonwoven 
geotextile interfaces with soils and geosynthetics is presented. The developed model is based on 
results from direct shear testing conducted on nonwoven geotextile interfaces with three soils 
(Kaolin clay, Ottawa sand, and gravel) and one textured high density polyethylene (HDPE) 
geomembrane. The effect of the compaction molding water content of the Kaolin clay was 
reflected in the model’s parameters. The submergence condition and the density of the sand  and 
gravel were considered, along with the wetting effect on the interface with textured  HDPE. 
Parameters correlated to the shear stress-displacement behavior include the initial shear 
modulus, residual strength, and value and displacement of peak strength. The parameters for 
each of the tested interfaces are presented with a discussion on how  to apply these parameters in 
predicting the shear behavior of such interfaces at similar conditions. 

INTRODUCTION 

The United States Environmental Protection Agency’s (EPA’s) minimum technology 
requirements for hazardous waste landfill design and construction, (EPA, 1989) specify that all 
new landfills and surface impoundments to have Leachate Collection and Removal Systems 
(LCRS) and Leak Detection Systems (LDS) to reduce discharges of landfill leachate into the 
environment. As illustrated in Figure 1, these systems typically consist of either a single-sided 
or double-sided drainage geocomposite with a nonwoven geotextile in contact with 
geomembrane on the lower side and in contact with soils on the upper side. The soils on top of 
the nonwoven geotextiles in these systems could be compacted clay, protective soil cover, or 
soil drainage layers. These interfaces are also encountered in the final closure of landfills 
between the geomembrane and select fill material used as cover soils or vegetative support 
layers. 
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The continuously increasing use of numerical simulations in Civil Engineering practice 
requires the availability of constitutive models to describe the stress-deformation behavior of the 
materials involved. Such models are needed to solve complicated problems that are difficult to 
solve manually, such as the behavior of multiple layered landfill liningkover systems under 
loading, and the impact of the interaction between the various layers on the predicted stress- 
deformation response. 

Waste 

Soil Drainage  layer  or 
Protective Soil Cover 

LCRS,  Geocomposite 
(Geotextile-Geonet-Geotextile) 

Primary  Composite  Liner 
(Geomembrane-Compacted  Clay) 

LDS,  Geocomposite 
(Geotextile-Geonet) 

Secondary  Composite  Liner 
(Geomembrane-Compacted  Clay) 

Figure 1. Typical Cross Section in a Landfill Base Liner System 

The nonlinear hyperbolic model introduced by Duncan and Chang (1970) has  been  used 
successfully in modeling the shear stress-shear displacement behavior of some soils under 
certain conditions. However, it currently does not have a feature to simulate the presence of 
peak shear strength. 

Results of fifty two direct shear tests on nonwoven geotextile interfaces with three 
different soils and one geomembrane are presented in  this  paper. The three soils used in this 
study included Kaolin clay, Ottawa sand, and gravel, while the geomembrane was  1.5  mm 
textured  HDPE. Each interface was tested under four normal stresses: 25, 100, 250,  and 500 
kPa. The effects of compaction moisture content of the  Kaolin clay, wetness condition of the 
interface, as well as the density of the sand and gravel on the interface shear behavior are 
investigated. 

An analytical model is presented to describe the shear stress-displacement behavior of the 
different nonwoven geotextile interfaces measured in the experimental program under different 
test conditions. A discussion is presented on the effect of testing conditions on the model’s 
parameters. 
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TESTING  PROGRAM 

In this study, interface shear behavior was characterized by testing specimens in a 100 
mm x 100 mm x 50 mm direct shear box apparatus. All test data were collected through a digital 
data acquisition system. Two digital dial gauges connected to  the shear box container and the 
load ring were used to measure the horizontal displacement of the shear box and the resisting 
shearing force, respectively. A third dial gauge was  used on top of the shear box to measure 
vertical settlement of the clay specimens when consolidation was to be performed prior to 
shearing. The American Society for Testing and Materials (ASTM) standard for geosynthetic 
interface shear testing (ASTM D5321) requires a 300 mm x 300  mm shear box. However, 
results from Fishman and Pal (1994) indicated that for  fine grained soil in contact with  most 
geotextiles and geomembranes, a 100 mm x 100 mm shear box is adequate. The ASTM  D3080 
standard for conducting direct shear tests on soils indicates a minimum box length and thickness 
of twelve and six times the maximum particle size, respectively. 

Shear testing was performed on samples of nonwoven geotextile against Kaolin clay, 
Ottawa sand, gravel, and textured HDPE geomembrane. The testing program included thirteen 
series of direct shear tests. Each test series was performed under four normal stresses: 25, 100, 
250, and 500 kPa to cover the typical range of normal stresses in landfills. Testing conditions 
with the Kaolin clay used in this study can be described as consolidated drained (CD) tests on 
specimens compacted dry of optimum (DOO), wet of optimum (WOO), and saturated. 

MATERIALS 

The geotextile used in this testing program is 406 g/m2, polypropylene, nonwoven, needle- 
punched geotextile. Processed Kaolin clay was used to represent the clay component of a liner 
system. Table 1 presents some of the properties of the Kaolin clay. Ottawa sand and American 
Association of State Highway and Transportation Officials (AASHTO)  #57 crushed stone with 
6.4  mm  maximum diameter particle sizes were selected to represent the protective cover soil and 
drainage layer, respectively. A textured HDPE geomembrane, 1.5  mm thick and having 25 
N/mm  yield strength, was selected as the geomembrane liner material. 

SPECIMEN  PREPARATION 

Direct shear tests on geotextile/Kaolin clay interfaces were conducted under  CD 
conditions on clay specimens at three moisture contents: DO0 at 28% water content (2%  below 
optimum moisture content); WOO at 32% water content (2% above optimum moisture content); 
and saturated. The as-compacted "unsaturated" condition was simulated in the testing program 
by compacting the Kaolin specimen and then shearing it while at the compaction water content. 
The compacted Kaolin at these two moisture contents had approximately the same dry density of 
1.38g/cm3 (13.5 kN/m3). The fully saturated specimens were pre-soaked for 24 hours 
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Table 1. Properties of Kaolin Clay Used  in the Testing Program 

I ProDertv I Value 
1 Material I Kaolin Clav 
I PrinciDal mineral I Kaolinite 

I Specific gravity (Gs) I 2.65 
I Hygroscopic water content (w) I 1.17% 
Liquid limit (LL) 
Plastic limit (PL) 

56% 

75% Clav Darticles (~0.002 mm) 
25% Plasticity index (PI) 
31% 

I uscs classification I CH 
I ODtimum water content (w,,,,~) I 30% 
Max. dry unit weight (ydmax) 

8.4 x 10.’ cm/s Hvdraulic conductivitva 
13.7 kN/mj ( 1.40 g/cm’) 

a- from Shackelford and Redmond (1995) 

under a light normal stress. Compaction of the test specimens was achieved using a compaction 
hammer  with a 50 mm x 50 mm square cross section, 1.134 kg weight, and  26.7  cm drop 
distance. The number of blows per compacted layer was calculated to deliver the same energy 
per unit volume as in the standard Proctor compaction test, 6 kg.cm/cm3. Figure 2 shows the 
compaction curves of the Kaolin clay using both the standard Proctor and the compaction 
procedure developed in this testing program. 

Clay specimens were prepared by mechanically mixing the soil with a certain amount of 
distilled water to achieve the desired water content. The geotextile was placed  in the lower half 
of the shear box and then the clay sample was compacted in the  upper  half of the shear box in 
one layer with twenty five blows. Prior to shearing, a normal stress was applied to the test 
specimens to achieve consolidation, or compression under the applied stresses. A drained 
condition was maintained by shearing the Kaolin clay sample at a shearing rate slow enough to 
allow the pore water pressure to dissipate from the drainage boundaries of the sample. A 
shearing rate of 0.005 mdmin,  corresponding to fifty times the 50% consolidation time, was 
determined and used to ensure a drained condition. A humidifier was  used during the testing 
program to ensure the specimens did not loose moisture due to external temperatures. 

The Ottawa sand and gravel soils were sheared under a combination of dense/loose and 
submerged/dry conditions against the nonwoven geotextile to study the effect of the density and 
wetness of the soil on the shear strength of the interface. Under field conditions, the soil 
drainage layer is placed relatively loose to achieve higher hydraulic conductivity; however, 
under  higher loads from the waste weight, the soil could be compacted and become denser. 
Therefore, Ottawa sand and gravel soils were tested under both loose and dense conditions. The 
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loose condition was maintained by placing soil into the shear box  without  any compactive effort. 
The dense condition was maintained by compacting the soil in the shear box in the same manner 
described above for Kaolin clay. The dry condition was maintained by performing the test on the 
soil samples under initial conditions with respect to moisture. Submergence was achieved by 
submerging the shearing box into water while performing the shearing test. 

1.65 
Modified Compaction: G, = 2.65 

1.60 - 

'ydYdmax = 1.40 g/Cm 3 
1.55 - 

(13.734 kN /m3) 

1.50 - 
-A- Zero  Air  Void  Line 

m- 

6 1.45 
- 

\ 
u) 

> 
C 
a, 

v 

.% 1.40 - 

n 
n L. 1.35 - 

1.30 - 
0 

- 0  
1.25 - 

1.20 - ..' 
.-B 

1.15 1 1 , , , 1 , , 1 , 1 , , , , 1 ,  

20 25 30 35  40 

Water  Content % 

Figure 2. Kaolin  Clay  Compaction  Curves 

The geotextilehextured geomembrane interface was tested along the machine direction under 
both dry and submerged conditions. The geomembrane samples were mounted to  the lower half 
of the shear box using screws along the two sides normal to the shear direction. Geotextile 
samples were glued to plastic or wooden inserts that fit into the upper  half of the shear box; they 
were left for at least 24 hours to cure, and then placed on top of the geomembrane. The shearing 
rate used for the geotextile interfaces against sand, gravel, and geomembrane was 2 mdmin. 
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INTERFACE SHEAR RESISTANCE 

The shear strength, z is defined as follows: 

‘I: = a + G tan(6) (1) 

where a is the shear strength intercept or adhesion, 6 is the friction angle of the interface, or the 
slope of the Mohr-Columb failure envelope, and G is the applied normal stress. The shear 
strength (7) at an applied normal stress (CY) of 250 kPa is calculated for the purpose of 
numerically comparing the interface characteristics measured from the different tests. Also, the 
overall efficiency (E) of each interface is calculated as: 

Calculated values of (‘I:) and (E) are listed in Table 2. In the discussion, a suffix is added to 
each value to denote the test number, as listed in Table 2. For each interface, four shear stress- 
shear displacement curves corresponding to the  four normal stresses (25, 100, 250,  and 500 kPa) 
were measured. Peak shear strength parameters (a and 6) were determined by assuming a linear 
relationship between the applied normal stress and shear strength. The linear regression (r2)of 
the failure envelope for all tested interfaces was computed to be at least 90%. The (a)  and (e) 
parameters for each test are presented in  Table 2. Figures 3(a), 3(b), 3(c) and 3(d) show 
examples of the shear stress-shear displacement curves and failure envelopes of the nonwoven 
geotextile interfaces measured in this study. Figure 3(a) shows the interface against Kaolin clay 
under saturated, CD conditions, Figure 3(b) shows the geotextile interface against gravel under 
loose/dry conditions, Figure 3(c) shows the geotextile interface against Ottawa  sand  under 
dense/wet conditions, and Figure 3(d) shows the geotextile interface against textured HDPE 
under  wet conditions. 

As indicated by Lambe  and  Whitman (1969), for a given compactive effort and  dry 
density, clay tends to be more flocculated when compacted dry of optimum compared to wet of 
optimum. Increasing the moisture content tends to increase the interparticle repulsion, thereby 
permitting a more orderly arrangement of the soil particles to be obtained. The work of Seed  and 
Chan (1959) indicated that specimens compacted DO0 tend to be more rigid and stronger than 
specimens compacted WOO. 

The preceding discussion on the effect of moisture content on the shear strength of the 
Kaolin clay seems to be applicable to the Kaolinhonwoven geotextile interface shear strength. It 
was found that as the water content increased the shear strength decreased (230 = 82.5 
kPa < ~ 2 9  = 126.4 kPa < 728 = 151.1 kPa). It was found that  the overall efficiency of the interface 
under  the tested conditions was greater than one (l.OO), indicating the roughness of the tested 
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nonwoven geotextile. The relatively high efficiency of the interface was  mainly  due  to friction 
in the DO0 samples, and adhesion in the WOO samples. 

Table 2. Results of Direct Shear Testing on Nonwoven Geotextile Interfaces 

Test 
No. 

28 

29 

30 

35 

36 

37 

38 

43 

44 

45 

46 

49 

50 

Material 

Kaolin clay 

Ottawa sand 

Gravel 

Textured  HDPE 

Conditions 

as-compacted (dry of optimum)/CD 

as-compacted (wet of optimum)/CD 

SaturatedKD 

Loose/Dry 

Loose /Wet 

DenseDry 

Densemet 

Loose/Dry 

Loosemet 

Dense/Dry 

Densemet 

Dry 

Wet 

a, kPa 

25.9 

35.4 

2.2 

0.0 

13.3 

7 .O 

19.1 

39.6 

17.9 

4.7 

4.0 

27.8 

3.1 

6" 

26.6 

20.0 

17.8 

33.1 

33.3 

34.0 

33.0 

28.8 

36.0 

38.9 

41 .O 

14.2 

28.8 

2250, kPa 
(E) 

(1.20) 
151.1 

126.4 
(1.40) 
82.5 

(1.20) 
163 .O 
(1.10) 
177.5 
(1.20) 
175.6 
(0.90) 
181.5 
(1 .OO) 
177.0 
(0.75) 
199.5 

(0.70) 
221.3 
(0.87) 
91.1 
(-1 

140.5 
(-> 
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Figure 3. Shear Stress-Shear Displacement of Nonwoven Geotextile Interfaces against: 
(a)  Kaolin Clay (SaturatedCD  Conditions), (b) Gravel (DryLoose Conditions), 
(c) Ottawa Sand (Densemet Conditions), (d) Textured HDPE  (Wet Conditions) 
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EFFECT  OF  SUBMERGENCE 

The measured shear strength results presented in Table 2 for the nonwoven geotextile 
interfaces against Ottawa sand and gravel showed that  the submergence of the samples resulted 
in an increase in the shear strength of the interface. The submergence of the samples also 
resulted in an increase in the interface efficiency. This effect was less in the case of dense 
samples than that of loose samples. With loose Ottawa sand, the efficiency increased from E35 = 
1.10 to E36 = 1.20, while in the dense samples the efficiency increased from E37 = 0.90  to E38 = 
1.00. The efficiencies of the interface are in good agreement with the values reported by other 
investigators, such as Eigenbrod and Locker (1987), Bergado et al. (1995), and Nataraj et al. 
(1995).  In  both loose and dense tests, where the interface was  tested  under submerged 
conditions, the efficiencies were 1.00 or higher (E36 = 1.20,  E3* = l.OO), indicating that the water 
at the surface of contact between the nonwoven geotextile and the soil had  worked as an anti- 
lubricant (Lambe and Whitman, 1969), and resulted in an increase in the shear strength. 

At  a loose condition, the shear strength of the nonwoven geotextile/gravel interface 
increased by  19%  when the sample was sheared submerged as compared to  dry (243 = 177.0 kPa, 
244 = 199.5 Wa). At a dense condition, the shear strength increased by  7% due to submergence 
of the samples (245 = 206.4 Wa, 246 = 221.3 kPa). In the case of the loose condition, the 
efficiency increased from E43 = 0.75 to E44 = 0.80. In the case of the dense condition, the 
efficiency increased from E45 = 0.70 to E46 = 0.87. The results of shearing  nonwoven geotextile 
against a  textured  HDPE geomembrane showed that both adhesion and friction contribute to the 
shear strength of the interface. Also, the shear strength of the interface increased by  73% due to 
submergence ( ~ ~ 9 =  91.1 kPa, and ~ 5 0 ~  140.5 kPa). 

EFFECT  OF  DENSITY 

The measured results of the nonwoven geotextile/Ottawa sand interfaces under dry 
conditions showed that, dense samples resulted in higher shear strength as compared to loose 
samples (235 = 163 kPa, 237 = 175.6 Wa). The measured shear strength of gravel/ geotextile 
interfaces at both dry and submerged conditions showed that the denser the gravel samples, the 
higher shear strength of the interface. At a  dry condition, the shear strength increased by 16.6% 
(243 = 177.0 kPa, 245 = 206.4 kPa) when the sample was sheared at a dense condition as 
compared to a loose condition. The increase was 11 % (244 = 199.5 kPa, 246 = 221.3 kPa) in the 
case of a submerged condition. 

MODEL  DEVELOPMENT 

The mathematical formulation of the model was determined and the physical parameters 
of the model were identified. The determination of the parameters for each tested interface was 
achieved by curve fitting the measured data using a nonlinear curve fitter tool. The curve fitter 
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used the Marquardt-Levenberg algorithm to find the parameters of the independent variable 
(shear displacement) that could best fit the data. This algorithm seeks the values of the 
parameters that minimize the sum of the squared differences between the values of the observed 
and predicted values of the dependent variable (shear stress). By curve fitting the plotted shear 
stress-shear displacement data for all performed tests, the following equation was found to best- 
fit the measured data: 

where (7) is the shear stress (kPa), (s) is the shear displacement (m), (a) is the residual strength 
(kPa), and (b), (c), and (d) are independent parameters defined as follows: 

p = a b ( l   + d )  (4) 

tan-' b(l+ d )  

s o  = 
C 

where (p) is the initial slope, ( so)  is the shear displacement at the peak strength, (c)  and (d) are 
constants larger than zero. The parameters (b) and (c) have the dimensions of (m-l), (d) is a 
dimensionless constant. Figure 4 shows a schematic representation of Equation (3) and its 
parameters. 

t 

Displacement 6 (m) 

Figure 4. Schematic Diagram of Equation (3) 
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Though the three parameters (b), (c), and (d) are integrated to explicitly define the 
displacement (so) at which the peak shear stress of the shear stress-shear displacement curve 
occurs, as seen in Equation ( 3 ,  the value of l/c (one over c) is an indication of that 
displacement. Also, the value of parameter (b) is directly proportional to the curve's initial slope 
(p), and the value of parameter (d) is an indication of the peak strengtldresidual strength ratio. In 
the cases where the curve has no peak, the parameters (c) and (d) are equal to zero, and 

p = a b  

Thus Equation (3) could be modified to the following equation: 

MODEL  PARAMETERS 

The model parameters (a), (b), (c), and (d), and the initial slope (p) for each interface were 
determined and used to back calculate all measured shear stress-shear displacement data that 
were used to predict these parameters, Figure 3 shows the predicted curves using the determined 
parameters. Table 3 presents the model parameters for the nonwoven geotextile interfaces 
shown in Figure 3. 

Parameter (a), corresponding to the residual strength increased linearly with the applied 
normal stress for the geotextile/Kaolin clay interfaces tested under  CD conditions. The value of 
parameter (a) decreased with increasing compaction moisture content of the clay samples. For 
all tested interfaces, the initial slope (p) increased linearly with the applied normal stress, and 
decreased with an increase in moisture content. 

Parameter (a) of all the interfaces between the geotextile with Ottawa sand and gravel 
increased linearly with the applied normal stress. The initial slope (p) increased linearly with the 
applied normal stress at all tested conditions. The higher values of parameters (c)  and (d) at 
dense conditions compared to loose conditions, in both dry and wet cases, indicated an apparent 
peak at dense conditions. 

For the nonwoven geotextile/textured HDPE  geomembane interfaces at  both  dry  and 
submerged conditions, the residual strength (a) and initial slope (p) increased linearly with 
applied normal stresses. The parameters (c) and (d) had values higher  than zero, indicating the 
existence of a peak strength in the shear stress-shear displacement curves of that interface. 
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Table 3. Model Parameters 

Test 
No. 

30 

38 

43 

50 

250 
50.77 6.68 0.14 0.06  107.00 500 
38.05 3.54 0.11 0.12 70.71 

CONCLUSIONS 

Based on the results presented in this paper, which are specific to the testing material and 
testing conditions employed in the experimental program, the following conclusions are 
advanced: 

1. The effect of moisture content on the shear strength of geotextile /Kaolin clay shows a 
trend similar to that  of the shear strength of Kaolin clay alone. The shear strength 
decreased as the compaction water content increased from dry of optimum, to wet  of 
optimum, to saturated. 

2. Submergence of Ottawa sand and gravel samples resulted in an increase in the shear 
strength and the overall efficiency of their interfaces against nonwoven geotextile. 
The submergence action may have lead to an increase in unit weight and therefore the 
exhibition of dense material response. 

3. The increase in density of the gravel samples resulted in an increase in its shear 
strength when sheared at dry and submerged conditions. 
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4. Parameter (a) of the presented model, which represents the residual shear strength, 
and (p), which represents the initial slope of the shear stress-shear displacement 
curve, increased linearly with an increase in normal stress for all tested interfaces. 

5. The parameters (c) and (d) of the presented model for the nonwoven geotextilel 
textured  HDPE geomembrane interfaces have values higher than zero, indicating the 
existence of a peak strength in the shear stress-displacement curves of that interface. 

6. A verification of the model is needed using data measured by others for similar 
interfaces at similar conditions before it can be used on a  wide scale. 
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ABSTRACT 

Nonwoven geotextiles are subjected predominantly to unsaturated conditions in typical field 
applications. However, nearly all of the work to date in researching and measuring engineering 
properties for nonwoven geotextiles has focused on water-saturated (wet) or air-saturated (dry) 
conditions. This paper focuses on the design and development of  an apparatus to measure the 
interface shear strength for interfaces containing nonwoven geotextiles under unsaturated 
conditions. The major conclusions are that the new apparatus is capable of producing repeatable 
and valid test results, that conventional principles about the shear-strength behavior for 
unsaturated soils are applicable to the interface shear strength for unsaturated geosynthetics, and 
that a better understanding of unsaturated properties would benefit design, construction, and 
operation. 

INTRODUCTION 

Nonwoven geotextiles are used in many different applications to serve as filter layers, liquid 
transmission layers, and gas transmission layers. The geotextiles are subjected predominantly to 
unsaturated conditions in  all of these applications, which range from pavement foundations to 
earth dams to landfill covers. Accordingly, it is important to understand the engineering 
properties of nonwoven geotextiles under unsaturated conditions. Specific engineering 
properties of interest include: 

Liquid transmissivity where the geotextile is serving as a drainage layer; . Liquid permittivity where the geotextile is serving as a filter layer; . Gas transmissivity the geotextile is serving as a gas transmission layer; and . Interface shear strength where the geotextile could provide the critical slip surface in a slope. 

As an example of the importance of engineering properties for a nonwoven geotextile under 
unsaturated conditions, consider the landfill cover slope application shown on Figure 1. In this 
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application, the nonwoven geotextile is serving as a gas transmission layer to control gas 
migration. The properties of interest for this geotextile are gas transmissivity and the shear 
strength of the interface between the geotextile and the overlying geomembrane ( e g ,  Liu  et al. 
1997, Thiel 1998 and Thiel 1999). Under typical conditions, this geotextile will be unsaturated 
and  contain liquid from both the underlying waste cover and from gas condensate as  well as gas 
from the underlying waste. The presence of liquid in the geotextile will affect its ability to 
transmit gas. The presence of liquid and gas pressures in the geotextile will affect the shear 
strength of the interface with the geomembrane. 

Nearly all of the work to date in researching and measuring engineering properties for 
nonwoven geotextiles has focused on water-saturated (wet) or air-saturated (dry) conditions. 
Because there is a lack of data on the transmissivity and shear strength for unsaturated 
nonwoven geotextiles, we are designing two devices to measure unsaturated properties. The 
first device is an air permeameter for measuring transmissivity of a nonwoven geotextile at 
different degrees of saturation, while the second device is designed to measure interface shear 
strength for interfaces with unsaturated geotextiles. This paper focuses on the interface shear 
device. It describes the design and development of the laboratory equipment and provides 
preliminary test results. 

Nonwoven  Geotexile 
Gas  Relief  Layer 
General  Waste 
Cover  Layer 

Figure 1. Example Landfill Cover Slope with Nonwoven Geotextile 

THEORY 

As a starting point, the current theories for the behavior of unsaturated soils will be adopted 
for nonwoven geotextiles. Fredlund and Rahardjo (1993) provide a comprehensive reference for 
the current theories in unsaturated soil mechanics. For the purposes of this paper, the relevant 
theories are summarized briefly. 
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Moisture  Retention  Functions 

Moisture (or water)  retention functions for a porous media  describe the relationship  between 
the degree of saturation or water content and the liquid  and  gas  pressures.  For  soils  these 
functions  are  also  referred to as  soil-water  characteristic curves. Example  functions for soils 
(Fredlund  and  Rahardjo  1993)  are  shown on Figure 2. Also shown  on  Figure 2 is  a  function for 
a  nonwoven  geotextile  (Stormont et al. 1996),  one of the  few  publications  with  data for the 
properties of unsaturated  nonwoven  geotextiles.  The  important features of these  moisture 
retention  functions  are the following: . The  degrees of liquid  or  gas saturation are related to the difference between  the  liquid 

pressure (u,) and the gas  pressure (u,), which is  known  as the matric  potential (9’): 

Y =u,  -u, 

In  this  equation  we  are  defining the matric potential  such  that  the  potential  is  negative  when 
there is suction in  the soil. This  is the convention used in  soil  physics (e.g. Fetter,  1993)  and is 
consistent with the convention  used in saturated soil  mechanics where pressures  in  excess of 
atmospheric  pressure  are  considered positive pore water  pressures. However, the  negative of 
Equation  1 (-Y) is  commonly  termed the “Matric  suction”  and  used in  the geotechnical  literature 
(e.g.  Fredlund and Rahardjo  1993). Positive matric  suctions  correspond to negative  matric 
potentials and vice  versa. The authors prefer the notation  used  in  Equation  1  because of its 
consistency with what is  used  in  soil mechanics for saturated  soils. 

The  moisture  retention  functions are hystertic with different  curves  resulting  for  the same 
porous  material  depending  on whether it is  being  wetted  (the matric potential  is  increasing 
and  becoming less negative) or dried (the matric  potential  is  decreasing and becoming  more 
negative).  Figure 2 illustrates this behavior for a  nonwoven  geotextile. 
The moisture  retention  functions depend on the size  and  shapes of pores,  as  shown for 
different  soil  types  on  Figure 2. Also, compression of a  porous  material  will  change the size 
and  shape of pores  and  consequently change the moisture  retention  function.  This  feature is 
particularly  important for nonwoven  geotextiles  due to their  large  compressibilities 
compared to typical  soils. The moisture  retention  functions  measured  for  nonwoven 
geotextiles by Stormont  et  al. (1996) correspond to negligible  compressive  stress,  which  is 
not the typical  condition  for  most field applications. 
Moisture  retention  functions  are affected by the  interactions  between  the  liquid and the 
porous media and the gas and the porous media.  Since  geotextile  fibers  are  generally 
hydrophobic  while  soil  particles are generally  hydrophylic,  the  unsaturated  behavior of 
geotextiles  cannot  directly  be extrapolated from  that  for  soils. 

Fluid  Transmission 

The  hydraulic  conductivity of a porous media for a  particular  fluid depends on  the  degree of 
saturation  with  respect to that fluid. As the degree of saturation  decreases,  the  hydraulic 
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conductivity also decreases, e.g. Benson and Gribb 1997. The transmissivity and permittivity to 
either a liquid or a gas for a nonwoven geotextile is also expected to depend on  the degree of 
saturation with respect to that permeant. Thiel (1998) presents test results for the gas 
transmissivity of a nonwoven geotextile under “dry” and “wet” conditions. The gas 
transmissivity is lower for the “wet” conditions, illustrating that the gas transmissivity decreases 
with decreasing gas saturation. However, the degree of gas saturation was not measured for 
either the “dry” or the “wet” conditions, so these tests provide only qualitative information about 
the relationship between transmissivity and saturation for nonwoven geotextiles. 

r 

1 
- - Sand  (Fredlund  and  Rahardjo  1993) 

-Clay (Fredlund  and  Rahardjo  1993) 

- - - -Nonwo=n Geotextile (Stormont et al.  1996) 

I -  0.5 
0.4 

0.3 

0.2 

0.1 

0 
- 1  .E+07 -1 .E+05 -1  .E+03 -1 .E+01 -1 .E-01 

Matric Potential (kPa) 
Figure 2. Example Moisture Retention Functions for Soils and Nonwoven Geotextiles 

Shear Strength 

The shear strength of an unsaturated soil depends on the total compressive stress acting on 
the shear plane (o), the liquid pressure acting on that plane (u,), and the gas pressure acting on 
that plane (u,). Based on the work of Fredlund and Rahardjo (1993), a relationship such as the 
following can be used to model the shear strength of an unsaturated soil 

where s is the shear strength, o’ is equal to o - u, and equivalent to the effective stress in a 
saturated soil, and c’, $’ and $y are shear strength parameters. This equation differs in form 
from the ones proposed by Fredlund and Rahardjo (1993) in that the matric potential defined by 
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Equation (1) is negative when there is soil suction. Consequently, the sign of $y is positive in 
Equation (2). The parameter equivalent to $y used by Fredlund and Rahardjo (1993) is termed 
$” and relates strength to matric suction. The parameter 4,’ is equal in magnitude, but opposite 
in sign to $y ; $y is normally positive while $” is normally negative. The important features of 
the model in Equation (2) are the following: . Positive water and gas pressures reduce the shear strength, however the effect of gas pressure 

is not the same as the effect of water pressure. If the gas pressure is equal to the water 
pressure, then the matric potential (Y) is zero and the reduction in shear strength due to a 
postive water pressure is proportional to tan$’. However, if the water pressure is zero but the 
gas pressure is positive (such as the condition for the nonwoven geotextile in Figure l), then 
the shear strength reduction due to a positive gas pressure is proportional to tan+y. The 
parameter $y is less than +’, possibly because the gas pressure acts over a smaller effective 
area due to the presence of water in the pores. As an example for a silt, $’ is 35” and +y is 
22” (Fredlund and Rahardjo 1993). . The relationship between shear strength and effective stress (0 - u,) for most soils and 
geosynthetic interfaces is nonlinear (e.g., Liu  et  al. 1997), with 4’ generally decreasing with 
increasing effective stress. In addition, the relationship between shear strength and matric 
potential for most soils is also nonlinear (e.g., Fredlund and Rahardjo 1993), with +y 
generally approaching $’ as the magnitude of the matric potential increases (that is, as Y 
becomes more negative). Therefore, the linear model in Equation (2) is expected to only  be 
applicable over  narrow ranges in effective stress and matric potential for nonwoven 
geotextiles (that is c’, 4’ and +yl will likely depend on the effective normal stress and the 
matric potential). 
The shear strength for most geotextile interfaces is very dependent on shear displacement, 
with potentially significant strain-softening behavior (e.g., Li and Gilbert 1999). Therefore, 
the model parameters in Equation (2) (that is c’, $’ and $y) are expected to depend strongly 
on whether peak or residual (ultimate) values are used. 

DESIGN OF TEST  EQUIPMENT 

Because there is a lack of data on the permittivity and shear strength of unsaturated nonwoven 
geotextiles, we are designing two devices to measure the properties of unsaturated materials. 
The first device is an air permeameter for measuring transmissivity of a nonwoven geotextile at 
different degrees of saturation. The design of the device is patterned after an air permeameter 
for soil described by Brooks and Corey (1964). The second device is designed to measure 
interface shear strength for interfaces with unsaturated geotextiles. The device mounts inside a 
triaxial cell and uses triaxial load systems to pressurize and shear the specimen. The  design  that 
we have developed for the interface shear device is described in  this section. 
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Interface Shear Device 

The interface shear device is designed to allow interface conditions ranging from air to water 
saturated and provide independent control of air and water pressures. This is accomplished 
using a triaxial cell with a special, three-piece acrylic “shear pedestal”. A sketch of the shear 
pedestal is shown in Figure 3. All three pieces have a diameter of 89 mm. The lower two pieces 
are made  from a cylinder that is approximately 140 mm high, and split into 2 halves along a 
plane oriented at 45”. 

The geosynthetic materials are placed between the central portion  and bottom half of the 
shear pedestal. The specimens are elliptical in shape with a surface area of 8,800 mm2. The 
upper component in the interface to be tested is fixed to the upper portion of the pedestal and the 
nonwoven geotextile sits on the lower portion of the pedestal, which is bolted to the bottom of a 
triaxial cell. The bottom pedestal contains a porous ceramic disk for controlling water pressures 
and drainage. The bottom pedestal also contains a small hole for controlling the air pressure in 
the specimen. The geosynthetic specimens are isolated from the cell pressure using a rubber 
membrane. The rubber membrane is attached to the lower and central portions of the pedestal 
and does not touch the top cap. The top cap primarily serves to transfer load from the piston of 
the triaxial cell to the lower portions of the shear pedestal. 

- Top  Cap 

- Central  Portion 
of  Pedestal 

Ceramic  Disk 

Water  Pressure 
/ Control  Line 

Air  Pressure 
Control  line 

Bottom  Half of 
Pedestal 

- 

Figure 3. “Shear Pedestal” for Interface Shear 
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The porous ceramic disk has a high air-entry (or bubbling) pressure that allows for 
independent control of air and water pressures. The ceramic disk is mounted in the bottom half 
of the pedestal with epoxy and is supported over its area by a groove pattern cut in the acrylic. 
The grooves aid in the removal of air from behind the ceramic disk during set-up (see Figure 4). 
A ceramic disk with a minimum bubbling pressure in the range of 13 1 to 193 Wa was selected. 
This ceramic disk allows the device to function over a wide range of air and water pressures and 
allows relatively fast drainage of water during testing. 

The bottom half of the shear pedestal is bolted to the bottom plate of the triaxial cell. Two 
water connections and one air connection are made between the base of the shear pedestal and 
the outside of the triaxial cell. One of the water connections passes directly through the base of 
the triaxial cell from the shear pedestal, while the other is made via a tube running from the side 
of the shear pedestal and then through the base of the triaxial cell. The air connection is also via 
a tube connected to the side of the shear pedestal and then running through the base of the 
triaxial cell. The two water connections permit air to be flushed from the area behind the 
ceramic plate by circulating water in one line and out the other. 

In addition to measuring the shear strength of interfaces with unsaturated nonwoven 
geotextiles and other geosynthetic components, the shear device can also be adapted for 
interfaces containing soils or other geosynthetic materials. For example, we plan to conduct 
undrained tests with pore water pressure measurements on a geosynthetic clay liner. This device 
can also be used to measure the water retention curve of nonwoven geotextiles. 

l A  
Bottom Half 

Control Line I A’ Section A-A’ 

Figure 4. Groove Pattern for Shear Pedestal 
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DEVELOPMENT OF PROTOTYPE  TEST  EQUIPMENT 

A prototype for the interface shear device has been built and used. The problems that have 
arisen in using this prototype and our design modifications are described here. 

Friction between the top cap and central portion of the shear pedestal (Figure 3) was found to 
have a significant effect on the test results, especially at  low confining stresses. In order to 
reduce the friction, two sets of flat-cage roller bearings are placed on the interface between the 
top and central portion of the shear pedestal. Lubricants, ranging in viscosity from mineral oil to 
vacuum grease, were tried for reducing the friction and found to be unsuitable because of the 
tendency of the lubricant to flow from the interface. 

There are two major effects associated with the thin rubber membrane that seals the 
specimen from  the surrounding cell pressure. One effect is an increase in confinement, and the 
other effect is the additional amount of interface resistance associated with shearing the 
membrane along the 45-degree shear plane. An oversized rubber membrane, consisting of a 
membrane intended for 100-mm diameter specimens on the smaller 89-mm diameter acrylic 
shear pedestal, was used to reduce these effects. Using this oversized membrane, however, 
created an additional problem. The oversized membrane wrinkled and, when  held in place by o- 
rings, the cell pressure leaked through the wrinkles. To obtain a seal, the diameter of the two 
halves of the shear pedestal was increased at the location of the O-ring. In addition to using an 
oversized membrane, tests were run with two and three membranes on the shear pedestal. From 
the tests with two and three membranes, a correction for the membrane effects was developed. 

The maximum shear displacement that can  be obtained with this device is limited by three 
factors: the  diameter of the surrounding triaxial cell because the upper shear pedestal moves 
laterally with shear displacement at the interface and will eventually contact the surrounding cell 
(Figure 3), the reduction in the contact area between the interface materials due to shear 
displacement, and  the eccentricity of the piston load causing a non-uniform distribution of 
normal and shear stress along the interface as the central portion of the pedestal moves laterally. 
At this point, the  maximum possible shear displacement is about 20 mm. In order to simulate 
the effect of large shear displacements, the interface specimens could be sheared repeatedly in 
the device or specimens could be subjected to large displacements in another device, such as a 
direct shear box, and then tested in the triaxial device. 

As  the load is increased on  the triaxial load piston during shear, both the shear and normal 
load acting on the interface increase and the contact area of the interface decreases. To account 
for these effects, the contact area at  any given shear displacement is used to calculate shear and 
normal stresses at that displacement. A constant normal stress was maintained on  the interface 
throughout the tests by calculating the increase every 0.1 to 0.2 mm of displacement and 
reducing the  cell pressure by that amount. 
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SAMPLE TEST RESULTS 

An initial series of tests has been completed in the shear device described above. The 
materials and test results are described below. 

Geosynthetic Materials 

Tests were performed on the interface between a nonwoven geotextile and a geomembrane. 
The geomembrane was high-density polyethylene (HDPE)  1.5  mm thick, and finished with two 
smooth surfaces. The nonwoven geotextile is described by Thiel (1998), and was composed of 
two layers of nonwoven geotextile needle punched together. The first layer was a six-denier 
needle punched nonwoven geotextile with a mass per area of 200 grams per square meter. The 
second layer was a 45-denier nonwoven geotextile with a mass per area in the range of 740-810 
grams per square meter. Both geotextile layers were made from recycled polyethylene 
terephthalate (PET). 

Testing Procedure 

Setup of a test began by placing the oversized membrane  on  the bottom half of the shear 
pedestal, which was attached to the bottom plate of the triaxial cell. The geotextile was placed 
on the bottom half of the shear pedestal. Deaired water was introduced through the air line to 
partially fill the membrane and begin to water saturate the geotextile. The central portion of the 
shear pedestal, with the geomembrane fixed to the inclined plane, was then placed on the bottom 
half of the shear pedestal. Care was taken at this point to remove air bubbles from the inside of 
the membrane. The oversized-rubber membrane was then sealed to the central portion of the 
shear pedestal. Next the top cap and triaxial cell wall  were  put in place. The top plate of the 
triaxial cell  was fixed in place and the entire triaxial cell and apparatus were tilted to an 
inclination of approximately 45 degrees so that the interface was horizontal. Tilting the entire 
setup was done to facilitate the alignment of the central portion of  the pedestal under the top cap 
and over the bottom half. At this point the air line was water saturated. Next equal cell and 
water pressure were applied in order to “backpressure” saturate the specimen. Once water 
saturated (B value = l), the air line was drained of water for a test  on an unsaturated specimen, 
the water pressure was reduced to test level, and air pressure for the test was applied. Excess 
water drained from inside the rubber membrane through the  porous ceramic disk during this 
stage. After drainage stopped, the air and water lines were closed, the cell pressure was 
removed  and  the cell was turned upright. The cell remained tilted until this point to prevent the 
central portion from sliding down the interface. The top plate of the cell was removed, the flat 
cage roller bearings put in place between the top cap and central portion of the pedestal, and  the 
relative positions of all portions of the shear pedestal and geosynthetics were checked for 
alignment and adjusted if necessary. The cell was reassembled and then positioned onto the 
load  frame.  The cell, water, and air pressures were reapplied and finally the specimen  was 
sheared. 
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A set of 3 triaxial shear tests was performed to determine c’, $’, and (Equation 2)  at 
normal stresses, water pressures and air pressures that are typical for a landfill cover. All tests 
were performed using a confining pressure of 15.2 kPa. Loading was accomplished with an 
automatic (motorized) load frame, at an axial displacement rate of approximately 0.15 mdmin 
(0.21 mdmin along the interface). Loads were measured using a calibrated proving ring. Pore 
pressures were measured and set using slack tube manometers. New specimens of geosynthetics 
were used for each test. 

For comparison, a direct shear test was also performed on  the geomembrane-geotextile 
interface. This test was conducted with water-saturated geotextiles. The test specimen was 
submerged and subjected to a normal stress of 14.2 kPa. The direct shear test specimens were 
64 mm in diameter. 

Test Results 

The test results are summarized in Table 1 and shear stress-displacement curves from  all  the 
tests are presented in Figures 5 ,  6, and 7. The test results from  the  new shear device beyond a 
shear displacement of about 18 mm are suspect because of eccentricity of the loading piston  and 
shearing and confinement by the surrounding rubber membrane (the membrane correction was 
developed and applied for displacements up to  18 mm). 

Table 1. Summary of Triaxial Shear Test Results 

Test Designation (kP4 W a )  
Cell Pressure Mobilized’ s u, u, 

Saturated - High (r’ 

3.5 4.8 0.0 15.2 Unsaturated 
3 .O 4.82 4.8 15.2 Saturated - Low (r’ 
4.6 0.0 0.0 15.2 

‘Mobilized stresses correspond to the maximum (or peak) shear strength. 
2Specimen is saturated with water so u, = u,. 

The first set of tests (Figure 5 )  corresponds to a water-saturated geotextile with no water 
pressure. Raw tests results and results corrected for membrane effects are shown to illustrate the 
impact of the membrane on the results. The effect of the  membrane, which has been  corrected 
using test results with one, two and three membranes, is especially noticeable due to the very 
low  normal stresses being used in these tests. Results from the direct shear test  at a similar 
normal stress are also shown on Figure 5 .  Note that the corrected shear stress versus 
displacement curve for the triaxial device is comparable to the direct shear test result (Figure 5). 

The second test (Figure 6) corresponds to a water-saturated geotextile with a water pressure 
of 4.8 kPa in the triaxial device. The results on Figures 5 and  6, which give a peak shear 
strength to effective normal stress ratio of about 0.3, are consistent with published data for 
similar interfaces (e.g.,  Liu et al. 1997). 
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Figure 5. Interface Shear Test  Results for Water-Saturated  Geotextile 
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Figure 6. Interface Shear Test  Results for Water-Saturated  Geotextile with Water  Pressure 

The third  tests (Figure 7) correspond to an  unsaturated  geotextile  with a water pressure of 0.0 
kPa  and  an  air  pressure of 4.8 kPa. These  tests and results  illustrate  the  value of the device;  it  is 
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not possible to test a geotextile under these conditions with conventional test equipment. Two 
tests were conducted with similar conditions to evaluate the repeatability of the test procedure. 
These tests indicate that repeatable results can be obtained with this device (Figure 7). 
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Figure 7. Interface Shear Test Results for Unsaturated Geotextile with Gas Pressure 

Analysis of Test Results 

Normalized values for the parameters in the shear strength model (Equation 2)  were 
calculated from the test results summarized in Table 1. First, the values of c' and 4' are 
obtained  from Equation (2) with the first two sets of results on the saturated specimen: 

4 . 6  k P a  = c ' +  (1 5 . 2  - 0 . 0  k P a ) t a n  # '+ (0 .0  - 0 .0  k P a ) t a n  # v  (3) 

3 . 0  kPa = c'+(15 .2 - 4.8  kPa )tan # '+(4.8 - 4.8 kPa )tan # v  (4) 

Solving for c' and +' from Equations (3) and (4) gives c' = -0.5 and +' = 18.4". Next, +y is 
obtained from  the set of results on the unsaturated specimen: 

3 .5  k P a  = - 0 . 5  + (15.2 - 0 . 0  k P a ) t a n  (18 .4")+  (0.0 - 4 .8  k P a ) t a n # ,  ( 5 )  

Solving for 4~ from Equation ( 5 )  gives +y = 12.4" 
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The measured value for $y is smaller than $', which is consistent with test results for 
unsaturated soils. This conclusion is significant because it indicates that our understanding 
about  the shear strength of unsaturated soils can at least generally be applied to the interface 
shear strength for unsaturated geosynthetics. This is also a significant conclusion because it 
indicates that the effect of increasing gas pressure in the unsaturated nonwoven geotextile is not 
as significant as the effect of increasing water pressure in reducing the interface shear strength 
(providing that the geotextile is not air saturated). For example, consider a long landfill cover 
slope such as that shown on Figure 1. Assume that the cover is sloped at  an angle of 5 
horizontal to 1 vertical (or 1 1.3")  and that there is 1 m of soil with a unit weight of 15 kN/m3 on 
the geomembrane (or a vertical pressure of 15  kN / m3 x 1 m = 15 Wa ). The factor of safety for 
the interface between the nonwoven geotextile and the overlying geomembrane can be 
calculated for different conditions. First, consider the case of no water and no gas pressure: 

F S  = 
- 0 . 5 + ( 1 5 c o s l l . 3 ' - O . O ) t a n l X . 4 ' + ( 0 . 0 - 0 . 0 ) t a n 1 2 . 4 '  k P a  

1 5  s in  1 1 . 3 "  k P a  
= 1 . 4 9  (6) 

Next, consider the case of a 5.0 kPa water pressure with a saturated geotextile: 

- 0 . 5 + ( 1 5 c o s l l . 3 " - 5 . O ) t a n 1 8 . 4 " + ( 5 . 0 - 5 . 0 ) t a n 1 2 . 4 '  k P a  
1 5  sin 1 1 . 3 '  k P a  

F S  = = 0 . 9 3  (7) 

Finally, consider the case of a 5.0 Wa gas pressure with an unsaturated geotextile and no water 
pressure: 

- 0 . 5 + ( 1 5 c o s l 1 . 3 " - 0 . 0 ) t a n 1 8 . 4 ' + ( 0 . 0 - 5 . 0 ) t a n 1 2 . 4 "  k P a  
1 5  sin 1 1 . 3 "  k P a  

F S  = = 1 .12  (8) 

Hence,  the cover slope would fail with a water pressure of 5 Wa [Equation (7)] but be stable 
with a gas pressure of 5 Wa [Equation (S)]. This example demonstrates that gas and  water 
pressures cannot be treated in the same manner, and it highlights the practical importance of 
understanding the shear strength properties for unsaturated geotextiles. 

CONCLUSIONS 

The following conclusions have been drawn from our preliminary work at developing an 

The  new apparatus is relatively simple, it allows for independent control of both air and 
water pressures in the pores, and it is capable of producing repeatable and  seemingly 
valid  test results. 

apparatus to measure interface shear strength for nonwoven geotextiles: 
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. The new apparatus provides valuable data that  can benefit design, as demonstrated for a 
landfill cover slope. . The apparatus could be improved by reducing the effects of the rubber membrane that 
surrounds the specimen in the triaxial cell and the potential effects of eccentricity and 
friction for the loading piston. 
Conventional principles about the shear strength behavior for unsaturated soils apparently 
can be applied generally to the interface shear strength for unsaturated geosynthetics. 
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ABSTRACT 

This paper examines the additional weather-induced degradation of 14-year pre-aged 1.5 
mm thick geomembrane that was collected from a municipal and commercial solid waste 
leachate lagoon. The geomembrane samples investigated were previously exposed to various 
levels of sunlight, leachate and sludge. Weathering experiments consisted of exposing the 
samples to sunlight and precipitation, and monitoring the depletion of antioxidants and the 
changes in the physical, mechanical and chemical properties over time. The results indicate a 
nearly complete depletion of antioxidants from all samples and the Standard-OIT reached a 
residual value of 0.8 min. However, the rate of depletion seems to depend on the initial amount 
of antioxidant in the geomembrane. Consequently, the measured tensile properties at break 
were very low for a sample previously exposed to sunlight indicating an advanced stage of 
degradation while for samples pre-exposed to leachate and sludge these properties had  only 
started to decrease suggesting early stages of degradation. 

INTRODUCTION 

The past two decades, geomembranes have been extensively used in different civil 
applications. The main applications include their use as liners for liquid or leachate ponds or  as 
part of composite barrier systems for landfills. This extensive use  is related to their low 
permeability to water and relative short-term high resistance to a wide range of chemicals. 
However, it is well known that polymer-based materials, like geomembranes, may degrade and 
their properties may change over time. 

One of the most  common modes of degradation of geomembrane is oxidation. This type 
of degradation proceeds in three distinct stages (Hsuan and Koerner, 1995): (i) the depletion 
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time of antioxidant during which geomembrane properties are not altered, (ii) the induction 
time to the onset of the degradation, and (iii) the degradation of the polymer decreases some 
properties to the failure level. Most of the work undertaken to evaluate the degradation of 
geomembrane is based on laboratory tests and it  is necessary to complement them with field 
cases. Rowe et al. (1998) presented a case where a 1.5 mm  HDPE geomembrane had  been 
used for 14 years in conjunction with compacted clay to form a composite liner for a leachate 
lagoon. Samples from different exposure conditions were tested for oxidative induction time 
(OIT), as well as the physical and mechanical properties. Based on OIT and mechanical 
properties, the authors indicated that some degradation had occurred for the exposed samples 
while a small amount of antioxidant remaining in submerged samples appeared to have 
protected them from oxidative degradation. 

To further evaluate the degradation of that geomembrane, natural weathering of the 
samples was conducted. This paper presents the interim findings regarding: (1) the additional 
depletion of the antioxidants and (2) the consequential changes in physical and mechanical 
properties as the degradation progressed. 

HISTORY OF THE GEOMEMBRANE 

In 1996, due to the expansion a Municipal Solid Waste Landfill in Ontario, Canada, one 
of the two leachate lagoons was decommissioned after 14 years of service and was replaced by 
another lagoon system at a different location in the landfill. The decommissioned lagoon was 
lined with 1.5  mm (60mil.) thick HDPE geomembrane (smooth) underlain by a more than 2 m 
thick compacted clay liner. During the 14 years of service, the geomembrane liner was 
exposed to different environmental conditions. There was no protection layer above the 
geomembrane, which was directly exposed to the leachate and, above the leachate level, to 
sunlight and the atmosphere. Table 1 summarizes typical leachate characteristics during the 14 
years of operation. 

As part of the first investigation following the decommissioning, samples were collected 
from  five (5) locations in the different exposure conditions. Table 2 summarizes the sample 
identification notation and the corresponding location and the exposure conditions. The 
samples were tested for their physical, mechanical and chemical properties and the results 
reported by Rowe  et al. (1998) are given in Table 3. 
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Table 1. Leachate Characteristics from 1989 to 1995 
(Modified from Gartner Lee Ltd., 1995) 

Parameter 

PH (4 8.08 
Conductivity ( p  /cm) 15230 
TDS  11275 
Alkalinity 4613 
Hardness 1044 
COD 668 
BOD 199 
c1 628 
so4 3 108 
Na 4164 
K 297 

NH3-N 169 
Mg 148 

A1 142 
Fe 1.31 
Pb 3.29 
Mn  0.025 
Phenols 0.2365 
(1) Except where notified. 

Table 2. Sample identification and exposure conditions 

Sample Location Exposure Conditions 
NSNL Anchor Trench No sunlight, no leachate 
SNL  Above leachate level Sunlight, no leachate 
MSL Leachate level interface Sunlight and leachate 
NSLS Below leachate level-slope No sunlight, leachate 
NSLB  Below leachate level-bottom No sunlight, leachate and sludge 
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Table 3. Summary of physical and mechanical properties after initial field aging 
(Modified from Rowe  et al., 1998) 

(g/cm3> (%) (%) (g/lOmin.)  (min.) (hrs.) (kN/m) (%) (kN/m) (%) 

NSNL  0.965  2.58  0.36 3.5 3.5  37  11  33  646 
SNL  0.967  67.5  2.64 0.50 1.8 2.6  37  11  25  379 
MSL  0.967 - 2.67 - 3.3 - 37 10 26  479 
NSLS  0.966  65.0  2.73  0.41  6.3  3.1  37  11  32  703 
NSLB  0.965  65.7  2.20  0.3 1 5 .O 3 .O 39  10  27  456 

pg: Density, x: Crystallinity; CBC: Carbon Black Content; MFI: Melt Flow Index; 
Sdt-OIT: Standard Oxidative Induction Time; SCR: Stress Crack Resistance; 
T: Strength; E: Strain 
* Designation in brackets refers to ASTM standard 

MATERIAL,  METHODS AND PROCEDURES 

Three samples were selected for the present study: SNL, NSLS  and  NSLB. The 
properties after 14 years of service are summarized in Table 3. The selected samples were 
carefully washed with tap water, air-dried, and placed on a test rack which faces south 
following the procedure outlined in  ASTM D 5970. The frame is inclined with a slope of 1 :2 
similar to that of  the lagoon from which the geomembrane was removed. The rack was located 
in London in southwestern Ontario, Canada, at 43'02-N 8l0O9-W/0. The samples were 
exposed from March 1997 to June 2000 during which period the average daily temperature had 
a minimum of 32.0 "C in  summer and minimum of -20.5  "C during winter. 

At selected times, samples were cut  from the exposed materials and tested for their 
different properties. Table 4 summarizes the various tests used to assess the aging of the 
geomembrane. Since the original properties of the geomembrane at the time of installation are 
not available, the properties evaluated in the present study are compared to those measured 
after  14 years of service and previously presented in Table 3. 
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Table 4. Properties examined and standard used. 

Properties Tests Methods ASTM 
Antioxidant Amount Standard OIT D3895 
Crystallinity Polymer crystallinity E794 
Molecular Weight Melt Flow Index Dl238 
Mechanical Properties Tensile Properties D63 8 

EXPERIMENTAL  RESULTS 

Oxidative Induction Time. The oxidative induction time (OIT) is an index test that is  used 
to estimate the overall amount of antioxidant present in the geomembrane. For a given 
antioxidant package, Howard (1973) indicated that OIT is proportional to the quantity of 
antioxidant. 

The standard oxidative induction time (Std-OIT) was measured following ASTM  D3895 
with an isothermal temperature of 200 "C and a 35kPa pressure. For each sample, the Std-OIT 
in minutes is reported as the average of triplicate runs. Std-OIT results shown in Figure 1 
indicate that, for all the samples, Std-OIT decreased exponentially over the 39.7 months of 
monitoring. The data also indicate that the Sdt-OIT appears to have asymptoted to a residual 
value for all samples. The residual value is about 0.8 minutes, which is similar to the 0.5 
minutes reported by Hsuan and  Guan (1998) for the intrinsic Std-OIT of a pure unstabilized 
HDPE resin, suggesting that the additional 39.7 months of weathering was enough for the 
complete depletion of the small amount of antioxidant remaining in the material after 14 years 
of service. However, the rate of consumption is different for each sample and therefore seems 
to be dependent on initial amount of antioxidant present in  the material. The SNL sample, 
which had an initial low  OIT of 1.8 minutes, lost its remaining antioxidant at a lower rate than 
the NSLB and NSLS samples which had initial Std-OIT values of 5.5 and 6.3 minutes 
respectively. 

The rate of antioxidants depletion is estimated from the slope of the plot of In (Std-OIT) 
vs. time (Figure 2). The depletion rate of NSLB and NSLS  is 0.0431 and 
0.047lminutes/month respectively, which is almost 2.5 times higher than that of SNL with a 
rate of 0.01 82 minutes/month. All samples were reported to be from the same original batch 
and source. 

Geosynthetics  Conference 2001 
153 



0 10 20 30 40 50 
Time (months) 

Figure 1. Variation of Std-OIT with time for different samples 
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Figure 2. Logarithm plot of antioxidant depletion. 
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The crystallinity of the samples at the start of the current weathering study  may have 
played an important role in antioxidants depletion. The SNL sample with low rate of depletion 
had  an initial high crystallinity of 67.5% compared to 65 and 65.7% for NSLS and NSLB that 
had somewhat higher depletion rates. The crystallinity may affect the depletion by restricting 
the diffusion of the oxygen required for the consumption of the antioxidant. Unfortunately, the 
significance of this effect is not well known  and therefore further research is needed. In 
addition, only small amount of antioxidant remained in this samples after 14 years of service 
and the consumption of antioxidant was almost completed at the start of the present weathering 
study. 

Another possible explanation for the relatively high rate of antioxidant depletion 
observed for NSLB  and  NSLS samples, relative to the SNL sample, may be the pre-exposure 
conditions. The NSLB and NSLS samples had  been exposed to leachate that contained 
dissolved metals (Fe, Pb, Al) that may have diffused in the material. When exposed to 
abundant oxygen, the presence of these metal  can readily increase the rate of oxidation even in 
small amounts as indicated by  Osawa  and Ishizuka (1 973). 

Crystallinity. One of the consequences of HDPE geomembranes oxidation is chain 
scission that produces smaller chains that can more easily crystallize causing an increase in 
geomembrane crystallinity (Hamid et al., 1992; Bandyopadhyay et al. 1985). The crystallinity 
was evaluated according to ASTM E794 using a DSC (Differential Scanning Calorimeter). 
Small discs with known  mass cut from samples were heated to 200°C at  lO"C/minute  under 
nitrogen  at flow rate of 50 ml/minute. The heat of fusion measured was used to calculate the 
crystallinity percent based on the heat of fusion of 100% crystalline HDPE of 293 J/g 
(Brandrup et al., 1999). The reported values are the average of triplicates runs performed for 
each sample tested. 

The measured crystallinities over the 39.7 months of exposure are presented in Figure 3. 
The data show that the crystallinity increased substantially during the exposure period from  65 
to 79%. The increase indicates that the material brittleness increases and hence its tensile 
properties should change. In particular, the properties at  break  may  be expected to decrease, as 
it will be discussed later. The gradual increase in crystallinity can be attributed to the 
secondary crystallization that can occur following the creation of new intermolecular polar 
bonds (Mathur et al., 1981). This has been confirmed by the fact that the melting temperature 
did  not shift significantly over time and remained relatively constant at about 132°C for all tests 
(Figure 4). In addition, the thermogram shapes are similar implying similar melting behavior 
of the crystallites. 
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Figure 3. Change  in sample crystallinity  with  exposure time 
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Figure 4. Melt thermograms measured  for NSLB at  different  times. 
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Melt Index. Melt index (MI) has  been  used to assess the degradation of a geomembrane 
(Hsuan et al. 199 1; Rowe  et al. 1998; Hsuan & Guan, 1998) as it is related to the molecular 
weight of the geomembrane. Any change in the molecule structure due  to chain scission or 
crosslinking caused by degradation is reflected in the molecular weight. In general, a high MI 
indicates a low molecular weight and vice versa. MI is measured according to ASTM Dl238 
under the condition of 190°C and 2160 g load (Condition E). Triplicate runs are performed for 
each sample. Figure 5 presents the variation of MI during the 39.7 months of exposure. 
Although the is scatter in the data amongst the three samples is such that one can not  make a 
definitive conclusion, it appears that MI increases slightly with time for NSLS and NSLB 
samples indicating that the presence of decreasing weight molecules. This is attributed to chain 
scission that occurs following oxidation since as oxidation progresses more chains break and 
more  low weight molecules are formed. 

1 .o 

0.8 - 
NSLS 

T 
c .- 
E 
Z 0.6 - 
1 

v 
w 

0.2 - 

0.0 
0 10 20 30 40 50 

Time (months) 

Figure 5. Change in Melt Index with exposure time 

For the SNL sample, it is rather difficult to correlate the MI with the possible reactions 
taking place in the material due to oxidation. According to measured data, the MI decreases in 
earlier exposure period suggesting that some cross-linking taking place within the material. 
Then, MI increased in the later period indicating some chain scission. This observation may  be 
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because the SNL sample may have undergone some degradation and such cross-linking and 
chain scission may occur simultaneously as indicated by Hawkins (1964). These results seem 
to indicate that a care is needed when correlating MI with other properties during the oxidative 
degradation process. 

Tensile Properties. The ultimate stage of geomembrane degradation is reached when its 
mechanical properties are altered. Tensile properties have been widely used as index for 
assessing the change in mechanical properties due degradation. Properties at  break have been 
mostly  used (Rollin et al., 1994; Hsuan and Guan, 1998) since they are more sensitive to the 
degradation process. 

The tensile properties were measured in accordance with ASTM D638-90 (Type IV) 
with a strain constant rate of 50 mdmin.  Tests were conducted on 10-dumbbell specimen 
with 5 in each direction (machine direction, MD  and cross direction, CD). Figure 6 shows the 
change in the average tensile strength at break measured during the weathering test. Although 
there is a lot of scatter in the data, probably due to variability in the material related to local 
scratches etc., two distinctive patterns can be observed from the data. First, the data related to 
SNL sample show little change with time in either machine or cross direction. The value 
seems to stabilize around 27 kN/m. 
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Figure 6. Variation of tensile strength at break with exposure time 
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Secondly, for the NSLB and NSLS the strengths were relatively high at 8 months and 
then decrease rapidly at 18.7 months. At those times, the corresponding OIT were about 4 
minutes and 2 minutes. After the 18.7 months, no significant decrease was observed and the 
measured strengths were similar that of SNL sample. These relatively high strengths compared 
to that at the beginning of the weathering, especially for the NSLS,  may  be attributed to nature 
of the specimen surface prior to testing. In fact, Rowe et al. (1998) indicated that the surprising 
low value measured for the NSLB sample was due to the scratches that were apparent on the 
specimen surface. Therefore, it appears that, if the samples tested at 8 months are less 
scratched a relatively high strength will be measured. Nevertheless, these observations seem to 
indicate that as long as the antioxidants still remain in the sample no significant decrease in the 
strength will occur. 

The observed changes in tensile strength seem to corroborate the measured tensile strain 
at  break (Figure 7). Indeed, the SNL sample that has an unchanged strength has also reached a 
very low stable strain value of about 100%. These low values indicate clearly that the sample 
has become more brittle along with its increased crystallinity (79%). The result corroborate the 
observations previously made by Rowe et al. (1998) indicating that oxidation has probably 
already occurred in the geomembrane when  it was collected in the field after 14 years of use. 
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Figure 7. Variation of the strain at break during the 40 months of exposure 
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The change in the strain at break follows the same pattern as the strength. SNL sample 
has reach its residual strain value of 100% at 18.7 months corresponding to the time its  OIT 
reach the residual value. For NSLB  and  NSLS samples the strain decreased from 700 to 300% 
and  form 800 to 270% respectively. The strain for these samples have not reached their 
residual value indicating that the degradation process is not  yet completed. 

SUMMARY AND CONCLUSION 

Natural weathering of a 14 years pre-aged 1.5 mm thick HDPE geomembrane was 
conducted over a period of 39.7 months. The samples investigated had previously exposed to 
sunlight and/or leachate and sludge over this 14 year period. The investigation involved 
exposing geomembrane samples to sunlight and precipitation, and monitoring the consumption 
of antioxidant and the change in physical and mechanical properties over time. 

The experimental results showed that the antioxidants were completely consumed over 
the exposure time and the standard oxidative induction time (std-OIT) appears to have 
asymptoted to a residual value of 0.8 minutes. Std-OIT results suggest that the rate of 
consumption is dependent on the initial amount of antioxidants present in the material. The 
depletion rate for samples that were previously covered by leachate was about 2.5 times faster 
than that for sunlight only pre-exposed samples. The OIT test appears to be efficient in tracing 
the amount of antioxidant remaining in geomembranes. 

There was a significant increase in sample crystallinity during the exposure period from 
65 to 79%. The increase suggested that the material brittleness increases and as consequence 
the tensile properties at  break decreased. For sunlight the pre-exposed samples, both tensile 
strength and strain at break showed no significant change. The constant strength of 27 kN/m 
and strain of 100% suggests that significant degradation have occurred in this sample prior to 
the present weathering study. In contrast, for samples pre-exposed to leachate and sludge, the 
strength and strain at  break decreased significantly but  had  not reached a residual values 
suggesting that they were in the early stage of degradation. 

Melt index (MI) increased during the exposure for samples that were previously covered 
by leachate and sludge indicating a possibly chain scission that lowers the molecular weight. 
For the samples of sunlight pre-exposed geomembrane, the MI indicated that both chain 
scission and cross-linking may have been occurring during the exposure and care is needed for 
when interpreting MI results. 
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ABSTRACT 

To evaluate the effectiveness of fluorination coating  of  geomembranes, diffusion tests 
were performed on both “untreated”  and fluorinated 1.5 mm HDPE geomembrane samples 
using BTEX (Benzene,  Toluene,  Ethylbenzene  and Xylenes) with concentrations similar to 
those expected in MSW leachate. The results fiom laboratory diffusion tests show that,  the 
fluorination treatment reduced the permeation  coefficient by a factor varying fiom 2.6 to 4.8 
depending on the chemical. Using these data, the impact of toluene and m&p-xylenes beneath 
a hypothetical landfill having a minimum barrier system consisting of HDPE geomembrane 
over 0.60 m of compacted clay was  modeled. It was found that the impacts of those two 
contaminants were approximately three times lower when a fluorinated geomembrane is used. 
The modelling results also indicate that a minimum of 1.5 m compacted clay  beneath the 
untreated geomembrane  provides  about  the  same level of protection with  respect  to these 
contaminants as provided by 0.6 m of  clay  underlining  the fluorinated geomembrane. 

INTRODUCTION 

HDPE geomembranes have been widely used as part of composite liner 
(geomembrane/compacted clay) system for Municipal  Solid Waste (MSW) landfW. The 
geomembrane liner provides a primary barrier to advective  migration for  all contaminants and 
diffusive migration for inorganic contaminants.  However,  many organic contaminants can 
readily diffuse through an intact geomembrane liner (see  Rowe 1998) and hence may 
potentially contaminate groundwater if there is not  sufficient attenuation in the underlying liner 
and attenuation layer (if present).  The  geomembrane  performance can  be improved  by 
fluorination of the material. 
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Fluorination applies a controlled oxidation using elemental fluorine  to exchange with 
hydrogen along polymer chains at the  surface of a polyolefm substrate. The fluorine becomes 
covalently (permanently) bonded in place of hydrogen at the surface, creating a barrier layer to 
certain hydrocarbons. The treatment of  HDPE is commercially available and is being routinely 
used in the polyolefin container industry to improve  the shelf life storage of hydrocarbon 
fluids. The permeation resistance of  HDPE to hydrocarbons is dramatically increased without 
changing physical performance properties of the containers because fluorinehydrogen 
exchange occurs only in a thin layer along  exposed surfaces. 

The objective of this paper is to  examine the effectiveness of a fluorinated HDPE 
geomembrane as a diffusive barrier to a number of hydrocarbons typically  found in landfill 
leachate. This paper presents the diffision, sorption and permeation coefficients for both 
“untreated” and “treated” geomembranes.  The  performance of the two geomembranes is 
compared and the potential implications for landfill barriers are  discussed. 

BACKGROUND 

The migration of contaminants  through an intact geomembrane is a molecule activated 
process (diffusion) that can be  envisioned to occur by steps  or jumps over a series of potential 
barriers, following a path of least resistance. For dilute aqueous solutions, the process involves 
three key steps (Haxo & Lahey, 1989; Park & Nibras, 1993; Prasad et al., 1994): (i) partition of 
the chemical between inner surface of  the  geomembrane  and  the  medium containing chemical 
(adsorption); (ii) difision of the penetrant through  the  geomembrane  and, (iii) partition 
between the outer surface of the geomembrane  and  the  outer  medium (desorption). 

In the initiation of the migration process, the adsorption consists of the penetrant 
molecule removal from the fluid and its dispersion on or into the  polymer  (Rogers, 1985). This 
process can be described as the distribution of  the  penetrant between two or more phases. 
Thus, the extent to which permeant  molecules  are  sorbed  and their mode of sorption  in a 
polymer depends upon the activity of  the  permeant within the  polymer at equilibrium (Muller 
et al., 1998). 

If a geomembrane in contact with a fluid reaches equilibrium, there will be a 
relationship between the fmal equilibrium  concentration in the  geomembrane,  cg  [ML”],  and 
the equilibrium concentration in the fluid, cf,  [ML-3].  The relationship between the 
concentration in the fluid and  the  geomembrane is (Henry’s law): 

C g  = S g f   C f  
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where S,f is called a partitioning coefficient [-I and in principle is a constant for  the given 
molecule, fluid, geomembrane  and  temperature  of interest. 

At the second stage of  the  migration,  the  sorbed penetrant at the surface  will  diffuse 
within the material. The diffusion of contaminant in a geomembrane can  be expressed by 
Fick's first  law: 

where, f is the mass flux  or rate of transfer per unit area of section [ML T 1, D, is  the diffusion 
coeficient  in the geomembrane  [L2T-'], c, is the  concentration of the diffusing substance and z 
[L] is the direction parallel to the direction of diffusion.  In  the transient state, the governing 
differential equation is (Fick's  second  law): 

-2 -1 

which must  be  solved for the appropriate boundary  and initial conditions. 

If one substitutes (1) into (2), the flux from a fluid on one  side of the geomembrane  to a 
similar fluid  on the other side is given  by: 

where P, given  by: 

is  the permeation coefficient that takes into account the partitioning and diffusion processes. 

EXPERIMENTAL  INVESTIGATION 

Material and Methods.  The  investigation  was  conducted on both untreated and 
fluorinated geomembranes  provided by Fluoro-Seal  Inc. (Texas). The fluorination treatment 
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was performed on  the two sides of the  samples. The relevant properties of the samples are 
presented in Table 1. The tests were performed  using the BTEX (benzene, toluene, 
ethylbenzene and xylenes) group of aromatic  hydrocarbons.  The chemicals used were 
laboratory grade (99 % + purity) and were purchased from Sigma-Aldrich (Mississauga, 
Ontario, Canada). Table 2 presents some  key properties of the contaminants. 

Table 1. Selected properties of untreated and fluorinated HDPE geomembranes tested 

Properties Untreated Fluorinated 
Thickness (mm) 1.5 1.5 
Density (g/cm3) 0.950 0.953 
Crystallinity (%) 61.3f 1.3 61.0 k 4.2 
OIT (min.) 120.4 zk1.5 136.7zk4.6 

Table 2. Properties’ of organic  contaminants tested 

Chemicals Molar weight Density Aqueous  log&/ Boiling 
@mole)  (g/cm3)  Solubili# Temperature 

(mg/L)  (“C) 
Benzene 78.11 0.8765 1780 2.13 80.1 
Toluene 92.14 0.8669 5 15 2.79 110.6 
Ethylbenzene 106.17 0.8670 152 3.13 136.2 
m-Xylene 106.17 0.8642 162 3.20 138.0 
o-Xylene 106.17 0.8802 152 3.13 144.0 

Dipole 
Moment 
(debye) 

0.00 
0.30 
0.36 
0.30 
0.63 

p-Xylene 106.17 0.8669 156 3.18 138.3 0.00 
I From  Montgomery J.H. & Welkom L.M. (1990) 
2 At 20°C 
3 KOw: octanol/water  partitioning  coefficient 

Tests were conducted using dilute aqueous  solutions  prepared from high concentration 
mixed-stock solutions. The initial concentrations of each  contaminant in the solution ranged 
from 3 to 4 m a .  These concentrations were close  to,  or exceeded, the levels expected in 
typical landfill leachate. During  the  tests,  the  concentrations in both the source and receptor 
were monitored with time.  Samples  were  analyzed  using  Varian  Gas ChromatographyMass 
Spectrometer (GCMS) consisting of a Saturn 2000 MS  and a 3800 GC equipped with 8200 
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CX autosampler used in solid phase  micro-extraction  (SPME) and headspace modes. The 
concentrations of contaminants were quantified  based on calibration curves obtained through 
the analysis of standards of known concentrations that were regularly prepared during the tests. 
The tests were run at a laboratory temperature of 22fl"C. 

Procedure. Diffusion tests were performed in double  compartment cells similar to those 
used by August et  al. (1984), Haxo and  Lahey  (1989)  and Rowe et al. (1995, 1996).  According 
to August et al. (1984), this type of  assembly is better suited for studying the diffusive 
properties of geomembranes in a landfill environment than other methods (gravimetric or 
immersion tests). The test apparatus consists of a closed  system with a source and receptor 
reservoirs separated by the geomembrane  examined.  The  two contaminant-free compartments 
and the geomembrane are sealed together  using  two-part epoxy adhesive type 2216 B/A (3M 
St.  Paul, Minnesota, USA)  and  cured for 7 days.  Then, the geomembrane-cell outside joints 
were covered by a thick silicone sealant.  Once the silicone seal had hardened, the receptor 
(70mm diameter x 30mm high) was filled with  contaminant-free water (deionized water) 
followed by filling the source reservoir (70mm diameter x l O O m m  high) with mixed dilute 
solution of dissolved chemicals.  The  source  solution is then quickly sampled for analysis to 
obtain initial concentrations. During  the test, concentrations in both source and receptor 
reservoirs were monitored with time  and  the results were plotted as normalized concentrations 
relative to the initial source chemical  concentrations. 

The test approach was  based on the  concepts  and  theory proposed by  Rowe et al. (1988) 
for clayey soils and subsequently extended to geomembranes by Rowe et al. (1995a, 1996). In 
the source solution, at any time  t, the mass  of  contaminant can be written as: 

Where css(t) = concentration of contaminants in the  source solution at time t [ML"]; C,O = initial 
concentration in the source solution [ML'3]; H,, = reference height  of source solution (volume 
of source fluid per unit area) [L]; f,(z) = mass flux of contaminant into  the geomembrane  at 
time z [ML-2T'']. 

The increase in the contaminant  concentrations in the receptor due to  their migration 
through geomembrane can be  modeled  by the following: 
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Where c,(t) = increase in concentration in the receptor solution with t [ML”]; H,, = volume of 
the receptor reservoir per unit area [L],  f,(z) = mass flux of contaminant fiom geomembrane 
into the receptor at time z [ML T ] and cIo = initial concentration in the  receptor [ML-3]  (zero 
in the present study). 

-2 -1 

Diffusion (D,) and partitioning (S,f) coefficients were inferred by fitting a theoretical 
solution of the difksion equation (Eq. 2)  to the data measured using boundary conditions 
presented in Eqs. 6 and 7. Tests data were analyzed following the procedure described in detail 
elsewhere by Rowe et al.  (1995a)  using  the finite layer analysis program POLLUTE@ v6.3.9 
(Rowe & Booker, 1998) that specifically allows  the  modelling of phase change and hence the 
partitioning Coefficient. 

Modelling: Approach. First,  contaminants transport properties were established for the 
untreated geomembrane following the procedure  described  above.  Then, the fluorinated 
geomembrane was modelled. To accurately  model the migration process through the 
fluorinated geomembrane  during the diffusion tests, the  geomembrane sample was subdivided 
in three layers consisting of two outer layers representing  the fluorinated thin surface layer and 
a middle layer  that  is not affected by the treatment.  The flux  into and out of the sample will be 
controlled by the ratio Dgs/t , where is the diffusion Coefficient  (Dgs) through the surface layers 
and t is the thickness of  the surface layer. Since the exact thickness of the fluorination  is not 
known, the thickness, t,  was  assumed  and then the  corresponding value of D,, was deduced. In 
the present case,  the thickness used was  about  0.06 mm (i.e. only 8 % of the geomembrane  was 
assumed to  be affected by the treatment).  To  simulate a small  amount of surface attachment, a 
small amount  of sorption (&= 1 for benzene  and toluene, and 2.2 for ethylbenzene, m&p- 
xylenes and o-xylene) was assumed for the thin upper  and lower layers. Since the fluorination 
is a treatment that creates a thin barrier layer on the surface of the  geomembrane, it was 
hypothesized that the diffusion coefficient (Dgs) will affected  much  more than the partitioning 
coefficient (S,f). Thus, for the  modelling,  Sgf  was  not  changed through the entire thickness of 
the  geomembrane while the diffusion coefficient (Dgs) through the surface layers was varied 
until a good fit was obtained to the  measured  data. It was also assumed that the middle layer 
was not affected by the treatment and therefore the  parameters D, and S,f remained equal to 
those  of the untreated geomembrane.  Finally,  the different diffusion coefficients (Dgs, Dgm) 
were used to estimate a harmonic mean diffusion coefficient (Dgave) that  is used for computing 
the equivalent permeation coefficient (Pgave). 

EXPERIMENTAL RESULTS 

Figures 1 and 2 present the  measured  variation in source  and receptor concentration for 
both untreated and fluorinated geomembranes for toluene  and  m&p-xylene respectively. The 
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corresponding theoretical predictions are also shown on the graphs. It  can  be seen that  for both 
cases, the concentrations in the  source  decreased  more rapidly for untreated geomembrane than 
for fluorinated geomembrane.  Meanwhile,  the concentrations increase in the receptor due to 
contaminant diffusion is lower for the fluorinated geomembrane than  for  the untreated 
geomembrane. 

Inferred Sd, D, coefficients by fitting theoretical curves to experimental data; together 
with the calculated P, coefficient using Eq. 5 are presented in Table 3. The diffusion and 
partitioning coefficients obtained for untreated geomembrane are similar to values reported in 
the literature.  For instance, D, and S,f measured for untreated geomembrane is  0.21 x 
m2/s and 170 respectively compared to 0.20 x 10'l2  m2/s  and  160 reported by Muller et al. 
(1998), for a lmm thick HDPE geomembrane.  This indicates that the procedure adopted in this 
investigation is relatively reliable and  accurate.  The data show  that  the equivalent diffusion 
coefficients measured for fluorinated geomembrane  decreased  by factors approximately 2.6  to 
4.8. The highest decrease factors were  observed for m&p-xylenes and ethylbenzene with a 
ratio of 4.8 and 4.7 respectively while benzene has the lowest decrease of about 2.6. Toluene 
and o-xylene are reduced by  about 3.3 and 4.3 respectively. 
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Figure 1. Variation in source  and receptor concentration  of toluene with time 
during diffusion test for both untreated  and fluorinated geomembranes 
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Figure 2. Variation in source  and  receptor  concentration of o-xylene  with  time 
during  diffusion  test  for  both  untreated  and  fluorinated  geomembranes 

Table 3. DifZbsion (Dg), Partitioning (S,f) and  Permeation  (PJ Coefficients inferred  from 
diffusion  tests 

Untreated  Fluorinated 
Contaminants S& D, p, DyJt Dgm D y e  sgf Pyv; PR 

Benzene 60 0.20 12.0 158 0.20 0.077 60 4.62 2.6 
Toluene 170 0.21 34.0 113 0.21 0.061 170 10.37 3.3 
Ethylbenzene 300 0.18 54.0 63 0.18 0.038 300 11.47 4.7 
m&p-Xylene 350 0.16 56.0 55 0.16 0.033 350 11.55 4.8 
o-Xylene 300 0.12 36.0 47 0.12 0.028 300 8.28 4.3 

- m2/s 10"~ m2/s IO-' d s  10-12m2/s IO-' m2/s - IO-' m /s - 

D,: diffusion  coefficient of surface  layer 
Dm: diffusion  coefficient of middle  layer 
DWe: Average  diffusion  coefficient of the  geomembrane 
P,: Average  permeation  coefficient of the  geomembrane 
P R  Permeation  coefficient  reduction  factor 
t: thickness of the  thin  surface  layer  assumed  affected  by  fluorination 
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Calculated permeation coefficients (Pg) also show a similar significance reduction 
varying from 2.6 for benzene to 4.8 for m&p-xylene.  The reduction measured is plotted against 
the n-octanol/water coefficient (€&) of  chemical tested in Figure 3. The figure shows an 
exponential increase of permeation reduction factor with log&, indicating  that highly 
hydrophobic chemical will permeate at lower rate in the fluorinated geomembrane compared to 
the untreated geomembrane. 

0 

PR = 0.6332 exp (0.6313logKow), + = 0.95 PR = 0.6332 exp (0.6313logKow), + = 0.95 

2 1  I 
2.0 2.2 2.4 2.6 2.8  3.0 3.2 3.4 

logKow 

Figure 3. Relationship between  permeation reduction factors 
and  n-octanol/water  partitioning 

IMPLICATIONS FOR LANDFILL  DESIGN 

To evaluate the consequences of the reduction factors mentioned above,  modelling 
analyses were conducted assuming a hypothetical 1000 m x 1000 m  landfill having an average 
height of waste of 20 m with a single  composite liner system.  The barrier system consists of a 
geomembrane (untreated or fluorinated) over a 0.6 111 of compacted clay liner  with a hydraulic 
conductivity of l ~ l O - ~  d s .  In this case, it is assumed that there is no natural attenuation layer 
below the barrier, the barrier system  being directly underlain by a 3 m thick aquifer. Figure 4 
shows a schematic of the complete  system  with  the relevant parameters used in the analyses. 
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Compacted clay  properties were taken directly from Rowe (1998) while geomembranes 
parameters were from the experiments  conducted in this study and  summarized in Table 3. For 
the fluorinated geomembrane, the average diffusion coefficients (Dgave) were used. The initial 
contaminant concentrations were assumed to be 1000 pg/L and the biodegradation half-life in 
the landfill  is  taken  to  be 15 years for toluene (Rowe, 1995). Because of the presence of  the 
geomembrane above the compacted clay it was  assumed no significant biodegradation will 
occurring in clay layer. 

,,1.5mm HDPE GM 

. . . . . . . . . . . . . . . . .  
CCL: pd=l.9 g/cm3, n=0.4 

&=O, De=6.3x10' m /s . . . . . . . . . . . . . . . . .  
10 2 

. . . . . . . . . . . . . . . . .  No biodegradation . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . .  . . . . . . . . . . . . . . . . .  
Aquifer: 
n=0.3,Vba=1 m/a 

Figure 4. Schematic  of barrier system used for the hypothetical landfill 

Figures 5 and 6 respectively present the  calculated variation in toluene and m&p-xylenes 
with time in the aquifer for different barrier systems. First, the minimum system of (GM over 
0.6 m CCL) is examined. The  modelling results are  summarized in Table 4. It can be seen that 
the contaminant's impact is higher for the  case  where untreated geomembrane is used. Toluene 
impact calculated is about 141 pg/L at 30 years for the untreated geomembrane while for 
fluorinated geomembrane the impact is about 59 pg/L at 55 years. Similarly, the impact 
calculated for m&p-xylene is 11  1 pg/L at 30 years for untreated geomembrane  compared to 48 
pg/L at 55 years  for fluorinated geomembrane. It  is clear that for the conditions examined, the 
fluorination of the HDPE geomembrane help reduce  contaminant impacts to levels up  to 2.4 
times lower than the impact given by the untreated geomembrane. 

To examine the significance of  the  reduction, a series of analyses were performed  to 
estimate the compacted clay thickness that will be necessary to use with the untreated 
geomembrane to produce the  impact  as for fluorinated geomembrane.  The results are also 
shown in Figures 5 and 6 and  the impacts are included in Table 4. For toluene about 1.65 m of 
compacted clay will  be required while it about 1.50 m for m&p-xylenes. 
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Figure 5. Calculated  variation in Toluene  concentration 
in aquifer  due to the  hypothetical  landfill 
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Figure 6. Calculated  variation in m&p-xylenes  concentration 
in aquifer  due to the  hypothetical  landfill 
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Table 4. Calculated maximum  contaminant concentration in aquifer  due to the hypothetical 
landfill (initial concentration co = 1000 p a )  

Contaminant Compacted Clay Maximum  Contaminant Impact 
Thickness Concentration in Aquifer (pgL) Reduction 

(m) Untreated  GM Fluorinated GM 
Toluene 0.60 14 1 59 2.4 

1.50 56 - - 
1.60 54 - - 
1.40 50 - - 
1.50  47 - - 

m&p-xylenes 0.60 111 48 2.3 

SUMMARY AND CONCLUSION 

An evaluation of the  effectiveness of fluorination in improving the diffisive barrier 
properties of a 1.5 mm HDPE  has been conducted.  The investigation consisted of  performing 
diffusion tests  on both the  original  untreated  geomembrane  and the fluorinated treated 
geomembrane and comparing  the  respective  diffusion, partitioning and permeation coefficients. 
BTEX with concentrations similar to those found in MSW landfill leachates were examined. 

Diffusion  tests results showed that permeation coefficients for  BTEX decreased by a 
factor varying from 2.6 to 4.8 when  the  geomembrane is fluorinated compared to the untreated 
material. It was also found that the reduction factor is chemical dependant and was 
exponentially related to the n-octanol/water coefficient of  contaminant examined indicating 
that highly hydrophobic contaminants  are  greatly  affected by fluorination treatment. 

The impact of toluene and  m&p-xylenes on an  aquifer  due to  the presence of a 
hypothetical landfill  with a minimum composite liner system  consisting  of 0.6 m of  compacted 
clay liner underlining a 1.5 mm HDPE  geomembrane (untreated or treated) was analyzed. The 
modelling results showed that  with use of the fluorinated geomembrane the maximum 
concentrations of both contaminants is reduced by  approximately 2.6. Furthermore, the 
modelling analyses indicated that for the conditions  examined, at least 1.5 m of compacted clay 
liner is required under the untreated geomembrane  to  reduce toluene and m&p-xylene to levels 
achieved by the use of fluorinated geomembrane in conjunction with 0.6m compacted clay. 
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ABSTRACT 

Geosynthetic Clay Liners (GCLs) are an established sealing product in the 
geoenvironmental industry. They are used in landfill caps and  base  liner applications under 
roads and railways as well as within various other containment structures such as dams, 
canals, ponds, rivers and lakes, even for waterproofing of buildings and other similar 
structures. Most published tests on  the hydraulic conductivity of GCLs were carried out 
under laboratory conditions and do not cover complex effects as  they occur under field 
conditions. For this reason several lysimeters with a diameter of two meters were built in 
Lemforde, Germany. One aim of this study is to document the performance of various 
systems with a GCL as single sealing element under changing climate conditions. Effects of 
changing water content of the bentonite on  the GCL water permeability will be specially 
regarded. Furthermore it is intended to use the data for improving permeation modeling 
based on a modified HELP (Hydrologic Evaluation of Landfill Performance) program. In this 
paper the test set-up, some data of the first year of investigation and some preliminary 
conclusions are presented. 

INTRODUCTION 

For geosynthetic clay liner applications tests are mainly concentrated on the performance 
of hydraulic conductivity. It is well known that bentonite can  form  an excellent hydraulic 
barrier. Daniel (1996) and Floss (1  99 1, 1993) have tested the hydraulic properties related to 
varying confining stresses and hydraulic gradients. 

In the late 80s and early 90s results of laboratory investigations were also published on the 
permeability behavior under changing environmental conditions, such as wet-dry or freeze- 
thaw cycles, as well as strain and installation stresses. The water permeability of natural 
sodium bentonite remained unaffected by repeated wet-dry and freeze-thaw cycles. 
Permeability behavior of strained material was mainly influenced by the geotextile 
components of  the GCL. Furthermore such tests indicated that needlepunched GCL were by 
far superior to compacted clay liners in their ability to seal if the  system is strained, even in 
ranges up to 15 % or higher. 
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Until the mid-90s the authors are not aware of any results on field trials to determine the 
field behavior of the GCL hydraulic conductivity. In general, it should be recognized that all 
GCL are based on a mineral layer of bentonite which show some permeation of water. This 
behavior appears also for any compacted clay liner (CCL). According to Berger (2000) for a 
0.5 m thick CCL covered by 1 m of silty and sandy soil a permeation rate between 150 to 15 
mdyear  can be expected. 

Tests in Germany to measure the permeation rates through GCLs under boundary 
conditions comparable to landfill covers in-situ are described by Maile (1997) and 
Schnatmayer (1998). In both cases permeation rates through needlepunched GCLs have been 
far lower than 150 mdyear  as expected for CCLs. Some data of these tests are presented in 
Table 1 (Heerten et al. 1999). 

Summarizing the data in Table 1 , it is obvious that GCLs show a good performance 
(sealing efficiency of > 90 %) (Heerten et al. 1997). In order to obtain further knowledge and 
safety concerning predictions of the long term permeation behavior of GCLs for low 
confining stress applications six lysimeters were built to perform a long-term experimental 
research program. 

Table 1. Summarized data from permeation testing of GCLs in two field trials 

Sealing 

1996 1995 1 .o 0.3 m GCL A 
Soil [m] 

Installation of Cover Layer System 
Year Year of Thickness Drainage 

1997 
1998 
(until 
Sept.) 

gravel 

GCL 2 94 -97* 1995 1.0 m GDS** 
* incomplete monitoring ** geosynthet 

Rainfall Permeation % of 

700 0.2 1.5 

2402 I 43.1 I 1.8 I 
c drainage system 

As the coefficient of water permeability, which is commonly used to indicate the 
permeability behavior of clay is less useful for GCLs this paper will only report values of the 
permeation rate, which means the volume of water permeating through a GCL related to the 
area and related to time. 

LYSIMETER  SET-UP 

The lysimeters were constructed in a similar way as described by Maile (1997) due to the 
fact that this design has shown its general ability within a longer testing program and is an 
accepted system. The lysimeters were additionally surrounded with soil to meet in-situ 
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conditions better than with the free standing lysimeter type of Maile. This allowed a 
protection of  the interior of the lysimeter against weather effects such as frost or temperature. 

Figure 1. View of soil protected lysimeters. 

Cover soil 
Concrete ring 
Nonwoven 
GCL 
-Gravel 4/8 rnrn 
Collection pot 
and  pipe 
Gravel 2/8 mrn 
SI ab 

Figure 2. Lysimeter test set-up. 

The lysimeters were built in a hill shaped soil body (Figure 1) with  a  height  of about three 
meters containing also equipment for measuring the different water discharge above and 
below the  GCL.  The concrete rings have a diameter of 2 m. The entire area of the lysimeter 
as well as the  bottom slab was seal-coated in two layers. The connection between the slab 
and the ring wall was additionally reinforced with  a woven geotextile to prevent a tearing of 
the coating. The bottom slab was constructed with an inclination of 20 (H) : 1 (V) towards 
the edge to  allow  the permeating water to run off.  Prior to the filling of 30 cm  of clean gravel 
2/8 mm on top of the concrete slab a 5 cm diameter PVC pipe and  the stainless steel 
collection pot was installed. To avoid movements during the filling process  the pipe system 
was fixed. The stainless steel pot was additionally coated in the inside. A cross-section of the 
lysimeters nos.  1 to 3 is shown in Figure 2. 

To prevent a clogging of  the collection systems geosynthetic a drainage system (GDS) 
with needlepunched nonwovens was placed in the bottom of the collection pot (filled with 
16/32 mm gravel). 
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The installed needlepunched GCLs were pre-cut with a diameter of 2 m and a 5 cm 
diameter hole in the middle to allow water to flow from above the GCL into the collection 
pot. To ensure a water flow towards the middle, where the drainage collection pot is located, 
the GCL was installed with a 10 (H) : 1 (V) inclination. To avoid side wall leakage a 1.5 mm 
thick PVC strip (10 cm) overlapped the GCL and was fixed 20 cm above the GCL on to the 
concrete ring. An overlapping stainless steel bar was fixed on the  PVC strip and additionally 
sealed on the  top. 

For the lysimeters nos. 1 to 3 a set-up was selected which simulates a landfill capping. The 
GCLs (see Table 2) were covered with 20 cm 4/8 mm gravel on which 1 m cover soil was 
placed and separated by a needle-punched PP nonwoven with a mass  per unit area of 300 
g/m2. The lysimeters nos. 4 to 6 are not further investigated in this paper and therefore not 
described. 

Table 2. Selected GCLs for lysimeters nos. 1 to 3. 

I ~ G C L  1 
Lysimeter 

Nonwoven Cover geotextile 
1 

I 220 g/m2 
Wyoming 
bentonite 

4500 g/m2 

I Bottom rreotextile I Woven. 1 10 dm2 
I Bonding 1 Needle-Dunched 

GCL 2 I GCL 3 

Nonwoven Nonwoven 
300 g/mz, bentonite 220 g/m2 

4500 g/m2 

Woven. 200 g/m* I Woven. 1 10 e/m2 
Needle-mnched 1 Needle-Dunched 

For monitoring temperature and water content of the cover soil and of the bentonite in  the 
GCL several sensor systems have been installed. Some of these sensor systems are of a new 
type and shall be tested and calibrated within the frame of the program. Furthermore it is 
planned later to perform some controlled drying tests with the liner system to gain more 
information on the performance of GCLs under field conditions. Previous studies on the 
desiccation behavior of GCLs under laboratory conditions (Reuter et al. 1998, and Eberle et 
al. 1998) gave guidelines on how desiccation tests can be performed. The data will be used to 
develop a model to determine long-term permeation rates of GCLs. Therefore some 
additional pipes were installed in the top of the gravel drainage layer to allow the venting of 
air into the overlaying drainage layer. 
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FIRST TEST RESULTS 

The lysimeters have been installed at the site in Lemforde, 100 km west of Hanover, 
Germany (Figure 3), in autumn 1998 without additional water saturation. 

Figure 3. Site location of the  BentofixB lysimeters, 100 km west of  Hanover (yearly 
precipitation chart in mm 1998 for Germany- Jahrliche Niederschlagsmenge in mm) 

Soil mechanical classification parameters of the cover soil have  been determined. 
According to  grain  size distributions it contains mainly fine  to medium sand, 15 to  20 % of 
silt and 3 to  10 % of gravel. The ignition loss is below 3 % and the content of carbonates 
below 1 %. The unit weight of grains is about 2.60 g/cm3 and the  Proctor density was found 
to be in the  range  of  1.85 g/cm3 at a water content of about 12 %. The soil was placed into 
the lysimeters with a water content between 15 and 16 % and a density between 1.94 to 1.98 
g/cm3. The field capacity of the soil was determined to 20.5 % and  the wilting point is about 
7%. 

Collected data  of the lysimeter test trials include temperature (average every  10 minutes), 
humidity (average every  10 minutes), wind velocity (average every 10 minutes), precipitation 
(average every 10 minutes), soil temperature in various depths (once daily on working days), 
drainage water over the GCL (once daily on working days) and permeation water through the 
GCL (once daily on working days). Additionally two new measurement systems are included 
which may allow a measurement of the bentonite water content (every 4 hours) and the soil 
moisture (every 4 hours). 
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Cumulated data of the precipitation and permeation through the  GCLs in lysimeter nos. 1 
to 3 for the measuring period from April 1999 to  the  end  of March 2000 are presented in 
Figure 4. These  three lysimeters were selected for  the first interpretation due to their similar 
test set-up (Figure 2) with 1 m cover soil. Related to  the observation time  of one year (April 
'99 to April 2000) only 0.3 to 0.5 % of the rain water has permeated through  the different 
GCL. Concerning the permeation behavior no significant difference has  been found between 
the three GCL investigated up to now. 

rainfall [mm] 
I I 

... . -- I . - 1  I I 
1.4.99  1.6.99  1.8.99  1.10.99  1.12.99  1.2.00  1.4.00 

drainage and permeation [mm] 
,!._ . . . . _ _ _  

200 

0 

200 100 1 
0 I 

1.4.99  1.6.99  1.8.99  1.10.99  1.12.99  1.2.00  1.4.00 

1.4.99  1.6.99  1.8.99  1.10.99  1.12.99  1.2.00 14.00 

evaporation [mm] 800 . ~- ~ , 

1.4.99  1.6.99  1.8.99  1.10.99 112.99 12.00 1.4.00 
1.4.99 1.6.99  1.8.99  1.10.99  1.12.99  1.2.00  1.4.00 

Figure 4. Cumulated data  of rainfall, evaporation, drainage and permeation for a period of 
one year of lysimeters nos. 1 to  3. 

Table 3 summarizes the collected data from 1999 on a monthly basis and shows  the high 
efficiency of  the investigated landfill cap simulating lysimeter nos. 1 to 3. The efficiency is 
in the range of larger 99 %, with permeation rates lower than 0.5 % of the precipitation. 

Data collected in 2000 is summarized in Table 3 up to May 31 (lysimeters nos. 1 and 2), 
and  up to  June  30 (lysimeter 3), and Table 3 shows a similar low permeation through the 
tested GCLs as recognized in 1999. The permeation rates for all three landfill cap simulating 
lysimeters are in the range of only 0.6 % (1.6 mm) to 1.0 % (2.9 mm). This also results in an 
efficiency rate of  over 99 %. 

Since January 2000 the drainage water over  the GCL and the permeation water through 
the GCL of lysimeter no. 3 have  been measured at  the  same  frequency  as  the weather data 
(average every 10 minutes). 
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I 10199 I 47.4 I O /  0 1 0.03 / 0.1 1 O /  0 I 0.02/0.01 1 O /  0 I 0.03 / 0.1 1 
11/99 

0.1 / 0.1 76.1 / 72 o / o  7.9 / 7.4 o / o  30.2 / 28.5 105.8 12/99 
o / o  2.0 / 8.7 o / o  0.2 / 0.7 o / o  2.2 / 9.3 23.5 

1/00 

0.4/0.4 82.3 /80.8 0.7/0.7 5.1 /5.0  0.9/0.9 26.5 /26  101.9 3/00 
0.2 /0.3 46.2 / 76.1 0.1 /0.2 5.1 / 8.4 0.6/0.1 24.9/41.0 60.7 2/00 
0.1 / 0.2 42.1 / 94.8 0 9.1 /20.5 0.1 /0.2  21.5/48.4 44.4 

14/00 1 41.6 I4.8/11.5 I 0.5 /1 .2   I2 .3 /5 .5  I 0.2/0.5 I 6.8/16.4 I 0.5/1.2 1 
I 5/00 I 39.4 I 1.8/4.6 I 0.8/2.0 I 1.8/4.6 1 0.6/1.5 I 1.814.6 I 0.8/2.0 I 

6/00 
2.8/0.8 179.5 /48.9  1.6/0.6  23.4/ 8.1 2.9/ 1.0 79.5 /27.6 366.8 C 
0.8 / 1.1 0.3 / 0.4 78.8 

The precipitation and drainage for Jan - Jul  15 2000 is shown in Figure  5. The data show 
that drainage run-off over the GCL only occurs in the spring period between Feb and Apr 
where one can assume a higher soil saturation (for soil saturation see Figure 7). Looking at 
the larger scaled figures from Figure 5, one can additionally see  the  delay of the drainage 
run-off over the GCL after precipitation during a time period from March 9 to March 15. - 

Precipitation 

I 28.12.99  16.2.00  6.4.00  26.5.00  15.7.01 

Date 

Drainage 

. I "  I I 

28.12.99  16.02.00  06.04.00  26.05.00 15.07 

Date 

' 

Precipitation 

09.03.00 10.03.00  11.03.00  12.03.00  13.03.00  14.03.00 15.03.00 

Date 

Permeation 

I 

E 0,001 
E 

9.3.00  10.3.00  11.3.00  12.3.00  13.3.00  14.3.00  15.3.00 

Date 

Figure 5. Precipitation, drainage and permeation values for lysimeter no. 3. 
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Figure 6. Comparison of GCL permeation data of different lysimeter investigations 

For general comparison purposes data published by Cazaux and Didier (2000), which have 
been obtained in large scale permeability tests of a similar needle-punched GCL with 5000 
kg/m2 bentonite filling covered by 0.4 to 0.8 m of soil are plotted together  with  the data 
collected from lysimeters nos. 1 - 3 for a time period of 36 weeks (Figure 6). One main 
difference between these two test set-ups is the  fact that the lysimeters in Lemfoerde had no 
inclination and are installed with a horizontal surface, whereas the test plots from Cazaux et 
al. Were installed with a 10 % inclination, allowing more surface water run-off. In spite of 
this major difference, among others, the permeation rates are found to  be in the  same order of 
magnitude. 

MOISTURE SENSORS 

In order to  be able to measure the moisture content of  the  cover soil and  the GCLs in the 
lysimeters two different moisture sensors were placed in various positions. One system 
installed was already introduced by Brandelik (1999) and is based on a non-destructive 
dielectric measurement. 

The widely used dielectric measurements often rely on time-domain reflectometry (TDR) 
and have been used for GCL research (Eberle and von Maubeuge, 1998). One main 
disadvantage of  the  TDR  with  fork shaped sensors is that the measurement volume is larger 
than the bentonite thickness. 

To overcome this disadvantage a new flat band cable system (Brandelik, 1999) was 
selected and is still undergoing several calibration tests 

First results are shown in Figure 7. The upper curve for which the calibration has already 
been finalized shows water loss of the cover soil from approx. 17 % (Feb. ‘99) to approx. 10 
% (June 30, 1999). Unfortunately the data logger showed some problems after this time, so 
that the data hereafter is incomplete. 
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The collected data in the first half of 1999 is on the other hand very promising for GCL  in 
applications with 1 m cover soil due to the fact that the cover soil shows a reduction of  the 
moisture content from 17 % to  10 %, whereas the GCL moisture content remains stable 
during this time period (Figure 7). 

Even though the data till November 1999 is incomplete, it indicates that further 
desiccation  of the cover soil is likely to be marginal and the three GCLs in lysimeter nos. 1 to 
3 also indicate a stable condition. 

The slight increase of the data, both in the GCLs and in the cover soil sensors in Dec. 1999 
is  based on the heavy December precipitation (105.9 mm) and allows the conclusion that  the 
installed system is responsive to moisture changes. 

The performance may have been already proven  in soil conditions (Huebner et al., 2000) 
but still needs the calibration with GCLs in  soil environments and is an additional focus in 
this ongoing study. 

5 
VI m 
E 5  
E 

GCL Lysi. nos 3 

GCL Lysi. nos 1 
i= 

4 35 GCL Lysi. nos 2 

4 !  I I I I I I I I 

20.01.99  11.03.99  30.04.99  19.06.99  08.08.99  27.09.99  16.11.99  05.01.00 

Figure 7. GCL and soil moisture measurements in the landfill cap simulating lysimeters 

PRELIMINARY  CONCLUSIONS 

Larger scale testing simulating actual  field conditions, is the most convincing way  to 
prove  the efficiency of a barrier system, and is more useful  than a collection of laboratory 
tests modeling isolated and controlled conditions. The first evaluated data for January 1999 
till  July 2000 show the expected low permeation rates of less than 1 %. 
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FINAL  COMMENT 

Geosynthetic Clay Liners have evolved and been successfully used on thousands of 
projects, constituting hundreds of millions of square meters, since the  late 1980s. Numerous 
laboratory studies  and in-situ field performance tests have shown that natural sodium 
bentonite is  an excellent hydraulic and gas barrier with self healing characteristics. 

Meanwhile GCLs have  been approved by different national authorities and environmental 
agencies and have found their place in landfill and other geotechnical designs. They have 
become a common material for engineers to use in their lining applications. Continuous 
research activities and the development of test standards have enabled GCLs to become  an 
acceptable alternative to other geotechnical liners. Nevertheless more information on the in- 
situ performance of GCLs in cover systems under varying climate conditions is required. 

On-going long-term research data from lysimeters with GCLs involved show that the 
efficiency rate  of GCLs lays in an acceptable range and is likely to outperform compacted 
clay liner systems. 

The information in this paper should not be used without independent examination and 
verification of the suitability for any other GCL brand. 
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TESTING  PROCEDURE  AND  RESULTS  FOR THE STUDY OF INTERNAL 
EROSION  OF  GEOSYNTHETIC  CLAY  LINERS 

C. ORSINI, DEPT. OF CIVIL AND ENVIRONMENTAL  ENGINEERING, UNIVERSITY 
OF WESTERN ONTARIO,  CANADA 
R.K. R O W ,  DEPT. OF CIVIL  ENGINEERING, 
QUEEN’S UNIVERSITY,  CANADA 

ABSTRACT 

Geosynthetic clay liners are widely used in the design and construction of landfills and 
lagoons. The material placed beneath the GCL in these applications must be adequate for 
ensuring stability and performance of the GCL. In many cases the GCLs  are subjected to large 
hydraulic gradients, which raises the question as to the circumstances underwhich internal 
erosion of the GCL could be a problem. If the  underlying material is too coarse, high gradients 
combined with non-uniform stress distribution within the GCL may cause piping in the GCL 
resulting in a loss of bentonite from the liner and subsequent hydraulic failure. Using a fixed 
wall, constant flow hydraulic conductivity apparatus the effects of large hydraulic gradients on 
GCLs resting directly on either 6 mm gravel or a geonet were examined. The paper  highlights 
both the challenge of performing these tests (early testing showed a significant mount of 
sidewall leakage due to the unstable nature of the underlying material) and ways  around  these 
problems. Testing showed that inappropriate selection or placement of a GCL on a coarse soil 
can cause problems. 

INTRODUCTION 

Geosynthetic clay liners (GCLs) are gaining increasing acceptance as a component of the 
bottom liner system in landfills and  as a liner for ponds and lagoons. 

The key to the performance of the GCL in these applications is the ability to provide a liner 
with a very  low hydraulic conductivity. Several researchers (Shan and Daniel 1991; Daniel et al. 
1993; Rad et al. 1994; Heyer 1995; Ruhl and Daniel 1997; Petrov et al. 1997a,b; Petrov  and 
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Rowe 1997; Shackelford et al. 2000) have addressed the issue of GCL hydraulic conductivity 
and leachate compatibility. However, little work has been done to investigate internal erosion 
and bentonite loss from these liners. 

Due to the fact that GCLs are relatively thin (typically about 0.01m thick), the presence of a 
pond of fluid (either water in a lagoon or leachate in a landfill after termination of effective 
leachate collection) can result in high gradients (e.g. of the order of 1000 or more in some 
cases). The existence of large hydraulic gradients where fine-grained soils are inadequately 
filtered has the potential to lead to internal erosion and piping failure, a problem that  has  been 
mainly studied in dam applications (Meyer et al. 1994; Fenton and Griffiths 1997; Leonard and 
Deschamps 1998). The process of internal erosion involves the movement of fine particles into a 
coarser layer and this local movement can lead to failure. 

Clay soils on the dry side of optimum and inadequately filtered are increasingly susceptible 
to internal erosion. These soils are structurally unstable, easily dispersed and therefore highly 
erodible. With the presence of water, repulsive forces among the clay particles exceed attractive 
forces and individual particles gradually detach from each other and go into suspension. If the 
water  is flowing, the dispersed clay particles are carried away causing internal erosion (Tuncer 
et al. 1989). Depending on hydrating conditions, GCLs, with their clay core, have the potential 
to exhibit this behaviour which could be detrimental to their performance as a liner. 

The possibility that large hydraulic gradients could result in bentonite being washed out of 
the liner on an inadequate subgrade has  not received significant consideration in the literature. 

The loss  of bentonite from the liner not only affects the GCL’s performance as a barrier to 
contaminants, but also can affect the lining system as a whole. For example, if there is a leachate 
collection layer beneath the GCL, the bentonite could migrate from the GCL into the collection 
system leading to a decrease in the hydraulic transmissivity of the collection layer  and  possible 
clogging (Giroud and Soderman 1999). 

This paper represents a preliminary investigation into the issue of internal erosion of GCLs 
and, in particular, it seeks to examine some of the issues associated with performing hydraulic 
conductivity tests on GCLs. 

MATERIALS 

The tests involved two different types of GCLs. GCL A, a reinforced GCL, consists of a 
layer of sodium bentonite sandwiched between a nonwoven (220 g/m2) and woven (100 g/m2) 
geotextile needle-punched together with  the nonwoven side down and an initial natural  water 
content of 23%. The reference mass  per unit area of these specimens ranged from 5500 to 6500 
g/m2. GCL B, a thermal locked, neddle-punched reinforced GCL  is comprised of a uniform 
layer of granular sodium bentonite encapsulated between a slit-film woven (105  g/m2)  and a 
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virgin staple fiber nonwoven (200 g/m2) geotextile with the woven side down. The reference 
mass  per unit area of these specimens ranged from 5000 to 6000 g/m2 with an initial natural 
water content of 9%. 

Two types  of subgrade were included in the study, namely a 6 mm gravel and a geonet. The 
gravel had the following grain size distribution: dlo=3 mm, d15=3.6 mm, d50=6 mm, and d85=7 
mm. The geonet opening size was 1 cm2 (with a diagonal span of 1.5 cm). 

APPARATUS 

The internal erosion tests were conducted using a computer controlled, constant flow rate, 
fixed ring hydraulic conductivity apparatus. The fixed ring permeameter was designed and 
described by Fernandez (1989) and used extensively by Fernandez (1989) on compacted  clays 
and by  Petrov (1995) on GCLs. 

Flexible wall or triaxial testing was not considered for this study for a number of reasons. 
First, the testing requires larger hydraulic gradients than can be practically achieved using 
flexible wall permeameters. Second, a stone subgrade could not be included in this  test set-up 
without causing GCL/membrane contact problems, Finally, the typical flexible wall 
permeameter does not allow the monitoring of the GCL height throughout hydration  and 
permeation, necessary for interpretation of results. 

The original fixed ring cell, constructed of stainless steel and shown in Figure 1, has an inner 
diameter of 54 mm and a height of 70 mm. The  GCL was sandwiched between an  upper  porous 
stone and a sublayer of 6 mm gravel or geonet. A static confining stress, o:, was applied 
directly to the top  of the specimen by springs placed between locator caps. The  GCL height was 
monitored during both hydration and permeation with distilled de-aired water. Effluent was 
collected in a 20 ml glass bottle with a teflon cap and sealed by  an  O-ring. Atmospheric pressure 
was maintained in the bottle and effluent port with minimal effluent evaporation. 

A new fixed ring cell, also constructed of stainless steel and shown in Figure 2, has  the same 
dimensions as the original except the cylinder is divided into two pieces which seal together 
with an O-ring and a donut shaped plate between the upper and lower portions of the cell to 
provide a platform upon which the edges of the GCL can rest on. This plate ensures a flat bed 
for the perimeter of the GCL and also that an adequate sidewall seal develops preventing 
preferential sidewall leakage. 

The constant flow rate is generated by a compression machine that displaces stainless steel 
syringes  at a fixed, user specified rate. The flow rates can range from a low  of 5 . 9 ~ 1 0 - ~  m l / s  to a 
high of 1 . 5 ~ 1 0 . ~  ml/s. The compression machine allows a maximum of eight cells to  run 
simultaneously. The syringes are connected by stainless steel tubing to the top caps of the cells 
and pressure transducers measure the influent pressure. The flow rate, q, the elapsed time, t,  the 
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influent pressure, P, the hydraulic gradient, i, the hydraulic conductivity, k, of the GCL based  on 
Darcy’s  law  (k = q/iA, where A is the cross-sectional area), and the thickness of the GCL, HGCL, 
were recorded. 

Gauge 

(A) Cylinder 
(B) Viton  O-rings 
(C)  Cell  Caps 
(D) Threaded Rods 
(E) Fluid  Inlet 
(F) Fluid  Chamber 
(G) Fluid  Outlet 
(H) Porous Disks 
(I) Spring Group 
(J) Settlement  Rod 
(K) Subgrade 
(L) GCL 

Figure 1: Schematic of Original Fixed-Ring Permeameter 

TEST  METHOD 

The methods adopted for specimen preparation and installation procedures are taken from 
Petrov (1995) who conducted hydraulic conductivity and compatibility tests on a number of 
GCLs. 

A 54 mm inner diameter circular steel cutting shoe was used to prepare the  specimens for 
installation into the fixed ring cell. Small squares larger than the diameter of the cutting shoe 
with uniform mass of bentonite throughout its cross-sectional area were cut using a scalpel and 
scissors from sheets of GCLs (30 cm x 30 cm). The reference mass per unit area depended on 
the particular GCL being used. The squares were then placed between the cutting shoe and a 
plastic cutting plate, seated into the loading frame of a hydraulic jack assembly and cut to the 
required size and shape. The inner and outer circumferences of the cutting shoe were  wetted 
prior to cutting in an effort to minimize the loss of bentonite. The  GCL was then inspected for 
any  stray fabric ends and these were clipped using scissors to ensure a smooth circumference 
and best sidewall sealing conditions. The cut specimen was weighed, the GCL reference mass 
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per unit area, MGCL, calculated and an initial bentonite moisture content was taken from the 
scrap material. 

Scale 
2cm 
- U* Effluent Port 

Figure 2: Schematic of New Fixed-Ring Permeameter 

The method described above resulted in minimal bentonite losses and is a crucial step in 
fixed ring permeameter testing with GCLs. However, it should be noted that all GCLs  must  be 
examined individually to discover whether  this method is applicable or if edge hydration is 
necessary to minimize bentonite losses. 

The fixed ring cell was prepared beforehand for installation of the GCL. This included 
placing  the subgrade material (i.e. 6 mm gravel or geonet) and also putting a layer of silicon 
grease around the inner circumference of the cell wall to be in contact with the GCL. This was 
intended to help prevent preferential sidewall flow. The  GCL was then manually installed in  the 
cell and fitted above the subgrade material. 

The initial height of the GCL was recorded prior to the addition of the confining stress and 
hydration. The spring group was assembled and placed into the cell and the initial height of the 
unhydrated, confined GCL was recorded. 

The  GCL was hydrated with distilled, de-aired water  under reservoir pressure heads of 
approximately 4-5 cm until continued swell was minimal with  time. This typically lasted about 2 
weeks. After the hydration was complete, the cells were loaded into the compression machine, 
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the  syringes were filled with distilled, de-aired water and permeation began. The  GCL height 
was monitored throughout both hydration and permeation. The tests began at a flow rate of 
3 .95~10-~  mVs and the flow was increased periodically if the hydraulic conductivity remained 
stable at a given flow rate. Tests were terminated if a failure was detected, generally noted  by a 
sudden, significant drop in pressure and an increase in hydraulic conductivity. Prior to 
disassembly, permeation at the failure flow rate was conducted using a dye (Comassie Blue) to 
aid in specimen dissection and detection of the area where flow was the greatest. 

It should be noted that a significant difference between the tests in this study  and those 
performed by others (e.g. Petrov et al. 1997a,b; Petrov and Rowe 1997) where no problem was 
encountered with sidewall leakage was the fact that rather than being placed on a porous  plate 
here the samples were placed on a rough surface of pea gravel or a geonet. 

RESULTS AND DISCUSSION 

The first series of tests used the original fixed ring cells and geonet as the subgrade with 
approximately 3.25 kPa confining stress. These tests employed GCL A with the nonwoven side 
down. The hydraulic gradient was calculated based on a known (prescribed) flow rate and a 
gradient based on the measured fluid pressure in the cell above the GCL and atmospheric 
pressure beneath the GCL.  The deduced hydraulic conductivity, k, was relatively high when 
compared to typical hydraulic conductivity values for GCLs. Since there was no evidence of 
bentonite piping (i.e. negligible bentonite in the effluent) this high value suggested there may 
have been some leakage. 

Dye was run through the specimen and then photos were taken at the end of the test. 
Inspection of  the sample indicated that most of the flow was localized at discreet points along 
the sidewall (see Figure 3) and not through the body of the GCL. In the geonet below  the GCL 
there was some loose bentonite that  had escaped the GCL at the sidewall. There was no evident 
damage to the bulk of the specimen. Some of the bentonite loss could have occurred during 
placement of the GCL.  It was evident that the perimeter seal was not acting as  an effective 
barrier to sidewall leakage as it had in previous tests (e.g. Petrov et al. 1997a,b). It appeared that 
because the GCL did not have a flat surface upon which to rest, even using a rigid geonet as  the 
subgrade, the edges of the specimen found slight depressions around the perimeter to sink into, 
thereby creating a preferential flow path for the water. 

Two tests were performed using the same GCL with geonet as the subgrade and  both  tests 
exhibited the same results. The hydraulic conductivity and gradient behaved in a similar fashion 
as described above and there was sidewall flow observed through use of  the  dye  permeant. 
Similar tests were run using a layer of 6 mm gravel approximately 2 cm thick as  the  subgrade 
rather than a geonet and the same problem of sidewall leakage was encountered. The hydraulic 
conductivity, gradient and findings from permeating the sample with the dye all correspond with 
the results of the previous tests. 
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Figure 3: GCL Specimen After Dye Permeation with Traditional Cell 

Based on the findings from the first series of tests, the cell was redesigned as described 
earlier. Figure 4 shows the results from one such test conducted with GCL A, the  new cell and a 
subgrade consisting of a 2 cm layer of 6 mm stone and a confining stress of approximate 12-13 
kPa. The initial value, 7 ~ 1 0 - l ~  d s ,  remained constant while the flow rate was kept constant at 
3 .95~10.~ mVs. The increase in deduced k at approximately 175hrs is an artefact of the  system 
response after recharging the syringes. After recharging, the hydraulic conductivity decreased to 
7 ~ 1 0 - l ~  d s .  
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Figure 4: Hydraulic Conductivity with Time for GCL A with 6 mm Gravel Subgrade: 
New  Cell 
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To investigate whether the new cell did provide an adequate sidewall seal, the flow rate was 
increased to 8 . 8 8 ~ 1 0 - ~  ml/s and syringes filled with dye. The hydraulic conductivity decreased to 
a low of about 5 ~ 1 0 . ' ~  m / s  after approximately 50 hours and then failure occurred. The hydraulic 
conductivity jumped to 3x10-" m / s ,  but then decreased once again after 20 hours to a value of 
6 ~ 1 0 - l ~  d s .  This pattern continued, with varying highs and lows until the test was terminated. 

Figure 5 shows hydraulic gradient with time for this test. At the starting flow rate, 3 . 9 5 ~ 1 0 - ~  
ml/s, the gradient increased to a high of about 2700 (approximately 27 m of head). When the 
flow rate was increased to 8 . 8 8 ~ 1 0 - ~  ml/s, the gradient increased to a high of approximately 
9400 (-94 m head) just prior to failure. The hydraulic gradient then exhibited large build-ups 
and sudden drops. It  is believed that these build-ups are the result of the self healing of  the GCL 
that occurs after failure when the gradient is low, however when subjected to increasing 
gradients, the GCL fails again. 
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Figure 5: Hydraulic  Gradient  with  Time for GCL A with 6 mm Gravel  Subgrade: 
New  Cell 

Dye was again injected and  photos  were taken upon termination of this test. In contrast to 
what  was found for the old cell, it was found that  the outside rim of the liner was intact and  that 
there was no sidewall leakage. The dye randomly spots the bottom center of  the GCL (Figure 6) 
showing that flow occurred through the middle of the liner. Since the dye was introduced just 
prior to failure, these spots also show where the GCL failed. The failure was, in part, associated 
with  the fact that the stones pushed into the liner causing indentations and a bumpy  bottom 
surface. There was some loose bentonite on the bottom surface of the specimen and in the stone 
subgrade. The loose bentonite originated from zones of the GCL that depressed into the  voids 
between adjacent stones. 
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Figure 6: GCL A after Dye Permeation with New  Cell 

Figure 7  shows results from a second test performed with the modified cell but using GCL 
B, woven side  down.  As before, the subgrade was a 2 cm thick layer of 6 mm stone and a 
confining stress of 11.7 kPa was applied. The hydraulic conductivity remains fairly constant at a 
value of approximately 1 . 6 ~ 1 0 - ~ '  m / s  with the initial flow  rate of 3 .95~10 .~  ml/s. At about 360 
hrs, the flow was increased  to 5.92~10.' m V s  and  the  response  in k was a slight drop  to 1.5x10-" 
d s  but shortly after the hydraulic conductivity increased to  its previous value, 1 . 7 ~ 1 0 - ~ '  m / s .  
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Figure 7: Hydraulic  Conductivity  with  Time  for GCL B with 6 mm &awl  Subgrade: 
New Cell 
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After a recharge of the syringe, the GCL failed (at approximately 550 hrs) as evidenced by a 
large increase in hydraulic conductivity. Following the large increase, the k value drops down 
again and continues in this manner until finally levelling off at a value of 1 . 7 ~ 1 0 ~ ~  d s .  This 
pattern was also noted in the previous test. 

Figure 8 shows the hydraulic gradient with  time for this second test. At the initial flow rate 
of 3 . 9 5 ~ 1 0 - ~  ml/s, the hydraulic gradient increases to a relatively constant value of 1600 (-16 m 
head) around 150 hours. After the flow rate is increased to 5 . 9 2 ~ 1 0 - ~  ml/s at a time of 360 hrs, 
the hydraulic gradient jumps and reaches a high of 2700 (-27 m head). At about 550 hrs, after 
the syringe was recharged, the hydraulic gradient dropped to zero clearly showing the GCL has 
failed. It is interesting to note that before the syringe recharge the hydraulic gradient had  been 
decreasing, perhaps suggesting bentonite was slowing being washed out of the GCL. After 
failure, the hydraulic gradient exhibits the same pattern as the hydraulic conductivity with  the 
large jumps and drops, but finally dropped to zero and remains constant until test termination. 
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Figure 8: Hydraulic Gradient with Time for GCL B with 6 mm Gravel Subgrade: 
New  Cell 

It should be noted at this time  that the increase in flow in this second test did not  match  that 
of the first. The reason the flow rate was increased by a larger amount in the previous test  was  to 
establish as quickly as possible whether the modified cell did fix the problem of sidewall 
leakage. Therefore, by increasing the flow rate from 3 . 9 5 ~ 1 0 - ~  m V s  to 8 .88~10.~  m V s ,  the 
gradient would increase a large amount and sidewall flow would be clearly evident after dye 
permeation. Once it was established that the new cell did provide an adequate sidewall seal the 
next test was conducted slower and with smaller increases in flow rate, and hence hydraulic 
gradient. 
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As with the previous test, the  GCL was permeated with dye to  determine  the location of the 
failure. Figure 9 shows a photo taken of the GCL after test termination and clearly illustrates 
that the GCL failed within its core. The perimeter of the GCL was completely clear of any blue 
dye indicating that sidewall flow was not an issue  for this test. The bottom of the  GCL was 
bumpy and indented in several locations from contact with the stone subgrade,  but  the blue dye 
is seen only in  one  spot, the failure point. Again, failure is attributed to  the contact with the 
subgrade that pushes the stones into  the bottom surface of the GCL causing damaging 
indentations. 

Figure 9: GCL B after Dye Permeation with New  Cell 

Additional testing is required to  confirm these observations and  define  the condition under 
which piping may occur. However, the tests conducted to date  do show that  the modified cell 
did eliminate sidewall  leakage. 

CONCLUSIONS 

A hydraulic conductivity test apparatus was used to  conduct a preliminary investigation of 
internal erosion in geosynthetic clay liners. The  constant  flow  rate,  fixed ring test method 
allowed large hydraulic gradients to  be applied to  the liners with varying subgrade materials. 

The  following conclusions can be  drawn  from  the laboratory investigation presented herein: 
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(1)  An adequate sidewall seal is imperative for the test to work and with the GCLs resting on 
either a bed of 6 mm gravel or geonet. Even a slightest depression around the perimeter of the 
liner can cause sidewall flow in a traditional fixed ring cell. Therefore, the conventional fixed 
ring cell cannot be used for this  type of testing because the liner cannot seal to the cell wall  and 
flow can occur at this boundary. 

(2)  Dye proved very effective for identifying when sidewall leakage hadhad not occurred. It 
is recommended that dye be used in other hydraulic conductivity studies (e.g. leachate 
compatibility studies) to demonstrate that there is no sidewall leakage (i.e. that the  hydraulic 
conductivity is really that of the bulk system  and  not an artefact of testing. 

(3) A new fixed ring cell was designed with a stainless steel donut-shaped plate placed 
between the  upper and lower cylinder. This plate provides the GCL with a flat perimeter  on 
which to rest, ensuring an adequate sidewall seal and allowing different subgrade materials to be 
used in contact with the GCL. Since the constant flow, fixed ring hydraulic conductivity test is 
still being employed, even with the new cell the large hydraulic gradients necessary to carry out 
the tests  can also be achieved. 

(4) The test indicates that at a high gradient, there is potential for piping of the GCLs 
examined when used in contact with a pea gravel subgrade. More investigation is required to 
confirm these findings and to identify the conditions under which internal erosion may be 
anticipated. 
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BIOGAS  BARRIER  BENEATH  BUILDINGS:  CASE  STUDIES  USING 
GEOMEMBRANES 

ANDRE  ROLLIN,  ECOLE  POLYTECHNIQUE, 
CANADA 

CANADA 
JEAN-FRANCOIS  FOURNIER,  SOPREMA, 

ABSTRACT 

Building  construction on former  landfill  sites  cannot  be  carried  out  without  proper 
consideration of the  health  and  safety risks linked  to  the  gas  generated  by  the  decomposition of 
organic  wastes. In this paper,  the  design  principles  and  the  actual  remedial  measures  incorporating 
a  geomembrane  are  described for two speclfic  projects  encompassing  the  erection of buildings on 
landfii gas  affected  soils. 

HAZARDS IN LANDFILL REMEDIATION 

Former  landfill  sites,  located  outside  urban  centres  and  previously  considered to be of little 
worth,  are  now  seek  after  by  developers.  While  using  them  for  golf  courses,  parking lots or  green 
spaces is relatively  easy,  erecting  buildings on  them is a risky application. 

Landfill  sites in which  domestic  wastes  were  dumped  generate  biogas. The gas can migrate 
through  the  soil  structure  and  accumulate  in  nearby  building  basements  potentially  reaching  the 
lower  explosive limit (LEL)  and  become  respiratory  and  toxicity  hazards. To obtain  permission  to 
use  a  landfill  affected  soil  as  a  site  to  erect  buildings,  developers  must  meet  standards  set by 
municipal,  provincial,  state,  and/or  other  permit-issuing  authorities. 

The  major  hazards  associated with building  near  or  on  top of closed  landfills  include the 
followings: 
- risks of  explosion,  flammability,  toxicity  and  odours 
- poor  ground  conditions  (ground  settlement) 
- presence  of  combustible  material within the  groundmass 
- contamination of  groundmass  by  biogas  (methane,  carbonate  dioxide,  hydrogen suPfide and 

organic  compounds) 
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corrosive  action of  biogas on foundation  work  materials 

Recently,  engineered  solutions  have  been  reported in many  countries,  some  examples  are: 
high-rise  buildings for residence in Osaka, Japan ( Hirata  et al 1995); 
junior high school in Fukuoka,  Japan  (Hirata  et a1 1995); 
facilities for handicapped  children in Fukuoka,  Japan  (Hirata et a1 1995); 
facilities at a golf course  near Tokyo Bay, Japan  (Hirata  et a1 P 995); 
residential  development  (268  homes), Nottingham, UK (McKendry et al 1995); 
construction sf a shopping  mall,  Gentofte, Danmark (Bote et al1997); 
service  station  area,  Thursock  Motonvay,  Essex, UK (Jones  et a1 1987, Grantham et a1 1993); 
restoration  of  existing  houses,  South  East  England  (Grantham  et a1 1993); 
restoration of a  building, Cohar, France  (Thomas  et a1 1993); 
industrial  building,  Kirkland,  Canada  (Soprema  2000); 
film studios,  Montreal,  Canada  (Soprema  1999); 

Figure 1. Photograph of a  commercial  building  erected  near  a  closed  Iiandfill 

For reported  cases  of  buildings  erected on a  traditional landfdl with mixed  disposal of all types 
of  wastes, a risk  assessment  was  carried  out  estimating  the  probable  impacts  and a gas  control 
system has been  designed to achieve  the  following  objectives: 
- venting S% volatile  contaminants fiom the  af€ected  soils with a remedid system to CQIIIXQ~ the 

risk of explosion,  flammability,  toxicity  and  odours 
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- elimination  of  gas  intrusion  (methane) in the  buildings,  accessible  services,  ducts  and  enclosed 

- the  risk of gas  transport to any  buildings  nearby  should  be  eliminated 
- gas  generated  beneath  surrounding  areas  should  be  vented ( health  and  explosion  risks) 

spaces  (designing with sufficient capacity of gas  collection  and  setting  of  control  system) 

0 ... 

/ vacuum  pump or turbine . 

f 
methane detector geomembrane 

biogas 
venting system granular layer 

~ ~~~ ~~ ~ ~~ 

Figure 2. Schematic  of  remedial  system  under  a  building 
~~ ~~ 

To achieve  these  objectives,  many  options  without  the  use of a  geomembrane  have  been 

- bentonite  slurry  walls  adjacent to the landfll boundary  used  as  a  barrier  system for gas  control 
- a  pumped  gas  abstraction  system  adjacent  to  a  vertical  bentonite slurry barrier for continuous 

- an overlaid  of  a  granular  material  (to  provide  a  transmission  layer for gas),  a  geotextile  and a 

- an injection of epoxy  resin  into fi-acture  rock 
- recycling exhaust air fi-om a  building in its underground  parking lot  to maintain a positive 

implemented: 

automatic  gas  control  and  monitoring 

layer  of  compacted  clay in sandwich  between  the  affected  soil  and  the  building 

pressure 

On the  other  hand,  these  objectives  were  achieved  using  a  geomembrane  as  part of a remedial 
system. Two levels of stringent  controls  were  imposed  on  areas  supporting  the  buildings,  which 
were  generally  piled.  The  floors  had  to  be  built  as  to  eliminate  intrusion of biogas  into  the  buildings 
(Bote et a1 1997; Grantham  et a1 1993): 
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two permeability  contrasts  on  top of the  residual  soil  (as  shown in Figure 2) pumped  extraction 
fiom horizontal  pipework  laid in a  granular  blanket  below  a  low  permeability  liner  providing 
the  primary  protection 
in a  granular  layer,  a  detailed  venting  system  permanently  flushing  the  whole  gravel  layer  with 
air to  maintain  the  methane  concentration  well  below LEL set  at 5% volume  (Wilhelm  1995) 
a  low-permeability  layer  (geomembrane)  fastened  to  the  peripheral  wall,  piles,  pipes  and 
tubing  to act as  a  covering for the  ventilated  gravel  layer 
permanent  gas  monitors  with  alarm  system in the  sub-floor  voids in confined  areas  within 
amenity  buildings to warn  of  gas  ingress  (set to initiate at concentrations > 0.5 % (Thomas et 
al1993)) 
voids  under  floor  slabs  ventilated  to  flush  out  gas,  and  gas  detectors,  constantly  swept  with air, 
installed in those  voids 
the  drainage  system of the  buildings  and  parking  areas  should  reduce  rainwater  percolation 
and so reduce the groundwater  impact 
parking  areas  (with  asphalt)  should  be  built  with  a  gas  evacuation  system to prevent  any  risk of 
gas  migration to nearby  buildings 

Figure 3. Schematic of a remekal system 
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One remedial  measure  was  the  installation of a  geomembrane  barrier  to  prevent  the  migration of 
biogas  into  the  building  and  to  prevent  possible  contact of the  concrete  structure  with  the 
foundation  work  materials to minimize  corrosion.  Barrier  performance  depends on the  low 
diffusivity  coefficient  of  the  geomembrane  material,  the  thickness of  the  product,  and  the  integrity 
of the  installed  liner. 

BIOGAS 

The  mass flux of  biogas fiom the  surface  of  an  affected  soil is site  specific.  The  amount  of  gas 
depends on the  type  of  waste  stored,  site  history  and  the  presence of other  gas  venting  or  migration 
avenues  within  the soil structure.  Among  the  various  decomposition  products,  the  gas  mixture is 
made  up  of  carbon  dioxide  and  methane  along  with  small  amounts of trace  contaminants  including 
hydrogen  sulfide.  Landfill  gas  (LFG)  contains  high  concentration  of  methane  (approximately 60% 
vol.)  and  carbon  dioxide  (approximately 30 to 40 % vol.),  low  concentration  of  hydrogen  sulfide 
(approximately 50 to 500 ppmv)  and  organic  vapours (5 to 20 ppmv)  during  the  decomposition 
period  (Hammond et a1 1995;  Luning  et a1 1993).  For  old  landfills,  the sulfur compounds 
concentration is approximately  zero.  Landfill  gas  also  contains  certain  aromatic  hydrocarbons, 
benzene  and  toluene,  and  chlorinated  solvents.  The  degradation  of  benzene,  toluene, 
tichloroethelyne  and  trichloroethane in the soil were  observed in presence  of  methane  (Kjelden et al 
1997). His results  showed that a  substantial  degradation of these  components  took  place  in  strata 
surrounding  landfills. 

Methane is produced by  fermentation of organic  matter  by  a  wide  variety of micro-organisms. 
With  time,  microbial  oxidation  of  methane  and  other  elements  to  carbon  dioxide is carried  out by 
methyotrophic  and  methanotrophic  micro-organisms  gaining  energy  from  oxidation of reduced 
carbon  species  with  one  or  more  carbon  atoms  in  presence of oxygen  (Grantham et a1 1997, 
Haarstad et al 1997).  When  transported  in  soil  layers  before  being  emitted in to the  air, it is mixed 
with  atmospheric air due  mainly  to  a  diffusion  process.  The  LFG  constituents  may  therefore  be 
oxidised.  For  old  affected  sites,  the  production  rate  is  expected  to  be  very  low  and  the  methane 
concentration in the  venting  layer is expected  to  be in the  order of 0.25% [Bote 19971. 

GAS  DIFFUSION 

Even  though  geomembranes  cannot  be  considered  as  a  porous  media,  there  may  be  some 
movement  of  biogas  component  due to molecular  diffusion.  The  diffusive  motion  (molecular 
diffusion)  depends on the  energy  available  and  the  relative  mobility of the  organic  molecules. 
Diffusion  involves  the  movement of molecules  or  ions  in  air  as  a  result  of  their own random  kinetic 
activity fiom areas  of  higher  concentration  to  areas of lower  concentration. This will  depend on gas 
temperature,  pressure  and  concentration,  the  size of the  penetrant  and  the  geomembrane  material. 

The  diffusion  of  a  gas  with  respect  to  stationary  coordinates  is  expressed  by  Fick’s  law.  The 
total flux ( NU ) is the  resultant of  the flm resulting  from  molecular hffusion and  the flux resulting 
from  motion  of  the  fluid 
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N u  = - c DM ~ X A / ~ Z  + XA ( N M  + NM) (1) 

where NU = total  molar flux in moles/m2 - s, c = total  molar  concentration in moles/m3, DM = 
mass  diffusivity in m2 / s , X, = molar  fiaction  and  z = distance  parallel to the  direction of diffusion 
in m. 

GAS DIFFUSION THROUGH A GEOMEMBRANE 

The  Fick  second  law of diffusion in a  solid  can  model  the  diffusion of gas  molecules  through  a 
geomembrane.  The  second  term of the  previous  equation  becomes  zero  and  the  diffusion  law  can 
be  expressed  as 

X A / ~  = DAB v2 CA (2) 

where CA = the  molar  concentration of a  gas A in moles / m 3, t = time in s and V2 = (a /8zp in 
l/m2. Equation (2) is usually  used for low-density  gases  at  constant  temperature  and  pressure. 
Taking  into  account  the  molecular  weight,  the  equation  can  be  rewritten  as 

Mg=-DgdCg/dz (3) 

where  Mg = mass flux in M/L2 -T (g/m2-day  or m /m  -day-atm), Dg = diffusion  coefficient in L2 
/T (m2/s-atm),  Cg = gas  concentration in the  geomembrane in M / L 3  (dm3) and  z = distance  parallel 
to  the  direction of diffusion in L (m). 

3 2  

diffusion of a gas A through  a  geomembrane 
C L  co 

( Cz 1 at upper interface 

Figure 4. Schematic of gas  diffusion  through  a  geomembrane 
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It is well known that  the  mass difhsivity DAB will increase  with  increasing  temperature, 
increasing  pressure  and  increasing  concentration. On the  other  hand,  diffusion will decrease  with 
increasing  molecular  weight  and  molecular  structure  complexity.  These  equations  state  that  mass 
transport  of  a  gas  through  a  geomembrane  occurs  because of a  gradient  in  mass  concentration 
across  the  thickness  of  the  material  as  shown  schematically in Figure  4. 

For  a  geomembrane  to  fulfill  its  main  function,  biogas difhsivity should  be  very  low. 
Unfortunately  there  are  few  reports in the  literature  on  biogas  diffusion  through  geomembranes. 
However,  the  methane,  nitrogen,  carbon  dioxide  and  water  vapour  reported flux values  presented  in 
Table 1 can  serve  as  a  basis for designing  barrier  systems  incorporating  geomembranes.  The 
expected  fluxes  through  geomembranes  are  respectively 4 . 5 ~ 1 0 ~  , 1 . 0 ~ 1 0 ~  ,3.2x104 ,2 .  lxlO-’  and 
7 .3~10-~  m3/m2-day-atm for Polyvinyl  Chloride  (0.49mm),  High  Density  Polyethylene  (0.86mm), 
Linear Low Density  Polyethylene  (0.46mm),  Chlorosulfonate  Polyethylene (0.82mm) and 
Prefabricated  Bituminous  (3mm).  The  relatively  lower  flux of methane  through  bituminous 
geomembranes is probably  resulting  from  greater  thickness  and  high  density  (1.23  g/cm3) of the 
material. 

Table 1 shows  that  methane  diffusion  through  geomembranes is minimal  at  atmospheric 
pressure  and  they can provide  a  good  biogas  barrier.  The  uncertainty  regarding  precise  parameters 
is of little  practical  consequence for this  specific  application,  since  the  geomembrane  is  only  one of 
many  elements  used in the  remedial  system,  and  gas  pressures  and  concentrations  are  very  low. 

STANDARD  TESTS  FOR  DIFFUSION  MEASUREMENTS 

ASTM E 96 - 

Gas  and  water  vapour difhsion through  a  geomembrane  can  be  measured  using  the  ASTM 
standard  procedure E 96.  A  sample  of a  geomembrane  is  placed  on  top  of  a  recipient,  a 
concentration  difference is maintained  on  each  side  of  the  sample  and  the  weight  variation is 
measured  to  calculate  the  gas  migration.  The  test  duration  varies  between  3  and 30 days. 

Using this test procedure,  the  water  vapour  flux  through  high  density  polyethylene  (HDPE) 
was  determined  to  be  respectively  0.017 dm2-day-atm and  0.006  g/m2-day-atm for a 0.80 mm and 
2.44 mm thick  membrane  (Haxo et al  1988).  For  a  1.12 mm thick  flexible  polypropylene  (FPP) 
geomembrane  the  water flux is reported  to  be  0.083 dm2-day-atm, 0.04 g/m2-day-atm for linear 
low  density  polyethylene  (LLDPE),  0.44 dm2-day-atm for  chlorosulfonate  polyethylene (CSPE) , 
1.9 dm2-day-atm for polyvinyle  chloride (PVC) and  1.84 dm2-day-atm for a  3mm  thick 
prefabricated  bituminous  (PBGM)  (EPA  1988, Montelll998, Betec  1993). 

ASTMD 1434 - 
Gas and  water  vapour  diffusion  through  a  geomembrane  can  also  be  measured  using  the ASTM 
standard  procedure  D  1434.  A  sample  of  a  geomembrane  is  mounted in a  gas  transmission  cell so 
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as to form a  sealed  semi-barrier  between two chambers.  One  chamber  contains  the  test  gas  at  a 
specific high pressure,  and  the  other  chamber,  at  a  lower  pressure,  receives  the  permeating  gas. 

Table  1.  Gas  diffusion  through  geomembranes 

bituminous Soprema 2000 
Betec  1993 
Durin 1998 

PVC 
Durin 1998 
EPA  1988 

Eloy-Giorni 1993 
Peke 1993 

kPa 

ASTM D 1434 
7.8 X <7.8 X 9.3 X 345 ASTM D 1434 

7.3 X 345 

NF P 84-515 4.0 x IO4 100 
4.5 x 10“ 3.0 X 10” 1.0 X l o4  

NF P 84-515 9.3 X  IO-^ 100 
100 

3.0 X  IO-^ 100 
1.7 x IO“  

I I I I I , I I 

HDPE 

6.0 X 10” 100 NF P 84-515 Durin 1998 EPDM 
1.0 X l o4  2.6 X 1 0 - ~  2.1 X 10” EPA 1988 CSPE 
1.4 X lo3 3.2 x I O 4  EPA 1988 LLDPE 
4.7 x I O 4  1.0 x I O 4  EPA  1988 

NF P 84-515 100 4.5 X 10’~ 
ASTM D 1434 9.0 x IO5 1.3 X io3 

Using  methane with a  purity of 98%  and  a  pressure  difference  of  345  kPa  across  the  specimen, 
an  average  permeance of  7.33  x  10”  m /m -day-atm  was  found for a  3mm  thick  prefabricated 
bituminous  geomembrane  (Soprema  2000)  and  9.0  x lo-’ m /m  -day-atm for a  1.12mm FPP 
geomembrane (Montell1998). 

3 2  

3 2  

AFNOR AF P  84-5  15 

In the French standard  NF  P  84-515  an  acceptable  geomembrane  is  defined  as  having  a  water 
vapour  flux  smaller  than  1.0  x lo4 m  /m  -day  at  100  kPa  (equivalent  to 1 meter  thick  of  clay).  A 
sample  of  a  geomembrane  is  mounted in a  liquid  transmission  cell so as  to  form  a  sealed  semi- 
barrier  between  two  chambers.  One  chamber  contains  the  test  liquid  at  a  specific high pressure,  and 
the  other  chamber,  at  a  lower  pressure,  receives  the  permeating  water  vapour.  Data  obtained  for 
four  different  geomembranes  are  presented  in  Table 1. 

3 2  

The  data  obtained  using  the  previous  described  tests  must  be  used  with  caution  since  the  actual  site 
conditions  differ  greatly  from  the  laboratory  parameters.  At  site,  the  temperature  is  approximately 
10°C, the  pressure is a  vacuum  and  the  concentration  is  smaller  than  5%.  The  laboratory  tests  are 
performed  at  a  temperature  of  21°C  or  32”C,  a  pressure of  100  or  345 kPa  and  a  concentration of 
98%.  The  mass flux decreasing  with  temperature,  pressure  and  concentration,  the  methane 
diffusion  through  a  geomembrane  installed  under  a  building  will  be  lower  than  the  reported  values. 
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SITE  INVESTIGATION 

For the two projects  presented in this  paper,  a  risk  assessment  was  carried  out  estimating  the 
probable  impacts  as  require  by the Quebec  Department  of  the  Environment.  Boreholes  were  drilled 
and  soil  samples taken to measure  the  percentage  of  biodegradable  material to forecast the quantity 
of biogas  produced.  Geological  ground  surveys  within  a  radius  of  200  meters  of the former  landfill 
sites  were  performed  to  identrfy  any  potential  gas  migration  within the surrounding  ground.  Gas 
detector  placed in holes drilled  directly  into  the  landfill  were  used  at  regular  intervals for a  period 
of time  to  monitor  C&,  C02,  CO, H2S and SO2 emission  (using  a  determined  grid  pattern). 

The  buildings  also had to comply  with  the  Canadian  National  Building  Code  (CNBC),  which 
recommends  that  walls,  roofs,  and  floors in contact  with  the  ground  are  designed  to  prevent 
underground  gas  infiltration  into  buildings. This regulation  was  met using a  geomembrane  between 
the  building  floors  and  the  landfill  ground.  The  Canadian  building  code  also  recommends 
depressurising the subfloor  building/ground  interface  to  prevent  gas  infiitration  through  potential 
voids.  The  gases  trapped  by this system  must  be  vented  at  roof  level. Both recommendations  were 
followed for the two projects,  i.e.,  a  geosynthetic  biogas  barrier  and  a  depressurisation  system  as 
illustrated in Figure  2. 

CASE  STUDIES 

Case  Study 1 : movie  studios  built on former  landfill  site 

The  site, known as Technoparc de Montrial, is  located in Montreal,  Canada. A planning 
application was prepared for erecting  movie  studios,  storage  facilities,  and  administrative  buildings 
on  a  landfill  site that was  active  from  1870  until  the  1960s.  The  site  had  recently  been  identified 
and sought  after by developers  for  erecting  buildings. It was  identlfy as a  potential  site  for  erecting 
buildings  because of the very low concentrations  of  biogas  detected in 41 boreholes : methane (0 to 
> 50,000 ppm); SO2 and H2S (< 0.25-3.0 ppm);  and  CO (< 0.25-1 11 ppm). 

Five  buildings  covering  a  total  area of 10,3  12  m2  were built  on  piles  and  for  safety  purposes,  a 
geomembrane was installed  on  a  collection  and  evacuation  granular  layer  consisting  of  150 mm 
diameter  drainage  pipes  embedded in a 500 mm thick  layer  of 20-40 mm  diameter  material. A 
vacuum  pump  (100 cfm) was  installed on the  roofs  of  each  building  to  continuously  vent  biogas- 
contaminated air. 

The  very large number of  protruding  elements  (367  piles,  187  pipes, 838 structural  steel  rods, 
as well as  many  sump  pits),  the  low  methane difisivity and  ease  of  installation  and  attachment  to  a 
concrete  structure (the geomembrane  to  be  mechanically  attached  to  1,032  meters  of  peripheral 
concrete  walls) were the key  factors in selecting  a  prefabricated  bituminous  geomembrane.  Figure 
5 illustrates the final cross-sections  selected.  For  safety  purposes, 37 methane  detectors  were  also 
installed in different  locations of the buildings. 
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The  ease  of  installation  and  good  bonding  performance  on  structural  and  protruding  elements 
are  the  overriding features of  the  bituminous  geomembranes.  They  can  be  attached  or  sealed  to 
concrete  surfaces  using  a  primer  and  a  torch.  Applying  primer  to the concrete  prior to welding 
helps  improve  bonding.  Standard  techniques  used  with  other  types of geomembranes  would  have 
been  difficult  to  apply  and, in fact,  impossible in the  short  time  available. 

The  use  of  a  geomembrane  impacted  the  construction  techniques  and its sequencing: 
- during  installation  of  the  geomembrane  (from  two  to  four  days), the area  covered by the non 

protected  geomembrane is not  available  to  other  construction  workers  imposing that the 
construction  schedule  must  be  rigorously  planned  and  the  geomembrane  should be covered  as 
fast as  possible 

- great  care  should  be  taken  to  avoid  puncture of  the  installed  geomembrane  from  steel  rods 
used as structure  elements  and  during  the  pumping  of  the  concrete  on  the  liner 

- concrete is taking  longer  time  to  cure  since  excess  water  cannot  escape  through  the 
impermeable liner 

- new  configurations in the  building  structure  arising  from  a  “fast  track  process” can readily be 
achieved  because  of the ease  to  rework  the  geomembrane  at  specific  locations 

Prior  to  construction,  methane  concentration  ranging  from 0 to 50000 ppm has been  detected in 
all four detectors  installed in boreholes  located in the  soil  at  buildings  boundary.  After  a year of 
monitoring,  no  methane  has  been  detected by the  37  detectors  installed in different  locations  inside 
the  buildings. 

Case  Study 2: commercial  building  near  former  landfill  site 

A  remedial  system was incorporated  into  the  design of a  commercial  building  to be erected at 
the  boundary of a  closed  landfill  site in Kirkland,  Canada.  While  little  to no methane  was  migrating 
out  of  the  site  ground  (which  was  active  from  1980  to  1993),  the  municipal fire and  engineering 
department  imposed  a  remedial  system. This preventive  action  was  taken  because  methane  had 
been  detected in adjacent  lots  and  sewage  systems  installed  under  a  street  between the proposed 
building  and the landfill site as shown in Figure 1. 

In this  application, a collection  and  evacuation  layer  consisting  of 100 mm  diameter  drainage 
pipes  embedded in a 300 mm thick  layer  of 50-100 mm  diameter  granular  material  was  installed. 
Four  chimneys with methane  detectors  at  the  base  were  also  permanently  installed.  A vacuum to 
vent  methane  into the atmosphere  was  created  using  four  turbines  located  on the roof of the 
building.  A  geomembrane  was  installed  between  the  collection  layer and the concrete  floor of the 
building  (as shown schematically in Figure 5 )  as a  second  level  of  protection  to  prevent  the 
migration of biogas  into the building,  which  covers  an  area of 7,430  m2. 
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Figure 5. Schematic  of  remedial  system  design  for  movie  studio 

Figure 6. Photograph of an installation  detail  around a protruding  element 
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For  identical  reasons  as  presented in the  earlier  case  study,  the  vely  large  number of protruding 
elements  was  a  key  factor in selecting  a  prefabricated  bituminous  geomembrane  as  the  gas  barrier: 
144  pipes,  400  linear  meters  of  peripheral  wall,  and  many  structural  steel  columns  (Figure 6). 

MONITORING THE INTEGRITY  OF  THE  INSTALLED  GEOMEMBRANE 

To meet  the  performance  criteria,  the 3 mm thick  prefabricated  modified  bituminous 
geomembrane (PBGM) and  integrated  seams  were  surveyed  for  potential  leak  paths  using  an 
electrical  leak  detection  technique  (Rollin  et a1 1999).  The  technique  used  is  the  most  appropriate  to 
survey  during  installation  of  a  single  geomembrane  placed  directly  on soil, such  as  described 
applications. It requires an electrically  conductive  layer  below  and  above  the  liner.  The  lower 
conductive  layer is the soil and  the  upper  conductive  layer  being  water. A cathode  ground  is 
established  and an anode is placed in the  water  puddle  maintained  by  a  squeegee.  For ths 
technique to be  effective,  the  leaking  water  must  come  into  immediate  contact  with  the  electrical 
conducting  medium to which  the  ground  electrode  of  the  12  or  24 VDC supply  was  connected. As 
the  water  flows  through  a  potential  leak  path,  there is an increase in the sigraal. Leaks  as smald as 
Imm in size  are  then  located  by an audio  signal  or  by  measuring  a  current ~ f m a g n i t ~ d e  to the size 
of the leak. A photograph  of  a  potential  leak  path is shown in Figwe 7. 

The main advantage  of  this  technique  was  the  possibility  to  detect  leaks in geomembrane  joints 
and sheets as work  progressed  during  the  construction  phase.  The  geo-electrical s w e y  rate of 
approximately  500 m2/hr does  not  affect  the  installation  work  schedule  and  does  permit  a  rapid 
quality  control  of  the  installer  work.  Insulation  had  to  be  secured  prior  to  the  survey to prevent  pipe 
penetration,  flange  bolts,  steel  drains  and  batten  strips on concrete  to  conduct  electricity through the 
liner  and  mask  leaks. 

Figure 7. Photograph of a Peak path in a PFBGM 
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CONCLUSION 

Experience has shown  that  it is possible  to  construct  buildings on former landfill sites.  By  using  an 
appropriate  remedial  system  that  incorporates  a  geomembrane  as  a  biogas  barrier, risk prevention 
can  be  achieved.  For this type  of  application,  a  prefabricated  bituminous  geomembrane  can  offer  a 
low  biogas  diffusion,  offer  the  less  impact  on  construction  techniques  and  sequencing  and is very 
adaptable to new  configuration  during  the  construction  phases.  The  PBGM  was  especially 
appreciated for its ease of  installation  around  accessories  and  protruding  elements  as  well as for its 
durability. 
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UNIQUE  INFLATED  POND  COVER  USING  REINFORCED  FLEXIBLE 
POLYPROPYLENE 

Richard  Thiel, P.E.; Thiel  Engineering,  Inc.;  USA 

ABSTRACT 

A  1.1-acre (0.45 ha)  leachate  pond  has  been  successfully  covered  with  a  removable,  inflated 
geomembrane. The cover  is  kept  inflated  with  a 1 horsepower (0.75 kW)  fan  supplying  only 3- 
tenths  of  an  inch of water  column  of  pressure (0.01 psi,  or 75 Pa). The  maximum  height  along 
the  center  of  the  inflated  geomembrane  is  controlled  by  steel  cables. The geomembrane  is 
anchored to a  perimeter  concrete  block  with  a  removable  anchorage. An automatic  backup 
generator  and  fan  are  installed  in  case  of  a  power  outage  or  mechanical  breakdown. 

A  geomembrane  material  was  selected  for  the  cover  that  would  be  appropriate  for  the 
performance  conditions  of  exposure,  stress,  chaffing,  and  operational  wear  from  repeated 
installations  and  removals.  The  selected  material  was  a  reinforced  30-mil (0.76 mm)  flexible 
polypropylene. The material  was  selected  for  its  strength,  toughness,  durability,  and  ease  of 
repair.  The  cover  has  performed  well  over  two  winters  experiencing  high  winds,  intense  rain, 
snow,  and  freezing  conditions.  The  cost  of  this  installation  has  already  been  fully  recovered by 
the  avoided  leachate  treatment  costs.  The  cover  has  been  successfully  removed  and  reinstalled. 

INTRODUCTION 

In  the  calendar  year  of  1998,  the  Coffin  Butte  landfill  near  Corvallis,  Oregon  constructed  a 
new  leachate  treatment  infrastructure to supercede  its  outdated  practice  of  agronomic  irrigation 
onto  hay  fields. The new  infrastructure  consisted  of  a  direct-osmosis  treatment  plant,  a 
concentrate-solidification  plant,  and  a  4-million  gallon  (15,000  m3)  leachate  surge  pond. 
Because  of  the  limited  capacity  of  the  new  treatment  plant  and  its  relatively  high  operational 
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cost,  it  was  highly  desirable to cover  the  leachate  surge  pond to minimize  the  collection  of 
rainwater  into  the  leachate. 

The  traditional  way to cover  a  pond  is  with  a  floating  cover.  However,  an  innovative 
inflated-cover  concept  was  pursued  and  eventually  implemented.  The  perceived  advantages  of 
the  inflated  cover  compared to a  floating  cover  were  a)  the  ability to take the cover  on  and  off 
for  winter  and  summer  operations,  b)  lower  cost,  and  c)  defects  and  holes  in  the  inflated  cover 
would  have  an  insignificant  effect  on  its  environmental  function.  There  are  many  civil  design 
and  construction  elements to this  project  that  would  be  of  interest to anyone  designing  such  a 
system.  The  scope  of this paper  is  necessarily  focused,  however,  on the geomembrane  selection 
and  performance  in  line  with  the  theme  of  the  conference  and  proceedings to which  this  paper 
forms  a  part. 

DESIGN  CONCEPT  AND  APPROACH 

The  pond  inside crest dimensions  were  approximately 400 feet  x  120 feet (122  m  x 36.6 m). 
A  schematic  plan and cross-section  illustrating  the  initial  design  concept  are  shown  in  Figure 1. 
The  initial  design  concept  for  the  inflated  pond  cover  was as follows: 

Cover  the  pond  with  a  geomembrane  anchored  around  the  perimeter. 
Provide  an  insert to the geomembrane to allow  a  fan to blow  in  air to inflate  the 

Install  cables  across  the  pond to take  the  majority  of  the  stress  caused  by  inflation,  as  well  as 
geomembrane. 

forces  induced  by  wind. 

DESIGN  FORCES 

Air  pressure.  A  propeller  or  blower  fan  would  be  used to pressurize  the  cover  system.  A  design 
goal  was  established to operate  the  cover  with  an  average  air  pressure  in  the  range  of 0.1 to 0.3 
inches  of  water  (25-75 Pa). This  level  of  pressure  would  be  enough to counteract  the  self- 
weight  of  the  geomembrane  plus rain. More  pressure  than  this  would  require  greater  structural 
considerations  for  total  uplift  and  tension  on  the cables. 

Uplift  force.  The  uplift  force is  simply  the  air  pressure  times  the  area.  A  factor  of  safety  was 
used  to  account  for  wind-induced  airfoil effects. The  uplift  was  designed to be  counteracted by 
the  weight  of  the  concrete  perimeter  footing. 

Cable tension. All  of  the  uplift  force  caused by the  air  pressure  against the geomembrane  cover 
was  assumed to be  transmitted to the cables.  The  tributary  area  for  each  cable  was  assumed to 
be  the  half-distance to the  neighboring  cables  times the cable  span. The cables  were  assumed to 
be  uniformly  loaded,  and  the  well-known  cable  formulae  were  applied  as  follows: 
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V=-- W L  
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where: H = horizontal  component  of  cable  tension  at  anchorage;  w = uniform  load  per  unit 
length  along  the cable; L = horizontal  cable  span;  h = vertical  height  of  cable  arc  above  anchor 
points; V = vertical  component  of  cable  tension  at  anchorage; T = cable  tension; L’ = actual 
cable  length. 

The  operating  tension  in the cables  for  this  project  were  calculated to be on the order  of 7,000 
lbs (31 kN). The effect of  the  horizontal  and  vertical  forces  exerted  by the cables  on the eye 
bolts  and  perimeter  foundation  had to be  considered. 

External  wind forces. These  were  not  explicitly  calculated,  but  were  allowed by a  factor  of 
safety in the  uplift  and  cable  forces. 

Snow  loads. No design  provisions  were  included  for  snow  loads.  Snow  would  potentially 
collapse  the  cover. As long  as  this  was  understood by the  operator,  snow-induced  collapse 
would  not  be  considered  a  “failure”  of  the  cover  system.  Management  of rare snow  loading 
would  be  accommodated by operations,  as  discussed  later. 

DESIGN DETAILS 

The  following details had to be  considered to allow  construction  and  operations  of the cover 
system: 

Perimeter  weight.  The  dead  weight  of  the  entire  system,  and  in  particular  the  perimeter 
concrete  foundation,  had to be  designed to counteract  the  vertical  uplift  caused  by  the  air 
pressure  and  potential  wind-induced  airfoil  uplift. 
Geomembrane  anchorage. A design  goal  was to provide  a  removable  anchorage  for  the 
geomembrane  around  the  perimeter so that  the  geomembrane  could  be  pulled  off  of the pond 
periodically  and  reinstalled.  Reasons  for  wanting to remove  the  geomembrane  included 
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pond  cleaning  and  enhanced  spray  evaporation  during  the  summer  months.  Figure  2 
illustrates the design for the  perimeter  anchorage. 
Cable  anchorage.  One-inch  diameter  galvanized  steel  eye-bolts  were  designed to resist  the 
cable  tension. The eye-bolts  were  epoxy-set  into the concrete  perimeter  block.  Turnbuckles 
were  used  between  the  cable  ends  and  the  eye  bolts to allow  fine  tuning of the  cable  length. 
Fan  insert.  The  design  included  a  portion  of  the  concrete  perimeter  wall  raised  high  enough 
to allow  a  2-foot (0.6 m) square  propeller  fan to be  inserted into the wall. A subsequent 
backup  blower  fan  was  included  in the system by connecting  its  outlet to a  hole  in  the 
concrete  wall  with  sheet-metal  air  ducting. 
Pressure  control.  Pressure  control  was  designed  into the system  by  providing  several  large 
holes  in the concrete  end  wall  fitted  with slide gates. 
Stormwater runoff. A perimeter  french  drain  was  installed just outside of the perimeter 
foundation to collect  and  convey  stormwater  runoff  from  the  cover.  (See  Figure 2) 
Access to pond  interior.  Pipe  inlets,  outlets,  and  instrumentation  were  designed to go  either 
under  or  through  the  concrete  perimeter  foundation. 
Method to uncover  the  pond. A series  of  ropes  were  installed  at  the  quarter,  half,  three- 
quarter,  and  full  distance  across  the  short  dimension  of the cover to allow  it to be  pulled  back 
into  a  series  of  accordion-pleats  for  summer  maintenance  and  pond  cleaning. 

GEOMEMBRANE  SELECTION 

In  an  attempt to provide  an  extremely  low  cost  cover,  an  initial  attempt  was to use  a  quite 
inexpensive tarp material to cover the pond.  The  landfill  operators  have  a  lot  of  experience 
using  a  lightweight  polyethylene tarp for  temporary  cover  on  the  landfill  that  is  available  in 
panels  up to 60,000 sq ft  (0.56 ha)  in  area.  The  material  consists  of  two  3-mil (0.08 mm)  plies 
of  polyethylene  film  adhesively  bonded  together,  with  nylon  reinforcement  threads  spaced 0.4 
inch (10 mm)  each-way  between  the  two  plies.  The  cost to purchase  and  deploy  this  material 
over  the  pond  was  estimated  at  approximately $10,000 US. It  was  thought  that  even if the 
material  only  lasted  a  year  or  two,  it  would  have  some  salvage  value  for  use in the  landfill,  and 
its  low  cost  would be worth  more  frequent  replacements  compared to a  more  expensive 
geomembrane. 

Figure 3 is  a  photograph  of  the  author  standing  on  the  inflated  cover  with  the  light  weight 
material  in  use.  Imagine  that  the  support  is  only 6 mils  (0.15  mm)  of  polyethylene  (with  the 
nylon  reinforcement),  and  a  pressure  of  only  0.2  inch  water (0.0072 psi,  or 50 Pa)! (Quite  a 
demonstration  of  faith  in  geosynthetics  and  fluid  mechanics.) 

Indeed, the material  initially  appeared to perform  quite  well,  surviving  wind  and  rainstorms. 
Everything  appeared to work  in  accordance  with  the  design  calculations.  In  a  relatively  short 
period of time,  however,  the  durability  of  the tarp came  into  question. The tarp would  expand, 
contract,  and  move  due to temperature  changes  and  wind.  Even  clouds  passing  by the sun 
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would  cause  enough  temperature  change to result  in  the  cover  tarp  “breathing”.  All  of  this 
movement  of  the  cover tarp resulted  in  chaffing  against  the  cables  that,  in  a  few  months  time, 
caused  large  tears  in  the  tarp.  While  the  cover  could  handle  numerous  holes  without  a  problem, 
12-foot  (4  m)  long  tears  resulted  in  deflation.  The  only  way  this  lightweight  material  could  be 
repaired  was  by  sewing,  and  these  types  of  repairs  did  not  last  very  long.  Ultimately,  the  low 
durability  and  poor  repairability  of  this  lightweight  material  proved  it  completely  unmanageable 
and  inappropriate for this application.  With this lesson  learned,  a  more  discriminating  process 
was  followed to select a  replacement  material.  What  was  needed  was  a  real  geomembrane,  not 
just a  tarp. 

Available  geosynthetic  materials  were  researched  that  would  provide  good  durability  and 
performance.  Research  conclusions  coincided  with  the  suggestions  received  from  many 
geosynthetic  industry  representatives,  which  was to use  reinforced  polypropylene  (PP-R).  The 
following  statements  regarding  the  advantages of PP-R  led to its  selection: 

It  has  a  very  high  tensile  strength  of  about  200 lbdinch (35  kN/m).  This  is 10 times  the 
strength  of  the  lightweight  tarp  first  used. 
It  has  a  high tear strength  of 100 lbs  (ASTM  D751 - Tongue  Tear). The reinforcement  is 
very  dense (9 heavy  reinforcement  fibers  per  inch  (25  mm),  each  way)  that  are  thermally 
encapsulated  in the polypropylene  (versus  2.5  fibers  per  inch  (25  mm)  in the tarp  which  were 
held  in  place  by  a glue). This  is  a  significantly  stronger  tear  strength  than  unreinforced 
materials  like  polyethylene. 
It  has  excellent  resistance to UV light,  heat,  and  cold,  and  is  typically  manufactured  for  long- 
term,  exposed  applications.  The  material  maintains  excellent  flexibility  and  strength  well 
below  freezing  temperatures,  and  maintains  its  strength  on  clear,  hot  sunny  days  due to the 
internal  reinforcement. 
It  has  a  low  expansion/contraction  coefficient  (only  14%  that  of  polyethylene),  which  will 
reduce  the  movement  of  the  liner  below  the cables. 
It  has  excellent  repairability,  even  after  long  exposed  aging.  Repairs  can  be  made  with  a  hot- 
air  gun  and  a roller. PP  has  a  very  wide  temperature  window  for  making  good  welds  (from 
230-480 “C, compared to 280-380 “C for  HDPE).  Other  materials  such  as  HDPE  require 
specialized  welding  equipment  and  trained  operators. 
Welds  are  very strong. In  shear,  the  welds  typically  achieve  greater  than 90% of  the  parent 
material strength. The  material  can be wedge-welded,  or  welded  with  a  hot-air  gun.  The 
shear  strength  of  a  pull-tab  during  installation  is  very  important.  Being  able  to  achieve 
nearly  200 Ibdinch (35  kN/m),  even  in  the  presence  of  abrasions,  nicks,  and  gouges,  makes 
taking  the  cover  on  and  off  much  more  feasible  than  less  durable  materials. 
The  material  has  a  very  high  toughness  rating  for  impacts,  and  high  durability  when  nicked 
or  gouged.  Polyethylene,  for  example,  rips  very  easily  when  scratched. 
The  material  is  very  flexible,  yet  it  does  not  stretch  much  due to the  strong  internal 
reinforcement. 
The  material  is  about 9% lighter  than  water,  and so it  readily  floats. 
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Although the cost  for  PP-R  is  significantly  more  expensive  than  the  lightweight  product 
(ultimately  about  five  times  the  installed  cost),  most,  if  not  all,  of the cost  will be made  up 
over  time  because  it  will  last  much  longer. 
The  toughness of the material  will  allow  it to be pulled  back  and  forth  over  the  pond  every 
winter  and  summer to allow  use  of  a  spray  evaporation  system  or  for  pond  maintenance. 
One  of  the  reasons this can  be  done  is  that  patches  can  be  welded  on this tough  material to 
allow  attachment  of  hardware (e.g. “D” rings)  for  attaching  ropes  and  cable  guides  that  can 
be  used to pull the cover.  Rubsheets (also called  doubler  strips)  could  also  be  welded  where 
chaffing  would  be  expected. 
It  is  noteworthy that the PP-R  cover  would do just fine  under  an  inflation  pressure  of 0.2 inch 
water (50 Pa) with  no  cables.  The  average  force on the liner  perimeter,  with  no  cables, 
would  only be 30 lbdinch (5.2  kN/m),  which  is  much  less  than  its  rated  value  of  200  lbshnch 
(35 kN/m). The use  of  cables  is  still  recommended,  however, to  a) maintain  and  control  the 
cover  shape,  b) to take  stress  off  the  perimeter  anchorage,  and  c) to take the force  of  wind 
gusts. 

The  PP-R  material  is  available  in  gages  ranging  from 20 to 45 mils (0.5-1.1 mm).  The  same 
reinforcement  is  used  for  all  of  the  gages.  Thicker-gage  material  would  tend to have  better  long- 
term  resistance to UV radiation.  Consequently,  the  manufacturer  warranties  began  at 10 years 
for  the  20-mil (0.5 mm)  material,  increased to 15 years  for  the  30-mil  (0.76  mm)  material,  and 
capped  at  20  years  for  the  36-mil  (0.91  mm)  and  thicker  material.  For this project,  a  30-mil 
(0.76  mm)  material  was  selected  as  a  compromise  between  weight, cost, and  expected 
durability. 

CONSTRUCTION  AND  INSTALLATION 

The  following  construction  steps  were  followed,  given  that the double-lined  pond  was  pre- 
existing: 

Inlet  and  discharge  pipes to and  from  the  leachate  pond  that  would  be  installed  underneath 
the  permanent  foundation  were  trenched  into  place. 
The  concrete  perimeter  foundation  was  cast  in  place.  This  included  the  raised  wall  at  one 
end  for  the fan, pressure-control  holes,  and  a  2-foot (0.6 m)  diameter  pipe  access  portal to the 
leachate  pond to lower  pumps  and  instrumentation. 
The  stormwater  french  drain  was  installed. 
Three  geomembrane  panels  were  factory  fabricated  from  detailed  layout  drawings  and 
shipped to the site. The  fabrication  included  doubler  strips,  cable  pocket  guides,  and  pull 
tabs. 
The  geomembrane  was  deployed  with  the  aid  of  two  loaders,  one  on  each side of  the  pond, 
which  pulled the geomembrane the long  way  over  the  pond.  The  geomembrane  material  was 
supplied  in  three  pre-fabricated  panels  that  were  welded  together  during  deployment.  The 
cables  were  threaded  through  the  pocket  guides,  and  ropes  tied to the  pull  tabs,  as  the 
material  was  deployed. 
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Once  the  anchored  position  of  the  geomembrane  was  established,  holes  were  drilled  into  the 
concrete  foundation to allow  epoxy  setting  of  the  eye  bolts  at  the  proper  locations to hold  the 
cables.  The  turnbuckles  were  used to attached  the  cable  ends to the  eye  bolts. 
The  primary  propeller  fan  was  installed  in  the  raised  perimeter  wall  block out. Later, a 
backup  fan  and  generator  were  added to the  project. 
All  of  the  vents  were  closed  and  the  cover  was  inflated. 
After  inflation,  the  pressure  was  adjusted  using  slide-gates  on  the  vent holes. The  final  cover 
profile  was  established  by  adjusting  the  cable  lengths.  A  lower  profile  would  result  in  less 
wind  forces,  but  much  greater  tensions  in the cable.  Ultimately,  a  peak  height  of 
approximately 20 feet (6 m)  was  established  in  the  center  of  the  cover.  Figure 4 is  a  photo  of 
the  completed  installation. 

OPERATIONS 

The  following  protocol  has  been  followed  for  operations: 

Inflation:  Close  all  vents  and  turn  on  both  fans. 
Pressure control: When  desired  operating  pressure  is  reached  (approximately 0.2 inch  water 
(50 Pa)),  use  only  one  fan  and  adjust  vents to meet  equilibrium. 
Restoring  a  downed-cover:  This  is  only  problematic if the  geomembrane  is  covered  on  top 
with  rainwater.  In  this  case,  pumps  are  simply  placed  in  the  low  spots  as  the  cover  is 
reinflated.  Eventually  the  pumping  and  air  pressure  overcome  the  weight  of  the  water. 
Removing  and  reinstalling  cover:  This  has  been  performed  by  attaching  ropes to pull-tabs  at 
quarter-points  on  the  cover  and  pulling  the  cover  across  the  narrower  pond  dimension.  It 
takes  approximately 25 laborers  half  a  day to remove  or  reinstall  the  cover. 
Snow:  Snow  events  are rare for  this site. If a  snow  event  is  forecast,  a  propane  heater  is  run 
in front  of  the  fan  intake.  This  method  has  been  successful in preventing  snow  accumulation 
on the  cover.  This  issue  might  be  more  problematic  at  sights  that  experience  more 
significant  snow  events. 

PERFORMANCE AND OBSERVATIONS 

The  following  lessons  were  learned  from  this  project: 

An  inflated  cover  can  be  a  practical  solution. 
Geomembrane  durability  is  a  key  operational  parameter.  Reinforced  flexible  polypropylene 

This  system  has  performed  very  well  under  strong  winds.  The  reinforced  geomembrane  and 

Precautions  are  needed  for  snow  loading. 

was  determined to be  the  most  cost-effective,  functional  solution  for this application. 

cable  system  move  very  little. 
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The  cover  system  can  reasonably  be  removed  and  reinstalled  within  one  day  for  each 
process. 
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Figure 3. Photograph of Author  Being  Supported By Tarp 
Inflated to 0.2 Inch  Water (50 Pa) of Pressure 

Figure 4. Photograph of Completed  Inflated  Cover  Installation 
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An Unique Opportunity to  Assess Product Stability and  Performance 

Donald G. Bright,  Ph.D.,  P.E.,  The Tensar Corporation 
United States of  America 

Mark H. Wayne,  Ph.D.,  P.E., Tensar Earth Technologies 
United States of  America 

ABSTRACT 

In 1985-1986, the tallest reinforced soil  slope (RSS) to date  was constructed  in  Southern 
California  as  part  of a land  development project for future home sites upon adverse geologic 
conditions. Uniaxial geogrids were used as the primary  reinforcement,  and biaxial geogrids 
provide  surficial stability and secondary reinforcement.  The  slope  and  reinforcement was 
instrumented to monitor  performance. 

The site was revisited in 1997 to check instrumentation and record readings, and to 
retrieve  samples  of  geogrid  and soil. Geogrid resins and  mechanical properties were 
characterized to assess change after 11 years of  exposure to weathering  and soil chemistries. 

The uniaxial geogrid  exhibited  no significant difference  in properties between the 
weathered and exhumed  samples,  and current production. The  high concentration of a soil 
transition metal found in the soil has had no impact on performance properties. There is no 
significant  difference  in properties between the weathered and current production for the 
biaxial geogrid. 

INTRODUCTION 

In 1985-1986, the tallest reinforced soil slope (RSS) to date  was constructed in the La 
Jolla  area  of Southern California as part of a land  development project for future home sites. 
As reported by Chu  and Poomand (1989) mass grading began  in 1980 to provide building 
pads for residential home construction. In 1981, adverse geologic conditions were 
encountered along the steep natural slopes along the  southern boundary of the site. These 
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slopes supported 21 rim lots and the only access road into the subdivision.  Slope stability 
analysis  revealed an unacceptable factor of safety which in turn led to the denial of a  permit 
for the entire subdivision of 168 lots. A geogrid  reinforced RSS was designed and 
constructed, in 1985 - 1986, to save these 21 lots and support the access road. Additional 
details  regarding the design  and construction of the RSS are discussed by Chu  and Poormand 
(1989). 

Uniaxial geogrids fabricated  of  high density polyethylene (HDPE) were used as the 
primary  reinforcement,  and  biaxial geogrids fabricated  of  homopolymer polypropylene (PP) 
provided  surficial stability and secondary reinforcement.  The  slope  and  reinforcement was 
instrumented to monitor  performance. 

The site was  revisited in 1997 to check instrumentation and  record  readings. A view of 
two adjacent, undeveloped rim lots is shown the foreground of  Figure 1 with the access road. 

Figure 1. View North of  Access  Road  and  Ridgegate  Development 

It was  determined that the instrumentation was damaged,  and thus no readings  were possible. 
Dwing survey of the undeveloped rim lots, a 1.5+ meter length of uniaxial geogrid  was found 
extending out of a southern exposed  slope  in-between two adjacent  home  site  elevations as 
shown in  Figure 2. It was then decided to exhume  a length of the buried portion of the 
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weathered  geogrid  for  evaluation  after 11+ years of  exposure.  This  paper reports the  results 
of this evaluation. 

Figure 2. View  North with the  Exposed  Sample  Highlighted 

PRODUCT  RETRIEVAL & SOIL SAMPLING 

A close  up  of the weathered portion of the uniaxial  geogrid  extending out of the 
southern exposed slope is shown in Figure 3. Exhumation  began fi-om the fi-ont face 
northward into the slope  as  depicted in Figure 4 and yielded a  contiguous 3+ meter section of 
uniaxial  geogrid,  half  weathered  and  half  buried  for 11+ years.  The  exhumed portion was 
replaced  with  current production of the same  geogrid. A bodkin  bar  was used to connect the 
remaining to  the replacement  piece  of  geogrid. Soil samples  were  taken  during the exhumation 
process. 

Smaller samples of weathered  biaxial  geogrid  were  retrieved fi-om the immekate area. 
However,  retrieval  of  buried  biaxial  geogrid was not possible due to concerns with sufficient 
connection between the remaining and replacement  pieces  of  biaxial  geogrid to maintain 
adequate  surfacial stability and secondary reinforcement. 
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Figure 3. Weathered  Portion of the  Uniaxial  Geogrid 

Figure 4. Exhumation  Process of the  Uniaxial Geognd 

ASSESSMENT P R C "  

An analysis of both the uniaxial and  biaxial  geogrids  included  resin,  short-term 
strength,  and  long-term  performance properties: 
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melt  flow,  melt point7 density, and carbon black loading, 
strength @ 2%, 5%, and  ultimate, and 
creep response. 

Soil samples  were  analyzed for pH, transition metals  and dissolved iron, chlorides, sulfides, 
carbonates, calcium  and sodium. 

RESULTS 

Tables 1 - 4 highlight the resin and strength properties of the uniaxial geogrid. 

Table 1. Resin  Properties of Uniaxial  Geogrid 

Resin Property 

0.94 0.956  0.935 D 792 Density (gm/cc) 
135 134.5  136.0 Melt  Point (" C) 

0.090 0.094 0.095 D 1238 Melt  Flow (&lo min) 
1997 Production Exhumed Weathered ASTM 

Carbon Black (%) D 4218 2.64  2.70 2.71 

Table 2. Single  Rib  Strength  Properties of Uniaxial  Geogrid 

Strength Property 

129 127  126 GG1 Ultimate Strength (kN/m) 
71.3 74.7  74.9 GG1 Load @ 5% Strain (kN/m) 
39.6 40.5  40.8 GG1 Load @ 2% Strain (Wm) 

1997 Production Exhumed Weathered GSI / GRI 

I Strain @ Peak  Load (%) I GG1 I 13.1 12.7 I 13.6 

Table 3. Junction Strength Properties of Uniaxial  Geogrid 

Strength Property 

121 126 GG2 Ultimate Strength (kN/m) 
73.5 74.5 GG2 Load @ 5% Strain (kN/m) 
40.3 41.0 GG2 Load @ 2% Strain (kN/m) 

Exhumed Weathered GSI / GRI 

12.3 13.3 GG2 Strain @, Peak  Load (%) 
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Table 4. Wide Width  Strength  Properties of Uniaxial  Geogrids 

Strength Property 

13.0 11.3 D 4595 Strain @, Peak  Load (%) 
116 105 D 4595 Ultimate Strength (kN/m) 
63.5 65.6 D 4595 Load @ 5% Strain (kN/m) 
32.5 35.8 D 4595 Load @ 2% Strain (kN/m) 

Exhumed Weathered ASTM 

Tables 5 - 6 highlight the resin and strength properties of the biaxial geogrid. 

Table 5.  Resin  Properties of the Biaxial  Geogrid 

Property 

165  164 - Melt  Point (" C) 
2.10  2.043 D 1238 Melt  Flow (gd l0  min.) 

1997 Production Weathered ASTM 

Density (grdcc) 0.912 0.908 
Carbon  Black (YO) D 4218  1.01 1.11 

~~ 

Table 6. Single  Rib  Strength  Properties of Biaxial  Geogrid 

Property 
Load @ 2% Strain W/m) MD 

TD 
Load @ 5% Strain W/m) MD 

TD 
Ultimate Strength (kN/m) MD 

TD 
Str& @ Peak  Load (%) MD 

TD 

GSI / GRI 1997 Production Weathered 
GG1 

7.95 8.36 
5.00 5.67 

13.3 
21.4 

I I 12.0 
- 

The soil sample  were sent to a soils laboratory for grain size analysis (ASTM D 422), 
atterberg limits (ASTM D 43  18), and pH evaluation (ASTM D 4972). The soil has a pH of 7.7 
and contained the following amounts of transition metals: 
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Copper 14.45 mgk3 
Iron 18137.77 mg/kg 

Manganese 236.6 mg/kg 
Cobalt 7.1 m g b  

chromium 9.30 mg/kg 

According to test results, the soil is classified as a sandy fat clay  (CH). Visual description is a 
moist,  light yellowish, brown sandy clay. The  grain  size analysis for this soil is found in 
Figure 5 .  
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Figure 5.  Grain Size  Analysis  of  Ridgegate  Soil  Sample 

Creep testing was  performed at the Morrow  manufacturing  facility  of Atlantic 
International. Testing was  performed in accordance with  ASTM D5262. Figure 6 shows the 
creep response of the weathered, exhumed,  and control specimens of uniaxial geogrid. The 
control  specimen is  the same uniaxial geogrid  manufactured in the same  circa. 
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Figure 6. Creep Response of Weathered,  Exhumed,  and  Control  Specimens 

DISCUSSION OF RESULTS 

For the uniaxial  geogrid, test  results show  no significant differences in resin and 
strength properties between the weathered and exhumed  samples,  and the 1997 control. The 
resin, production, and  product specifications are the same today as for the 1997 control and 
the 1985 - 1986 production campaign for the Ridgegate project for both the uniaxial  HDPE and 
biaxial  PP geogrids. 

As for creep response for the uniaxial  geogrid,  accumulative strain has plateaued at 
8.01% through 94,300 hours for the control specimen, and 8.25% and 9.42% through 21,600 
hours for the exhumed  specimen and weathered specimen, respectively. Beyond lo0,OOO 
hours, the exhumed and control specimen creep curves would  appear to converge  at < 9% 
accumulative strain. When comparing dl three creep curves, it is questionable as to whether 
there is any statistical difference between the creep responses of the  three specimens. 

Based upon analysis, the soil environment is neutral and  rich  in iron content. The 
soil’s yellowish, brown color suggest the presence of sulfides and sulfates which  complexes 
with  iron  in its ferrous state (i.e., Fef2). According to the Federal  Highway Administration 
[FHWA] (1997, 1999), a high concentration of a transition metal  (i.e.,  copper,  iron,  chromium, 
manganese,  or cobalt) can potentially have an adverse effect  on  polyolefin based 
geosynthetics (i.e.,  PP and HDPE) by accelerating oxidative degradation causing molecular 
breakdown and resulting lower strength. The retention of resin and strength properties of the 
exhumed  uniaxial  PE  geogrid  after 11+ years of soil exposure do not support this contention. 
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There is no  signrficant difference in resin and strength properties between the weathered and 
current production for  the biaxial  geogrid either. 

Based upon retained resin and strength properties, a 0.75% and  2.5%  by  weight loading 
of carbon black in the biaxial  and uniaxial geogrids, respectively, has proven sufficient to 
protect each base resin fiom degradation by  ultraviolet  light. 

CONCLUSIONS 

No significant change was found in resin and  strength properties of  the HDPE  or  PP 
based geogrids used in  the Ridgegate project after 11+ years exposure to natural weathering 
or soil chemistries  fiom the properties of 1997 production of  either  geogrid product. 

Transition metals in soils are purported to have an accelerating affect on  oxidation 
degradation of  polyolefins, but  the  results reported herein clearly do not support this 
contention. The absence of  oxidative effects on HDPE and PP geogrids is believed to be due 
to  the high  molecular  weight  of the base resins, high crystallinity induced by  molecular 
orientation during  geogrid  manufacture, and adequate performance  of a long-term antioxidant 
package.  Equally  important is that the long-term creep performance  of the uniaxial geogrid has 
not been adversely affected by soil chemistries and only minimally by natural weathering over 
a period  of 11+ years exposure. 
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EFFECT  OF  DOUBLE  REINFORCEMENT,  LENGTHS AND FOOTING  WIDTHS  ON 
GEOSYNTHETIC  LAYERED  SOIL  DEPOSITS 

ISSA  ISMAIL 
KenyaTech  Engineers,  Kenya 

GERALD RAYMOND 
Queen's  University,  Canada 

ABSTRACT 

Presented  are  model  test  results  for  surface  strip footings placed  on  a  geosynthetic-reinforced 
foundation soil and  loaded to failure. The results delineate the depths at which the reinforcement 
is  to  be  placed  in  a  granular  soil so to maximize the footing's  Ultimate  Bearing  Capacity (UBC). The 
foundation  deposits  tested  consisted  of  both  a  strong  layer of granular material placed  on  a  weaker 
layer of granular  material  and,  a full layer of the same  weaker granular material.  The results 
illustrate the value of  using two layers of reinforcement so long as the reinforcement layer depths 
formulated  in  this  study  are  adopted.  For  optimum  performance  it  is  important to carefully  select the 
depths of the geosynthetic  reinforcement to achieve the footing's maximum  ultimate bearing 
capacity  and to minimise  its  settlement.  Data  on  the  effect  of  reinforcement  length  and  depths  of the 
two layers of reinforcement  is  recorded  along with tests on footings of different widths. 

INTRODUCTION 

The  use of geosynthetic  material as a  method of soil reinforcement has greatly  increased  in 
recent years. In embankments,  behind  retaining  walls,  and  in shallow footings the use of 
geosynthetic  material  has  been  used to increase  the  soil  stiffness,  strength  and to reduce  settlements. 
Considerable research  has  been  carried  out using small-scale footing models  placed  on  both 
reinforced  and  unreinforced  foundation  deposits.  Of  note  are the reported  research  of  Binquest  and 
Lee  (1  975a,  1975b),  Walls  and  Galbreath  (1987)  and  Omar et a1 (1  993).  Limited  large-scale  testing 
has been done by Adams  and Collin (1997). Of value are some of the complimentary  reported 
research of the second  writer,  namely  Raymond  (1992,  1997),  Abdel-Baki  and  Raymond  (1994a, 
1994b,  1994c),  Ismail  and  Raymond (1 994,1995a, 1995b,  199%)  and  Walters  and  Raymond (1 999). 
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In this  research artificial aggregate, known commercially as Denstone  ceramic, were used as 
the  granular  material. Previous research on  uniform  rounded particle soil has observed  that  when 
a single layer of reinforcement  is  introduced  within  a  uniform soil deposit the bearing  capacity 
increases  as  the  depth to the  reinforcement  decreases,  subject to a  reinforcement  depth  not  less than 
about  0.07  times the footing width. This research concentrates on the effect of a  second  layer  of 
reinforcement  while  positioning the first  layer  at  a  fixed  depth  close to the footing.  Research  carried 
out  in  the  past by Ismail  and  Raymond (1 994,  1995a,  1995b, 199%) pointed  out  that  in  a two layered 
deposit  the  interface  is  not  the  best  position  of  placing the reinforcement. Also investigation herein 
is the effect of reinforcement  on the bearing capacity of a footing of different widths. In addition 
the optimum  length  of the two reinforcements  was  investigated. This research incorporated  a 
comparison of a  singly  and  doubly  reinforced  deposit within a thin layer of a strong granular 
material  placed  on  a deeper weaker granular material. This final Phase consisted  of  loading  a 200 
mm wide  footing  on  a  212.5 mm thick uniformly  graded  granular  material. 

TESTING  EQUIPMENT  AND  PROCEDURE 

The  testing  equipment  layout  is  shown  in  Figure  1.  The  tests  were  performed  in  a  tank  900 mm 
long,  200  mm  wide  and  325  mm deep.  The  sides were made  of  herculite  transparent  glass,  which 
has a  very  small friction coefficient. Rounded  particles  (weak  material)  and  crushed particles 
(strong  material)  of the ceramic  Denstone  made by Norton  Chemical  Processing  Co.,  Akron,  Ohio, 
were the two soil  types  used in this  study.  The  ceramic  has  a  specific  gravity of 2.4.  The  placement 
density of the  materials  was  14.8  kN/m3  for the rounded  and  13.7  kN/m3  for the crushed  particles. 
Assuming  an  effective  cohesion  of  zero  triaxial tests gave effective fiiction angles for the rounded 
particles  of  33  degree  independent  of confining pressure,  and  for the crushed  particles,  49  degrees 
at  20  kPa  confining  pressure  decreasing  to  42  degrees  at  68  kPa  confining  pressure.  This  difference 
in  strength  behaviour,  friction  angle  constant  for  rounded  particles  and  variable  for  crushed  particles 
should  be  remembered  in  any application of the model  test results to full scale. 

Several repeat tests were  performed  using different geosynthetic geogrids. These tests gave 

Z=LOAD CELL 

5=TESTING TANK 

ZI=LOADING F 

Figure 1.  Schematic of test equipment. 
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similar test results. The adopted geogrid for further tests was a  geosynthetic  micromesh with an 
aperture  size  of 17 mm by 28 mm and  thickness  of 1 .O mm by  0.3 mm. The  thickness  is  about l/lOth 
of geogrids often used  in  railway applications, while the aperture is at about  1/3rd  scale. The 
reinforcement  was  cut  13 mm less than both the length  and  width of the tank so as there would  be 
no contact  between the geosynthetic  reinforcement  and the tank walls. The model  footings  were 
made  from  19  mm-thick  aluminum plate that  extended the width of the tank,  resulting  in  a plane- 
stain loading  condition. The footings are about  1/13th of a  standard gage railway  tie. Aggregate 
depth  was  in the range  of Moth ballast  depths  used  in  railway  applications. The model sizing and 
loading  modelled conditions equivalent track conditions  where the ballast arches between the ties 
to approximate as long footing of uniform  width. 

An air-activated  bellophram  piston  applied  incremental  loads  through  a  load  cell to the footing 
until  failure  occurred. LVDTs and  displacement gauges sensitive to 0.0025 mm, were  placed  near 
each  of  the  four  corners of the footing. Four sets of thrusts bearing,  located on drilled  seats  in the 
footing  below  a  fixed horizontal rectangular plate ensured that the load  always  acted  vertically  on 
the footing. 

The soil was placed  in  25 mm layers by running the funnel back  and forth across the tank at 
a rate of  100 m m / s  and  at  a  constant soil fall  height  of  325 mm at the start of placement. The fall 
height  was  adjusted at the  completion of each  layer  depth.  Numerous trial fillings were  performed 
to ensure  as  near as possible identical soil densities were obtained in all tests. When the top layer 
(or reinforcement  depth  layer)  had  been  placed  a levelling guide levelled the soil surface. The 
footing  was  placed  on  the  final  level  surface,  dial  gauges,  LVDTs  and the loading  system  were  then 
placed and  zeroed. The thrust bearing system  prevented rotation of the footings and  illuminated 
(minimized) any  horizontal, eccentric or inclined  loading.  Once the data acquisition  system was 
turned  on  small  incremental  loads  were  applied  at 60 second  intervals to failure  with  readings  taken 
after  50  seconds of each  increment. All failures were sudden and  catastrophic. 

GEOSYNTHETIC  PROPERTIES 

The biaxial oriented  micromesh  geogrid  used  for  most  of the tests had approximately equal 
tensile  strength  in  both  directions.  The  main  properties  were: masdunit area=60  g/m2,  rib size=l .O 
mm x 0.3  mm, aperture  size=17 mm x 28 mm, ultimate  tensile  strength=48  kN/m,  made  from high- 
strength  polypropylene. 

OBJECTIVE 

The  research  was  divided  into  four  main  phases.  The  general  dimensional  symbols  are  shown 
in  Figure  2  and the objectives of each phase  follows  below. 
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UNIFORM 
WEAK 
MATERIAL 
GEOGRID 

SERIES 1 
PHASE A 

B=POOmm B=2OOmm 
A, 

B=PgOmm 

PHASE  C PHASE D 
SERIES 1 SERIES 2 

PHASE D 

FOR 2 REINFORCEMENT  LAYERS T-Dr/B=O.O625B; L-Dr/B=VARIES 
FOOTING = CRACKED  PAVEMENT OR  TRACK STRUCTURE 

Figure 2. Dimensional  Layout of Test  Setup. 

Phase A was  designed to investigate  the  comparison  of  using  one  or two layers  of  geosynthetic 
reinforcement  extending  the  full  length  (Lr) of the  tank  within  a  uniform  granular  foundation  soil. 
The  tests  were  carried  out  in two series.  In  series 1 the  tests  were  carried  out  using  a  single  layer 
of reinforcement.  In  series 2 two layers  of  reinforcement  were  used. 

Phase  B  was  designed to compare  the  effect of a  single  layer of full  length  geosynthetic 
reinforcement  on  the  ultimate  bearing  capacity (UBC) and  settlement of a  footing  placed  on  a  thin 
layer  of  strong  material  over  a  deep  layer  of  weak  reinforced  granular  material  with  the  tests  from 
series  1 of Phase A. 

Phase C was  designed to investigate  the  effect  of  footing  width  on  a  doubly  reinforced  uniform 
granular  material  using  reinforcements  running  the  full  length  of  the  testing  tank. 

Phase D was  designed to investigate  the  effect  of  varying  the  lower  reinforcement  length  when 
the  top  layer  is  kept  constant  and  the  soil  deposit  consists of uniform  soil. 

TESTS  SETUP 

The  test  setups to investigate  the  four  research  objectives  are  outlined as follows  below. 

The  test  setup  for  the  first  set of Phase A tests  consisted of loading  a  200 mm wide  footing 
(B=200 mm) on a  geosynthetic  reinforced  uniform  soil  deposit. A single  layer  of  geosynthetic 
reinforcement  was  placed  at  different  depths  below  the  surface  (12.5,25.0,  37.5,  50.0,  62.5, 100, 
125  and  175 mm) along  with  a  test  where  no  reinforcement  was  used.  This  gave  ratios of 
geosynthetic  reinforcement to footing  width  (symbol  used  is  Dr/B  for  one  reinforcement  layer) 
Dr/B=0.0625,0.125,0.125,0.1875,0.25,0.3125,0.5,0.625,0.875 and  the  case ofno reinforcement. 
The  tests  in  series  2  were  similar to those  of  series 1 except  that two layers  of  reinforcement  were 
used. A single  layer  of  reinforcement  (top  layer)  was  placed  at  a  constant  depth  of  T-Dr/B oe0.0625 
(as  close to the  footing  base  as  practically  possible)  while  a  second  lower  layer  L-Dr/B  was  placed 
at  various  depths  within  the  deposit. 
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The  test  setup  for the tests in Phase  B  were  done by  introducing  a  thin  layer of a  strong  material 
on top of  a  deeper  weaker  material  while using a single layer of reinforcement. The ratio of 
top/lower  layer thickness (T-WL-H) remained  constant at 0.0625  while the ratio of aggregate 
thickness to footing width  remained  constant at T-H/B=0.0625  and L-H/B=l . 

The  test setup for the tests in Phase C were similar to Phase A series 2 except three different 
footing  widths  were  used  (series  1,  B=l15mm,  series  2,  B=150 mm, and  series  3,  B=200 mm). The 
ratio of aggregate thickness to footing width  (H/B)  =1.85,  1.42,  and  1.06. In series,  1 where 
wB=1.85, T-Dr/B=O. 1  and  L-Dr/B=O.l - 0.869  plus the case  of  no  reinforcement.  In  series  2  where 
wB=1.42, T-Dr/B=0.08  and  L-Dr/B=0.08 - 0.8  plus the case of no  reinforcement. In series  3  where 
H/B=1.06,  T-Dr/B=0.0625  and  L-Dr/B=0.0625  -0.875  plus the case of no reinforcement. 

The  test  setup  for the tests in Phase D were carried  out using a footing width (B) of 200 mm. 
Two series of tests were carried  out. In series 1 the length of the top layer (T-Lr) used  was  4.5  B 
(full  length  in the testing  tank)  and the bottom  layer  (L-Lr) was 0.5 B. The top layer  was positioned 
at  a  constant  depth  over  footing  width of T-Dr/B=0.0625  while the bottom  layer was varied at a L- 
Dr/B  of  0.0625 - 0.875.  Series  2  tests  were  similar to series  1  except  both the top reinforcement  and 
the bottom  layer lengths were constant at 4.5 B. 

RESULTS 

The Phase A results are illustrated in  Figure 3. Figure 3a  and  3b show the load  settlement 
curves  for the single and  double  reinforcement of the uniform  deposit  respectively.  It  can be seen 
from the figure that the geosynthetic  reinforcement has the effect of increasing the UBC of the 
footing  and  decreasing the settlement at any  given  load. The load-settlement observations prior to 
(catastrophic)  failure  for the tests  performed  are  similar to the work  reported by Ismail  and  Raymond 
(1995).  None  of the previous  referenced  researchers  positioned the layers of reinforcement  in the 
manner  used  in  this  research.  Guido  et a1 (1986)  after  investigating  the  effect of the  number  of  layers 
of  reinforcement  on  sand  foundations  concluded  that  there was no  benefit  in  using  more  than three 
layers  of  reinforcement.  It  is  apparent  that  introducing two layers  of  reinforcement  where  one  layer 
is  placed  constantly  near  the  base of the footing  while the second  layer  is  varied within the deposit 
has  a  beneficial  effect  on  the  load  settlement  results of the uniform  deposit  consistent  with  field  data 
on  a  granular  layered  soil by  Raymond (1997).  Figure 3c shows the UBC plotted  against  Dr/B  from 
which it  is seen that for the doubly  reinforced  deposit the highest  UBC  is  when the second 
reinforcement  layer  is  placed  in  the  range  Dr/B=0.3-0.5. This is  in  agreement  with the findings  on 
large scale model tests reported by Adams  and  Collins  (1997). 

When the UBC  is  plotted  against the Dr/B ratio the results for the singly  uniform  granular 
material shown in Figure 3a follow the same  trend  as  reported by Guido (1 986),  Raymond et a1 
(1992), Ismail  and  Raymond  (1995). In addition  when the reinforcement is at  Dr/B=0.875 the 
reinforced  soil  was  weaker  than the unreinforced  soil.  A  finding  similar to that  reported by  Raymond 
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(1992).  The  closer  the  geosynthetic  reinforcement to the  footing  base  the  more  effective  the 
geosynthetic  soil  reinforcement. The closest  depth to the  footing  used  in  the  investigation 
(Dr/B=0.0625)  is  the  optimum  position  in  a  uniform  granular  material  (found  herein). 
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Figure  3a.  Load  Settlement  Results  for  Dr/B = 
Unreinforced to 0.875. 
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Figure  3b.  Load  Settlement  Results  for 
L-Dr/B = Unreinforced to 0.875. 
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Figure  3c.  Variation  of  Ultimate  Bearing 
Capacity  with DrB. 

Figure  3.  Phase A Test  Results. 

It is  significant to note  as  seen  in  Figure  3c  that  for  all  positions of the  second  layer of 
geosynthetic  reinforcement,  the  cases  with two layers of reinforcement  recorded  higher  UBC  values 
than  the  cases  involving  one  layer  of  reinforcement.  The  UBC  increases  as  the  depth  of  the  second 
layer  from  the  footing  base  increases  up to a  depth of reinforcement to footing  width  L-Dr/B=0.5, 
then  the  UBC  starts  decreasing. As the  location  of  the  second  reinforcement  approaches L-Dr/B>l 
there  is  an  indication  that  the  second  geosynthetic  reinforcement  provides  no  beneficial  effect. It 
is  believed  that  this  is  because  the  reinforcement  is  outside  the  failure  wedge.  What  is  significant 
is  that  for  all  positions  of  the  second  layer  of  geosynthetic  reinforcement  the  doubly  reinforced  cases 
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recorded  higher UBC values  than  the  singly  reinforced  deposit.  It  is  also  important to note  that  the 
value  of  the  UBC  recorded  when  L-Dr/B=0.5  for  the  second  reinforcement is high  in  comparison 
with  the  other  results. 

The  Phase  B  results  are  illustrated  in  Figure  4.  Figure  4a  shows  the  load  settlement  results  for 
the  singly  reinforced  two  soil  layered  deposit.  These  results may be  compared  with  results  for  a 
uniform  weak  deposit  with  a  single  reinforcement  (see  Figure 3a and  3c).  The  results  show  that  the 
double  geosynthetic  reinforcement  improves  the  load  bearing  capacity of the  granular  deposit.  In 
the  case of the  singly  reinforced  uniform  deposit  the  most  effective  location  of  the  geosynthetic 
reinforcement  is  the  position  closest to the  footing  base.  The  higher  values of UBC  are  basically 
associated  with  lower  settlements  at  the  same  footing  load. 

0 

n 
E 
E -2 

W 

4- 
Is 

E 
E -4 
al 

al In 
t 

-6 
50 100 150 2 
Footing Pressure (kPa) 

Figure  4a.  Load  Settlement  Results  for 
Dr/B = Unreinforced to 0.875. 
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Figure  4.  Phase  B  Test  Results. 

Figure  4b  shows  the  UBC  plotted  against  the DrB ratio.  It  is  seen  that  the  layered  soil 
reinforced  test  deposit  behaves  differently  from  the  uniform  reinforced  soils.  The  UBC of the 
geosynthetic  two  soil  layered  deposit  is  very  much  governed by the  depth of the  geosynthetic 
reinforcement.  As  for  the  single  layered  soil  deposit,  when  the  geosynthetic  reinforcement  is  placed 
very  near  the  footing  base  a  high  UBC  is  observed.  As  the  depth  of  the  geosynthetic  is  increased  the 
UBC  first  drops  until  the  geosynthetic  depth to footing  width  ratio  reaches  a  value  close to 
Dr/B=O.l875.  At  greater  ratios  of  Dr/B  the  UBC  increased  reaching it highest  value  with  a  Dr/B 
ratio  between  0.3  to 0.5. At  a  greater  ratio of Dr/B  than 0.5 the  UBC  decreases  as  the  geosynthetic 
depth  increases.  It may be  seen  from  Figure  4b  that  the  UBC  is  highest  when  the  ratio  Dr/B  is 
between  0.3 to 0.5. As  might  be  expected  the  UBC  is  greater  for  the  unreinforced  two-layer  deposit 
than  for  the  unreinforced  single  layer  case.  This is also  true  for  the  two  deposits  in  relation to 
geosynthetic  reinforcement  placed  at  any  given  depth.  What  is  significant  is  that  the  optimum 
deposit  geosynthetic  reinforcement  depth to give  a  maximum UBC is  not  the  same  for  the two 
deposits. It is  also  seen  from  the  figure  that  a  single  geosynthetic  reinforcement  placed  at  a  depth 
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ratio  Dr/B < 0.5 results  in  a  UBC  greater  than  for  the  unreinforced two soil  layer  deposit. 

It is  important to note  that  when  the  UBC  is  plotted  against  Dr/B  for  the two layered  soil 
deposit  the  trend  of  results  is  very  similar to the  trend  of  results of doubly  reinforced  uniform  deposit 
reported  in  Phase A. This  indicates  that  when  a  thin  layer  of  a  strong  material  is  placed  on  top of a 
deeper  weaker  material  it  behaves  somewhat  as  a  reinforcement.  This  is  very  significant  in  practice 
such  as  in  road  construction  where  a  strong  base  material  is  normally  placed  on  a  weaker  sub-base. 
If  the  strong  base  material  is  not  available  the  results  observed  suggest  that it could  be  replaced  with 
a  reinforcement  material so long  as  the  format  used  in  this  study  is  adopted.  Full  scale  tests  will  need 
to  be  done to confirm  this  observation  for  field  use.  The  observations, of course,  are  only  valid  for 
the  deposits  tested  but  suggest  than  the  geosynthetic  reinforcement  of  a  weak  granular  material  close 
to its  surface  can  result  in  an  equivalent  or  better  UBC  than  from  using  a  thin  layer of stronger 
granular  soil  placed  over  the  weaker  layer  or  a  weak  material  that is doubly  reinforced. 

The  Phase C results are illustrated  in  Figure 5. The  Phase A results  showed  that  there  is  over 
100%  improvement  in  the  load  carrying  capacity of the  uniform  deposit  when  reinforced  with two 
layers  of  reinforcement  that  are  placed  at  optimum  depths.  Further  testing  was  therefore  conducted 
using  three  different  footing  widths  and  a  constant  soil  depth  (H=212.5 mm; B=ll5 mm, 150 mm 
and  200 mm). Figures  5a,  5b  and 5c show  the  load  settlement  curves  for  the  three  above  stated 
footing  widths  respectively. 

It  is  seen  from  the  results  that two layers of reinforcement  produce  significant  increases  in  the 
ultimate  bearing  capacity  when  compared  with  the  unreinforced  cases. It is  seen  from  the  figures 
that  the  higher  UBC’s  are  associated  with  lower  settlement  responses  although  this  is  not  true  for 
every  test  result.  There  is  also  a  slight  indication  that  the  larger  footings  result  in  stiffer  settlement 
responses.  Figure  5d  shows  the UBC plotted  against  Dr/B.  It may be  seen  that,  as  expected,  the 
larger  footings  on  unreiniforced  soil  give  higher  UBC.  In  the  reinforced  tests  there  is no evidence 
of  a  footing  width  effect.  The  results  for  the  larger  widths  are  of  course  higher  but  the  difference  is 
not  sufficient  that  it  can  be  attributed to the  effect  of  the  reinforcement.  The UBC of  the two layered 
soil  increases  as  the  depth  of  the  lower  geosynthetic  reinforcement  increases  up  to  a  maximum  value 
at  Dr/B=0.5,  and  then  decreases. 

The  Phase D results  are  illustrated  in  Figure 6. Phase  D  was  undertaken to further  investigate 
the  effect  of  the  lengths of the  doubly  reinforced  deposit  in  the  manner of positioning  reported  in 
this  study.  In  series  1  the  top  reinforcement  had  a  length of 4.5 B  and  lower  reinforcement  length 
was 0.5 B. 

Figure  6a  shows  the  load  settlement  curves.  In  series 2 both  reinforcements  were 4.5 B in 
length.  Figure 6b shows  the  results  of  series  2.  Figure 6c shows  a  comparison  of  the  UBC  for  the 
two series.  It  may  be  seen  that  although  in  series  1  the  length  of  the  bottom  layer of reinforcement 
is  only 0.5 B it is  as  effective  as  when  the  bottom  layer  is 4.5 B long.  This  result  is  significant 
because  it  means  that  if  this  method  is  adopted  in  practice  and  the  length  of  the  lower  layer  is  small 
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it may  be sufficient to give  high UBC's, thus defraying some of the costs of using two long 
reinforcement  layers.  Generally the UBC for both sets increases as the ratio of Dr/B increases 
reaching  a  maximum value at DrB=0.5 after which  it starts decreasing. 
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Figure 5. Phase C Test  Results. 

APPLICABILITY OF MODEL  TESTS 

Model tests have been  used  extensively,  and with great success,  in the development of 
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geotechnical engineering due to the immense scale of  many  field structures. Most  of the tests 
presented in this research were performed using rounded aggregate for the simple  reason  that 
rounded aggregate gives (see first paragraph of Testing  Equipment  and Procedure) a constant 
effective  friction  angle  independent of confining  pressure.  This  is  not  true of angular  aggregate.  For 
a surface footing  on  a constant friction angle cohesionless material  involving  similar  geometrical 
scale structures, whether small or large,  it  is possible to define a  theoretically  bearing  capacity 
coefficient  Ng as follows: 
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Where N, is  Terzaghi's  (1943)  Bearing  Capacity  Coefficient  for  a  surface  footing  loaded to failure 
in  plane  strain  on  cohesionless  soil, s, relates to the  modification  factor  applied  for  inclined, 
eccentric,  and  the  like  loading,  B  is  the  width  of  the  footing  and y is  the  gravitational  factor  in  term 
of  effective  stress  which is also  the  effective  unit  weight  (mass x gravity) of the  soil. 

. . . , . . , , , . . . . . . . . . , , , , . . , . . . . . . . . , . . , , . . . . . . 

0 0.6 1.2 1.8 
Soil Height/Footing Width - H/B 

Figure 7. Results  of  Dimensionally  Similar 
Tests on Unreinforced  Rounded  Aggregate. 

Figure 7 shows  the  results of tests  performed  on  various  size  model  footing  using  various 
depths  of  rounded  aggregate  in  terms  of Ng plotted  against  soil  heightlfooting  width (WB). Within 
the  limits  of  repeatability  of  any  test  setup  dimensional  similarity  is  clearly  evident.  The  value  of Ng 
when  HEPO.7  is  in  the  range  of N, using  a  friction  angle  for  plane  strain  10%  greater  than  obtained 
in  the  triaxial  test  adding hrther validity to the  test  modelling.  As  a  comparison  the  value  of Ng can 
be  calculated  for  the  large  scale  model  tests  reported  by  Adams  and  Collin  (1997).  Calculating Ng 
from  their  recorded  results  gives  values  of  Ng=95.4,63.7, 52.8 and  37.2  for  footing  widths  B=0.3  1 
m,  0.46  m,  0.61 m and  0.91 m respectively.  These  results  are  not  surprising  since  they  used  a  mortar 
sand  (no  strength  properties  were  given  in  their  paper)  which  in  all  probability  was  manufactured 
(i.e.  crushed  and  highly  angular). If the  soil  was  angular  then  the  effective  friction  angle  would 
decrease  with  confining  pressure  as  does  Ng.  Since  footing  contact  pressure  at  failure  increases  with 
footing  width it is  not  unreasonable  for  the  coefficient Ng to decrease  with  footing  size  when  an 
angular  soil  is  used.  It  is  believed  that  subject to the  application  of  correct  theoretical  calculation, 
rather  than  direct  scaling  (unless  rounded  aggregate  is  used),  the  results  presented  here  are 
applicable to theoretically  correct  scaling  and  thus to field  structures. 

To illustrate  the  confidence of the  model  tests  presented  Raymond  (1997)  reports  the 
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application  of  soil  reinforcement  for  a  gantry  crane  track.  Both  single  and  double  soil  reinforcement 
was used. The application  involved the reconstruction of a failed unreinforced  ballasted  track. In 
the reconstruction  a 1050 g/m2 geotextile was placed at 0.6  m  below  a 1.8 m tie (L-Dr/B=0.333) 
along  the  whole  track  while  a  geocell  placed 0.2  m  (T-Dr/B=O. 1 1 1) below the tie over  a  short  length 
of track  (the  mill  feed in area). Settlement after about  a  week of service was between  3 to 11 mm 
(average 4 mm)  in the double reinforced  length  and  20 to 75 mm in the rest of the track. The 
installation  is,  however  more applicable to repeated  loading rather than static loadings  except  that 
if the static failure load  is  increased  from soil reinforcement  it  is reasonable to expect  that the 
repeated  loading  resistance  is  increased.  For  soils  with  higher  friction  angles  it  must be remembered 
that  deeper rotational failures occur as the friction angle increases. This may  mean  slightly  larger 
optimum  Dr/B values. Correct application of fimdamentals  is essential. 

CONCLUSIONS 

A number of laboratory  models tests for the UBC of a strip footing were performed  on  both 
uniform  and two layered  granular  material  singly  and  doubly  reinforced.  Conclusions  from the 
observations are as follows: 

The introduction of geosynthetic  reinforcement  in  a  deposit of uniformly  graded granular 
material  increases its load  carrying  capacity. 

In  a  singly  reinforced  material  the  UBC  decreases  when the geosynthetic  reinforcement depth 
increases  from  Dr/B=0.0625, the closest value used in the study. 

In a  doubly  reinforced  material  with the upper  reinforcement  layer closest to the footing (i.e. 
T-Dr/B=0.062) the UBC  is  highest  when the second  layer  is in the range of L-Dr/J3=0.3 to 0.5 

For  a two layered  granular  deposit  where the top  layer  was  thin  (in  terms of footing width) the 
UBC  was  highest  in the Dr/B=0.3 to 0.5 range. 

The UBC  for  a  doubly  reinforced  deposit  is  higher than for  a  singly  reinforced  deposit for all 
reinforcement  positions. 

Within the range  of  footing  widths  tested  and  using  doubly  reinforcement,  footing  width does 
not  significantly affect the behaviour of a  doubly  reinforced  uniformly  graded  granular  material. 

In tests  where  different  footing  widths  were  used,  where the top  reinforcement  was  close to the 
footing the maximum  UBC was at L-DrB=0.5. 

Using  a  lower  geosynthetic  reinforcement  length  of 0.5 B at L-Dr/B=0.5 was shown to be as 
effective as using  a  full  lower  reinforcement  length of 4.5 B at the same  position. 
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For  an  effective  use  of two layers  of  reinforcement  it  is  recommended  that the depth  of the top 
geosynthetic  layer  should  be  as  close to the value  of  T-Dr/B=0.0625 as possible  and  the  depth  of the 
bottom  layer  be  at  a  ratio of L-Dr/B=0.5.  This  top  layer  should be of  a  length  not  less  than the width 
of the footing although  a  length of 1.5  B results in  a  higher  UBC. 

The behaviour of doubly  reinforced  uniform  granular  material  with  T-Dr/B=0.0625  and L- 
DrIB=0.5  is  similar to the  behaviour  of  a two layered  granular  material  singly  reinforced  at  Dr/B=0.5 
where  the  upper  granular  material  is  stronger  and  thinner  (in  terms  of the footing  base)  and the lower 
material  is  deeper  and  weaker. 
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ABSTRACT 

This paper presents the results of investigation on the effects of foundation stiffness and surface 
loading on the performance of soil-reinforced segmental retaining walls using the finite element method 
of analysis. A parametric study was performed by varying the foundation stiffness and the location  of 
surface loading. The results of the analyses indicate that the wall deformation and reinforcement 
tensile load tend to increase with decreasing foundation stiffness with little variation in the horizontal 
and vertical stress distributions at the back and the base of the reinforced soil zone. Also revealed is 
that the increment of reinforcement tensile load due to the presence of surface load may be significantly 
over-estimated when using the conventional approach. Furthermore, the external stability should be 
carefully examined when a surface loading is present just behind the reinforced soil zone. The 
implications of the findings from this study to current design approaches are discussed in detail. 

INTRODUCTION 
The segmental retaining wall market in Korea has been growing rapidly since the late 1990s in 

both engineered and non-engineered applications. Despite the inherent conservatism in the current 
design approaches, numerous major and  minor structural problems have  been reported during and after 
construction, covering  a range of minor structural damage to total collapse. Much still needs to be 
investigated to f i l l  the gap  between the theory and the practice. 

It  has been addressed by various researchers (Karpurapu and Bathurst 1995; Rowe and Ho 1997; 
Yo0 and Lee 1999) that the behavior of reinforced soil walls is greatly influenced by the interaction 
between the  components comprising the wall system such as the facing, the reinforcement, and the 
backfill soil. The degree of interaction between these components also significantly changes with 
changes in the physical properties of these materials. In recent years, there have been a number of 
investigations into the behavior of reinforced soil walls using small-to large-scale laboratory model tests 
(Juran and Christopher, 1989; Bathurst and Benjamin, 1990; Bathurst, 1990; Chou and  Wu, 1993; 
Porbaha and Goodings, 1997), field tests (Simac et al., 1990; Bathurst et  al., 1993; Collin and Berg, 
1994; Ochiai and Fukuda, 1996), and numerical experiments (Karpurapu and Bathurst, 1995; Ho and 
Rowe, 1996; Rowe and Ho, 1997; Yo0 and Lee, 1999). However, the majority of the investigations, 
have  been conducted assuming that the walls are constructed on a non-yielding foundation. Therefore, 
the behavior of segmental retaining walls constructed on a less stiff foundation is  not fully understood. 
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Often vertical surcharge loadings are imposed behind the crest of segmental retaining walls. 
Vertical surcharge loadings may result from heavy  isolated footings or continuous footings constructed 
in close proximity to  the crest of the wall. These surcharge loadings generate an increased lateral 
pressure on the segmental retaining structure. It  is generally recommended that the increment of the 
reinforcement tensile load  be calculated based  on a 2V:lH pyramid stress distribution or using the 
Boussinesq solution. These solutions are based on the theory of elasticity and do not account for 
soil-structure interaction. However, the appropriateness of such an approach, has not been fully 
investigated. Therefore, there still remains a need for investigation on the  effects of foundation 
stiffness and surcharge loading on the behavior of segmental retaining walls. 

The primary objective of this paper is to provide insight regarding the  effects of foundation 
stiffness and surface loading on the behavior of soil-reinforced segmental retaining walls and to form a 
database for use in developing a more rational desigdanalysis method. Attention is focused on a 
segmental block wall reinforced with extensible reinforcement in a granular backfill resting on a 
foundation with variable stiffness. The finite element method of analysis was adopted in the present 
study since numerous researchers have demonstrated that the technique can successfully capture what 
might otherwise be difficult when adopting physical modeling techniques (Ho and Rowe, 1996; 
Kapurapu and Bathurst, 1995; Rowe and Ho, 1997; Yo0 and Lee, 1999). Comparisons are made 
between the findings of the numerical analyses and those from simple conventional analyses (i.e., 
Rankine and Coulomb analyses) in order to provide insight concerning the consequences of neglecting 
these effects in conventional analyses for the type  of  wall  and conditions examined. 

PROBLEMS CONSIDERED 

Wall Geometry 
In this study, a segmental retaining wall with a height (H) of 8 m resting on a foundation with 

variable stiffness was considered. The geometry of the wall examined in this study is shown in Figure1 
together with the symbols and a set of reference parameters used for the base case. It  is assumed that 
the wall facing is constructed with segmental blocks of 0.25 m (height) x 0.5 m (length), and that the 
backfill soil was cohesionless and free draining. For simplicity, layers of geogrid with a uniform 
length (L) to wall height (H) ratio (L/H=0.6) are placed at a uniform vertical spacing of S, = 1.0 m. 
Note that the axial stiffness of the geogrid was assumed to be J=2000 kN/m. The reinforcement 
density R, defined as  the ratio of  geogrid stiffness (J) to vertical spacing (S,), is R=2000 kN/m2 

wall 
f a c i n g 7  

round  surface 

T 
y = 1 8 k N h ’  

v = 0.3 
4 = 3P 

H = 8 m  m 

Figure 1. A Schematic View  of Segmental Retaining Wall System 
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Parametric  Studv 
A parametric study was performed on the effects of foundation stiffness and surface loading using 

the finite element method of analysis. In the parametric study, a wide range of boundary conditions 
was analyzed covering broad foundation and surface loading conditions. For foundation stiffness, a 
non-dimensional ratio of foundation to backfill stiffness, SR=EF/EBF, was varied from 1 .O to 1 x lo4 to 
bracket a broad range of foundation conditions encountered in practice. 

The effect of surface loading on the behavior of segmental retaining walls was investigated by 
varying the location (b/H) of a 1.5m-wide strip load acting behind the crest of the wall.  Note that the 
intensity of the  strip load was fixed at q=100 kPa, which is well below the ultimate bearing capacity. 
Table 1 summarizes the conditions analyzed in this study. 

Table 1. Summary of Parameters Examined 

Parameter Range of Values 
Foundation Stiffness Ratio (SR) 

0.13, 0.25, 0.38, 0.5, 0.63, 0.75 Location of Strip Loading (b/H) 
1,5,  10, 100, 10000 

FINIT ELEMENT ANALYSIS 

Finite  Element  Model 
A commercial finite element code DIANA (DIANA, 1996) was used for this study. DIANA is a 

multipurpose finite element program for use in a range  of geotechncial engineering problems including 
excavation, tunneling, retaining walls and slopes. 

Figure 2  shows the finite element mesh  used in the analyses. As can be seen, a very refined mesh 
consisting of approximately 980 nodes and 1050 elements was adopted to minimize the effect of mesh 
dependency on  the results of finite element analysis. In the finite element model, the foundation soil 
was assumed to extend to 0.5H below the wall base. The lateral boundary is located at approximately 
3.OH  in front of the wall face. 

The backfill soil and the wall facing were discretized using four-noded isoparamatric plane strain 
elements, while two-noded truss elements were used for the reinforcements. In addition, the interface 
behavior between block/backfill, reinforcement/backfill, and backfill/foundation was modeled using 
four-node Goodman type interface elements (Goodman et. al., 1968). Figure 3 illustrates the details of 
the wall/backfill soil/reinforcement interface modeling. 

12m 

I 

Figure 2. Finite Element Mesh  Used 
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Element  Type Nodes 
1 quadrilateral 1-7-8-2 
2  quadrilateral 7-13-14-8 
3 interface 2-8-3-5 
4 interface 8-14-11-15 
5 quadrilateral 3-5-6-4 
6 interface 5-6-9-10 
7  uniaxial  bar 9-10 
8 interface 9-10-11-12 
9  quadrilateral 11-15-16-12 

zero thickness 10 nodal  link 8-9 

Figure 3. Modeling Detail for Reinforcement/Block/Backfill Soil Junction 

The non-linear behavior of the backfill soil was modeled using a Mohr-Coulomb failure criterion 
and the non-associated flow rule proposed by Davis (1968). The dilatancy angle (w) of the soil was 
related to the internal angle of friction ($), using the relationship proposed by Bolton (1986) with a 
constant critical state friction angle $,,=30", i.e. 

The wall facing, reinforcement, and interfaces were assumed to follow a linear elastic behavior. 
Table 2 summarizes material properties used in the analyses. 

Table 2. Material Properties Used 

Material Property 
EBF K n  K s  E1 Y 0 

( E a )  (kPa/m) (kPa/m) (kN-m2/m) (kN/m3) (degree) 
Soil 

Note: S/W=soil/wall; S/R=soil/reinforcement 
1 ~ 1 0 ' ~  lX1o5 S/R Interface 
1 ~ 1 0 ' ~  lX1o4 S/W Interface 

5,500 Wall 
18 35 3x104 

Modeling of Construction  Sequence 
It  is recognized that in numerical analyses, the final computed results are different for a solution 

based  upon sequential construction and one based  upon single stage construction (Desai and Christian 
1977). Therefore, for realistic solutions to segmental retaining wall problems, the construction 
sequences should be simulated as carefully as possible. 

In the present analysis, the step-by-step wall construction sequence was carefully simulated by 
adding soil, block, and reinforcement layers until design wall height was reached using the phased 
analysis option, which is a special feature offered by DIANA. A phased analysis comprises several 
calculation phases. Between each phase the finite element model changes by addition or removal of 
elements, constraints and/or loading conditions. In each phase, a separate analysis is performed in 
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which the results from previous phases are automatically used as initial values. For analysis of the cases 
with surface loading, the surface load was incrementally applied upon completion of wall construction. 

Although the finite element model adopted in this study has not  been fully calibrated to any field 
or laboratory model walls, the components of the wall were carefully modeled with due consideration of 
other available finite element models published elsewhere (Kapurapu and Bathurst, 1995; Rowe and Ho, 
1997). 

EFFECT  OF  FOUNDATION  STIFFNESS 

Wall  Deformation  and  Reinforcement  Tensile  Load 
Sources of the horizontal wall deformation include horizontal strains within the reinforced soil 

zone as well as  the rigid body movement of the reinforced soil zone itself. This movement is due to 
lateral thrust acting at the back of the reinforced soil zone. Figure 4 presents horizontal deformation 
( 6 h )  profiles at  the wall face and  behind the reinforced soil zone. Also shown in this figure are the 
corresponding internal horizontal deformation profiles of the reinforced soil zone.  Note that the 
internal horizontal deformation profiles are obtained by subtracting the horizontal deformation behind 
the reinforced soil zone from that at the wall face.  As expected, the trend of decreasing horizontal 
deformation at  the wall face with increasing the foundation stiffness ratio SR is evident. However, 
horizontal deformation is largely insensitive to a change in SR when SR =lo0 or greater. Of particular 
interest is that the  change in 8 h  at the wall face due to a change in SR mainly arises from changes in the 
deformation behind the reinforced soil zone with little increase within the reinforced zone, indicating 
that the foundation stiffness does not significantly affect the internal stability. It is therefore expected 
that the horizontal deformation behind the reinforced soil zone contributes a significant portion of the 
deformation at  the wall face for a wall constructed on a poor foundation. 
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Figure 4. Variation of Horizontal Deformation Profile with Foundation Stiffness for R=2000, kN/m2: (a) 
At  wall face and Behind Reinforced Soil Zone; (b) Within Reinforced Soil Zone 
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A similar trend is observed for walls with greater reinforcement density R=J/S, (i.e., smaller 
vertical reinforcement spacing of Sv=0.5 m), as seen in Figure 5 .  Of key phenomenon, however, is that 
the internal horizontal deformation remains constant over the range of foundation stiffness ratios with 
significant increase in the horizontal deformation behind the reinforced soil zone. This trend indicates 
that the contribution of the horizontal deformation within the reinforced soil zone to  the wall 
deformation becomes insignificant as the reinforcement density increases. 
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Figure 5.  Variation of Horizontal Deformation Profile with Foundation Stiffness for R=4000 kN/m2: (a) 
At  wall face and Behind Reinforced Soil Zone; (b) Within Reinforced Soil Zone 

1.4 

1.2 

1 .o 

H=8.0 m, L/H=0.6 
4=35", J=2000 kN/m 

0 n=2000 kN/m2 
0 n=4000 kN/m2 

1 10 100 1000 10000 
Foundation  Stiffness Ratio,  SR 

Figure 6. Variation of Maximum Horizontal Wall 
Deformation Ratio with Foundation Stiffness 

The effect of foundation stiffness on the 
maximum horizontal deformation 8h,m at the 
wall face is illustrated for two levels of R in 
Figure 6 which shows  the variation of 
normalized maximum horizontal deformation 
ratio at the wall face DR with SR. Note that the 
ratio DR is the ratio of maximum horizontal 
deformation (8h ,J~  of a given condition to that 
for  an infinitely rigid foundation ( & ~ J R ,  defined 
as D R = ( ~ ~ , J F  /(6h,J~. Figure 6 shows that the 
wall deformation ratio DR rapidly decreases 
with increasing foundation stiffness ratio SR  and 
approaches DR=I.O when the foundation 
stiffness ratio reaches approximately SR= 100, 
regardless of the reinforcement density R. No 
significant positive effect of increasing the 
reinforcement length in reducing the influence 
of poor foundation conditions was observed in a 
series separate analyses. It  is therefore 
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recommended that any poor foundation material be replaced with structural fill to avoid possible 
problems associated with poor quality foundation. 

The effect of foundation stiffness on the maximum reinforcement tensile load distribution is 
shown in Figure 7 for two levels of R. The general distribution pattern does not follow the linear trend 
implied  by the Rankine active state of stress or Coulomb active wedge analysis, but rather tends to be 
more or less a parabolic shape. In addition, the difference between finite element analyses and the 
conventional analyses increases with depth and becomes greatest at the wall base. The largest 
difference at  the wall base level is due primarily to the toe resistance provided at the wall base. Note 
that such a toe resistance may be provided by wall embedment in the field construction. The 
significance of toe resistance on the overall stability of reinforced wall has been addressed by Kapurapu 
and Bathurst (1 996). Also seen is that the reinforcement tensile load decreases and becomes far more 
uniform as R increases. Furthermore, as expected, for R=2000 kN/m2, a decrease in foundation 
stiffness results in an increase in the reinforcement tensile load with the greatest increase at the level 
0.3H above the wall base. Such a pattern is consistent with the observation for the horizontal wall 
deformation. In addition,  the reinforcement tensile load distribution remains practically the same when 
SR210. For R=4000 kN/m2, on the other hand, no variation of the reinforcement tensile load  is 
observed, suggesting that  the foundation stiffness does not significantly affect the internal stability. 
This trend is consistent with the deformation pattern. Although the maximum reinforcement tensile 
load falls within the trend line inferred from the Rankine active state of stress or Coulomb active wedge 
analysis, even for the worst case, the negative impact of the foundation flexibility on the wall 
performance in the field environment would be expected far more sever than observed in the present 
study. 

SR 

_ _ - - -  Coulomb loo 

H=8.0 m, L/H=0.6 

0=4000 kN/m2 

0 10 20 30 40 50 0 10  20 30 40 50 
Reinforcement  Load, Tmax (kN/m) Reinforcement  Load, T,, (kN/m) 

Figure 7. Variation of Reinforcement Tensile Load Distribution with Foundation Stiffness:(a) R=2000 
kN/m2; (b) 52=4000 kN/m2 
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Vertical  and  Horizontal  Stress  Distributions 
The design of a reinforced soil wall requires analysis of the external stability of a monolithic 

gravity structure, comprising the facing unit, reinforcement, and backfill soil, against base sliding, 
overturning, and bearing capacity. Since the horizontal and vertical stresses at the back and the base of 
the reinforced soil zone play important roles in the external stability analysis, more accurate evaluation 
of the stress distribution is essential. In the current design approaches, the horizontal and vertical stress 
distributions at  the back and the base of the reinforced soil zone are estimated based on the Rankine or 
Coulomb active stress state and the Meyerhof distribution, respectively. The effect of foundation 
stiffness on the stress distribution is examined. 

Typical vertical and horizontal stress distributions for a number of different foundation stiffness 
ratios SR are shown in Figure 8. Generally, the vertical stress distribution does not appear to be greatly 
influenced by the foundation stiffness, showing essentially similar results for a range of foundation 
stiffnesses as shown in Figure 8(a). In addition, for a given condition, a considerable magnitude of 
vertical stress is developed near the wall, which may  be largely due to the lateral thrust acting at  the 
back of the reinforced soil zone. A similar distribution has  been reported by Rowe and Ho (1997) for 
continuous panel walls. Although the maximum vertical stress ov,max does not exceed that inferred from 
the Meyerhof distribution, it appears that the Meyerhof distribution tends to significantly over-estimate 
the average vertical stress within the reinforced soil zone. Note that the “average” overburden stress is 
required when assessing the resistance against base sliding along the foundation or the resistance against 
slippage of the reinforcement. The use of Meyerhof assumption in calculating the average overburden 
stress, therefore, may  yield inappropriate design, as indicated by Rowe and Ho (1 997). 
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Figure 8.  Variation of Stress Distribution with Foundation Stiffness: (a) Vertical Stress at Base of Wall; 
(b) Horizontal Stress  at Back of Reinforced Soil Zone 

In summary, the findings in this study suggest that the foundation stiffness has greater impact on 
the horizontal deformation of the reinforced soil zone than on the internal stability. Of practical 
significance associated with the foundation stiffness is the construction of tiered wall, which an upper 
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wall is constructed on  top of underlying wall. Without any ground improvement strategy for the crest 
of the underlying wall, the behavior of upper wall  may  be adversely affected by the flexibility of backfill 
soil for the underlying wall.  A possible measure to avoid such a problem  in a tiered wall construction 
would  be to increase the reinforcement density of the upper part  of lower wall to improve the stiffness of 
reinforced zone. An issue of  wall settlement due to  low foundation stiffness should be examined 
separately and is beyond the scope of this study. 

EFFECT OF  SURFACE  LOADING 

Horizontal Deformation and  Reinforcement  Tensile  Load 
Figure 9 illustrates the horizontal deformation profiles at the wall face as well as behind and 

within the reinforced soil zone for the range of b/H ratios considered. As is evident in this figure, the 
effect of surface loading is to increase the horizontal wall deformation. Of particular interest to note is 
that the variation of horizontal wall deformation with b/H  is less pronounced than would  be expected. 
This can  be explained by examining the horizontal deformation profiles behind and within the reinforced 
soil zone in Figure 9. As seen in this figure, when  b/H  is  less than L/H (i.e., when the surface loading 
is above the reinforced soil zone), the variation of horizontal deformation with b/H mainly occurs within 
the reinforced soil zone. In contrast, when b/H is greater than L/H, the horizontal deformation behind 
and within the reinforced soil zone significantly increases due to the increased lateral thrust acting back 
of the reinforced soil zone. Note that the internal horizontal deformation within the reinforced soil 
zone significantly increases when the surface loading is just behind the reinforced soil zone (i.e., 
b/H=0.63). These findings suggest that the effect of surface loading on the behavior of reinforced soil 
wall should not be over-looked even when the surface loading is present behind the reinforced soil zone. 
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Figure 9. Variation of Horizontal Deformation Profile with b/H for Sv=l.O m: (a) At wall face and 
Behind Reinforced Soil Zone; (b) Within Reinforced Soil Zone 
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The effect of surface loading on the incremental reinforcement tensile load (ATmar) is illustrated in 
Figure 10. Also shown are the ATmar distributions computed based  on the Boussinesq solution. Note 
that the general trend of ATmrn distribution resembles that of the internal horizontal deformation within 
the reinforced soil zone. As would  be expected, ATrna decreases with  an increase in distance of the 
surface loading from the wall face. This trend becomes more pronounced when the surface loading is 
located above the reinforced zone (i.e., b/H<L/H). Comparison between the predicted and the 
computed based on the Boussinesq solution reveals that the incremental reinforcement tensile load  may 
be significantly over-estimated when adopting the Boussinesq solution. Further investigation is 
required to develop  a generalized method for estimating the increase in reinforcement tensile load cause 
by surface loading. 
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Figure 10. Variation of Reinforcement Tensile Load Distribution with b/H: (a) Finite Element Analysis; 
(b) Boussinesq Solution 

Vertical and Horizontal  Stress  Distributions 
The variation of vertical stress at the base  of reinforced soil zone is shown in Figure 11. As is 

evident in this figure, an increase in b/H increases the maximum vertical stress G ~ , ~ ~ ~ .  This trend is  in 
contrast to what would be expected and  may  be attributed to an  increased lateral thrust as the surface 
loading moves farther away from the wall face. When the surface loading is  just outside the reinforced 
soil zone, the predicted G ~ , ~ ~ ~  value slightly exceeds that computed based  on the Meyerhof distribution. 
A further study is required to draw a general conclusion on the appropriateness of the Meyerhof 
distribution when using for walls subjected to a surface loading behind the wall crest. 

Horizontal stress distributions are presented in Figure 11 for a range of b/H. As illustrated, the 
horizontal stress increases at the top and slightly decreases at  the bottom as the surface loading moves 
away from the wall face (i.e., b/H increases), resulting in more uniform distribution. The increase at 
the top is more pronounced when the surface loading is outside the reinforced soil zone. This 
observation is as would be expected and supports the trend for the vertical stress distribution. With 
greater horizontal stress at the back of the reinforced soil zone with a uniform distribution, a greater 
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lateral thrust is expected, thereby increasing the vertical stress at  the base of the reinforced soil zone. 
The practical implication from these general observations is that the external stability of reinforced wall 
should be carefully examined when a surface loading is present just outside the reinforced soil zone. - 300 
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Figure 11. Variztion of Stress Distribution with b/H: (a) Vertical Stress at Base of Wall; (b) Horizontal 
Stress at Back of Reinforced Soil Zone 

CONCLUSIONS 
The results of finite element analysis on the effects of foundation stiffness and the surface loading 

on the behavior of soil-reinforced segmental retaining walls have  been presented. Among the results 
examined include horizontal deformation, reinforcement tensile load, horizontal and vertical stresses at 
the back and the base of the reinforced zone. Based  on the results of analysis, the following 
conclusions can be drawn. 

1. Horizontal deformation behind the reinforcement soil zone significantly increases with decreasing 
the foundation stiffness, thereby increasing the horizontal deformation at the wall face. Counter 
measures should be provided to reduce the horizontal deformation behind the reinforced soil zone 
for such cases. The effect of foundation stiffness on horizontal wall deformation becomes 
negligible when the foundation stiffness is ten times (or greater) than the backfill stiffness. 

2. The effect of foundation stiffness on tensile load  in reinforcement layers is not as significant and 
diminishes as  the reinforcement density increases. Vertical and horizontal stress distributions at 
the base and the back of the reinforced soil zone are not significantly affected by the presence of 
poor foundation conditions. The wall deformation and settlement criteria are likely to govern the 
design of walls on poor soil rather than the external or internal stability. 

3. The current design approaches based  on the theory of elasticity used to estimate increase in lateral 
stress caused by surface loads tend to over-estimate the magnitude of reinforcement tensile load. 
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The degree of conservatism increases as  the location of surface loading moves  away from the wall 
face. 

4. Vertical and horizontal stresses at the base  and the back of the reinforced soil zone increase with an 
increase in the distance between the surface loading and the wall, largely due  to  the increased 
lateral thrust behind the reinforced soil zone. Both internal and external stability should be 
checked with great care for walls subjected to surface loading. 

5. The findings from this study should be validated against field measurements or large-scale model 
test results before implementing in the design of soil reinforced segmental retaining walls. 
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.ABSTRACT 

This paper  describes  the  measurement of strains in the  side  walls of geocells  supporting 
laboratory  models of embankments  constructed on soft clay foundations. Model  embankments 
were  constructed over a layer of geocells  formed on top of the soft clay  bed  prepared in a steel 
test tank. The s t f iess  of the geogrid  used to make  the  geocells,  dimensions of the  cells,  aspect 
ratio of cells and the length of geocell  layer were  varied in different  model  tests. Strains in the 
walls of the geocells at different  levels of suTcharge pressure  applied on the  crest of the 
embankment  were measured through strain gauges  fixed to the  walls of geocells using a strain 
meter. These strains have  given  clear  insight about the  performance of the  model  embankment 
and  were used to estimate the ‘‘apparent‘‘ cohesive  strength. of the  geocell  lay&  in various 
model  embankments. 

INTRODUCTION 

Gosynthetic reinforcement  at the  base of the  embankment is a simpler, faster and  cost- 
effective  solution for amsthg the failure of embankments constructed over soft soils. A recent 
advancement in reinforcing  embankments  over  weak soils is the  use of geocells. The geocells 
are  three-dimensional in form with interconnected  cells  filled  with soil. A layer of geocells 
provided  at  the  base of the  embankment acts as stiff rigid base to the  embankment,  promoting 
uniform settlements.  It  increases  the  factor of safety of the embankment  with respect to  bearing 
capacity  failure and minimises excessive vertical and lateral  deformations  besides  minimising 
the construction time  and cost. 

Lirnited  studies  are  reported in the literature on the pdomauce of geocell  reinforced  earth 
structures, e.g.  Bathurst  and  Jarrett (1988), Bush  et  a1 (1990), Cowland  and Wong (1993) and 
Madhavi Latha st al(1999) etc. But the detailed  performance of a geocell  layer in supgorting 
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the loads  and  the strains developed in the  walls  of  geocells  due to surcharge  loads needs firrther 
investigation. This paper  attempts to study the strains developed in the walls  of  geocells 
supporting  an  embankment  constructed  over  a soft clay  foundation  and to analyze  these strains 
in  order to bettei understand  the  mechanism of geocell  reinforcement in improving the load 
bearing  capacity  of  the soft foundation soil. 

MATERIALS USED IN EXPERIMENTS 

The  properties  of the clay soil used for  preparing  the  clay bed can be classified as clay with 
low  plasticity (CL according to the  Unified Soil Classification  System USCS). The soil used to 
construct  the  embankment can be classified as poorly graded sand (SP according to USCS). This 
soil consists  of  about 100! finegrained W o n  that is predominantly  clay as determined from 
hydrometer  tests  and  thus  referred to as clayey  sand in this paper for brevity. 

The  geocells  were  formed  using four different types of geogrids.  Two of these were  made of 
oriented  polymer, uniaxial grid 0 made  of  polyethylene and biaxial grid @x) made of 
polypropylene  and  have  relatively high strength and stifkess. The  other two geogrids (NP-1 and 
Np-2) were made of  non-oriented  polymer by extrusion.  The  tensile  strength  properties of 
geogrids were determined  fiom standard wide  width  tension  tests  and are listed in Table 1. The 
aperture sizes of various geogrids are also listed in this table.  The NP-2 geogrid has very small 
apertures compared  to all other types of  geogrids. The joints in the  geocells  were made using 7 
mm wide  and 3 mm thick  plastic  strips  cut  fiom  commerciaIiy  available  bodkins made of  low 
density  polypropylene. 

. Table 1. Properties  of the Geogrids Used in Model Tests 
Proper@ of the geogrid NP-2 NP-1 BX ux 
Ultimate  tensile strength W/m)  

95  75  183 267 Initial modulus (kN/m) 
55 10 25 28 Failure strain (%) 
7.5 4.5 20 40 

160 70 70 
Secant  modulus at 10% strain (kN/m) 95 125 45 50 
Aperture  opening size (mm) 210x16 3 5 x 3 5  5 0 x 5 0  8 x 7  

LABORATORY TESTING PROGRAM 

A steel tank having  plan  dimensions of 1800 mm x 800 mm and 1200 mm depth was used 
for performjng the  tests on the  models  of  embankments.  The tank was fitted with a 20 mm thick 
perspex  sheet on one  side to monitor  the  failure  surfaces  developed in the embankment. The 
other three sides of the tank were  made  of  smooth and rigid  steel  plates to create plane strain 
conditions in the tank. The clay soil was initially mixed with  excessive amounts of water and 
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rodded to obtain uniform mixing  and  then  consolidated  under  a  surcharge  pressure of 10 kPa  for 
one  week. M e r  consolidation,  the  layer was  trimmed to 600 mm depth for all tests. This 
procedure  was  found to produce  a soft clay  bed  with uniform properties.  Several  undisturbed 
samples  were  collected fiom  the bed  afier  consolidation to determine  the CBR value and  the 
vane  shear  strength  of the clay soil. 

The  unit  weight,  moisture  content,  vane  shear  strength  and CBR value  of  the clay  foundation 
were  maintained h o s t  the same for all the  model  tests  by carehlly controlling the amount of 
water  added  and  using  uniform  mixing  procedures.  The  properties  of  the soft clay foundation are 
listed in Table 2. 

Table 2. Properties  of  the Soft Clay  Foundation 

I Water  content 1 25% 1 
Consistency  Index 

0.55 CBR value 
0.5 

Vane  shear  strength I 10 kPa 
Bulk  unit  weight 
In-situ  void ratio 
Degree  of  saturation 

After  levelling the clay  bed, a layer of  geocells  was  formed  on  top of the  clay bed. This was 
done  by  cutting  the  geogrids to required length and  height  fiom  full  rolls  and placing them in 
transverse  and  diagonal  directions with bodkins inserted at the connections. After the formation 
of  geocell  layer, pockets of  the  geocells  were  filled  with  clayey  sand. The soil within each 
pocket was compacted  uniformly  by  tamping  with  a  steel rod  having  an  enlarged base. The unit 
weight  of  the infill soil  was  maintained at 17 kN/m3  for all the tests.  Above  the geocell layer,  a 
symmetrical half of the embankment was constructed  using  clayey sand in 50 mm lifts.  The 
number of blows on each  layer  was  adjusted to achieve  a uniform average unit weight of 19 
m/m3 in a11 the  tests. 

The physical  dimensions of the embankment and the  schematic  sketch of the test 
embankment  are  shown in Fig 1. The surcharge  pressure  was  applied on the crest in small 
increments  until  failure  characterised by  increasing  deformation  even at constant  surcharge. 
Each  pressure  increment was kept  constant  until  the  deformations  under  that  pressure  increment 
reached  steady state. A thick steel plate and  an  expanded  polystyrene  sheet  were placed above 
the  embankment  crest to ensure uniform load  distribution as shown in Fig. 1. The vertical and 
horizontal  deformations  in the model  embankment  were  measured using dial gauges (V1 , V2, 
V3, H1, H2 and H3) placed  at  different locations of  the  embankment as shown in Fig. 1. Some 
experiments  were  also  carried  out without any  geocell layer at  the  base  of  the embankment  for 
the  purpose of bringing  out  the  advantages of geocell  reinforcement  in improving the 
performance  of the embankment. 
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expanded polystyrene sheet 

clayey  sand  embankment 

soft clay foundation 

(a) Sectional  elevation 

all dimensions  are in mm 
(b) Plan view 

Figure 1. Test set-up Used for the Experiments on Model Embankments 
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Electric  resistance strain gauges  were  used for measuring strains in the geocell  reinforcement. 
These  strain gauges  were  fixed  on  both  transverse  and  diagonal  geogrids  at  specific locations 
before  placing  the  geocell  layer  in  the tank The  strain  gauges  were  fixed  at  the  mid-height of the 
geocell  layer using an adhesive  in  the  direction  same as the  orientation of  the  geogrid at  that 
location.  Totally six gauges  were  used  in  each  model  test to measure strains at different 
locations.  The  directions  and  locations of these strain gauges  are shown in Fig. 1. Three of them 
S1, S2 and S3 were  fixed on the  transverse  geogrid in the  length  direction of geocell layer at 
distances 350 mm, 900 mm and 1500 mm fiom the left  edge of the tank respectively.  The strain 
gauge S1 was  fixed  exactly  under  the  point  of  load  application, S2 was  fixed  below a point, 
which is near to the- toe  of  the  embankment  and  the  gauge S3 was  placed  outside the 
embankment.  The strain gauges S4, S5 and S6 were  fixed on diagonal geogrids again at 
distances 350 mm, 900 mm and 1500'mm fiom  the left edge of the tank respectively in the 
direction  of the orientation of  grid  itself. 

Prior to f g  the strain gauges,  the  surface of the  geogrid  was made rough  by scraping'with 
an 80 grade  sand  paper  in  order to have  proper  bond  with  the strain gauge.  Then  the strain gauge 
was  glued to the grid  surface,  using  an  adhesive.  Lead  wires  of  adequate  length  were  soldered to 
the  wires of the strain gauge.  These  lead  wires  were  connected to the strain readout unit, which 
gives the output in micro-strains. 

PARAMETERSSTUDIED 

Various  parameters  that  were  varied in the  model  studies  are the tensile strength  of  grid used 
for  making  geocells,  height of the  geocell  layer,  pocket size of cells and length  of  geocell layer. 
The  heights of geocell layers (h) were  varied h m  100 mm to 250 mm in increme& of 50 mm. 
The  aspect ratio for  geocells was defined as the ratio of height (h) to equivalent  diameter @) of 
the cells.  The  geocell  pockets  are  not  circular  but  are  triangular in shape.  The equivalent 
diameter for the triangular  shaped  geocells  was  obtained  by  equating the area of  the  triangle to a 
circle  of  equivalent area. The aspect ratios, defined as the  ratio of the height  and equivalent 
diameter (h/D), for  different  configurations of geocell  layers  in the tests varied  approximately 
fiom 0.44 to 1.1. Four different types  of  geogrids  were  used in the tests. The  secant  modulus (at 
5% strain) of  these  geogrids  ranged fiom 70 kN/m to 200 kN/m. In all the tests,  the  geocell layer 
was  formed  over  the full length  of  the  test tank except in one  test, in which it was truncated at 
the toe of the embankment 

RESULTS AND DISCUSSION 

The  surcharge  pressure  at  which  the  embankments  are  deemed to have failed  is  defined as the 
pressure  at  which  the  load-lateral  deformation  curve  has  the  highest  curvature. This pressure is 
defined as the swchmge capacity and was obtained as the  intersection of  tangent  lines drawn 
fiom the origin and  through the  straight portion at  the  end  of the curve (Krrshnaswamy et al, 
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2000). The  geocell  supported  embankments  have  exhibited  higher  surcharge capacities and 
lower  deformations  compared to unreinforced  embankments,  e.g.  embankment supported  on 100 
mm thick  geocell  layer  made of UX grids developed  almost  twice the pressure as unreinforced 
embankments. 

Measurement  and  Interpretation  of Strains 

The  values of peak strains recorded  by strain gauges at different  locations in various  model 
tests  are  presented in Table 3. As observed from  the  table,  for  any  specific  model  test, at any 
particular  location, s& gauges  fixed on diagonal  geogrids  recorded  higher strain values 
compared to those  fixed on transverse  geogrids. This could be due to the  difference in the 
orientation of the grid  surfaces. As the  transverse  geogrids  are  oriented in the  direction  of  the 
movement of the foundation soil mass (slip direction) under the loadiig, the  hoop  tension 
generated in these grids is  less  and  hence  the strain gauges  fixed  on  these  grids  recorded  lower 
strains. on the contrary,  the  orientation of the diagonal  geogrids is in a direction  making 450 
with  the  direction  of  the  movement of  the soil mass. When  the  movement is induced in the 
foundation soil mass,  these  diagonal  geogrids  undergo  large  hoop strains while  restricting  the 
movement of soil.  Hence,  the strain gauges fixed on the diagonal  walls  have  developed  larger 
strains than those  fixed on the  transverse walls of the  geocell  layer.  The strain gauges (S4) fixed 
on diagonal  geogrids  near to the centre  line  of  the  embankment  recorded  the  highest strain 
reading in all the model  tests. 

Table 3. Strains in the Side Walls of Geocells 

BX 0.66 85 1.02 0.83 0.07 1.67 1.21 0.08 
BX 0.89 91 0.73 0.60 0.05 1.10 0.70 0.05 
BX 1.10 95 0.65 0.50 0.04 0.90 0.60 0.03 
BX 0.89 95 0.78 0.72 0.06 1.65 1.39 0.02 
ux 0.44 85 2.04 1.91 - 2.98 2.71 - 
NP- 1 0.44 65 1.08 0.85 0.06  1.52  1.28 0.04 

(truncated at toe) 

NP-2 0.44 70 1.20 I 0.97 0.08 2.09 1.51 0.06 

Geosynthetics  Conference 2001 
392 



The  variation of strains with  surcharge  pressure  at Merent locations  for  embankment 
reinforced  with UX geocells  is  shown  in  Fig. 2. As we  move  away fiom the central  line  of the 
embankment, the value of strain recorded has reduced.  The  strain  gauge k e d  at a  location 
outside  the  body  of  the  embankment  recorded  very  low strain, indicating  that the geocell  layer is 
not  stretched  very  much in this zone. 

s, .- E; 

‘2 
E 

44 
WJ 

3 -0 

2.0 

1 .o 

0.0 

0 20 40 60 80 100  120  140  160 
srrrrhargeP=== (kpa) 

Figure 2. Variation of Strains in the WdIs of  Geocells 
at Different Locations in  the Geocell  Layer 

When the length of geocell mattress was truncated at the toe of the  embankment,  the  values 
of strains recorded  were almost equal to the values  recorded  for  the full length mattress,  Table 3. 
This supports the fact  that the truncation of geocell  layer at the toe does not  hamper its 
performance.  The  slight  decrease in the strain value for  truncated  geocell layer may be attributed 
to  the loss of anchorage  for  the  reinforcement  in  case of reduced  length mattress. 

Fig. 3 shows the variation of strain in gauge S4 with surcharge  pressure for geocells  made of 
different  geogrids. As it can be observed fiom the figure, the value of strain increased with 
increase in surcharge pressure.  At  surcharge  pressures  lower  than  the surcharge  capacity of the 
unreinforced  embankment,  the  strain  levels in geocells  were  observed to be very small. 
Interestingly,  significant strains started  developing  only  when  the  surcharge  pressures  exceed 
this surcharge  capacity of the  unreinforced  embankment (50 Ha) indicating that the  geocell 
started  contributing to the  stability  of  embankment after  the  soil had mobilized its full shear 
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strength.  At  any  particular surcharge  pressure,  lowest  strain  values were recorded  in UX 
geocells. This is due  to  the  higher stifhess of this grid. As the stifkess of the geogrid was 
reduced, the value  of  strain was found to increase. Thus the geocell  made  of NP-1 geogrid, 
which is the  softest  geogrid,  recorded  the  highest strain value  at any particular  surcharge 
pressure. Similar trends  were  obtained for strain gauges  fixed  at  other locations  also. 

3.5 I 

0.0 

Np-1 (M= 70 H/m) 

NP-2 (M= 70 kN/m) I 
BX (M= 160 kNhn) I 
UX (M= 200 kN/m) dli 

0 20 40 60 80 100 120 140 160 
surcharge pressure @Pa) 

Figure.3.  Variation  of Strains in  the W g s  of Geocells 
(Measured by !M) for  Different Types of Geogrids 

The  variation of peak strains along the length of the geocell  layer is shown  in  Fig. 4. It is 
clear that very low strains are  generated  beyond  the  toe  of  the  embankment  because of absence 
of loadiig. The  variation of peak strain in the walls  of  geocells  at  different  aspect ratios along 
the  length  of  geocell  layer is presented  in Fig. 5. When the height  of the geocell  was  increased, 
the peak strains in the  geogrids  were observed to reduce. 

The  variation of strain with surcharge  pressure  for Werent aspect ratios of geocell layers is 
shown in Fig. 6. These  curves  correspond to BX geocell  layers with same pocket  diameter  for all 
the  cases.  The  height of  geocell layer is varied fiom 100 mm to 250 mm. As the  aspect ratio of 
geocell is increased, its rigidity in  the vertical  direction  increases  leading to a  reduction  in strains 
in  geocell  walls. This is  clearly  evident fiom the strain readings shown in Fig. 6 for different 
aspect  ratios. 
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Figure 4. Variation of Maximum Strain in the Walls of 
Geocells Made of Different Geogrids 
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Figure 5. Variation of Maximum Strains in the Walls of Geocells 
for  Geocell Layers of Different  Heights 
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Figure 6. Variation  of Strains in  the Walls of Geocells 
(Measured by S4) for Different Aspect Ratios of  Geocells 

The effect of the geocell  reinforcement on the  equivalent  shear  strength  properties of the infill 
soil  can be estimated  using the procedure  reported by Rajagopal et al. (1999). The  magnitudes  of 
the  strength and stiffness of geocell  layer  depend on the strains developed in the geocell walls. 
The strains measured in this investigation  were used to successfully  replicate the three- 
dimensional  behaviour of geocell  reinforced soil by an equivalent  two-dimensional  model, 
Madhavi  Latha (1 999). 

CONCLUSIONS 

Based on the  measurement  of strains in  the walls of  geocells  supporting  model  embankments 
constructed over soft clay  foundation,  the  following  conclusions  are drawn. 

Significant strains started  developing  in  the strain gauges fixed on the geocells  only  after the 
surcharge  pressure on the embankment crest has reached the load carrying  capacity  of 
unreinforced  embankment,  indicating  that  the  geocell starts contributing only after the strength 
of the foundation soil is filly mobilized. 
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The strain gauges  fixed on diagonal  geogrids  recorded  higher  values of strain compared to 
those  fixed on transverse  geogrids  because of hoop  tension in diagonal grids. 

At  any  particular  surcharge  pressure,  lowest strain value  was  recorded for stiffer  grid  at  a 
particular  location. As the stifhess of the geogrid  reduced,  the  value of strain also has increased 
correspondingly. 

As the aspect  ratio of geocell is increased, its rigidity in the  vertical  direction  increases 
leading to a reduction in strains in geocell walls. 

Strains generated  beyond the toe of the embankment  are  very  low  because  of  absence of 
loading. When the  length of geocell mattress was truncated at the  toe of the embankment, the 
values  of strains recorded  were almost equal to the  values  recorded for the 11l length  mattress, 
supporting- the fact  that  the  truncation  of  geocell  layer  at  the  toe does not  hamper its 
performance. 

The strains measured in the  walls of geocells  can be  used to estimate the apparent  cohesive 
strength of the geocell  layers. 
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ABSTRACT 

A Geogrid reinforced  segmental  retaining  wall  (SRW)  was  constructed  at  the low end of 
an apartment development complex. The wall  had  a  maximum  height  of 26 feet at an outside, 
tight radius corner. The final grading  was  completed, but the  area  was  not paved for several 
months. The wall was located at the lowest  corner of the site, and had a  drainage grate located 
behind  the wall face at the corner of the wall.  The site was  graded to drain to this corner. 
During significant rain events  overtopping  of  the  wall  occurred. 

About 6 months  after  installation  was  complete,  distortions of the block face began to 
appear. This took the form of local  bulging,  limited  settlement  and  some  overturning  of the top 
few feet of wall. The developer  was  completing  the project, readying  the units to sell.  Before 
paving  the parking lot he  elected to repair  the  distorted  wall. 

The original contractor was called in to repair  the  wall,  and  recommended  a  destacking 
and restacking approach. With this approach  he  would  unstack  the  wall, taking care not to 
damage the geogrid, realign  the  wall  face  then  rebuild  the  wall  with accurate vertical and 
horizontal control. 

Before this was accomplished, the contractor  and  technical  representative  from  the 
geogrid producer were contacted to discuss  the  relative  merits  and  the  potential  problems with 
this  option. Stability analysis  was  performed to model the wall  cross  section  during the 
destacking and restacking operation. 

The operation commenced and took  about  one  week to complete. The project is the first 
documented successful full destacking  and  restacking  project  in  the  known  literature. 
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PROJECT HISTORY 

The project is an  apartment  complex  located  in the southeastern  portion  of the United 
States. It is a multi-building complex  consisting  of 5 multistory  structures  on a gentle slope. 
The retaining wall  was  constructed to provide  parking  space for the  lowermost building. 

Site drainage ran  down to the  lower  corner  of  the site where  the retaining wall  was 
located and  was designed with  an  underground  storm  water  detention  system.  This  wall  was 
necessary to bring the parking  area  up to level  grade.  The  highest  portion  was  at  the  corner 
with  each  end tapering to meet existing grade.  Wall  heights  varied  from 2 ft up to a maximum 
height  of almost 25 feet. 

Bad- 

a- 

0- 

Figure 1 - Plan  view  of  the site with  retaining  wall location shown 

This corner also was  the location of the surface water  runoff  drainage structure, a drop 
structure over  twenty  feet  deep.  Figure 1 shows  the  plan  view  of  the site, with  emphasis  on the 
retaining  wall location. Note  the  proximity  of  the  wall to the drainage grate, “B”. 

DESIGN 

The  wall  was  designed  using the National  Concrete  Masonry  Association  (NCMA) 
(ref.1) design software that included  the  block  type,  the  geogrid  type  with the soil  parameters 
provided  by the geotechnical engineer.  Various  wall  heights  were  analyzed.  Local fill soils 
typical  of the Piedmont  formation  were  used for the retained soil, the reinforced soil  and the 
foundation soils. These soils were  described  as silty sand  material.  Soil  properties used were: 

unit weights  of 130 lb per  cubic foot, 
internal angle of soil friction  of 30 degrees. 
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A  nominal surcharge was  used  in  design.  NCMA  recommended  safety factors for sliding, 
overturning, tensile overstress  etc.  were  used.  Figure 2 provides  a  typical cross section of the 
wall. 

Figure 2 - Typical  wall  cross  section 

The parking surface  above the wall  was to be paved,  with  concrete curb and gutter  at the 
pavement limits. Surface water  drainage  was  accounted for in  design  with the use  of an intake 
structure located just behind the back of  the SRW block, located  at  the corner. 

This system utilized  a  coated  polyester  flexible  Geogrid,  and  a  segmental block unit of 
approximately 12 inches depth.  The  blocWgrid  system is a  frictional  connection  system. 
Connection capacity of this system  was  considered  in the initial  design. 

INITIAL  CONSTRUCTION 

The wall is located in  the  low  area  of the site. During  excavation for the leveling pad and 
for  Geogrid embedment length  requirements, it was  determined  that  a soft soil area  needed to be 
removed and replaced with controlled  structural fill. This resulted  in  an  undercut  along  the 
center  of the right hand portion of the wall  (point C), consisting of approximately 8 feet of 
compacted granular followed  by  several  feet of the native, silty  sand  material. 

During this undercutting  and  filling  operation  significant  rainfall  occurred.  This  caused 
this  operation to  be delayed,  with  compaction  control  difficult.  The  filling  was  finally 
completed and wall construction began. 
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Construction occurred  during  a  rainy  period and consequently,  soils were compacted  on 
the  wet side of optimum.  However,  compaction  was  achieved  and  monitored as the wall was 
constructed. The wall was completed  in  the  winter 1998hpring of  1999. The area  remained 
unpaved  during building construction.  An  elevation  view of the completed retaining wall is 
shown  in  figure 3. 
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Figure 3 - Elevation  View of Segmental  Retaining  Wall 

POST  CONSTRUCTION  OBSERVATIONS 

Shortly after the wall  was  completed,  a  small  washout,  consisting of a  section of wall 
about 4 feet in depth and 10 feet  wide,  occurred  adjacent to an  access  manhole.  Due to improper 
grading, surface runoff overtopped  the  curb  and  infiltrated  the  backfill  around the manhole and 
into  the granular zone behind  the  back of the  block  causing  soil  particle  washout  and  block  face 
distortion. This “V” shaped  section of repair,  located  at  point “C” on  figure 3, was  quickly 
rebuilt  using granular fill and the original  blocks. No geotextile  filter  was used because it was 
believed that little surface water,  or  seepage  water  would be encountered  once the parking lot 
was paved. 

Several months later the  owner  noticed  deformations in the  wall face and called the 
contractor. The site observations  at  that  time  were  as  follows: 

1. 

2. 

3. 

Vertical settlement  of  a  section  of  wall,  amounting to about  1-2 inches. This  was located 
between points “B” and “E” on  figure 3. This could be readily  seen  from  looking  down 
the line of the wall. 
A bulge of about  8  feet  in  diameter  extending  about 4 inches out from  the  plane  of the 
wall, located at  point “D” (figure 5) and down  about 8 feet fiom top of wall. 
No displacements or  distress  at  the  top of the  reinforced  soil  were  observed  at this time. 
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Figure 4 - Photo  showing  the  wall  distortion 

A surveying program  monitoring  both  vertical  and  horizontal  movement  of the wall facia 
was initiated, with observations  over  several  months. This monitoring  showed no appreciable 
movements, considered evidence  that the structure  was  stable.  Because no movement  of the 
reinforced soil mass was  noticed, but only  facia  distortion, it was  decided that the  movements 
were not related to reinforced  mass instability, but  rather  because  of  settlement  caused  by 
compression of the soil placed in the undercut.  Additionally, it was  assumed that the lateral 
distortion  was a result of  surface  water  overtopping  the  curb and the  drop structure and  running 
behind the block face, forcing  the  block  outward. 

While the reinforced soil  mass  behind  the  Segmental  Block  Wall  was  considered stable, 
the unsightliness of the  facia  distortion  caused  the  owner  concern.  Several  options  were 
discussed, with the final decision  being to destack  and  restack  the  wall. This was  undertaken  in 
late summer of 1999, some 9 months  after  the  wall  was  originally  completed. 

DESTACKING OPERATION 

The wall stability was  evaluated for the  condition  where  both  the  12- inch deep  block  and 
the  1-2 ft drainage gravel zone  directly  behind  the  block  was  removed. Of critical concern  was 
the factor of safety against sliding,  because the geogrid  embedment  length  was  now  reduced  by 
2.5 feet. Analysis showed a reduction in the sliding FOS and  overturning FOS as  shown  on the 
table below. 
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Note that the critical sliding location  was  at the base  of  the  wall.  Because of the close 
reinforcement spacing, of 1.3  and  2 feet, Factor of Safety  (FOS)  against sliding at any of the 
overlying geogrid layers was  well  above  this  minimum  value  at  the  base.  Compound failure was 
evaluated by reviewing sliding FOS  at  each  reinforcement  layer.  The  as-designed value of 
bearing capacity was  well  above the design criteria, and was  not  subsequently analyzed. 

Table 1- Summary of analysis  results  (FOS) for each  case 

Case Bearing Overturn Sliding  FOS L/H ratio Height 
0 Capacity FOS 

Design Criteria 

NA 3.43 2.24  .496 27 Destacked & 
NA 4.18 2.50 .55 25 Destacked 
7.58 5.65  2.96 .64 24 As Designed 
2.0 2.0 1.5 0.6 24 

Undercut 
NA = Not analyzed 

Note that the critical case resulted  from  the site engineer's  request to undercut the 
destacked wall area by an additional  2 feet, replacing it with  crushed  stone. While this L/H ratio 
was  a bit lower than NCMA  guidelines  recommend,  it  was  considered  acceptable for the small 
time period when this condition  would  exist.  Figure 5 depicts the elevation  view  showing  the 
destacked wall portion. The factors of safety  in  all  cases  were  well  above  NCMA  guidelines of 
1.5  and  2.0 respectively, for sliding and overturning. 

Destacking commenced  on  a  Thursday,  with  the  schedule to completely  destack  by 
Friday evening and restacking to commence first thing  Saturday  morning.  All  work was to be 
completed by Sunday evening. The total  square  footage  of  wall  affected  was  about 1900 square 
feet. 
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Figure 5 - Elevation  drawing  showing  the  destacked  zone 
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Destacking consisted  of  starting  at the top  of the wall  and  tossing  the block down  to the 
lower  grade.  Undamaged  units  were  palletized  for  use in the  restacking  operation. The gravel 
drainage fill was allowed to drop. This material,  when clean was to be reused, with  new  gravel 
fill brought in as  needed.  Figure 6 shows  a  photo  of the destacking  operation. 

Figure 6 - Destacking  operation 

RESTACKING 

As described earlier, the settlement  was  thought to be due to soft fill soils placed during 
the initial construction directly  underlying  the  wall  near  area  “C”.  Consequently,  the  restacking 
operation  was begun with the  first step being  the  undercutting  and  refilling with crushed  stone of 
two feet of foundation soil under the block  centerline.  This  began  on  Saturday  morning.  The 
crew  was instructed to undercut  a  one-bucket  width,  then to immediately fill and compact  with 
crushed  stone. The operation  then  moved to the  adjoining  bucket  width. This was  repeated 
along  the entire destacked section of the wall. 

The leveling pad was  then  placed and graded.  The  objective  was to begin restacking of 
the wall so that the block lines  were  at  the  same  elevation,  taking  out  the  settlement  observed 
earlier. About 75 % of the  destacked  block  was  reusable. The balance  was  composed  of  new 
units.  Once the leveling pad was  completed,  restacking  began.  The  repaired  section has both 
new  and restacked units, intended to blend in  with  the  original  wall. 
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Figure 7 - Splice  procedure 

One critical element  was the re-connection of the  existing  geogrid with the segmental 
block  face. Where the geogrid  appeared to be damaged,  a  patch  of  new  geogrid  was  overlain  on 
that  layer. This patch, or splice extended  back into the fill and granular zone to the  excavation 
limits (about 30 inches), then out to the face of the  segmental  unit.  No geotextile layer was  used 
against the reinforced soil because  of  the  installation  difficulty,  and  because the seepage 
infiltration  from this zone was  expected to be  nominal  once  the  parking  area  was  paved. 

A cut or rip in the  geogrid  was  cause for a  splice.  Note  the  original  geogrid layer was 
replaced,  as well as the  new spliced piece  Figure 7 graphically  depicts this splice procedure. 
Use of splices was minimal,  approximated to be much less than 10% of  the  reinforcement. The 
following equations outline the calculation  procedure  followed to assess this splice length. 

L =  Tall  

2 x 0 ,  xtan($xcj 
where: 

Tall = allowable  tensile  strength  of the geogrid  (lb/ft) 

On = overburden  pressure = h  x y (psf) 
tan4 = friction  angle of crushed stone infill = 36" 

coefficient of interaction = 0.95 

L = embedment  length (ft) 

Ci - - 

Calculations showed that the  allowable  strength  of  the  geogrid  was  developed  with  an 
anchorage length of less than 1.5 feet. 

Work was completed the following  Monday  evening,  with  the  above  parking  area 
regraded and repaved immediately  afterward. 
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Figure 8 - Completed  wall  photo 

SUMMARY AND CONCLUSIONS 

face distortions that had  developed  during  project  construction. At the  highest  the  wall  was 24 
feet of exposed height. 

A  geogrid reinforced segmental  retaining  wall  was  destacked  and restacked to remove 

Analysis  was  performed  to  determine the reduction  in  FOS  for sliding and  overturning 
for this operation, with the results still acceptable to allow  the  operation to proceed. 

Splices or patches of  geogrid  were placed at  reinforcement  layers  when  any  geogrid 
damage  was observed. This was  minimal,  occurring in less than 10% of the  geogrid  exposed. 
The wall  was destacked and restacked  over  a  5-day  working  period. 

The reinforced soil mass  was  determined to be stable, with  repairs  affected to address 
block facia distortion that occurred  because of local  overstressing  of  the  connection.  The 
mechanism of overstressing of the friction  type  connection  system  used for this project is the 
outward bulging observed on  this project. 
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A FLEXIBLE  WALL GRADIENT RATIO  TEST 

MICHAEL D. HARNEY 
ROBERT  D.  HOLTZ 
DEPARTMENT  OF  CIVIL AND ENVIRONMENTAL  ENGINEERING 
UNIVERSITY OF WASHINGTON 

ABSTRACT 

Predicting  long-term  filtration  characteristics or clogging  resistance of geotextile  filters  is 
not  simple.  Index  tests  such as the AOS and  hydraulic  conductivity  do  not  predict  clogging 
potential and  all  four  commonly  used  filtration  tests  seem to have  disadvantages. 

It  appears  that  a  better  type of soil-geotextile  filtration  test  would be  some  combination of 
the ASTM D 5 101 Gradient  Ratio  Test  and  the  Flexible  Wall  Permeameter  Test  (ASTM D 
5084). Specimens  could  be  saturated  using  backpressure;  and  stress  conditions  that  cIosely 
model  field  conditions  could  be  imposed  on the specimen.  The  flexible  wall  test  membrane  and 
applied  cell  pressure  would  effectively  prevent  piping of fines  and  movement of water  along  the 
permeameter  walls. 

The  paper  describes  the  new  Flexible  Wall  Gradient  Ratio  device  and  appurtenances. 
Design of the  apparatus  and  test  procedures are described  and  preliminary  test  results am given. 

INTRODUCTION 

Geosynthetics,  and  geotextiles  in  particular, are used  in a variety  filtration  applications. 
Typically,  these  may  include  pavement  edge  drains,  blanket drains beneath  pavement  systems, 
retaining  wall  and  abutment  drains,  interceptor  and  toe  drains,  leachate  collection  systems  and 
erosion  protection  systems.  In  the  design of such systems,  the  engineer  must  take  into  account 
three  fiindamental  concepts  (after  Holtz,  Christopher  and  Berg, 1997): 

1. The  majority of the  soil  must  be  retained by the  filter  (retention  criterion). 
2. The  filter  must  allow  water to pass  (permeability  criterion). 

Geosynthetics  Conference 2001 
409 



3. The  system  must  not  clog  or  blind,  and  allow  excess  pore  pressures to develop 
(clogging  criterion). 

Criteria  have  been  developed  that  satisfjr  the  above  conditions  by  many  researchers, e.g., 
Calhoun  (1972),  Schober  and Teind (1979),  Giroud  (1982),  Christopher  and  Holtz  (1985)  and 
Fischer  et  al.  (1990).  Specifically  for  the  clogging  criteria,  filtration  tests  using  samples  of 
onsite  soils  and  anticipated  hydraulic  conditions  are  recommended.  Two  main  filtration 
performance  tests  have  been  proposed  and  are  currently  in  use.  These  are the gradient  ratio  test, 
ASTM D 5101  (Calhoun,  1972),  and  the  Hydraulic  Conductivity  Ratio  (HCR)  test,  ASTM D 
5567  (Williams  and  AbouzaJrhm,  1989). 

These two tests  have  been  adopted by ASTM as noted;  the  gradient  ratio  test is used 
primarily  for  sandy  and  silty  soils  with k 2 10’’ d s ,  and  the  HCR  test is used  for  fme-grained 
soils  with k S lo-’ m/s (Holtz,  Christopher  and  Berg,  1997).  Both  of  these  tests  have 
disadvantages, as discussed  below.  There  is  thus  a  need  for  the  development  of  a  test  that 
overcomes  some of these  disadvantages  while  still  providing  meaningful,  reproducible  results. 

Our research  focuses on  the  development  and  preliminary  testing of a  new  filtration  test 
method:  the  Flexible  Wall  Gradient  Ratio  Test.  The  test  apparatus  was fmt designed  and 
constructed,  and  then  commissioned  with  a testing program  of  several  soiVgeotextile 
combinations.  After  a  critique  of  gradient  ratio  and  hydraulic  conductivity  ratio  testing, the new 
flexible  wall  gradient  ratio  test  is  described  and results of the  tests pedormed with  the  flexible 
wall  gradient  ratio  test  are  compared to results  of  the  gradient  ratio  test (ASTM D 5 101)  on two 
geotextiles  and two soils. 

CRITIQUE OF THE  GRADIENT  RATIO AND HYDRAULIC  CONDUCTIVITY 
RATIO  TESTS 

The  gradient  ratio  and  hydraulic  conductivity  ratio  tests are the  most  common  filtration 
tests  used to evaluate  geotextile  clogging  potential.  The  advantages  and  disadvantages  of  these 
test  methods  are  discussed  below. 

Gradient  Ratio  Test 

The  gradient  ratio  (GR)  test  is  a  constant  head  filtration  test  conducted in a  rigid  walled 
permeameter. A cylindrical  soil  column  is  constructed  above  a  geotextile.  Manometer  ports are 
located  at  several  vertical  levels  in  the permemeter, including  above  and  below  the  soil- 
geotextile  system,  and  at  certain  positions  within  the  soil  column  (see  Figure  1).  Clean,  deaired 
water flows downwards  through  the  system.  Hydraulic  gradients  are  calculated  using  the  heads 
read fkom the manometers.  The  gradient ratio is  defined as the  hydraulic  gradient  measured 
across  the  bottom 25 mm of soil  and  the  geotextile  divided by the  hydraulic  gradient  across  the 
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50 mm of soil overlying this region. The concept  behind  this  ratio  is  that the hydraulic  gradient 
measured  in the 25 mm of soil plus  geotextile  is  influenced by the  clogging  of the pore  spaces  of 
the  fabric,  resulting in an  increase  in the hydraulic  gradient  in  this  zone.  The  gradient  in  the 50 
mm of soil is assumed to be  independent  of the clogging  of  the  filter.  Higher  gradient  ratios 
thus  imply  a  tendency  towards  clogging  of the fabric. 

. 

stationary shelf ' L 

line 

manometer board 

overflow  line 

1 

manometer (typ.) 

pemeameter 

Figure 1. Schematic  of  Long-term GR Testing  System 
(after  Fischer, 1994) 

The  most  important  advantage of  the gradient  ratio  test  is  that  it  provides the analyst  with 
an accurate  profile  of  head  losses  across the vertical  length  of  the  system, as Scott (1980) has 
shown.  This  allows  an  assessment  of  whether  the  system is in  fact  performing  properly,  and  if 
not,  where  in the system  potential  problems  might  lie as was  shown by Fannin et al. (1 994b)  and 
Fischer et al. (1999). This  internal  measurement  of  head  losses  is  also  the  mechanism by which 
the GR test  allows the determination of the hydraulic  conductivity  of the soil only. No 
assumptions  are  required  in this determination. 

The  disadvantages of the gradient ratio test  are  related  to  the  fact  that  it is performed  in  a 
rigid  wall  permeameter.  The  first  disadvantage  is  that  it  is run under  uncontrolled  stress 
conditions.  Secondly it is  almost  impossible to ensure  complete  saturation  of the test  specimen. 
Additionally, the gradient  ratio  test  often  requires  a  long  period  of  time to stabilize  and  obtain 
accurate  results  (Fischer, 1994) especially  with  finer-grained  soils.  The  gradient  ratio  test  is 
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also  generally  unreliable  for silts or  gap-graded  soils  due  to  piping  along  the  permeameter  walls. 
For  filtration  or  permeability testing with  a  rigid  wall  permeameter,  our  experience has been  that 
it  is  not  uncommon to observe  soil  piping  along  the  walls  of  the  permeameter,  especially  when 
using  gap-graded  soils or silts  and  high  applied  gradients. In order to help  alleviate this effect, 
piping  barriers of caulk or rubber  have  been  installed  in  GR  equipment.  While  these  help 
somewhat,  they are not  an  assured  solution  for  all  soils  and  all  testing  conditions.  Also,  in  the 
gradient  ratio  test, as in  all  long-term  permeability-type  testing,  biological growth can  be  a 
problem  (Sansone  and  Koerner, 1992). Recent  studies  using  long-term  gradient  ratio  tests  have 
since  found that this  biological  clogging  can  be  effectively  controlled  by  the  use  chlorine  or 
similar  agents  (Mare, 1994 and  Fischer,  Mare  and  Holtz, 1999). 

Hydraulic  Conductivitv  Ratio  Test 

The  Hydraulic  Conductivity  Ratio  (HCR)  test is performed  using  a  triaxial  apparatus,  and 
is similar to the  Flexible  Wall  Permeameter  Test  (ASTM D 5084). A soil  specimen is mounted 
in  the  triaxial  chamber,  and  a  candidate  geotextile  is  placed  at  the  bottom  of  the  soil  specimen. 
A membrane  is  placed  around  the  soiVgeotexti1e  specimen,  and  sealed  at  either  end  using 0- 
rings.  Cell  pressure  is  applied  hydraulically to the  fluid  surrounding  the  specimen,  and 
backpressure  is  applied to the  specimen  itself.  This  is  used to simulate  the  presumed effective 
stress  state in the  field  and  ensure  100%  saturation. 

A small  amount  of  water, “2-3 pore  volumes” (a pore  volume  being  defined as the 
volume  of  water  in  a  soil  specimen  when  the  degree  of  saturation  is 100Y0) is  first  permeated 
through  the  specimen fiom top to bottom  at  low  applied  gradient.  Hydraulic  conductivity  is 
then  plotted  against  accumulated  pore  volumes,  and  the  average  hydraulic  conductivity  is  taken 
as K,@, the  hydraulic  conductivity  of  the  soil  alone  (Williams and Abowakhm, 1989). 

After  the  measurement  of Ksgo, the  correct size reservoirs  are  selected  and  the  applied 
gradient  is  increased to “one  similar to that  expected  in  the  field”  (ASTM D 5567). If no 
gradient  is  specified by the  designer,  a  gradient  between 2 and 30 may be  selected  based  upon 
the  hydraulic  conductivity  (ASTM D 5567). The hydraulic  conductivity  values  observed  are 
plotted  against  accumulated  pore  volumes  of  water.  The  hydraulic  conductivity  of  the 
composite, Kg, is then  defined as the hydraulic  conductivity  of  the  system  at  any  time t. I& is  t 
calculated  at  certain  intervals  of  pore  volume  permeated.  The  hydraulic  conductivity  ratio, 
HCR,  being  the  ratio  of I(sg to ICs*, is  then  calculated  for  the  same  intervals. 

An advantage  of  the  HCR  test  is  the  ability  of  the  test to accurately  model  field 
conditions. By application  of  appropriate  backpressure  and  cell  pressure,  an  effective  stress 
state  similar to actual  in situ system  conditions may  be  achieved.  The  ability  to  backpressure  a 
soil  specimen  also has an  advantage:  saturation of the  system  may  be  achieved  in  a  much  more 
timely  manner.  This  is  important  because  voids  remaining  filled  with air will  impede  the  flow 

Geosynthetics  Conference 2001 
412 



of  water  through  the  system, thus undermining  the  integrity  of  the  results.  Backpressure 
saturation  remains  the  most  effective  means  of  obtaining  complete  system  saturation. 
Additionally,  its  use  allows  a  convenient  method  of  determining  the  approximate  degree  of 
saturation  through  performing  a  check  of  the  B-parameter  (Skempton,  1954;  Bishop  and  Henkel, 
1962). A third  advantage  of the test  is  its  prevention  of  piping  along  permeameter  walls.  The 
use  of  a  flexible  membrane in the  HCR  test  and  an  applied  cell  pressure  effectively  prevents 
such  occurrences.  Lastly,  the  HCR  test  allows  the  use of higher  applied  gradients.  This  helps 
in  simulating  some  field  conditions as well as expediting the onset  of  equilibrium,  especially  for 
some  fme-grained  soils. 

The main disadvantage  of  the  HCR  test is that  it  cannot  directly  measure  head  losses 
within  the  soil-geotextile  system.  Because  of this, the  actual  hydraulic  conductivity  of  the  soil 
alone  cannot  be  accurately  determined. 

THE FLEXIBLE  WALL  GRADIENT  RATIO (FWGR) TEST 

ConceDt 

The  flexible  wall  gradient  ratio  test  was  conceived to overcome  many of the  limitations 
associated  with  the  existing  test  methods.  It  is  essentially  a  marriage of the  standard  gradient 
ratio  test  (ASTM D 5 101)  and  the  flexible  wall permemeter test  (ASTM D 5084). The  goals in 
developing  the  test  were to overcome  the  disadvantages  associated  with GR and  HCR  testing 
while  utilizing  the  advantageous  concepts  inherent in these  existing  tests. 

The  test is performed  in  a  slightly  modified  triaxial  cell  utilizing  a  new  latex  membrane. 
A candidate  geotextile  specimen  is  placed or? the  bottom  platen  and  a  soil  specimen  is 
constructed atop this.  Specimen  preparation  is  similar to that  of  a  standard  triaxial  test  (Head, 
1994;  Bishop  and  Henkel,  1962).  The  membrane is fabricated  with  latex  ports to allow  the 
measurement  of  hydraulic  head  at  specific  elevations.  Continuous  tubing  from  these  ports  exit 
the  cell via the  cell  base  and  connect to a  pressure  transducer  manifold.  Figure 2 shows  a 
schematic of the flexible  wall  gradient  ratio  test.  Figure 3 shows  a  close-up of the  FWGR 
specimen. 

The  test  allows  the  determination of a  flexible  wall  gradient  ratio  (FWGR)  exactly  like 
the  gradient  ratio  criterion  developed firom  ASTM D 5 10 1. 
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The FWGR test  offers  several  advantages: 
1. It allows  measurement  of  internal  head  losses  in  the  soil-geotextile  system. 
2. Hydraulic  conductivity  of  both  the  soil  alone  and  the  soil-geotextile  system are 

3. It  allows  backpressure  saturation. 
4. Stress  conditions in the  test  are  controllable. 
5 .  It  effectively  prevents  piping of frnes  and  water  flow  along  cell  walls  by  utilizing a 

6.  It  allows  the  stress  history  of  the  specimen to be  accurately  modeled. 
7. It  allows  soil  parameters such as specimen  density  and  void  ratio to be  controlled  such 

8. The  use  of  pressure  transducers  and  backpressure  allows  the  use  of  automatic  data 

directly  determined. 

flexible  membrane  and an applied  cell  pressure,  allowing any soil to be  tested. 

that  they  represent  field  conditions. 

acquisition,  thereby  eliminating  scribal  and  operator  errors. 
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Figure 3. Schematic  of the F WGR  Specimen. 

Prototype 

A prototype of the flexible  wall  gradient  ratio  device  has  been  designed  and  constructed. 
A cylindrical soil specimen 7.1 1 cm (2.8 in.)  in  diameter  and 10.16 cm (4 in.)  high sits atop  a 
5.08 cm (2 in.)  platen in a  pressurized  chamber. As shown  in  Figure 3, the specimen is 
surrounded  by  a  flexible  membrane  and  sealed at the top and  bottom  platens  by  O-rings. A 
candidate  geotextile  filter  is  located  underneath the soil specimen.  Latex  ports  are  built  into the 
special  latex  membrane  that  surrounds  the  specimen.  Tubing  is  inserted  into  these  ports  and 
then  exits the pressurized  chamber via O-ring  compression  fittings  in the cell base. As shown  in 
Figure 2, the hoses  then run continuously to a  manifold of eight  pressure  transducers  connected 
to a  data  acquisition  system. 

Currently, two 3000 cm3  pressurized  chambers  are  used as influent  and  effluent 
reservoirs. An applied  gradient  may  be  achieved  using  these  chambers  by  setting  up  either  a 
pressure  head  differential  or  an  elevation  head  differential.  For  prototype tests, an  elevation 
head  differential  was  used  to  achieve  an  applied  gradient  of  approximately 10. This  applied 
gradient  was  chosen  purely  for  purposes of comparing the FWGR test to the GR  test (ASTM D 
5 101). In  practice, an applied  gradient  simulating  flow  conditions  anticipated  in  the  field  should 
be  used.  The  influent  reservoir  is  connected to the top of the specimen  through  the  top  platen; 
the eMuent  with the bottom  of  the  specimen  through the bottom  platen. 
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The pressure  transducer  manifold  measures  total  pressure  at  eight  different  locations. Six 
of  these  locations are located  within  the  soil  column.  The two additional  transducers  measure 
the  total  pressure at the top and  bottom  of  the  specimen.  One is connected to a  port  through  the 
bottom  platen  and  reads  immediately  beneath  the  geotextile  filter.  The  other  reads  the  pressure 
in  a  porous  stone  located  on  top  of  the  soil  via  a shaft through  the  acrylic  top  cap. 

TEST RESULTS 

A series  of  tests  was  performed  with  the FWGR prototype to determine  the  clogging 
potential of two geotextile  filters.  Two wel l -wed glacial  till  soils  were  used  in  combination 
with two different  nonwoven  geotextiles.  Geotextile  properties  are shown below  in  Table  1,  and 
grain size distributions  for  the two soils  are shown in  Figure  4.  Each  of  these  combinations  was 
also tested  using the ASTM D 5101 gradient  ratio  test  for  comparison  purposes. To attempt to 
eliminate  unnecessary  variability  in  the  comparison  of  the two test  methods,  parameters such as 
specimen  density  and  construction,  applied  gradient,  water  source  and  temperature  were  all 
strictly  controlled.  FWGR tests were  performed  at  a  gradient  of  approximately 10 to compare 
their  results  with GR  test  results. 

Table  1. Summary  of  Geotextile  Characteristics 

Geotextile 
Property NW03  NW02 
Type Needle-punched  continuous  Needle-punched  continuous 

filament  nonwoven filament  nonwoven;  slight 
heat  set  on  one  side 

Raw  Material 

0.15-0.21 0.210 Apparent  Opening  Size (mrn) 
2.0  2.4 Thickness (mm) 
2 14 24 1 Masdunit Area  (dm’) 

Polypropylene  Polyester 
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Figure 4. Grain  Size  Distributions  of  Till  1  and  Till 2. 

Plots of GR  and  FWGR  with  elapsed  time are shown  below  in  Figures  5  through 8 for  the 
four  combinations of soil  and  geotextile  tested.  The  plots  indicate  that the flexible  wall  gradient 
ratio  test  predicts  basically  the  same  clogging  behavior as the  standard  gradient  ratio  test.  Figure 
5 shows  the  results  from  tests  GR0102a, GRO102b and  FWGR0102a.  Both  GRO102a  and 
GRO102b  were  conducted  under identical  conditions,  including flow regime  and  environmental. 
Both  were carellly monitored to ensure  variability  in  the  geotextile  and  soil  specimen  was 
minimid. It should  be  recognized  that  the  FWGR,  like the GR,  is  meant to be  an indicator of 
cloggingpotential, not a  numeric  design  parameter.  When  viewed  in this light,  both  tests  give 
about  the  same  result;  that  is,  they  both  predict  the  same  filtration  behavior.  In  Figure 5, test 
FWGR0102a  indicates  a  FWGR of about  1.75 to 2.25, while  the GR tests  indicate  a GR of about 
2 to 2.75. This m e r  reinforces  the  concept  that  the  criteria on  which to base  the  acceptance or 
rejection of a  particular  filter for particular  soil  and  hydraulic  conditions  should  be left to the 
design  engineer. 

Additionally,  the  plots  show  that  an  accurate  determination of the system’s  clogging 
behavior  may be made  quite  early  on  using  the FWGR.  All  FWGR  results  shown  came to 
equilibrium.  Likely  due to the  ability to saturate  using  backpressure,  an FWGR test  takes  much 
less  time to come to equilibrium  than  a  standard GR test  for  the soils and  geotextiles  tested.  For 
these  tests,  the  FWGR  test  seems to take  not  much  longer  than  500  hours to reach  equilibrium. 
In fact,  some  cases  illustrate  that  the  clogging  potential  of  a  soil-geotextile  system  may  have 
been  assessed  quite  early on using  the FWGR  test.  In  Figures 8, 9 and  10,  the  FWGR  is 
virtually  constant  after  about  200  hours  (a  little  over  a  week). This amounts to 75% of the  tests 
carried  out  thus  far, and is a  good  indication  that,  for  these  soil-geotextile  combinations,  results 
may  be  obtained  from  the  FWGR  test  more  rapidly  than  with  the  GR  test.  Also,  the  FWGR  test 
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does  not  seem to experience  the  wide  initial  fluctuations  its  ratio  (FWGR) as the GR  test  does  in 
its  ratio  (GR). Thus, a  tentative  prediction  of the clogging  behavior  of  a  geotextile-soil 
combination  may  be  made  very  early (in a  matter of several  hours)  with the FWGR  test.  This is 
especially  true  when  it  is  recognized  that,  in  terms  of  the  indication  of  clogging  potential, the 
final  numeric  value  obtained fiom the  test is of  little  importance  compared to the  general  trend 
observed. 

Hydraulic  conductivity  in the FWGR test  can be directly  determined  for  both  the  system 
as a  whole  and  for the soil  alone,  much  like  the  standard  GR  test.  This  represents an advantage 
over  the  HCR  test  when  gap-graded  soils  or silts are to be  tested. 

Additionally,  it  should  be  noted  that  no  piping  was  observed  in  any  FWGR  test.  Slight 
piping  along the penneameter  walls  was,  however,  witnessed  in  GR  tests GRO 102%  GRO102b 
and GRO103a in spite of  the  installation  of  piping  barriers. 

FUTURE DEVELOPMENTS 

The  test  results  fiom  the  prototype  flexible  wall  gradient  ratio  are  promising  because  they 
seem to predict  generally  the  same  clogging  behavior as the ASTM D 5 101 gradient  ratio  test. 
Additionally, the FWGR test  has  many  advantages  associated  with  its  use as was  previously 
outlined.  Anticipated  developments  include  the  following: 

1. Modification  of the lower  end  cap  to  allow h e  piping  of  fines  beneath the geotextile. 
2. Testing of greater n u m k  of  soils  and  geotextiles to veri@ the capabilities of the 

3.  Comparison  of  FWGR  test  results  with  HCR  test  results. 
4. Comparison  testing  of  gap-graded soils in the FWGR  device as well as conventional 

FWGR test. 

test  methods. 

CONCLUSIONS 

A prototype  device,  the  flexible  wall  gradient  ratio  device, has been  developed  for 
determining the clogging  potential of geotextile  filters.  The  FWGR test represents an 
improvement  over  other  commonly  used  tests  for  a  number  of  reasons. It allows  direct 
determination of soil as well as system  hydraulic  conductivity. 

Secondly,  it p e r m i t s  saturation by backpressure, thus dramatically  shortening the time 
required to obtain  results.  Testing  times  were at most  half  those  of  conventional  GR  testing.  In 
one case  (tests FGRO 103a  and  GRO103a)  testing  time  for  the  FWGR  was  only  10%  of  that 
required  for  a  conventional  GR  test. 



Thirdly,  stress  conditions are controllable,  thus  permitting  accurate  modeling  of  the  in- 
situ state. 

Lastly,  piping  along  the  walls  of  the  device  is  effectively  eliminated. 

The  prototype  FWGR  device  demonstrated  that  the  concept is workable,  and  that  valid 
results  can be obtained.  The  FWGR is a significant  improvement  over  other  standard  filtration 
tests,  providing  advantages  not  common to all  of  these  tests,  while  at  the  same  time  overcoming 
many  shortcomings  inherent in common  procedures. 
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TESTING  AND  SPECIFICATIONS FOR GEOTEXTILE  FILTERS  IN  CYCLIC 
FLOW  APPLICATIONS 

R. JONATHAN  FANNIN,  UNIV. OF BRITISH  COLUMBIA 
RASHMI  PISHE,  UNIV.  OF  BRITISH  COLUMBIA 

ABSTRACT 

Gradient  ratio  tests  were  performed  on  a  sand  and  silty  sand,  in  combination  with  a 
nonwoven  and two woven  geotextiles.  The  test  device  was  modified to impose  either  a 
unidirectional  or  cyclic  flow  regime.  Observations  of  gradient  ratio,  permeability  of  the  soil- 
geotextile  composite  zone  and  the  mass  of  soil  passing  were  used to assess  filtration 
compatibility.  The  results  indicate  a  very  similar  behaviour  in  a  nonwoven  and  woven 
geotextile  of  the  same  Apparent  Opening  Size.  Observations  show  that,  where  there  is  a 
tendency  for  a  piping  action  in  cyclic  flow,  the  loss  of  soil  initiates  very  quickly.  Comparison  of 
the  results  against  the  existing  specification  criterion  for  cyclic  flow  suggests it may  be  overly 
conservative. 

INTRODUCTION 

Filters  are  used  in  many  engineering  works  where  the  consequences  of  poor  performance 
are  critical,  including  earth  dams,  coastal  protection  structures  and  waste  containment  facilities. 
Factors  influencing  performance  include  (i)  type  of  application,  (ii)  soil  properties,  (iii)  filter 
properties,  (iv)  fluid  properties,  (v)  hydraulic  conditions,  (vi)  confining  stresses  and  (vii) 
construction  and  quality  control  practices.  The  design  requirements  to  be  satisfied  are  soil 
retention  and  permeability.  Conventional  design  criteria  generally  result in an  acceptable  filter 
performance  in  routine  application.  Challenges  to  routine  practice  include  soils  that  are 
potentially  internally  unstable  and  groundwater  conditions  that  involve  reversing  hydraulic 
gradients.  These  are  complex  challenges  in  filtration  for  which  geotextiles  offer  a  potential  for 
significant  cost-benefits. 

Performance-based  assessments,  such  as  the  Gradient  Ratio  test,  are  necessary  for 
assessment  of  soil-geotextile  compatibility.  While  a  significant  body of test  data  exists  to 
describe  soil/geotextile  interaction  for  conditions  of  unidirectional  flow  (Faure  and  Mylnarek, 
1998), very  few  experimental  studies  have  characterized  the  influence of cyclic  flow  on 
filtration  compatibility  (Cazzuffi  et  al., 1999; Hameiri, 2000; Chew et al. 2000). This  leads  to 
some  uncertainty  in  the  specification  of  geotextiles  for  construction  applications  where  cyclic 
flow  conditions  govern  in  design.  Furthermore,  there  is  little  information  on  the  relative 
behavior  of  nonwoven  and  woven  geotextiles  under  such  conditions  of  reversing  hydraulic 
gradient.  This  has  led  to  some  uncertainty  in  design  guidance  for  these  applications.  In  this 
paper  we  describe  the  results  of  Gradient  Ratio  tests  in  which  the  soil-geotextile  filtration  zone 
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was  subject  first  to  unidirectional  flow  and  then  to  reversing  flow.  Data  are  reported  from  tests 
performed  on two soils  and  three  geotextiles.  The  objective  of  the  work  is  to  examine  the 
relative  performance  of  nonwoven  and  woven  geotextiles  in  the  different  hydraulic  conditions. 
An interpretation  of  the  data  addresses  the  requirements  of  current  filtration  design  criteria  for 
unidirectional  (or  steady-state)  flow  and  reversing  (or  dynamic)  flow  conditions. 

CYCLIC  GRADIENT  RATIO  TEST  DEVICE 

A rigid-wall  permeameter  of  diameter 102 mm  accommodates  a  soil  specimen,  of  length 
(L) approximately 100 mm,  that  is  reconstituted  directly  on  top  of  the  geotextile  sample  (see 
Fig. 1). Water  flows  through  the  system  under  a  controlled  differential  head  (H).  Measurements 
of  water  head  at  selected  locations  along  the  permeameter  are  used  to  establish  the  variation  of 
hydraulic  gradient  through  the  soil  and  across  the  geotextile  (see  Table l), and  hence  the  value 
of  Gradient  Ratio  (GR).  The  measurement  is  taken  automatically  using  differential  pressure 
transducers  that,  in  contrast  to  manometers,  are  suitable  for  observation  of  both  steady-state  and 
transient  pressures. 

Port  Number Location 
1 

3 

On the  top  plate  (above  the  sample) 

25 mm above the geotextile 5 

75 mm above  the  geotextile 

6 8 mm above  the  geotextile 

7 Below  the  geotextile  and  sample 

Table 1. Location  of Ports on  the  Permeameter 

The  arrangement  of  the  permeameter  and  constant-head  tanks  for  inlet (I), inlet-outlet (I- 
O) and  outlet (0) flow  is  shown  in  Fig. 1. The  tanks  are  supplied  from  the  reservoir  by  a 
peristaltic  pump.  Downward  seepage  in  the  permeameter  is  controlled  by  flow  from  the 1-0 to 
the 0 tank  and,  conversely,  upward  seepage  by  flow  from  the I to  the 1-0 tank.  Hence  the  top  of 
the  soil  specimen  is  maintained  at  a  constant  head  throughout  the  test.  The  control  of  seepage 
direction  is  achieved  using  a  solenoid  valve  (Valve 1, Fig. 1) that is directed,  by  computer 
software,  to  route  flow  from  the  inlet  tank  to  the  permeameter  or  route  flow  from  the 
permeameter  to  the  outlet  tank.  The  arrangement  allows  for  either  unidirectional  or  cyclic  flow 
across  the  geotextile  filtration  zone. 

Other  features  of  the  device  include  an  axial  loading  system  to  impose  a  normal  stress (CY) 
on  the  top  of  the  soil  specimen,  and  an  automated  flow  measurement  system  for  determination 
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of  permeability (k). A  collection  trough  below  the  geotextile  is  used  to  measure  the  mass  of  soil 
passing  through  the  openings  of  the  fabric:  a  grain  size  distribution  curve  is  then  determined 
using  an  X-ray  particle  size  analyzer.  A  complete  description  of  the  device  is  given  by  Fannin 
and  Hameiri  (1999)  and  Hameiri  (2000). 

TEST  MATERIALS 

Test  results  are  reported  for two sandy  soils.  Physical  properties are given  in  Table  2  and 
grain - size  distribution  curves  are  shown  in  Figure  2.  The  Fraser  River  Sand  (F330)  is  a 

Name USCS Angularity C, Dl0 D50 DE5 Code 
(m) D6alO (m) (m) 

Fraser  River 

SM Angular 3.3  0.060 0.178 0.290 M290 Mine  Waste 

SP Rounded 1.8 0.155 0.260 0.330  F330 
Sand 

Tailings 

Table  2.  Physical  Properties  of  the  Soils 

uniformly-graded  fine  sand  with  a  trace  of  silt,  taken  from  the  delta  of  the  Fraser  River  at 
Vancouver,  B.C.  A  soil  group  symbol  is  assigned  according  to  the  Unifed  Soil  Classification 
System  (USCS) in Table  2.  The  grains  are  rounded  from  fluvial  transport.  The  mine  waste 
tailings  (M290)  is  a  uniformly-graded  silty  sand fiom the  Highland  Valley  copper  mine,  near 
Hope,  B.C.  The  grains  are  angular  as  a  result  of  crushing. 

The two soils  were  tested in  combination  with  three  geotextiles,  for  which  properties  are 
reported  in  Table  3.  Two  geotextiles  have  the  same  apparent  opening  size  of  0.2  12 mm, but  are 
of  different  style,  one  being  a  needle-punched  nonwoven  (NW212)  and  the  other  a  woven  fabric 
of  monofilament  and  multifilament  yam  construction  (W212).  The  other  woven  geotextile 
(W425)  has  a  significantly  larger  opening  size  of  0.425  mm.  All  three  are  made  of 
polypropylene  fibers. 

The  materials  were  selected  to  examine  the  relative  performance  of  nonwoven  and  woven 
geotextiles  under  unidirectional  and  cyclic  flow.  The  soils  were  selected as representative  of 
problematic  soils  for  applications  where  cyclic  flow  is  a  factor  in  design.  Results  of  six  tests  are 
reported  on  reconstituted  soil  specimens  that  were  subject  to  multi-stage  flow  test. 
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Physical  properties Filtratiodhydraulj 

Mass Puncture 

ASTM CWO- ASTM ASTM ASTM  ASTM 
size area strength  elongation  strength D4833 area 

opening open burst tensile/ tearing ASTM per  unit 
Apparent Percent Mullen Grab Trapezoid 

Geotextile Structure D5261 D4533  D4632  D3786  D4751  22125 

(dm2> (“w (@a) ( W  ( W  (M) 
NW212 

0.425  NA 5506 1.78x1.40  0.67x0.89 0.67  287 W  W425 
0.212  4-6 3304  1.65x1.11 0.45x0.27  0.60 240  W w212 
0.212  NA  1550  0.53x0.53  0.22x0.22 0.31  182 Nw 

Note: NW = nonwoven;  W = woven;  N/A = not  available 
Table 3. Material  Properties  of  the  Geotextile 

: properties 

Permittivity 
ASTM 
D449  1 

(sec-’) 
1.80 
0.28 
0.90 

TEST  PREPARATION  AND  METHODOLOGY 

The  soils  were  reconstituted  using  techniques  that  replicate  a  homogeneous,  saturated 
specimen  (Pishe,  2000).  For  the  Fraser  River  sand,  a  water  pluviation  technique  was  used  that  is 
well-suited  to  uniform  sands  (Vaid  and  Negussey,  1988).  It  simulates  the  deposition  of  sand 
through  water  found  in  many  natural  environments  and  mechnically-placed  hydraulic  fills.  A 
small  drop  height  is  required  to  reach  terminal  velocity  in  the  water-filled  permeameter, 
resulting  in  a  loose  deposit.  In  contrast,  the  mine  waste  tailings  was  reconstituted  using  a  slurry 
deposition  technique  (Kuerbis  and  Vaid,  1988).  The  soil  is  prepared  as  a  slurry  and  then  placed 
in  the  permeameter  using  a  spoon.  The  water  level is controlled  such  that  placement  occurs  at 
zero  drop  height  below  a  very  shallow  layer  of  standing  water,  thereby  preventing  any  tendency 
for  particle  seggregation.  Again  the  result  is  a  loose  deposit.  The  soil  sample  is  finally 
densified  to  a  target  value  by  lightly  tapping  the  wall  of  the  permeameter,  and  leveled  by 
siphoning  the  top  surface  to  provide  a  sample  length  of  approximately 100 mm.  The  approach 
involves  preparation  of  a  saturated  soil  specimen,  which  is  then  consolidated  and  leveled,  and  is 
different  from  that  of  ASTM D 5 10 1. 

Test  variables  examined  were  (i)  the  flow  regime  (unidirectional  or  cyclic),  (ii)  the 
imposed  normal  stress (0 or  25kPa),  and  (iii)  the  frequency  of  cyclic  flow  reversal  (0,02  or 0.1 
Hz). All tests  were  conducted  for  a  constant  value  of  differential  head (H, see Fig.l), to  achieve 
a  mean  hydraulic  gradient  across  the  soil  specimen  of  approximately iI7 = 2 for  tests  on  the 
Fraser  River  sand  and iI7 = 4 for  tests  on  the  mine  waste  tailings.  The  multi-stage  test  sequence 
is  illustrated  in  Table 4. The  test  variables  were  slelcted  for  purposes  of  sensitivity  analysis,  and 
to  not  replicate  select  field  conditions.  The  initial  unidirectional  stage  (UNI1)  was  used  to 
characterize  the  specimen.  Thereafter  each  cyclic  stage  was  followed  by  a  companion 
unidirectional  stage  that  was  used  to  characterize  the  post-cyclic  nature  of  the  specimen. 
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CYC5OS imposed  a  relatively  slow  flow  reversal  on  the  surcharged  specimen,  at  a  period  of 50 
s. The  period  was  shortened  to  10 s in  CYClOS,  and  the  surcharge  then  removed  in  CYClON. 

Unidirectional Unidirectional Cyclic Unidirectional Cyclic Unidirectional Cyclic 

Stage c c + c + c + 
UNI 1 uNI4 CYC 1 ON UN13 CYClOS UNI2 CYCSOS 

Normal 
stress 0 0 25 25 25 25 0 
(Ha) 

Frequency 0 0.02 0 0.1 0 0.1 
(Hz) (T= 1 0 sec) (T=l 0 sec) (T= 50 sec) 

0 

Duration/ 
limiting 

condition 
90 minutes or 

(1 6 hours) until  stable 
1152 cycles 30  minutes  or 

until  stable (43.3 min) until  stable (43.3 min) until  stable 
30  minutes  or 260 cycles  30 minutes  or 260 cycles 

Table  4.  Multi-stage  test  sequence 

TEST  RESULTS  AND  DISCUSSION 

The  behavior  of  each  specimen is described  with  reference  to  values  of  Gradient  Ratio, 
permeability  of  the  soil-geotextile  filtration  zone,  and  the  mass  of  soil  passing  through  the 
geotextile.  The  Gradient  Ratio  value  is  an  index  of  compatibility  in  filtration.  The 
configuration  of  port  locations  on  the  wall  of  the  permeameter  (Table 1) is used  to  establish  a 
value  that is consistent  with  the  definition  of  ASTM 5 10 1 : 

and  a  modified  value  based  on  an  additional  port  located  very  close  to the top  surface  of  the 
geotextile: 

GRmOd = iS7 (2) 

A  summary  of  each  value  is  provided  in  Table  5,  for  each  combination  of  soil  and 
geotextile, from measurements  taken  during  the  stages  of  unidirectional  flow.  All  values  are 
close  to  unity  during  the  initial  stage (UNIl), which  implies  a  uniform  hydraulic  gradient 
throughout  the  specimen.  This is evident  in  the  relation  between  water  head  and  distance  from 
the  top  of  the  geotextile  illustrated,  in  Figure  3,  for  each  of  the  soils  with the woven  geotextile  of 
larger  AOS. No change  occurs  in  this  relation  for the Fraser  River  sand  (Figure  3a)  during  the 
test,  and  the  Gradient  Ratio  values  remain  close  to  unity  (Table  5).  This is characteristic  of  all 
tests  except  M290-W425,  for  which  the  Gradient  Ratio  decreased  significantly  during  the  first 
stage  of  cyclic  loading  (CYC5OS)  and  remained  nearly  constant  thereafter.  This  describes  a 
change  in  the  water  head  distribution,  from  an  initial  linear  relation  to  one that indicates  smaller 
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head  losses  adjacent  to  the  geotextile  (Figure  3b).  The  frequencies  of  cyclic  flow  (0.02Hz  and 
0.1  Hz)  were  found  to  be  slow  enough  to  permit  flow  reversal  and  the  establishment  of  a  steady- 
state  profile of water  head  distribution  across  the  test  sample  in  the  Fraser  River  sand,  and  also, 
barely,  in  the  mine  waste  tailings. 

0 5 10 15 2 
Water  head,  hi (cm) 

Figure  3(a).  Test  F330-W425:  Water  Head  Distributions 

The  smaller  head  losses  are  indicative  of  a  more  permeable  zone  developing  during  the 
M290-W425  test. A summary  of  permeability (b7) in  the  soil-geotextile  zone  between  ports 6 
and 7 is  given  in  Table 6.  Inspection  shows  that  initial  values  for  the  Fraser  River  sand  are  an 
order of magnitude  larger  than  the  more  silty  mine  waste  tailings,  and  remain  constant  in  the 
range  21  to  29 x c d s .  For  the  mine  waste  tailings,  the  permeability (b7) varies  little  in  two 
tests,  but  increases  significantly  in  M290-W425  during  the  first  stage  of  cyclic  loading (f = 0.02 
Hz).  The  increase of was  found  to  occur  continuously  throughout  the CYC5OS stage  of  flow 
(see  Figure  4).  Subsequent  cyclic  flow,  at  f = 0.1 Hz,  does  not  appear to result  in  any  further 
change  to b7 (see  Table 6).  
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0 20 40 6 
Water head, hi (cm) 

Figure  3(b).  Test  M290-W425:  Water  Head  Distributions 

Stage I UNll 1 UN12 1 UN13 1 UN14 
Normal  Stress I 0 0 25 25 
( k W  
Freauencv (Hz) I 0 0 0 0 

I '  - .  , ,  I 

Table 5 .  Gradient  Ratio  Values (GRS7/Gh7) 

No soil  was  found  to  pass  through  the  geotextile  during  sample  preparation.  Any  soil 
particles  that  passed  through  the  geotextile,  under  the  influence  of  seepage  forces,  were  gathered 
in  the  collection  trough  during  each  stage of the  test  and  subsequently  dried  and  weighed. 
Results  are  summarized  in  Table 7. There  was  no  detectable  loss of Fraser  River  sand  through 
the  geotextiles,  in  either  unidirectional or cyclic  flow.  The  change  in  permeability ( b 7 )  for  the 
M290-W425  test,  in  the  first  stage of cyclic  flow,  is  attributed  to  the  migration  of  fines  (313 
g/m2)  from  within  the  soil  matrix  adjacent  to  the  geotextile.  The  quantity  is  not  believed 
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significant,  given  the  recommendations  of  Lafleur  et  al. (1989) to  consider  a  threshold  of 2500 
g/m2  for  piping.  While  no loss of  fines  occurred  with  unidirectional  flow,  the  additional two 
stages  of  cyclic  flow  at  higher  frequency  induced  a  further  very  small  migration  of  soil  through 
the  geotextile. 

I.i a 

M290-NW212 

M290-WI 2 

M290-kV425 1 
/ 
a 

0 400 800 120 
Number of cycles, N 

Figure 4. Variation  in  Permeability  of  Soil-Geotextile  Filtration  Zone  with  Number of Cycles: 
Soil M290 ( = 25 kPa,f= 0.02 Hz) 

Stage I UNll 1 UN12 I UN13 I UN14 
Normal  Stress I 0 25  25 0 
( k W  
Frequency (Hz) 0 0 0 0 

F330-NW212 

28.2128.2  28.1128.1 27.9127.9 28.6123.4 F330-W425 
25.0121.4  23.3121.6 24.9121.3 24.4120.9 F330-W212 
26.4129.3  31.2128.4 28.8128.8 25.8128.7 

M290-NW212 

3.7111.0 4.719.3 5.3110.6 1.511.5 M290-W425 
2.412.2 2.612.1 2.712.1 1.510.9 M290-W212 
2.613.3 2.913.3 2.813.2 1.411.3 

Table 6. Permeability  of  the  Soil-Geotextile  Filtration  Zone 
(k&7, x c d s )  
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Stage IAOS/D85\ UNll I CYC5OS I UN12 I CYCIOS I UN13 I CYCION I UN14 
Normal  stress I 1 0 1  25 I 25 I 25 I 25 I 0 0 
( k W  
Frequency (Hz) 0 0.1 0 0.1 0 0.02 0 

Table  7.  Mass  of  Soil  Passing  (g/m2) 

1 

0.0 

F330-W212 

0 F330-W425 0 F330-W425 

M290-W212 0 M290-W212 
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0 ,  
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UNIDIRECTIONAL I 

- 1  - 1  

2 < c u < 4 1  c u e 2  I 
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I I 

I I 

I I 

I I 

I I 

I I - 
1 .o 1.5 

AOSID85 
2 .o 

Figure 5. Relationship  Between  Mass  of  Soil  Passing  and  Ratio AOS/Ds5: Woven  Geotextiles 

The  relation  between  mass of soil  passing  and  the  ratio AOS/D85 is  shown,  in  Figure 5, 
for  the  first  stage  of  unidirectional  flow  and  the  first  stage  of  cyclic  flow.  Criteria  for 
specification  of  geotextiles  are  also  reported  (after  Holtz  et  al.,  1997).  The  recommendation  for 
unidirectional flow with  the  Fraser  River  sand (C, = 1.8) is: 

AOS  /Dss < 1.0 
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and  for  the  mine  waste  tailings (Cu = 3.3)  is: 

AOS/Dg5 < 1.7 

The  recommendation  for  both  soils  in  cyclic  flow  is: 

AOS/D85 < 0.5 

All  tests  showed  compatibility  in  unidirectional  flow,  and  are  consistent  with  the 
specification  criteria,  with  exception  of  F330-W425 = 1.3)  which is slightly 
unconservative  and  yet  yields  an  acceptable  performance.  Three  of  four  tests  showed 
compatibility  in  cyclic  flow,  the  exception  being  that  with  the  largest AOS/D85 ratio  of 1.5. It 
appears  from  these  very  limited  tests  that  the  specification  criterion,  which  was  not  met  by  any 
of  them,  may  be  somewhat  conservative. 

SUMMARY 

The  modified  gradient  ratio  device  was  used  in  filtration  tests  for  unidirectional  and 
cyclic  flow  on  2  soils  and  3  geotextiles  with  the  intent  of  examining  the  relative  Performance  of 
nonwoven  and  woven  geotextiles  in  different  hydraulic  conditions.  The  results  were  used  to 
evaluate  the  specification  criteria  for  unidirectional  and  cyclic  flow  as  they  exist  in  current 
design  guidance. 

The  first  soil,  a  uniform  Fraser  River  sand  (Cu = 1.Q was  prepared  using  water 
pluviation  while the second,  a  more  broadly  graded  mine  waste  tailings  material  (Cu = 3.3),  was 
prepared  using  slurry  deposition.  Both  methods  proved  to  produce  saturated,  homogeneous 
samples  as  reflected  in  the  linear  head  distributions  during  the  initial  unidirectional  stage  of  the 
test. 

All  GR  values  were  close to unity  during  the  tests  on  the  Fraser  River  sand  (average 
sample  gradient, i17 = 2.0).  For  the  mine  waste  tailings ( i17 = 4.0),  all  tests  but  one  behaved  in 
the  same  manner.  The  exception  was  test  M290-W425,  in  which  the GR values  decreased  from 
an  initial  value  of  unity  during  the  first  unidirectional  stage  to  less  than 0.5 after  the  first  cyclic 
stage.  The  permeability, b7, values  show  a  corresponding  order  of  magnitude  increase  from  an 
initial  1.5  x cdsec  to  10.6  x lo” cdsec. Inspection  of  the  particles  passing  through  the 
geotextile  shows  the  majority  of  soil  migrated  through  during  that  first  cyclic  stage. 

In  testing,  the  nonwoven  geotextile  had  an  AOS/Ds5  ratio  of  approximately  0.6  and  the 
woven  geotextiles,  a  ratio  in  the  range  of 0.6 to  1.5.  For  tests  with  AOS/Ds5  less  than 1, both 
soils  perform  well  under  unidirectional  and  cyclic  flow.  The  nonwoven  and  woven  geotextiles 
with  AOS/Dg5 = 0.6 exhibited  the  same  behaviour  in  these  test  conditions.  A  broader  range  of 
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AOS/DS5  was  examined  with  the  woven  geotextiles  to  allow  evaluation  of  specification  criteria 
for  the  different  flow  conditions  (unidirectional  versus  cyclic).  All  tests  showed  acceptable 
performance  in  unidirectional  flow,  and  all  but  one  test  are  consistent  with  current  specification 
criteria.  The  exception  has  an  AOS/DS5 = 1.3,  which  despite  a  minor  inconsistency  with  the 
specification  criterion  (AOS < D85) performed  adequately. In cyclic  flow,  all  but  one  test 
(M290-W425,  AOS/DS5 = 1.5)  demonstrated  compatibility.  Since  the  others  did  not  conform  to 
an  existing  specification  criterion  for  cyclic  flow  (AOS c 0.5 Ds5), yet  still  performed 
satisfactorily, it appears  this  criterion  may  be  overly  conservative. 

Experience  with  the  automated  cyclic  GR  test  device  shows  that  a  proper  interpretation  of 
filtration  compatibility is dependent  on  good  measurement  of  water  head  (hence  hydraulic 
gradient)  and  flow  rate  (hence  permeability).  Therefore,  achieving  a  fully  saturated  soil 
specimen  is  essential.  Subtle  changes  in  water  head  distribution  are  better  detected  with  the 
additional  measurement  (port  6)  very  close  to  the  geotextile.  Furthermore,  the  collection  and 
weighing  of  soil  particles  passing  through  the  geotextile  has  proven  valuable  to  a  complete 
interpretation  of  the  filtration  compatibility. 
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ABSTRACT 

Geosynthetics have been  used extensively in Indiana for transportation-related projects  which 
include,  but are not necessarily limited to, silt fences, geotextiles for underdrains, geogrids  over 
weak foundations, and geogrids in subgrade stabilization. Highway pavement replacement  and 
widening projects have increased in number due to  the age of Indiana roadways and  increased 
traffic volume, especially in urban areas. Constructing a stable subgrade can be difficult in 
urban  areas because of wet and unstable soil conditions, utility conflicts, traffic volume, time 
limitations  and economic constraints. As a result, the Indiana Department of Transportation 
(INDOT) developed a Standard Specification, Section 617, for the stabilization of  weak 
subgrades using geogrids. Section 617 is  most appropriate where wet and  unstable  subgrade 
soils occur in short sections and as a result, chemical stabilization or undercut and replacement 
repairs would not be cost effective. Section 617 can be implemented  by  standard  construction 
equipment and the method  is quick and reliable. This paper presents a case history  in  which 
geogrids have been successfully used to stabilize wet and soft subgrades. Pavement 
performance over a one year period is  presented  and  compared  with data taken from  an adjacent 
control section of the roadway without geogrid stabilization. It is planned that the performance 
of the pavement test section will be monitored  for a minimum  of 3 years. Principle benefits 
from the use of geogrids for this project were ease of installation, speed of  construction  and 
project cost savings. 

INTRODUCTION 

The Indiana Department of Transportation (INDOT) has increased the pace of improving 
its highway system during the past few years. The increase in rehabilitation and  reconstruction 
of the current highway network is attributed to  the importance of mobility for economic 
development, aging of existing highways,  and  an increase of funds. Although rehabilitation  of 
existing road is the most economical and feasible means of system improvement, total 
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reconstruction is often essential and requires the removal of pavement, thus exposing the 
subgrade. Exposed subgrade can become a difficult problem for construction, especially  when 
the proposed  roadway  is  at-grade or in a cut with cohesive soils at high moisture content. The 
problem  is often multiplied if the construction happens to be in a city where space and time 
limitations reduce the options for subgrade  improvement. 

In the late 
evaluation  based 
(INDOT, 1997). 
various subgrade 

1980’s, the INDOT Geotechnical Section developed guidelines for  subgrade 
on the relative compaction  and moisture content of the existing subgrade 
Using geotechnical field  and  laboratory tests, a subgrade is  evaluated  and 

improvement methods are recommended, such as: 

mechanical improvement, possible with the addition of coarse material, 
e excavation and replacement with granular fill, 
e chemical modification, 

use of recycled material (e.g.,  coal combustion by-product, rubbilized  pavement, 

e geogrid stabilization. 
and foundry sand), and 

The recommended improvement method  is  chosen  based  on project location (urban  or rural), 
traffic volume, availability of construction material, and space and time constraints. 

This paper describes a project case history  in which geogrid was utilized to stabilize subgrade 
with  high moisture content. Falling Weight Deflectometer (FWD) tests were performed  after 
one year to evaluate improvement of the subgrade conditions. A cost analysis indicates 
substantial savings were realized by choosing the geogrid-reinforcement option over subgrade 
excavation and replacement with granular fill. 

PROJECT  DESCRIPTION 

U.S. 27, in Adams County, Indiana is a two lane  roadway  and part of the National 
Highway System (Fig: 1). The fimctional classification of the highway is  urban principal 
arterial. Based  on information from  pavement  cores, the original pavement section consisted  of 
200 mm of concrete with 75 mm of asphalt overlay. A  1998 pavement survey  indicated that 
pavement performance was deteriorating. Since the existing two lane facility  was to be 
increased to four lanes, the original pavement was replaced with new pavement consisting of 
275 mm of plain jointed concrete with joints spaced at 6.1 m on a subbase for concrete 
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Fig: 1 Indiana State Map showing project location 

pavement. The major section of the proposed roadway was planned to be at-grade or cut  through 
the city  of Decatur, Indiana, and the proposed  roadway widening was expected to affect  local 
businesses, making construction time critical to project completion. Design data for the project 
is  presented  in Table: 1. 

Table: 1 Design Data for U.S. 27 in Decatur, Indiana 

AADT  in 1995 
AADT in 2026 

21950 VPD 

Asphalt over concrete Existing Pavement 
3 Subgrade CBR 
60 MPH Design Speed 
8 Yo Truck  Volume 
38940 VPD (Projected) 

1 

2 
Annual Average Daily Traffic 
Vehicles Per Day 
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PAVEMENT  SUBGRADE  INVESTIGATION 

An evaluation of the subgrade beneath the original pavement was performed in relation to 
the requirements specified in the INDOT  Standard Specifications (INDOT, 1999). The current 
specifications require 100% of the maximum  dry unit weight and a moisture content ranging 
between -2 and +1 percentage points of the optimum 
Proctor  (AASHTO T-99). 
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Fig: 2 INDOT Textural Soil Classification 

As a part of the geotechnical evaluation, numerous subgrade borings were drilled through 
the pavement from  Sta.  276+00 to Sta. 438+00 to ascertain the type of soils based  on the 
INDOT Textural Soil Classification (Fig: 2) and  AASHTO  Soil Classification Systems, 
moisture content, dry unit weight, and California Bearing Ratio (CBR). Boring information also 
revealed the ground water conditions which  helped to determine the soil susceptibility to 
wet/dry  and freezekhaw cycles. Based on visual indication and geotechnical evaluation  of  wet 
subgrade underneath the roadway, a section of road was chosen from Sta. 395+00 to Sta. 
435+00  for detailed study. Seven subgrade borings were performed  on the asphalt  shoulder to 
evaluate the condition of the subgrade. Boring locations and the resulting soil profiles are 
shown  in  Fig: 3. Subgrade sampling was terminated at 1.2 m below the pavement. Some of the 
granular material (subbase) was visible at the joints and/or cracks of the pavement in this 
section. This indicated that there could be pumping problems under this section of the roadway. 
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The sampling procedures were split spoon, push tubes, and bag samples. The push tubes 
(AASHTO  T 207) were taken when the blow  count (N) of specific split spoon sample was less 
than 7  for  0.3  m of penetration. Push tubes were not taken  in all borings to help  minimize the 
disruption to motorists. Bag samples of each type of fine-grained soil were collected to perform 
standard Proctor and  CBR tests. 
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Fig: 3 Textural Soil Profiles for  Subgrade Borings 

LABORATORY  TESTING  PROGRAM 

Laboratory tests were conducted to evaluate the subgrade condition at the detailed  study 
section  of U.S. 27. Grain size analyses (AASHTO T-88) and Atterberg limits (AASHTO  T-89, 
90) were performed on  each fine-grained soil type from the split spoon samples. Moisture 
content  (AASHTO T-265) and in-situ density tests were performed on split spoon  and  push tube 
samples. Standard Proctor (AASHTO  T-99)  and  CBR  (AASHTO T-193) tests were  performed 
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on  each  fine-grained  soil, taken from the proposed subgrade. No tests were performed  on  sand 
and  gravel samples. 

TEST RESULTS 

INDOT  and  AASHTO soil classifications and index test results for each soil type are 
given in Table: 2. Results of relative compaction  and  moisture content tests of the existing 
subgrade soils were compared to current INDOT Standard Specifications and are  presented  in 
Table:  3. The subgrade consists of medium plastic to highly plastic silts and clays  from Sta. 
395+00 to 435+00. The consistency of these soils was from soft to stiff whereas relative 
compaction  and moisture content of the subgrade ranged  from  87% to 98%  and 2% to 11% 
above the optimum moisture content, respectively. We concluded that the proposed soil 
subgrade conditions were poor with respect to INDOT Standard Specification requirements. 
Therefore, measures to improve the subgrade were needed between Sta. 395+00 and  435+00 

Table: 2 Index Results of Subgrade Soils 

I II 
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Table: 3 Moisture Content  and Percentage Compaction Evaluation of Subgrade 

loring 
# 
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- 
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Blow 
s per 
0.3m 
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SUBGRADE CONSTRUCTION  RECOMMENDATION 

Based  on visual and laboratory tests, the subgrade was likely unstable due to  excessive 
moisture  and poor relative compaction. The existing material would have performed adequately 
with reduction  in moisture, manipulation (aeration), and reduced construction traffic loading; 
however this was not possible because of the project location within city limits. Although some 
of the soils were less than ideal beneath the pavement, they  could have been used  if space had 
been available for spreading, drying,  and processing. Other  major obstacles were the presence 
of  utilities at shallow depths, a narrow corridor for construction traffic, and time  constraints to 
complete the project. 

The  INDOT geotechnical section considered several options to facilitate the construction 
of  highway U.S. 27. The four possible options considered for subgrade stabilization are  listed 
below  including standard subgrade construction. The pavement sections are shown  in  Fig: 4. 

The first option was to excavate 0.60 m thick of existing subgrade and to reconstruct with 
the same material in accordance with the INDOT  Standard Specifications. This option  is 
difficult to construct in urban areas  and  was eliminated fi-om consideration. 

The second option was to excavate the unsuitable subgrade soils and  replace  with 
granular fill. It was estimated that a 0.60 m undercut would be necessary to obtain a 
stable working platform. 

The third option was to excavate 0.30 m  of  subgrade, place a layer of biaxial geogrid  over 
the subgrade, and construct using compacted aggregate No. 53 as per INDOT compaction 
requirements. 

The fourth option was to modify the subgrade with lime. This was rejected due  to  depth 
of treatment required and public safety concerns (i.e., dust) associated with using lime 
within city limits. 

The geogrid-stabilized option was chosen for the detailed study section. The geogrid- 
reinforced section was designed to be structurally equivalent to  the standard section. The 
geogrid type and a required granular thickness was determined using the subgrade CBR and the 
design procedure (Tensar, 1997), which had  been utilized by  INDOT for several years. The 
unstable subgrade was exposed during construction and  is  shown  in Fig: 5. A  biaxial  geogrid 
was  selected  from  INDOT’s  list  of  approved  geogrid sources for subgrade stabilization and  is 
shown  in  Fig: 6 .  Properties for the No. 53 aggregate and the biaxial geogrid (obtained  from the 
manufacturer) are given in Tables: 4 and 5. 
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Fig: 4 Design Cross Sections 
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Fig: 5 Rutting before installation of geogrid 
on U.S. 27 in Decatur, Indiana 

Fig: 6 Sample of Biaxial Geogrid  (Tensar 
Earth Technologies, Inc.) 

Table: 4 INDOT No. 53 Coarse Aggregate Classification 

No. 53 Sieve Sizes 
Aggregate 

5 -  10 12-30 25-50  35-60  55-80  70-90  80- 100 %Passing 
75  pm 600 ym 2.36 mm 4.75  mm  12.5  mm 19 mm 25 mm 

Table: 5 Biaxial Geogrid  (BX 4100) Properties 

Property Test Method Value 

Material: 
Polypropylene 
Carbon Black 

Rib Spacing 
Machine Direction 
Cross Machine Direction 

Open  Area 
Modulus 

ASTM  D 4101 
ASTM  D  4218 

I D  Calipered 

COE  Method 
GRI  GG1-87 

11 

98 % (min.) 
0.5 % (min.) 

3 5.6 mm (nom.) 
35.6 mm (nom.) 

70 % (min.) 
204.3 kN/m  (min.) 

1 

2 
Maximum inside dimension in each principal direction measured  by calipers. 
Percent  open area measured without magnification  by Corps of Engineers method as specified 
in  CW  022 15 Civil Works Construction Guide, Nov. 1977. 
Secant  modulus at 2%  elongation  measured by Geosynthetic Research Institute 

3 

Test method GG  1-87. 
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The subgrade was excavated to a depth of  0.3  m with lightweight equipment to minimize 
disturbance  of the subgrade soils and a layer  of biaxial geogrid was installed in accordance with 
the manufacturer’s recommendations (Fig: 7). Geogrid rolls were overlapped a minimum  of 
0.6 m side-to-side and end-to-end. The geogrids were overlapped 0.9 m  in areas where  subgrade 
conditions would not support worker’s foot traffic. The geogrid was covered with  compacted 
aggregate No. 53. The first lift of aggregate No. 53 was placed 0.20  m loose in  thickness  and 
compacted with light weight equipment to reduce damage to the geogrid. The second lift was 
compacted to 95 percent of  maximum dry density (AASHTO T-99) however, heavy  compaction 
equipment  and vibratory compactors were not employed to achieve the compaction. 

Fig: 7 Geogrid Installation on U.S. 27 in Decatur, Indiana. 

COST ANALYSIS 

Table: 6 presents the cost comparison for excavation and replacement with granular fill 
and  geogrid reinforced subgrade. INDOT  realized a savings of $25.71-$16.69=$9.02 /m2 with 
the geogrid option. Furthermore, the geogrid option was less disruptive to motorists  and 
businesses  and saved time in construction by  making use of standard equipment. Actual cost of 
the geogrid-reinforced subgrade was probably higher due to lack of familiarity of the contractor 
with the procedures and  change orders during the construction. 
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Table 6: Cost Comparison  of Excavation and Replacement 
Versus  Geogrid-Reinforced Subgrade 

I Description I 0.6  m Excav. and Replacement I 0.3  m Excav. and Replacement with  0.3 I 

POST  CONSTRUCTION  EVALUATION 

The geogrid-reinforced subgrade condition was evaluated after one year of service using 
the Falling Weight Deflectometer (FWD)  based  on the ASTM D-4694-96. The subgrade 
modulus was back-calculated using the method  of Noureldin (Noureldin, 1993). The FWD  has 
been  utilized successfully to evaluate the geogrid-reinforced section in the past (Hutington  and 
Ksaibati, 1999). Fig: 8 (a) and (b) show values of deflection and subgrade modulus vs. distance 
traveled  for the FWD tests. Since the thinner geogrid-reinforced section was designed to be 
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Fig: 8 (a) Comparison of Geogrid-Reinforced Subgrade Versus Control Section 
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Fig: 8 (b) Comparison of  Geogrid-Reinforced Subgrade Versus Control Section 

structurally equivalent to the control section, it was anticipated that both sections would  produce 
similar results under dynamic loading. Although the data showed considerable variability, the 
average value of deflection was reduced by 7% while at the same time, the average  subgrade 
modulus improved by  16%, for the geogrid-reinforced section as compared to the control 
section. Previous studies have reported that larger  improvement  may be possible for subgrade 
stabilization using geogrid (Fannin, Sigurdsson,  1996 and Perkins, 1999). Factors that affect the 
performance of the geogrid-reinforced subgrade include placement depth of the geogrid  below 
the pavement, aggregates gradation (relative to geogrid aperture size), and  placement 
characteristics (e.g., lack of folds and wrinkles) of the geogrid at the time of installation. Further 
improvements  in subgrade properties, relative to the control section, are expected in time due to 
progressive aggregate confinement due to the geogrid reinforcement. In addition to the above 
improvements, the geogrid reinforced aggregate layer  should  help in reducing the subbase 
contamination. 

CONCLUSIONS  AND  RECOMMENDATIONS 

Reductions of moisture content of wet subgrade soils by aeration and drying can  be a 
difficult task in urban areas due to time and right-of-way constraints. Stiff, biaxial  geogrid- 
reinforcement is an attractive remedial measure  for such conditions and  may be used in spot 
treatments or large areas of a project. Compared to conventional remediation measures  such  as 
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excavation  and replacement, geogrid-reinforcement is  rapid, cost effective, and less disruptive to 
traffic and  local businesses. In addition, the method can be implemented using standard 
construction equipment. The experience of the Indiana Department of Transportation (INDOT) 
with subgrade reinforcement using stiff biaxial geogrids was successhl. For hture projects, 
more attention will be  given to minimize slack, wrinkles, or folds in  geogrid during fill 
placement to enhance performance. INDOT plans to perform future post-construction 
evaluations  of similar projects, ultimately  leading to a design methodology that will translate 
into  a substantial savings in transportation construction costs. 
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