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ABSTRACT: The progression of analysis procedures, used in the United States, for internal design of geosynthetic reinforced
soil retaining walls are summarized in this paper. Procedures are presented in chronological order over the past twenty-four

YW%to track changes in Practice, from first us through current codes. Both the resistance and the load computations, and
the combined effect of the two, are examined. It is concluded that large changes in design conservatism have not occurred
since first use of geosynthetic reinforced soil walls; and that performance of existing structures is applicable to new design
codes and guidelines. This documentation is directed towards researchers, practionaires, and regulators, and gives guidance
for future research and development of codes for reinforced soil walls.
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1 INTRODUCTION

Geosynthetic reitiorced soil (GRS) retaining walls were first
used in North America in 1974 for construction of geotextile
reinforced walls supporting logging roads in northwestern
United States. Use of GRS walls have grown steadily since
this initial project. Signitlcant increases in the use of GRS
walls were realized with the introduction of geogrid soil
reinforcement elements in 1982 and with the introduction of
segmental retaining wall units in 1985. Today, GRS walls
are routinely used on private land development projects and
are becoming more commonplace in transportation works.
It is anticipated that recent guidelines (Elias and Christopher
1997;FHWA 1997) and codes (AASHTO 1997) for highway
works will spur use of GRS walls and that they will be
routinely used throughout North American highways.

Growth in usage of GRS walls is partially attributable to the
success of constructed works. Contldence in engineering of
these walls today is based upon performance of GRS struc-
tures to date. To better understand this behavior, it is usefid
to the engineer to understand how design procedures have
evolved over time. Were the successfidly performing
stmctures constructed to date designed with procedures more
or less conservative than current guidelines and codes? This
question is addressed within, specifically for the internal
stabili~ of GRS walls, by examining changes in the
geosynthetic reinforcement design tensile strength and soil
load determination procedures.

2 GEOSYNTHETIC TENSILE RESISTANCE

Internal stability analysis of a reinforced soil wall is per-
formed to quanti~ required strength and vertical spacing of
the geosyntheticreinforcements. A safe, long-term allowable
design strength (LTADS) of the geosynthetic reinforcement
needs to be quantified for this analysis. Procedures for
quantifying LTADS of geosynthetics have evolved over time,
as summarized below. Note that connection strength
limitations are not address@ thereby, assuming that connec-
tion does not limit LTADS for purposes of comparisons
within this paper. Common terminology is used within this
paper to present the various procedures. In general, the basic
form of the equation used to calculate the LTADS is:

T
LTADS = ULT

RF X FS
(1)

where
T~~ = average value of ultimate wide width strength;
RF= product of reduction factors, or partial factors of

safety, to account for creep, installation damage, chemical
degradation and biological degradation; and

FS = overall factor of safety for other (e.g., material,
geometric, loadings) uncertainties.

2.1 Forest Semite Procedures

A 1977 U.S. Forest Service (USFS) manual (Steward et al.
1977) documents a design procedure for geotexlile walls.
The procedures in this manual were used for the design of a
forest seMce wall constructed in 1974 (Bell et al. 1975), the
first GRS wall built in North America. The LTADS is
computed with Equation 2. The ultimate strength of the
geotextile reinforcement (time fkame is prior to introduction
of geogrids) is measured with the Oregon State University
(OSU) ring test. The OSU ring test ultimate tensile strength,
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T.lt.Osu, is wprofimteb 80’70 of the wide width tensile
strength (ASTM D4595 1986) for nonwoven needle-punched
geotextiles. A FS of 1.5 to 1.75 is recommended, with the
higher t%ctorgenerally for use with heavy live loads (e.g., log
haul trucks). Reduction factors, RFs, are not used for these
temporaxy walls.

TUlt-osuLTADS = —
m

(2)

2.2 Geogrid Procedure

An allowable strength procedure for geogrids was presented
in a 1983 (NetIon) manual published in the United Kingdom.
This procechueis presented in Equation 3. The creep limited
strength, Tc, is the highest (tested) load level that precludes
exceeding 10% strain or rupture, over the design life. An
installation damage fictor, RFm, is used to further reduce the
creep-limited strength. This factor is quantified as the ratio
of the ultimate strength of undamaged to damaged speci-
mens. An overall factor of safety value of 1.35 is recom-
mended.

Tc
LTADS =

RF1~ x FS
(3)

The approach in Equation 3 was modified for North
American practice (Tensar 1986), for a particular product.
The RFm was incorporated into the overall FS, as shown in
Equation 4. An overall factor of safety value of 1.5 was
recommended for use with Equation 4.

LTADS = ; (4)

For the product addressed in the 1983 (Netlon) and 1986
(Tensar) manuals, the LTADS value calculated with Equa-
tion 3 is approximately equal to the value computed with
Equation 4 for gravelly sand soils.

2.3 1987 Task Force 27 Procedure

The Task Force 27 (AASHTO 1990)procedure (implemented
as early as 1987) for computing a LTADS uses a partial
reduction factor approach (Bonaparte and Berg 1987). The
LTADS is the lesser of the following two, limit state and
serviceability state, equations.

Tl
LTADS <

RFD x RF1~ x FS
(5a)
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LTADS <

RFD x RF*D
(5b)

Where
T1 = highest tension level at which the creep strain-rate

continues to decrease with log-time within the required
design Metime and which precludes brittle or ductile failure;

TW= tension level at which total strain is not expected
to exceed 5?40within the design ltietim% and

RFD = durability reduction factor, 1.10 minimum.
A minimum RFm = 1.25 with Equation 5a is required if fill
source is unknown at time of design. A 1.5 minimum FS is
also required with Equation 5a. No minimum RF1~is stated
for Equation 5b.

2.4 1989 FHWA Report

The FHWA research report (Christopher et al. 1989) pre-
sented two procedures for quantifying LTADS of geo-
synthetics. The first procedure, stated as being complex and
requiring extensive long-term strength testing, is the partial
reduction factor approach presented by Bonaparte and Berg
(1987). The second procedure, which can be used in absence
of sufficient test data, is to calculate the LTADS with the
following simplified equation:

Tm~ X CRF
LTADS = < T,

RFIDx RFDx Rs
(6)

where
T,= long-term tension capacity of the geosynthetic at

a selected design strain (usually 5V0 or less);and
CRF = creep reduction factor (ratio of creep limit

strength obtained from creep tests to ultimate strength).
RFD and RFm should be based upon product specific data,
but not less than 1.1, each. A minimum FS value of 1.5 is
recommended for permanent walls.

2.5 1991 AASHTO

The 1991 American Association of State Highway and
Transportation Oillcials (AASHTO) Standard Specifications
for Highway Bridges followed procedures for LTADS
computation as presented in the Task Force 27 (AASHTO
1990) report (i.e., Equations 5a and 5b). However, a mini-
mum RFm of 1.25 was stated.

2.6 1993 NCMA Procedure

Two optional methods for calculating LTADS are presented
within the National Concrete Masomy Association (NCMA)
design manual. Method A is a partial reduction factor



approach with a minimum RFm of 1.05, adapted from an
FHWA publication (Berg 1993), as follows:

LTADS =

TULT-MARV (7a)

RFcR x RFID x RFcD x RFBD x Fsm x Fsto

where
T1m~.Wv = minimum average roll value of ultimate

tensile m-eng@ which is typically 5 to 15°/0lower than TUT;
RFc~ = partial factor of creep deformation (ratio of

TULTto creep limit strength), based Upon not eXCeedinga
10’%0total strain,

RFm= partial factor for chemical degradatiosy
~~*= partial factor for biological degradation%with a

minimum combined RFm and RFBDof 1.1;
RFw = partial factor for material uncertainty, 1.5

minimum; and
FS,O = factor of safety against tensile overstress, 1.2

minimum.
Method B is similar to European practice and borrows

heavily from the work of Jewell and Greenwood (1988). This
method decouples the FS against overall uncertainties from
the calculation of LTADS, and uses creep rupture to define
CRF. The LTADS is calculated as:

T
LTALX = ULT-M4RV x cm

RFBD x RFcD x RFID x RFcE x FSIO
qb)

where
RFm = material factor for extrapolation of creep data,

1.3 to 1.5 typical for permanent walls.

2.7 1994 and 1996 AASHTO

The 1994 and 1996 AASHTO Standard Specifications for
Highway Bridges followed equations (i.e., 5a and b) for
LTADS computation as presented in the 1991 AASHTO
manual. However, the overall factor of safety, FS, minimum
was increased to 1.78. A minimum RFm and RFD of 1.1 and
1.05, respectively, were stated in the commentary.

2.8 Current FHWA/AASHTO Guidelines

The current FHWA (Elias and Christopher 1997) and
AASHTO (1997) guidelines present the following equations
for quantizing LTADS.

T
LTADS =

L!LT-MARV

RFx FS
(8)
Where
RF= product of applicable reduction factom (i.e., RF

= ~~x~D x~m), Witha minimum value of 1.1 for both
RFDand RFm, and with RFc~ based upon creep rupture; and

FS minimum of 1.5 is recommended.
An alternative procedure for LTADS is to use a default

overall reduction value, RF, of 7, as shown in Equation 9.
Application of this alternative is limited to conditions stated
within the guidelines.

T
LTADS =

VLT-MARV

7xFS
(9)

2.9 Current NCMA Guidelines

The current NCMA (1997) design manual uses the same
equation (similar nomenclature) as the current
FHWA/AASHTO (i.e., Eq. 8).

3 LOAD DETERMINATION

The lateral driving load to be resisted by the geosynthetic
reinforcements is a fimction of the soil mass and surcharge
loads, @in some aualyses, the overturning moment on the
reinforced Ml due to the retained backfill. The soil mass and
surcharge loads are factored by a lateral earth pressure
coefficient to compute reinforcement loadings. Design and
analysis procedures over time have varied by the assumed
lateral pressure coefficient and inclusion or not of the
overturning moment effect. In general terminology, the
tension in the ith layer of reinforcement, not including
surcharge loads, is calculated as:

(lo)

where
K = lateral pressure coefficient
Uti= vertical pressure at the depth of the ith laye~ and
~ = effective vertical spacing (i.e., % distance to

reinforcement above plus YZdistance to reinforcement below)
of the ith layer of reinforcement. The procedures for deter-
mining the lateral load are summarized in Table 1 in terms
of lateral pressure coefficient used and whether or not
overturning (OT) effects are included in the computation of
an .

The USFS manual (Steward et al. 1977) focused on the
design of geotextile wrap-around walls for log-haul roads.
These walls have a relatively short design life and are subject
to large live loadings. The load is determined using the
approach described by Bell et al. (1975). An at-rest lateral
earth pressure coefficient (i.e., 1 - sin +’) is used. The
normal pressure (ti) is the sum of the weight of the rein-
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Table 1. Load computation procedures.

Procedure K on

1977 lJSFS at-rest w/o OT

Geogrid -1983 active Rankine WIOT
-1987 active Rankine w/o OT

1987 Task Force 27 active Rankine WIOT

1989 FHWA 1.0 to 1.5 active w/o OT
Rankine

1991, 1994 & 1996 active Rankine WIOT
AASHTO

1993 & 1997 NCMA active Coulomb w/o OT

1997 FHWA /AASHTO active Rankine WIOOT
OT—overturningforcethnr retainedbackM.

forced fill (i.e., product of unit weight of soil, y, and height
of fill above ith layer of reinforcement, lQ, uniformly
distributed surcharge loads (w,), and other surcharge loads.

The 1983 (Netlon) geogrid wall design manual recom-
mended use of active lateral earth pressure coefficient, K~,
with either the tie-back wedge or the coherent gravity
analysis procedure. The tie-back wedge method with
overturning effi was used extensively for design of geogrid
walls in North America starting in 1983 (e.g., Berg et al.
1984; Tensar 1986; Berg et al. 1987). A Rankine active
lateral arth pressure coefficient (i.e., tan2 (45 - @/2))is used
with this procedure. The vertical pressure, assuming a
Meyerhof-type of pressure distribution of the overturning
force generated by the retained backtll, is shown in Equation
11, for level backfill conditions. The subscripts ~ and ~ refer
to the reinforced wall fill and the retained backfill, respec-
tively, and 1is the length of reinforcement.

ati = yWhi + w, K& ( y~ h-i + 3 W,)(~)2 (11)

The overturning of component of Utiwas deleted from the
load computation (Simac 1990; Tensar 1990), at least in
private practice, subsequent to and based upon discussions at
the 1987 NATO Workshop on geosynthetic reinforced soil
walls (Jarrett and McGown 1988). The method for calculat-
ing LTADS did not change, therefore, Equation 4 is applica-
ble with this revised load determination procedure.

In the 1987Task Force 27 (AASHTO 1990) procedure, the
tie-back wedge method of analysis is recommended for
analysis of geosynthetic reinforced retaining walls. The
tension in the reinforcement is calculated as a fimction of the
vertical mess induced by gravity, uniform normal surcharges
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and active thrust from the retained fill (i.e., Eq. 11), multi-
plied by the Rankine active earth pressure coefficient.
FHWA research in the late 1980’s (Christopher et al. 1989)

led to a recommended stiffhess approach for quant@ing the
lateral pressure coetllcient. With this approach, a Rankine
lateral earth pressure coefficient equal to Ka was recom-
mended for geotextile reinforcements. A varying coefficient
of 1.5 K, at the top of wrdl to 1.0 K, at a distance of 6 m
below top of wall, and lower, was proposed for geogrid
reinforcements.

The 1991, 1994, and 1996 AASHTO Standard Specifica-
tions for Highway Bridges followed procedures for load
computation as presented in the Task Force 27 (AASHTO
1990) report.
Rarskinetheory was used for quant@ing the K, coefficient

until the NCMA design procedure for segmental retaining
walls (Simac et al. 1993) was published. A Coulomb theory
is recommended in this manual, which allows for direct
incmporation of the beneficial effects of wall face batter and
interface fiction between the fill soil and wall face. The
NCMA procedure (Simac et al. 1993; NCMA 1997) for
calculating the internal stability lateral load (without sur-
charge loads) is:

where
P,= active earth force acting over the effective height

of the wall, per unit width of wall;
yW= moist unit weight of wall infill soil;
K,c = Coulomb active earth pressure coefflcienc
~ = effective height for battered walls;
bi = wall to soil friction angle; ~d
* = total wall inclination from vertical.

The second edition of the NCMA design manual (1997)
does not change the procedure for determining the soil load
for internal stability analysis. The NCMA design procedure
is one of the two procedures currently in widespread use in
North America The other procedure in widespread use was
developed for the design of highway walls, with select
granular fill, and is referred to as the simplitkd coherent
gravity method.
The new FHWA manual (Elias and Christopher 1997) and

the recent update to AASHTO bridge manual (1997) incorpo-
rated features of the stiffness, tie-back wedge, and coherent
gravity approaches for analysis of walls — resulting in the
simplified coherent gravity method. With this procedure an
active Rankine lateral earth pressure, over the entire wall
height, is recommended for computation of geosynthetic
(both geotextiles and geogrids) reinforcement loads.
Overturning effects are not included in the vertical pressure.



4 COMBINED EFFECTS

The changes in procedures to quantiij the LTADS of
geosynthetic reinforcement and the internal lateral load on
GRS walls are quantified in Table 2. The values in Table 2
are based upon typical ranges of values for the partial factors
used in practice, from the authors’ experience. The resis-
tance, Rj is the LTADS in terms of percentage of ultimate
wide width strength (O/OTWT).The load, L, is the total load
on the wall, without sudarges, using the assumptions listed
in Table 2, expressed as P/H2; where P is the total force on
the wall per unit length of wall. The IUL in Table 2 is a
normalized ratio for comparing the various procedures, and
not a design parameter. The lower the O/OTmTused the more
eonsxvative the procedure. Also, with other factors remain-
ing equa~ the higher the assumed load the more conservative
the method. Therefore, the lower the R/L, the more conser-
vative the combination of resistance and load computations.
The trend of R/L ratios over time and range of individual
proeeduces are illustrated in Figure 1.

Table 2. Quantifying R/L ratios.

Procedure Resistance Load R/L Ratio
( %Tu~) (P/I-I’)

1977 USFS

Geogrid
-’83

- post-87

1987 Task
Force 27

’89 FHWA
- Geogrid
- Geotextile

1991
AASHTO

1993 NCMA

1994 & 1996
AASHTO

’97 FHWA &
AASHTO
- w/Default

1997 NCMA

-53

25 to 40
25 to 40

20 to 28

20 to 27.5
10 to 27.5

20 to 27.5

16 to 28

18 to 24.3

14.6 to 26

8.6

19t035.—

4.3

3.54
2.77

3.54

3.2
2.77

3.54

2,3

3.54

2.77

2.8

2.3

-12.3

7.1 to 11.3
9.0 to 14.4

5.7 to 8.0

6.3 to 8.6
3.6 to 9.9

5.8 to 7.8

7.0 to 11.7

5.1to 6.9

5.3 to 9.4

3.1

8.3 to 15.2

Assumptions:
wallfill+ =34°

H=6m(1989FHWAgW@dWe)~fi:~;’
retainedbackfill+ =300

batter,=0°,5 =%$, andFE= 1.3(NCMAcaa=)
77 USFS r
Gcogrid -83

- post 87
1

87 Task Force 27

89 FHWA-Geogrid
- Geote~tile

91 AASHTO
93 NCMA

94 & 96 AASHTO 1
97 FHWA/AASHTO

- Default 1
97 NCMA

t

5 10
—------+

I

1

~ IncreasinRConservatism

Figure 1. R/L ratio trends and ranges.

5 CONCLUSIONS

The trend of change in the resistance to load relationship
(R/L ratio) is illustrated in Figure 1. Obsemxxi trends are
generalized and based upon assumptions previously stated.
MorGprecise results could be revealed by examining specific
case histories over time. The following can be concluded
from this plot.
1.

2.

3.

4.

5.

6.

6

Transportation specific procedures (i.e.. FHWA,
AASHTO) me more conservative than non-trartsporta-
tion specitlc procedures (i.e., geogrid, NCMA).
Transportation procedures have, generally, increased
in eorwvatism throughout their development, primari-
ly due to increases in resistance reduction factors.
calculated loads have deereased somewhat during this
period.
The 1997FHWA/AASHTO default value of 7 is more
conservative than all of the procedures examined.
Large changes in conservatism with transportation
procedures have not oeeurred since 1987.
Large changes in conservatism with non-transportation
procedures have not occurred since first use in 1975.
Pefiormance of existing structures is applicable to new
design codes and guidelines.
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Aspects of Partial Factor Design of Reinforced Soil Walls

T. S. Ingold
Consulting Engineer and Honorary Professor of Geotechnical Engineerin& The University of Birmingham, UK

ABSTRACT: In assessing margins of safety, geotechnical engineers have traditionally worked in terms of lumped factors
of safety, often defined as the ratio of restoring force to disturbing force, that are calculated using soil parameters which
are judged to be representative. This approach is lucid in so far as it deals with raw, unfactored, values of soil properties.
In contrast, partial factor design deals with design disturbing forces, which are raw values artificially enhanced by partial
factors, and design restoring forces which are raw values artificially depressed by partial factors. How these partial
factors are applied has a major affect on the end result with this also being heavily influenced by the use of characteristic
values of soil parameters. Certain approaches to partial factor design are more lucid than others and this is illustrated
by making comparisons between some of the approaches prescribed in BS 8006:1995, “Strengthened/reinforced soils
and other fills”, and the pre-standard Eurocode ENV-1997-1 : 1994, “Geotechnical design - Part 1 : General rules”.

KEYWORDS: Reinforced soil, Retaining walls, Design, Safety factors, Specifications
1 INTRODUCTION

Tradhionally, geotechnical engineers factor design values
of soil prc)perties by judgment with this judgment, perhaps
aided by regression analyses, accounting for a multitude
of variables such as test method, vflldhy of test results
and variability of results. The resulting value is a raw,
unfactored, value which is used for design.

In assessing soil induced forces involved in, say, base
sliding of a retaining wall, of given geometry, then, for a
cohesionless soil of given unit weight y, these forces will
be a function of O’, the effective stress internal angle of
shearing resistance of the soil. The function maybe I&, if
considering a raw lateral disturbing force, D, or tano’ if
considering a raw horizontal restoring force, R. The
lumped factor of safety against sliding may then be
defined, traditionally, as F= R/D. Provided F equals, or
exceeds, some prescribed value, typically 1.5 to 2.0, then
there is cleemed to be an adequate, definitive, margin of
safety against forward sliding. Although definitive, F is a
combined margin of undefined error and/or ignorance.
Nonetheless, prescribed values have stood the test of time.

In contrast, non-geotechnical engineers often have the
luxury of designing with well controlled materials, and
loads, whose parameters are well documented. In this case
it is possible to generate a general distribution of, say,
material strengths and applied loads. Statistical analyses
may be applied to these distributions to determine
theoretical values of partial load and partial material
factors which are then applied to statistically determined
values of load and strength. The end result is that, when
the partial factors are applied it, is possible to define the
probability of the design load exceeding the design
strength. So, for example, such an approach may define a
probability of failure of 1 in 10,000. Clearly, this approach
is totally different to the lumped factor of safety approach.

There has long been a move in Europe towards partial
factor design and so the code of practice, BS 8006:1995,
“Strengthened/reinforced soils and other fills”was written
in a partial factor format. The essence of this is that a
partial load factor, f~, is used to enhance a raw dkturbmg
force, D, whilst a partial material factor, f~, is used to
depress a raw restoring force, R. An adequate margin of
safety, against attaining an ultimate limit state, is deemed
to operate when the identity f~Ds(R/f~ ) is satisfied, A
similar approach is proposed in the Europears pre-
standard Eurocode 7, or just EC-7, which is formally
entitled Eurocode ENV-1997- 1 : 1994, “Geotechnical
design - Part 1: General rules”.

2 BS 8006 AND EUROCODE 7

BS 8006 prescribes a variety of different partial material
factors, f~ >1, with different numerical values, to be
applied to material strengths, such as those for soil or soil
reinforcement, to define a design strength. It is important
to note that soil unit weight, y, and tan~’ are allotted a
partial material factor of unity. So, in other words, these
two parameters are not factored. Load factors, ff>1, with
different numerical values, are applied to loads to
determine design loads and these factors cliffer in
magnitude from one prescribed loading condition to
another. In addition, there is a further group of partial
material factors, such as f,> 1, which applies to specit3c
failure modes such as bearing capacity, forward slidkg or
reinforcement pull-out. Table 1 presents some selected
examples of partial load factors.

Table 1. Selected partial load factors from BS 8006

Load factor, f~, applied to Loading case
ABC

Mass of the reinforced soil body 1.5 1.0 1.0
Earth pressure behind structure 1.5 1.5 1.0
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Table 2. Selected partial factors from BS 8006

Soil material factor, f~, applied to tan~’ 1.00
Factor, f,, on sliding across reinforcement 1.30
Factor, f~,, on ultimate bearing capacity 1.35

BS 8006 considers two limit states; the ultimate liiit state
of collapse and a predefine serviceability limit state
appropriate to the structure under consideration. In
assessing the latter, all partial factors are set to unity per
Case C in.Table 1. In assessing the ultimate limit state of
collapse, the code is formulated in such a way that partial
factors with a value greater than unity are only applied to
raw pressures or forces. So, taking the example of base
sliding, stability is deemed satisfied if ffDs(R/f~ ).

Since 13S 8006 partial factors operate on what are
effectively raw forces, the identity f~Ds(R/f~ ) may also
be expressed as R/D? fff~. This formulation is identical
to the traditional lumped factor of safety format in which
R/D must equal or exceed a prescribed minimum value
of F. For forward base sliding the prescribed value of F
traditionally falls between 1.5 and 2.0. Loading case A of
Table 1, a worse case for base sliding, implies a value of
ff of 1.5 and, for a perfectly rough basal reinforcement,
Table 2 implies a material factor, f, = f~, with a value of
1.3. The product of these two factors is 1.95 which is
essentially the value of the conventional lumped factor of
safety F.

Indeed, the values of partial factors in BS 8006 were
formulated such that f~f~ =F. This formulation, with due
regard for any interaction between various factors, was
extensively calibrated against well established and proven
design methods, as well as observed performance of
existing structures, to render numerical values of partial
factors which, with regard for commercialism, are
consistent with adequate margins of safety, Perhaps more
importantly, partial factors are applied in a lucid manner
which has a linear effect on design loads and strengths.

Table 3. Selected partial factors from EC-7

Case Favorable load Unfavorable load tan~’

A 0.95 1.00 1.10
B 1.00 1.35 1.00
c Loo 1.00 1.25

Eurocode 7 has a similar format to BS 8006 but has three
loading cases pertaining to the ultimate limit state, per
Table 3, as opposed to two cases, cases A and B of Table
1, in BS 8006. Like BS 8006, EC-7 sets all partial factors
to unity when considering a serviceability limit state. EC-7
does not prescribe material factors which can be applied
to assess internal stability nor partial factors which apply
to specific failure modes such as base sliding.
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For loading cases A and C, EC-7 prescribes the use of a
materials factor, f~ >1, on tan$ J. This gives a design
value of friction angle $~ = tan”] ([tan$’ ] /f~ ). If, for
example, lateral soil thrusts were being calculated to BS
8006 then O’ is not factored and the resulting coeftlcient
of earth pressure used in design is &, the conventional
coefficient of active earth pressure. If o~ is used as the
design value then the resulting earth pressure coefficient
might be denoted as &. It is reasonable to assume that
the f~ value defined in EC-7 is a component used with the
objective of achieving a uniform, target, overall margin of
safety, but, if the effects of f~ are assessed it transpires
that resulting margins of safety are not uniform.

Figure 1 shows a plot of IQ /& against f~ for a range of
unfactored values of O’.For soil with f~ =1, per BS 8006,
and O’=20° then o’ =d~ =20° and the value of ~ /~
is unity since & = ~, but if f~ = 1.25, per EC-7, the value
of& /& increases by 1570 so implying a concealed load
factor component of 1.15. For O’= 50° then, as before
& =& per BS 8006, but according to EC-7, &/~
increases by 38 f% so implying a concealed load factor
component of 1.38. So, the EC-7 approach introduces a
non-linearity in margins of safety which penalise better
quality soils and fills. This non-linearity varies according
to which aspect of stability is being considered. If
calculating tensile forces applied to reinforcement then&
and a sine function is involved. If considering base sliding
then both a sine and tangent function are involved.

1.00 1.05 1.10 1,15 1.20 1.25

Materialfcdor

Figure 1. Nonlinear effect of partial material factor on
design value of lateral earth pressure coefficient



3 BASE SLIDING

Eurocode 7 does not give partial factors for internal
stability so the following sections illustrate various aspects
of the BS 8006 and EC-7 approaches by considering base
sliding and bearing capacity in terms of $’ and the ratio,
& of wall base width, L, to wall height, H.

Conventional, lumped factor of safety, design defines the
factor of safety against base sliding as :

(yLH tan~’) /@& yHI) = F (1)

If F is some Iiiiting target value to be achieved and L/H
is written as A, then Equation 2 can be rearranged as :

(2 ~ tano’) /(F&) = 1 (2)

The corresponding EC-7 formulation is :

(3)

where Od= tan-l ([tan@’] /f~ ) and ~ is a load factor on
favorable dead load which may be less than unity. The
corresponding BS 8006 Case B formulation is :

(21 tan$’) /(f, f, I&) = 1 (4)

For given raw values of .$’ values of I can be
determined for a given partial factor set.

to
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Figure 2, Base width to height ratio -1. against O’ values
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Figure 3. Conventional lumped factor of safety against O’

For each partial factor set and a given value of o’,
Figure 2 presents the value of A required by a given
partial factor set to achieve an adequate margin of safety
as defined by that partial factor set. As expected, values
of 1 for the conventional lumped factor of safety
approach and BS 8006 Case B almost coincide. The EC-7
partial factor sets are closely grouped and, for a given
value of e’, these genera fly indicate a requirement for a
lower value of A.than BS 8006. To investigate the reasons
for this, the A values derived from each partial factor set
were reanalyses to determine what conventional lumped
factor of safety they would produce.

The results of these reanalyses are presented graphically
in Figure 3 which is a plot of equivalent lumped factor of
safety against unfactored @‘.As expected conventional
analysis produces a constant factor of safety, of 2.00,
which is independent of $’. The same applies to BS 8006
Case B, with a constant value of 1.95, and to EC-7 Case
B where the constant value is 1.35. Case A produces a
variable factor of safety as does Case C which is the worst
case for base sliding. The non-linearity effect of applying
a material factor, greater than unity, to tan o‘ is well
illustrated by Case C where the equivalent factor of safety
increases from 1.44 for O’= 20° to 1.73 for O’=50°. It
can be seen that in general EC-7 results in lower margins
of safety against base sliding than BS 8006 and, in
particular, it penalises better quality fills and soils which
have higher o’ values.
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4 BEARING CAPACITY

To investigate the effects of different partial factor sets on
margins of safety against bearing capacity failure, analyses
have been carried out on a simple wall, with a constant
value of A of 0.7, founded at ground surface. The
common theme of all partial factor sets is that the design
ratio, p, (Ofavailable design bearing capacity to applied
design pressure should be equal to or greater than unity.
The results of these analyses are presented in Figure 4 as
plots of p against .$’. For all partial factor sets a p value
of unity c)r greater is obtained for $’ greater than 30 to
33°. In particular the worst threshold case from BS 8006,
Case B, is obtained at o’= 32° whilst from EC-7 the
worst case is Case C which is obtained at o‘ = 33°. This
indicates that, for the wall geometry analysed, BS 8006
and EC-’7 render almost identical margins of safety
against bearing capacity failure.

s Cmti xEC-1cmi

ob$FiMCuseB ‘EC-7CoseB

oBSMYJkA o[C-7cmc 1

—
1 I I I I 1 I I I I I

20 25 30 35

Undoctored1$’volue

Figure 4. Variation of design ratio, p, with unfactored o’

5 CHARACTERISTIC VALUES

The above analyses assume deterministic values of soil
properties such as o’ but BS 8006 and EC-7 imply the
use of chmacteristic values. If statistical methods are used,
the characteristic value should be derived such that the
calculated probability of a worse value governing the
occurrence of a limit state is not greater than 5V0.Upper
or lower values are used according to the problem.
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Designing with characteristic values of # for ffls is not
problematical since the designer can require a spedled
characteristic value. However, the effects of using
characteristic values for insitu soils maybe problematical.

Consider a wall imposing a pressure of 120 kN/m’. A
designer might have 9 test results for the O’ value of the
foundation soil which are 32,33,34,35,36,35,37, 40 and
33°. The mean is 35° which leads to an ultimate bearing
capacity of 670 kN/m’ and lumped factor of safety of 5.6.
The characteristic value is 31° which leads to a ultimate
bearing capacity of 350 kN/m’ and a lumped factor of
safety of 2.9. If the designer had say only 3 results of 32,
35 and 38° the mean would still be 35° and the designer
would calculate the same result as before. The
characteristic value of this set is 30° for which the
bearing capacity is 300 kN/m’ with a notional factor of
safety of 2.5. Hence, quality, quantity and distribution of
test data may have as large an influence on margins of
safety as the various partial factors which maybe applied.

6 CONCLUSIONS

Traditionally geotechnicid design employs lumped factors
of safety and a key element in deriving these is the
veracity of the soil parameters used. This is largely a
matter of engineering judgment. In theory, if factors of
safety are greater than unity, then there should be no
failure. In fact failures do occur occasionally and these
often call into question the judgment of the designer.

In Europe the move is away from lumped factor of
safety design towards partial factor design. Since partial
factors are applied to enhance raw loads, and to reduce
raw strengths, the designer deals with design loads, and
strengths, which are distorted from raw values. The aim
of this distortion is to wean geotechnical design away from
a deterministic approach to a probabilistic approach.

Some of the mathematical manipulations prescribed in
partial factor design, such as factoring characteristic $’
values, tend to produce distorted, nonlinear, design values.
This tends to cloud the application of engineering
judgment and it remains to be seen whether partial factor
design introduces a real probability of failure which is
lower or higher than that currently associated with
traditional lumped factor of safety design.
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A Comparison of Design Approaches for Geosynthetic Reinforced Soil
Structures In Europe

J,Penman and R.A,Austin
Tensar Division, Netlon Limited, New Wellington Street, Blackbum, UK

ABSTRACT: The use of geosynthetic materials to reinforce soil structures has become widespread in recent years.
Traditional methods for the design of these structures using polymeric reinforcement are based on a limit equilibrium
approach which can lead to a conllict in the design of different parts of the same structure. In a bridge for example, the
deck itself is likely to be designed using a limit state approach while the supporting reinforced soil abutment could be
designed using a limit equilibrium method.

For reinforced soil walls, the most popular design methods currently used in Europe are based on the tie-back wedge
approach. For reinforced soil embankments the most common methods use modified forms of Bishop or Janbu equations
for circular and non-circular slip surfaces respectively, the method outlined in the UK Department of Transport technical
note HA 68/94 or chart based design methods. All these wall and embankment design methods are based on limit
equilibrium principles.

The publication of the UK code of Practice for strengthened.reinforced soils and other tills, BS 8006 introduced
alternative methods for the design of reinforced soil structures using limit state principles. The paper describes the
advantages and limitations of both limit equilibrium and limit state approaches and outlines the economic implications of
using the various methods in different conditions.

KEYWORDS: Design, Limit equilibrium, Limit state, BS 8006, Walls, Embankments

1 INTRODUCTION safety is applied to the reinforcement creep limited
strength to determine the safe design strength.
When reinforced soil techniques were originally developed,
only three or four methods were routinely used for the
design of structures. With the wider acceptance of this
developing technology, many countries now have at least
one approved method for the design of walls and
embankments and each is slightly different to the ones
used elsewhere.

Since the introduction of modern soil reinforcement
techniques by Vidal in the 1960’s and the pioneering work
for the design of reinforced soil embankments undertaken
by Jewell in the 1970’s, we have moved on to other more
refined and flexible methods of analysis. However, the
original cc~herentgravity method, Vidal (1966) and revised
embankment design charts, Jewell (1990) are still very
much in use today.

Whilst it is appreciated that many other design methods
and Standards exist, this paper focuses on the methods
most commonly used at present for the design of
geosynthetic reinforced soil structures in Europe.

2 LIMIT EQUILIBRIUM METHODS

2.1 General

The limit equilibrium approach for the design of reinforced
soil structures is based on the application of global factors
of safety. Thus for external stability calculations, minimum
target values are set which must not be exceeded in the
design, while for internal stability calculations, a factor of
Full details of the limit equilibrium design methods
discussed in this paper can be found in Netlon Limited
(1997).

2.2 Reinforced Soil Walls

2.2.1 Tie-back Wedge Method

This method was one of the earliest developed for
reinforced soil walls and is still very much in use today.
Most of the more recent limit equilibrium design methods
for geosynthetic reinforced soil walls could be regarded as
variations of this traditional approach.
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Figure 1. Main failure mechanisms for reinforced soil
walls

1998 Sixth International Conference on Geosynthetics -501



The external stability of the structure is assessed based on
the assumption that it behaves as a rigid body and the

In order to investigate potential pull-out failure of the
reinforcement, it is necessary to consider separately the
possible failure mechanisms are shown in Figure 1. Due to
the large strains which develop in the soil, critical state soil
parameters (@’w,c’W)are generally adopted in design.

Although overturning failure is usually included in
external stability calculations, in the absence of any large
horizontal loads (e.g. in bridge abutments), it is unlikely to
be a problem. A target factor of safety of 2.0 is usually
adopted for sliding while for bearing, the vertical pressure
exerted by the reinforced soil block is normally calculated
and compared with the allowable bearing pressure of the
foundation soil. In the past, a trapezoidal pressure
distribution was generally adopted for bearing capacity
calculations, the vertical pressure being greater at the toe
than at the back of the structure. This approach has now
largely been replaced by a uniform Meyerhof pressure
distributicm which takes account of the eccentricity of the
applied load at the back of the block in the calculation of
the applied pressure.

In general, the base width of the reinforced soil block is
chosen to ,satis@ external stability requirements with
regard to sliding, overturning and bearing. A slope
stability computer program is then used to check for
potential slip failures at the back of the structure.

The internal stability of a reinforced soil wall is
essentially concerned with the tension and pull-out failure
mechanisms shown in Figure 2. For the purposes of the
analysis, a uniform frictional till is assumed and horizontal
soil pressures are taken to be in the active condition
throughout the structure; the at rest pressure which may
develop during the construction phase will reduce to the
active pressure when temporary supports are removed.
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a) Tension Failure b) Pull-out Failure

Figure 2. Tie-back wedge internal failure modes

In order to assess potential rupture, it is assumed that the
reinforcement will carry tension as a result of the self-
weight of the fill and the external loading. These tension
components can be evaluated separately and combined to
give the total tension to be carried by an individual layer of
reinforcement. External vertical and horizontal line loads
may also be included thus enabling forces from bridge
abutments and parapets to be taken into account.
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possibility of inclined failure planes passing through the
wall forming unstable wedges of soil bounded by the front
face of the wall, the ground surface and the potential
failure plane, Figure 3. For the purposes of the analysis, it
is assumed that each wedge behaves as a rigid body and
friction between the facing and the fill is ignored. A series
of potential failure planes emamting at various heights
behind the face of the wall are investigated and for each, a
check is made to ensure that the total restoring force
provided by all layers of reinforcement cut by the wedge
exceeds the out of balance force, usually by a factor of two.
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Figure 3. Tie-back wedge pull-out failure mechanism

2.2.2 The Deutches Institut fir Bautechnik
Design Method

This design method, based on German DIN standards, has
gained widespread acceptance in mainland Europe and is
becoming increasing popular in other parts of the world.

Although the method is based on the tie-back wedge
approach, there are a number of important variations. For
external stability calculations, these include a reduced
target factor of safety of 1.5 for sliding and a specific
method for the consideration of bearing failure which by
modifiing the Terzaghi bearing capacity equation, takes
account of the inclination of the resultant force due to the
active pressures at the back of the reinforced soil block. An
additional check is included to ensure that the resultant
force acts in the middle third of the base, this effectively
replacing the overturning calculation in the traditional tie-
back wedge method.

Internal stability calculations concentrate mainly on a
consideration of reinforcement pull-out with the traditional
single-part wedge being replaced by a two-part
mechanism, the base of the upper wedge passing along the
back of the reinforced soil block. An additional check is
however required for structures with flexible faces; for
each layer of reinforcement, it is necessary to ensure that
the design strength (or the anchorage strength if a full-
strength connection is not used) is not exceeded by the
active pressure on the face.



Critical state soil parameters are used in the design and
the reintlorcement strengths adopted in the designs referred

the normal factors applied to the strength of the
reinforcement, no other factors of safety are present in the
to in this paper are detailed along with the appropriate
methodology in Deutches Institut fiir Bautechnik
Certificate No. Z-20. 1-102 (1990).

2.3 Reitiorced Soil Embankments

2.3.1 Slip Circle Method

Until fairly recently, rigorous stability analyses of
reinforced soil embankments generally took the form of a
circular slip circle analysis using one of the methods of
slices e.g. Bishop’s method, Figure 4.

TheSlipCircle Method
Centre of

R

Lrwcr arm for grid I

Potential sllp circle

Figure 4. Bishop slip circle method

For each circle, the disturbing moment of the soil mass is
compared with the restoring moment provided by the soil
and the reinforcement and a factor of safety against failure
calculated. If the minimum factor of safety is greater than
the target value (usually around 1.3 for permanent
structures), the design is deemed to be satisfactory in terms
of stability.

Such an analysis is rapidly carried out using computer
software developed by some individual manufacturers and
the commercial software packages now available. It should
be borne in mind however that the method of incorporating
reinforcement into the design often varies between these
software packages.

2.3.2 The UK Department of Transport Design Method

The UK Department of Transport Advice Note HA 68/94
gives guidance on the design requirements for the use of
reinforced soil and soil nailing techniques in
embankments. A series of tables are provided in the
documeni. which are aimed at providing a simple method
enabling engineers to produce independently replicable
designs. However, in order to take full advantage of the
economy in the design method outlined in HA 68194, a
computer program is necessaIy.

The HA 68/94 design method involves the consideration
of two-part wedge failure mechanisms, Figure 5. Critical
state soil parameters are used in the analysis but apart from
design. A general discussion of the principles involved in
the HA 68/94 method and some of the potential diftlculties
with its application are discussed in Penman (1996 and
1996a).
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Figure 5. HA 68/94 two-part wedge failure mechanism

Although HA 68194 is gaining widespread popularity, a
number of implicit restrictions often require an alternative
method to be used. These restrictions include the presence
of a complicated embankment geometry, multiple fill
types, the presence of horizontal loads and a less than fully
competent foundation soil.

Comparisons using the modified design charts published
by Jewell (referred to earlier) have not been included in the
comparison exercise described below. However it is stated
in Appendix A of HA 68194 that the use of a $’]zI$’ratio of
0.5 for inter-wedge friction, yields similar reinforcement
layouts to those achieved using the Jewell charts.

3 LIMIT STATE METHODS

3.1 General

The object of a limit state approach is to apply appropriate
partial factors where they are required i.e. the greatest
partial factors should be applied where there is the greatest
uncertainty.

The publication of BS 8006 heralded a new approach to
the design of reinforced soil structures. The Code of
Practice adopts limit state principles for the design of walls
and embankments whereby individual partial factors are
applied to the various forces acting on the structure and the
soilheinforcement properties. It is questionable however
whether BS 8006 has been successful in following the limit
state objective of applying partial factors where they are
required most; notwithstanding its endeavour to follow
current practice, it is dit%cult to justify a partial factor of
1.5 for soil unit weight while a partial factor of unity is
applied to the friction angle, there surely being greater
uncertainty with the latter than the former.
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It is stated in BS 8006 that provided a reinforced soil
structure is unlikely to undergo excessive differential

of using the other methods being based on typical current
prices of the products used in the design.
settlement, peak effective shear strength parameters can be
used for design i.e. ~P, C’P. It should be appreciated
however that with the exception of some industrial fills
(e.g. Pulverised Fuel Ash), an effective cohesion value of
zero is normally adopted.
BS 8006 clearly distinguishes two parts to the design

process, the ultimate and serviceability limit states. As such
it is the only document discussed in this paper which refers
directly to the key issue of boundary deformation.
Unfortunately, BS 8006 is vague in terms of how
serviceability should be addressed and much is therefore
left to the individual designer.

4 COMPARISON OF DESIGN METHODS

4.1 General

A number of designs have been undertaken for each of the
various methods described above; the analyses were carried
out using Netlon Limited’s Winslope and Winwall
computer programs for the design of reinforced soil
structures, Figures 6 and 7. Each design was based on the
use of the Tensar@ range of HDPE geogrids and where
possible, soil parameters were chosen such that the geogrid
quantities were not governed by the normal maximum
practical spacing criteria.

As the limit equilibrium and limit state methods use
constant volume and peak shear strength properties
respectively, clearly any comparison between methods
adopting these two approaches is sensitive to the
relationship assumed between the constant volume and
peak values for a particular soil. For the purpose of this
exercise, a tan$’~ tan$’Cvratio of 1.3 has been used
throughout. For each design case, the most cost effective
method was given a cost rating of 1.00, the relative cost

tE!5z--’%w&a=a&O°0° HIM
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Figure 6. Winslope computer program
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4.2 Wall Design Methods

The results of the cost comparison exercise for walls are
shown in Table 1. The most striking feature that comes out
of the comparison exercise is the inefficiency of the
traditional tie-back wedge approach for all but the smallest
of structures. The main reason for this is the longer grid
lengths required to satis$ the target factor of safety of 2.0
for sliding, although the method of dealing with the internal
stability requirements is also slightly less efficient for the
tie-back wedge than the Bautechnik and BS 8006 methods.

The Bautechnik method, in general uses shorter grid
lengths than the BS 8006 method but the grid quantities
required to satisfy internal stability criteria are significantly
less in the BS 8006 method. Overall, for the examples
considered in this paper, it would appear that for structures
up to 3m high, the traditional tie-back wedge approach may
be the most cost effective while for medium sized
structures (3m to 8m high), the approach outlined in BS
8006 provides the most cost effective layouts. It should be
appreciated however that for different soil and loading
conditions, the ‘switch in efficiency’ between design
methods will be at different heights of structure. Similarly,
the relationship between the constant volume and peak
strength properties for a particular soil will have a
considerable effect on the relative performance of the limit
equilibrium and limit state methods.

In addition to comparisons being made based on height of
structure, the way the design methods deal with inclined
faces and water pressure was also investigated. For inclined
faces (Cases 7 and 8) the benefits gained by reducing the
active earth pressures were equally well reflected in all
three methods but when water pressure is present (Cases 9
and 10), it would seem that the BS 8006 method deals with
these in a slightly more cost effective manner.
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4.3 Embankment Design Methods equilibrium method for slip circle analyses. It would
appear that the difference becomes greater for higher

ik Tie-back Wedge BS 8006
The results of the cost comparison exercise for
embankments are shown in Table 2. It should be
appreciated when examining the results that the actual
reinforcement layout used to determine the cost ratio for a
particular design method is based on both the minimum
reinforcement requirement derived from the analysis and
the maximum vertical spacing between reinforcement
layer% for the latter this was l.Om throughout. Although
this undoubtedly has an effect on the overall costs used in
the analysis, it is unlikely to afhect the overall cost ranking
of the design methods.

Possibly the most noticeable feature of the results for
embankments is the significant economy attained by using
a limit state approach rather than the traditional limit

Table 1. Results of comparison exercise for walls

Description Bautechn
embankments and for shallower embankments constructed
with comparatively weak fill (e.g. high plasticity clay).

The two types of HA 68/94 analysis carried out
demonstrate the economy which can be attained by using a
computerised approach to this method, with the inclusion
of inter-wedge friction as opposed to the simplified method
using the tables within HA 68/94. It should be appreciated
however that in order to use a high value for inter-wedge
friction (such as the value of 0.5 used in this exercise), it is
necessmy to check the stability of two-part wedges behind
T- (Love and Bond, 1996).
Case
cost Grid cost Grid cost Grid
Ratio Length Ratio Length Ratio Length

1 3m high, 90° wall, $’0,=28° 1.08 2.00m 1.00 2.60m 1.10 3.00m
2 4m high, 90° wall, $’0.=28° 1.08 2.60m 1.13 3.40m 1.00 3.00m
3 5m high, 90° wall, ~’Cv=280 1.06 3.00m 1.05 4.30m 1.00 3.00m
4 8m high, 90° wall, $’0,=28° 1.03 4.80m 1.22 6.80m 1.00 5.60m
5 12m high, 90° wall, @’G,=28° 1.00 7.20m 1.49 10.30m 1.14 8.40m
6 16m high, 90° wall, $’c,=28° 1.00 9.60m 1.64 16.60m 1.17 11.60m
7 4m high, 80° face, $’w=28° 1.18 2.40m 1.34 3.80m 1.00 3.00m
8 8m high, 80° face, $’.,=28° 1.09 4.80m 1.41 7.60m 1.00 5.60m
9 As case 2 with water pressures 1.05 3.50m 1.45 5.60m 1.00 4.00m
10 As case 4 with water pressures 1.02 6.30m 1.67 10.30m 1.00 5.90m

Table 2. Results of comparison exercise for embankments

Case Description Bishop Bishop HA 68194 HA 68/94
(Limit Eq.) (Limit State) (+’12= ()) (+’17,= 0.5)

Cost Base cost Base cost Base cost Base
Ratio Grid Ratio Grid Ratio Grid Ratio Grid

Length Length Length Length

1 4m high, 60° face, $’.,= 30° 1.23 2.80m 1.00 2.00m 1.33 2.00m 1.24 2.30m

2 8m high, 60° face, $’.,= 30° 1.37 5.30m 1.15 4.80m 1.08 5.25m 1.00 4.75m
3 12m high, 60° face, $’.,= 30° 1.66 8.00m 1.38 7.00m 1.12 8.00m 1.00 8.O(lm
4 4m high, 45° face, $’C,=30° 1.34 3.40m 1.00 2.40m 1.43 3.40m 1.23 2.80m

5 8m high, 45° face, +’.,= 30° 1.50 6.00m 1.00 4.60m 1.47 6.75m 1.28 5.75m

6 12m high, 45° face, +’.,= 30° 1.66 8.00m 1.00 7.00m 1.29 10.Om 1.11 8.50m

7 4m high, 1 in 2 face, $’cV=30° 1.72 4.80m 1.00 3.80m 1.87 7.30m 1.68 6.50m

8 8m high, 1 in 2 face, $’C,=30° 1.56 10.50m 1.00 7.00m 2.03 14.5m 1.83 13.00m

n.b. $’lz=inter-wedge friction
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Perhaps the most surprising feature of the results is the
relative performances of the HA 68/94 and limit state slip

Department of Transport, HA 68194 Design methods for
the reinforcement of highway slopes by reinforced soil and
circle methods. It would appear that despite the absence of
a global factor of safety on soil strength for the HA
method, with the exception of reasonably large
embankments with steep faces (greater than or equal to
600), there are considerable savings to be attained using
the limit state slip circle approach.

5. CONCLUSIONS

The paper has reviewed the design methods most
commonly used in Europe for the design of reinforced soil
structures. It is clear that while there are many similarities
between the methods used for the design of reinforced soil
walls, several important differences exist which in some
cases result in significant variation in the amount of
reinforcement required to satis@ the various design
criteria. Similar differences are observed in embankment
design methods.

Overall it is not possible to indicate one particular design
method for walls or embankments which consistently
yields more cost effective reinforcement layouts. It would
appear however that the limit state methods proposed in
BS 8006 i~e economic in most cases.

There is the possibility that individual designers will
select their own favourite methods for walls and
embankments without being aware of the appropriateness
of other approaches. However, when a particular method is
chosen simply based on cost, it is important that the
designer understands fully the design philosophy and
reasons for the economy. In the case of HA 68/94 for
example, the adoption of a high inter-wedge friction angle
requires additional checks to be made to ensure a safe
embankment design is achieved.
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ABSTRACT: The recent development of the “displacement method” (Lemonnier, 1995), for the design of
geosynthetically reinforced slopes, is based on the application of the variational approach. Concerning the external
stability, the variational limit equilibrium method has been used in the case of the reinforced slopes. It has been shown
that the critical shape of the failure surface is a log-spiral. Considering the same basic assumptions as the ones of the
original “displacement method” (Gourc et al, 1986) for the internal stability, the variational calculus has been applied to
the equilibrium of the membrane zone. The originality of this approach is to allow the determination of the optimum
position of the layer (log spiral shape for the membrane zone), in order to obtain an extremal tension in the
reinforcement at the failure surface. A comparative case study with two previous models of the “Displacement method”
is presented and discussed.

KEYWORDS: Design, Limit equilibrium methods, Geosynthetic reinforcement, Slope stability analysis.

--.
1 INTRODUCTION

The “displacement method”, initially developed in
France, is now being widely used for more than ten
years in many countries to design geosynthetically
reinforced structures (Figure 1). The geotechnical
engineers have built up this reliance from several
experimental investigations and theoretical validations
all over the world (Gourc et al, 1988; Yoshioka et al,
1990; Fidler et al, 1994). The advantage of this method
is its ability to take into account the extensibility of the
reinforcements in the design, which is a major
characteristic of the geosynthetics. It is based on the
principle of soil limit equilibrium, associated with the
geosynthetic behavior as an anchored membrane
(Figure 2). The original method considers a simplified
mechanism for this membrane zone. Later on, a more
rigorous mechanism has been proposed.
A recent development of the “displacement method’,
which is in the process of being developed in Denmark
by the first author (Lemonnier et al, 1997), is based on
the application of the variational calculus (therefore
called “variational displacement method” in the
follc)wing).
Firstly, the original “displacement method” together
with its two different developments are briefly
presented. Secondly, a comparative study on a 6m high
geosynthetically reinforced wall, is presented and
discussed.
.---.------\----------.-
P \ (e, -e, ).*

Log Spiral: ri G roe

Figure 1. Global stability of the reinforced slope.
Extremal failure surface.

2 THE “DISPLACEMENT METHOD’

2.1 Standard “Displacement Method”

The original “displacement method” (Gourc et al,
1986, “Cartage” software) is based on the principle of
soil limit equilibrium, and on the consideration of (i) a
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displacement field along the failure surface defined by
a vertical top displacement y, (see Figure 1), (ii) the
anchored membrane concept (see Figure 2), and (iii)
the geosynthetic extensibility. The local equilibrium of
each sheet is considered, coupled with the tension
constitutive model of the reinforcement and of that in
friction of the soil-geosynthetic interface (elasto-
perfectly plastic behavior) .Faced with the problem of
the determination of the soil stiffness modulus, a
simplified mechanism of the membrane behavior has
been considered by the authors: (a) The reinforcement
tension is constant all along the membrane zone B,BZ
(see Figure 2) and is equal to the ones at B, and B,; (b)
This tension is either assumed to act in the horizontal
direction or in the direction of the tangent to the failure
surface (maximum inclination); And (c) the modeling
of the geosynthetic behavior is considered either with a
small or large displacements assumption.
Note that the corresponding software “Cartage” is
widely used in France for practical design work.

. . .-+:: -..:..:.
slits line of the

///+......

reinforced slope 3
~h

$TA , ~

Y,
active
membrane

yG ~inchorage

Figure 2: Anchored membrane concept.

2.2 Modified “Displacement Method”

This method considers a more rigorous mechanism
(circular shape) of the membrane behavior. The
determination of the reinforcement tension T. (see
Figure 2), which is also assumed to be constant all
along the circular membrane zone, is based on the local
equilibrium of this zone. Thus, the reinforcement
tens ion and its inclination U. depend on the vertical top
displacement y, and the soil stiffness modulus. Note
that the corresponding software “Membrane” is used
essentially for research (Gotteland, 1991).

2.3 “Variational Displacement Method”

The problem has been split into two different parts:
● Global equilibrium of the sliding mass
Applying the variational limit equilibrium method,
elaborated by Baker and Garber (1977) in the case of
unreinforced slopes, to the one of reinforced slopes, it
508-1998 Sixth International Conference on Geosynthetics
has been shown that (i) the trace of the critical failure
surface is a log spiral (see Figure 1), and (ii) the only
moment equilibrium equation of all forces acting on
the sliding mass is enough for the determination of the
safety factor FS, defined with respect to the shear
strength parameters of the soil.
● Local equilibrium of the reinforcement sheets
In order to assess the reinforcement contribution to the
stability, the variational calculus has been applied to
the equilibrium of the membrane zone in the
neighborhood of the failure surface, considering the
principle of the “displacement method” (i.e.: the
anchored membrane concept, see Figure 2). The
variational approach allows the determination of the
optimal shape (log spiral) as well as the optimal
position of the sheet for which one obtains the extremal
tension at the intersection with the failure surface.
Thus, the tension is no longer assumed to be constant
along the membrane zone. Furthermore, this method
provides the tension distribution and the relative soil-
geosynthetic displacements all along the sheets.

2.4 Comparison Of The Different Models

Table 1 shows the comparisons of some principles of
the three above mentioned models, regarding (a) the
global equilibrium of the sliding mass (columns 1 to 3)
and (b) the local equilibrium of the reinforcements
(columns 4 to 6). Note that the listed principles are
those which differ from each other. It appears that the
“Displacement Method” has gained in rigour in its two
latter developments (i.e. less a priori assumptions). The
improvement provided by the “Modified” model
consists of a more rigorous determination of the
reinforcement tensions. With the present model, it
provides an improvement on the determination of both
the safety factor (no a priori assumptions concerning
the failure surface shape, nor the normal stress
distribution along this surface), and the reinforcement
tension (no a priori assumptions concerning the shape
of the membrane zone, nor its critical position).

3 COMPARATIVE CASE STUDY

In order to show the developments of the
“displacement method”, the three above mentioned
models have been applied to a 6m high wall reinforced
with 11 geosynthetic layers. All other data required for
the analysis are presented in Figure 3. For all three
models, the safety factor FS of the soil in shear is set to
1.5. Note that all “Cartage” results correspond to the
assumption of large displacements with a horizontal
reinforcement tension (see $2.1).



Table 1. Comparison of some principles of the three models

Name 1. Limit 2. Failure 3. Search for 4. Critical 5. Tension 6. Inclination
equilibrium surface shape critical failure position of the in BIB2 of tensions
method surface membrane zone (see Fig.2)

“Cartage” “Perturbation” any (circular manual (as rest) (constant) (null) or
more used) (maximum)

“Membrane” “Perturbation” (circular) manual (fixed) (constant) (fixed)
Fellenius (bilinear)
Bishop (mixed)
Jambu

Present Variational Log-spiral* automatic result of minimi- non result of
model sation process* constant* minimisation

process*
Notes: Terms in parentheses () refer to a priori assumptions, and the one followed by * refers to analytical result.
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3.1 Failure Surfaces

Concerning the two first models (i.e. “standard” and
“modified”), and for each potential slip line (circular
shape) considered, a critical vertical top displacement
ytCcorresponding to RS=l.5 is determined. The critical
slip circle (represented in a dotted line in Figure 3),
which is the same in both models, corresponds to the
larger y,, value considering six different potential slip
circles (Gourc et al, 1989).
For the present model, the slip line shape is a log spiral
and the critical position (represented in Figure 3)
corresponds to the critical y, value (called y,C)which
provides a safety factor FS= 1.5 as its minimum value,
considering 860 different log-spirals passing through
the toe of the wall.
Note that these two lines are rather close to each other
in the lower half part of the wall, then the log-spiral is
placed further away from the facing than the circle.
Nevertheless, regarding the difference in the
determination of the critical position of the failure
surface in each model, the scatter between these
positions is small.

3.2 Critical Vertical Top Displacements

Concerning the critical vertical top displacements y.,
the standard model gives 26mm, the modified one
gives 50mm, and the present one gives 88mm (see
Figure 3). Thus, it seems that there is a tendency in the
development of the method for an increase of this key
parameter.

3.3 Critical Tension Distributions

Figure 4 shows the distribution of the critical tensions
and of their inclinations along the failure surfaces. It is
interesting to note that the tension distribution of the
present model is close to the one of “Cartage” in the
upper half part of the wall, and close to the one of
“Membrane” in the lower half part. Plus, the present
model gives the lowest maximal tension T~a (presented
in Figure 4), which is reached in the lowest sheet in
each model. Nevertheless, the scatter between these
tension distributions is rather small,

++wt+q= 10kPa

4
~’Membrane” (yW=50mm)

Layer . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .

2 *. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .

3
\’Cartage” (y,c=26mm)

. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .
b

4 Present model. . . . . . . . . . . . . . . . . . . . . . . . -T-------------------”

5
(yL=88mm) h. . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . . .h
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Figure 3. Case study - Critical positions of the
theoretical failure surfaces

3.4 Critical Tension Inclination Distributions

Concerning the tension inclinations, the distributions as
given by “Membrane” and the present model (null for
“Cartage”) are very different from each other.
“Membrane” distribution decreases continuously with
the depth, while the one of the present model passes
through a minimum value at the second layer (see



Figure 4), then from the 8“ layer and deeper it reaches
the maximal inclination distribution, which
corresponds to tensions tangent to the failure surface
(the log-spiral of Figure 3),

Layer n“

‘T ‘-

g

—

—

—

21L\ ,_—
/

- 3+- -HP -

-+---
7 Tma,=l6.9 kN/m

%b

80 40 0 10 20
ctA(0) TA(kNlm)

Figure 4. Comparative study (case study of Figure 3)

3.5 Discussion

The present comparison study shows that (i) the critical
failure surfaces obtained with the three models are
close to each other (see Figure 3), (ii) the
reinforcement tension distributions along the failure
surface are similar (see Figure 4), but (iii) the obtained
critical vertical top displacements yW has been
increased significantly from one model to its following
development (!)2’%. between the two first, and 76%
between the two last). However, the latter parameter is
difficult to correlate to actual measurements, and
further research should be performed on the validation
of these models on real structures build and tested to
failure.

4 CONCLUSION

This paper presents the recent developments of the
“displacement method”. This method, which is the
standard in France for the design of geosynthetically
reinforced earth structures, has since been improved at
least twice, The first improvement concerns the
determination of the reinforcement tensions, the second
one also concerns the determination of the safety factor
of the structure. Indeed, the originality of the latter is
510-1998 Sixth International Conference on Geosynthetics
the application of the variational calculus on both the
equilibrium of the sliding mass and the one of the
membrane zone in the vicinity of the failure surface.
This analysis allows a significant decrease in the
number of a priori assumptions considered in the
previous models. A comparative study on a 6m high
wall has shown that the rigour tends to increase the
obtained critical top displacement.
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ABSTRACT: This article presents a proposed method for the preliminary design of geosynthetically reimlorced soil
structures, adapted to the case of localised surface loads. The first section describes two modifications made to the basic
calculation method: firstly, to consider the deformable nature of geosynthetics and, secondly, to consider a local
equilibrium calculation of each reinforcement. In the second section, an attempt is made to validate the proposed initial
modifications on the basis of results obtained using an experimental structure locrdly loaded up to its failure point. The
local approach seems satisfacto~.

KEYWORDS: Retaining wall, Reinforcement calculation method, concentrated top load, Prediction, Experimentation.
1. INTRODUCTION

Geosynthetically reinforced soil embankments with
flexible facings are commonly used in France for retaining
purpose:;; their ability to bear is also currently being
studied at the Grenoble Lirigm laboratory. This article
will concentrate on this function for case where the head
of the structure is locally loaded.

Little is known about structures with flexible
reinforcement sheets which are locally loaded at the head.
Observation of the way in which instrumented
embankments fail (Matichard and rd., 1992, Lensiewska
and al., 1992) shows that the reinforcing sheets in the
upper pi~ of the embankment are placed under high stress
by the slab which perforates the embankment, and that the
tensile force and slope of the reinforcing sheets in the
shear zone are greatly reduced towards the base of the
embankment. This behaviour is the reverse of that of a
structure with no localised overload or which is evenly
overloaded, where the sheets at the base are under greatest
tensile forces.

on a reference experimental structure (Gourc and al.,
1995) (Photo 1), an attempt will be made to validate a
preliminary design method for these structures which is
quick and easy to use: the modified double-block method
(shortened to DB), based on the limit equilibrium
calculation principle. This method is sufficiently widely
used to study the stability of structures which are either
not overloaded or evenly overloaded.
Photo 1. The GARDEN experimentation

2. THE DOUBLE-BLOCK METHOD (DB)

With the DB method, the active part of the embankment is
divided into two rigid blocks placed side by side and
assumed to be slipping. The slip line is bilinear, with
kinematic convexity condition.
The points where the slip line intersects the facing (point
A) and the upper surface of the embankment (point C), as
well as the positions of the slope break point and the inter-
lock line (point B) are selected by the user (Figure 1).

The limit equilibrium of the double block is calculated
by applying a resultant horizontal thrust P, redistributed
throughout the reinforcing sheets j (tensile forces TJ)
(Figure 1). The slip line is assimilated to the line along
1998 Sixth International Conference on Geosynthetics -511
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which the maximum tensile forces are accommodated in

the reinforcing sheets. The equality ZTJ=P is checked.
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Figure 1. Double-Block method principle,
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Figure 2. Local equilibrium of a reinforcing sheet j.
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The distribution used for the resultant vertical stress of
the localised overload Q is almost vertical inside the
embankment (angle of distribution $~Oil/4).The vertical

stress al the reinforcing sheet j which is applicable in the

distribution zone will be called a~.

The safety coefficient F is applied to the mechanical
properties of the earthtlll. The theoreticrd failure of an
embankment is thus obtained when F=l.

Two approaches are proposed for the prelimimwy
design, one known as overall and the other local.

2.1 Overall Approach (OA)

Overall equilibrium of the unstable area is considered to

be (XTJ= P).

In a first option (OA1), the tensile forces T~l ,

mobilized in the reinforcement sheets, are fixed; the value
of F is cleduced.

A s~~ond option (OA2) consists in fixing F and then
deducing a uniform tensile force distribution throughout
512-1998 Sixth International Conference on Geosynthetics
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the reinforcement (T&2 = Tmz, except on case of

anchorage problem). The critical slip line is obtained for
the maximum value of TOM.

2.2 Local Approach (LOC)

Another approach consists in studying the local
equilibrium of the complex [soil+reinforcing sheet] at the
level of each reinforcing sheet for a predestined slip line
(Figures 1 and 2).

The action of the localised head load Q is separated
from the action of the deadweight of the soil. This means
that a different distribution can be considered for each of
these actions along the slip line.

The double-block equilibrium thrust P~ is calculated

for the double-block only subjected to Q, for a density of
the soil body in the double-block assumed to be zero. In
accordance with the observations already made, the
distribution made is one whereby the upper reitiorcing
sheets which are under greater tensile forces. The
distribution of P~ is trapezoidal. The proposed hypothesis
consists in assuming that the reinforcing sheets are under
tensile forces only if their intersection with the slip line is
included in the top load area of influence (Figures 1
and?2).

A thrust coefficient ~ is calculated on the basis of P~

to determine local tensile forces T: :

For the action of weight of the soil, the conventional
triangular distribution hypothesis is considered. The thrust
PYis calculated, equilibrium resultant of the double-block
under its own weight, on the basis of which the thrust
coefficient 1$ and the local tensile forces T; are deduced.

\

Tj =K, . y.(H-Zj). AH~r

XT; = P,
(3)

The tensile force in the reinforcing sheet j is then

obtained by (Figare 2): T/OC= T~+ T;.

Given the cases examined, where the overload Q 1s
high compared with the soil weight, the tensile forces T’

?will be generrdly high compared to the tensile forces TY,
and thus predominant in the design of the structure.



3. COMPARISON WITH EXPERIMENTAL RESULTS

3.1 Experimental stmctures

The GARDEN programme (“Geotextile”: Application in
Reinforcement: Experimentation and Normalisation)
consisted in loading to ftilure point two embankments
with cellular facings (Loffel type), at an 80° slope
(Photo 1).
These embankments have a total height H = 4.35 m, and
are reinforced by geosynthetics having a tensile strength
(TJ and different stiffness moduli, with local head loading

(Gourc and al., 1995). The loading system is presented on
the Figure 3.
An exhaustive assessment of the behaviour of these two
structures has been made (Hazz 1997). They were hardly
instrumcmted (Figure 4).
One of these embankments is shortly presented here: the
embankment reinforced by a non-woven polyester
geosynthetic (NW embankment, Figare 5). The other
embankment is reinforced by a woven polyester
geosynthetic (W embankment, figure 6).
The mechanical properties of the earthfill are ~ = 36°,
C =4 ld’sandy= 19 kN/m3.

—-+—————+. lm 2m lm.
.
. F===-l:

Figure 3. Loading system of both experimental
embankments.
“:-
[ , . 4
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1 Normal stress
4 Mesure of settlements

— Horizontal Inclinometer

Figure 4. Instrumentation of the NW embankment.
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Figure 5. NW embankment profil - slip lines retained for
the reverse calculations.
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3.2 Preliminary design stage

3.2.1 Definition of profiles: overall approach (OA)

The preliminruy design of these experimental structures
was carried out using the overall approach (OA2): the
safety coefficient was fixed (F= 1, theoretical ftilure
reached), as was the maximum load considered at tie
conceptual design stage Q = 330 kNjm.

The critical slip line was obtained (LG 1 in the
NW embankment, Figure 7). The selected tensile strength
of the geosynthetic used was equal to TOM

(Tf = TC)A2= 25 WVrn in the NW embankment).

I 1~1 ~
051015202530354045

Tmobj(kNhn)

Figure 7. Preliminary design stage - tensile force

distribution (NW embankment).
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However, since the anchoring strength of the two

upper sheets is low (< Tf), these sheets were made longer.

Thus, the NW embankment is reinforced by eight 3 m
long sheets and two 4 m long upper sheets and the
W embankment is reinforced by three 3 m long sheets and
two 4 m long upper sheets (Figures 5 and 6).

3.2.2 Foreeast failure load: local approach (LOC)

For Q = 330 kN/m, F = 1 and slip line LG 1 defied
above, the tensile force distribution T~oc gives values
much higher than Tf (= 25 IdWm) in the upper two thirds
of the NW embankment (Figure 7),

A new loading condition Q was then calculated
compatible with a maximum tensile force value T;oc
closer to TP A value of Q~Oc = 185 lchlim was obtained
for a maximum value of T~oc =25 kN/m (Figure 7). The
same value of Q~W was obtained for the W embankment,
for a maximum value of T~Oc=44 kN/m (= T~).

3.3 Feedback fbm experimentation

At the end of the test, the maximum load applied on the
two embankments was Qmp = 230 IcNim.

By measuring the displacement of reinforcing sheet
points at failure, the range of maximum reinforcement
sheet strain zones cau be obtained (Figures 3 and 4). The
distribution of experimental tensile forms Tup can then

be estimated (Figure 8, in the NW embankment).
Observations of the two embankments confirmed that the
upper sheets work much harder than the others, and tend
to bend considerably (Gotteland and al., 1997).

The critical slip line selected for the preliminary
design in the NW embankment (LG 1) was not exactly
within the range of maximum tensile force values. In the
following discussion, two other slip lines included within
this range, LG 2 and LG 3, were considered in the
NW embankment for carrying out the reverse calculation
using the DB method. The slip line LG 4, included within
the range of maximum tensile force values, was
considered in the W embankment for the reverse
calculation (Figures 5 and 6).

3.3.1 Reveme calculation: overall approach (OA)

The forecast failure load in the overall approach ($ 3.2.1)
was 330 kN/m, a value much higher than the load
obsemed under experimental conditions
(Qmp = 230 kN/m).

The overall approach (OA1), with Qmp = 230 kNjm

and T~ , = T~w applied along the line LG 2 and the

deeper line LG 3, gives safety coefficient values of
F = 0.66 and F = 0.995 respectively (Figure 8). Therefore,



with the overall approach, the safety coefficient F depends
closely on the slip line chosen, although the two lines
considered are relatively close.
obtained for line LG 3 (F= 1).
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Figure $. Experimental tensile force distribution in the
NW embankment.

3.3.2 Overall approach: proposed development

In the shear zone, flexible reinilorcing sheets become
deformed Therefore, the stress that builds up here does
not remain horizontal.

A vertical component of the tensile forces along the
shear line, taken into account in the active double-block
equilibrium, was introduced into the calculation (Haz%
1997).

In the light of the observations, it is proposed to divide
up the active zone of the embankment into two simplified
zones :

a “top” zone (above point B, Figure 1), where the
tensile lbrces that build up in the reinforcements are all
inclined at the same angle ~,

a “bottom” zone (below point B, Figure 1), where
the tensile forces remain horizontal.

As before, the option (OA1) is applied in the
NW embankment “with Q = ~P = 230 kNlm, by

imposing T~~l = T~M but inclining the “top” forces at

~ = 35° (inclination of sheet nOIO measured when the
structure was dismantled). To ensure that only the upper
reinforcing sheets were inclined, line LG 2 is considered
because point B is high up in the embankment. F = 0.705
in place of 0.66 was obtained. By inclining these forces, a
slight increase in the safety coefficient F was observed; it
nevertheless remains less than 1.
’”-
3.3.3 Local Approach (LOC)

During the preliminary design, the foreseeable failure load
obtained (F = 1) is less than the ftilure load measured

experimentally ( Q~oc(=185 kNlm) < Q=p (=230 kNlm)).

To compare the results of the local approach with the
overall approach, the slip lines LG 2 and LG 3 are also
used in the NW embankment (Figure 9), and the slip line
LG 4 in the W embankment (Figure 10).

By applying F = 1 imd Q = ~p= 230 kN/w the

tensile forces distribution calculated along the slip line
LG 2 is much higher than the distribution obtained
experimentally, whereas along LG 3 it is closer. Thanks to
the low position of point B on line LG 3, the deeper-lying
reinforcement sheets in the embankment can also take part
in the overload double-block equilibrium because they are
directly involved in load distribution within the
embankment (Figure 9). The thrust P~ is thus distributed

among a greater number of reinforcement sheets, thereby

reducing the tensile forces T~oc. Meanwhile, the tensile

forces distribution calculated along the slip line LG 4 in
the W embankment is not so close to the distribution
obtained experimentally (Figure 10). The very large
vertical space between the sheets at the middle level of the
W embankment can be an explanation of this result.
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Figure 9. Reverse calculation by the local approach

(NW embankment)

As the point B (Figure 1) is near the bottom of the
embankment, its exact position has little bearing on the

values of T~oc; the same is true for the position of point

A, as the level of participation of the lower sheets remains
very low.
1998 Sixth International Conference on Geosynthetics -515



4

3g+

3

p’
N2

“1$

=. 6
II, -- .....

Q%2301cNlm~

/ ‘ .\
\

j /
/ /

/
,.,

/
1 f ....’1●

‘)E?EEU==
o 10 2030405060

Tensileforce(ldW@

Figure 10. Reverse calculation by the local approach
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This type of slip line, emerging at C, just upstream of
the loading slab, with a high angular opening, would seem
to match the local approach modelling system used here.

The same type of slip line could be used for the design
of reinforced embankment whose geosynthetic is more or
less stiff. Indeed, we observed, during the GARDEN
experimentation, that the position of the experimental slip
line is similar in both embankments (Figures 5 and 6).
However, the stiflhess moduli of the geosynthetics were
different (J~W= 95 kN/m, JW= 340 kNlm).

4. CONCLUSIONS

The operating and failure mechanisms of geosynthetically
reinforced earth structures, with local head loading
condition, are still relatively unknown. This paper
proposes the outlines of a simple and fast calculation
method for the preliminary design of such structures. Two
modifications to the double-block method, the fwst to take
into account the deformable nature of the reintlorcing
material (Overall Approach), and the other to take into
516-1998 Sixth International Conference on Geosynthetics
account a distribution of the tensile fomes produced by
Local Approach, are used to approximate the observed
behaviour on experimental structures subjected to massive
deformation.

The Local Approach proposed gives promising results
and should become even more satisfactory with possible
allowance being made for the angle of inclination of the
tensile forces, i.e., consideration for the deformable nature
of the reinforcing sheets,

We have suggested (Haz% 1997) a design method
which needs now to be validated on several experimental
results.
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Measuring geotextile strains with strain gages
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ABSTRACT: Laboratory research was undertaken to evaluate the effectiveness of electrical resistance strain gages to
measure geotextile strains. At low strains, typical of those observed in geosynthetic reinforced soil slopes and walls, the
strain gages were found to underrecord total strain and incremental strain in both in-isolation and in-soil load-elongation
tests on both polypropylene and polyester woven geotextiles. The degree of underrecordkg decreased with increasing
geotextile strain. Strain gages were effective for measuring the strain distribution in geotextiles and for monitoring
geotextile creep.
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1 INTRODUCTION

To evaluate the effectiveness of electrical resistance strain
gages for measuring strains in reinforcement geotextiles, a
series of load-elongation tests were performed on woven
polypropylene and polyester geotextiles to which strain
gages had been attached. Specimens 100 mm long by 200
mm wide were tested in isolation and confined in soil.
Three polypropylene woven slit film geotextiles (PPl, PP2,
and PP3) and two polyester woven multi-filament
geotextiles (PET 1 and PEE?) were included in the test
program, Table 1.

Table 1: Geotextiles tested.

Material Material and Description Strength
1

PP 1 Polypropylene, woven, slit-film 26 (15)2
PP2 Polypropylene, woven, slit-film, 49(1 5)’

2 layer stitch-bonded
PP3 Polypropylene, woven, slit-film, 77(1 5)’

3 layer stitch-bonded
PET] Polyester, woven, multi-filament 215 (10)3
PET2 Polyester, woven, multi-filament 175 (10)2

1 Wide width strength, kN/m, and associated (elongation,
0/0),ASTM D 4595.

2 Manufacture supplied data tlom’ Industrial Fabrics
Association International (1990, 1992).

3 Average value from Allen et al. (1992).

In-isolation wide width tests were performed using an
MTS testing machine” which had been fitted with
hydraulically operated clamps, in accordance with ASTM
D 4595. The geotextiles were loaded to failure at rates of
10%/min and 1%/min. In an attempt to eliminate end
effects, overall elongation of the geotextiles was measured
using a “scissors” type displacement measurement device,
Figure 1. The scissors were attached to the geotextiles by
pushing needles, mounted at the end of each arm, through
the geotextile. The distance between the needles at the
beginning of each test, approximately 60-75 mm for 100
mm gage length specimens, was used as the initial gage
length for calculating overall strains in the woven
geotextiles. No measurable reduction in strength resulted
from insertion of the needles.
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Figure 1: In-isolation test device.

In-soil tests were conducted using a plane strain unit cell
device (UCD), Figure 2. During UCD tests, horizontal
deformation of the soil is resisted by an applied lateral
confining pressure and by tensile loads induced in the
reinforcement. Elongation and tension in the geosynthetic
specimen are measured respectively, by LVDT’S and load
cells connected to the clamps which grip the reinforcement
at both ends. Stiff end plates, to which the clamps are
mechanically linked, ensure the reinforcement and soil
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displace equally in the lateral direction during loading and
that the faces of the specimen remain orthogonal. Because
the UCD is a load control device, with load applied
vertically to the soil specimen, neither the vertical nor
horizontal (reinforcement) strain rates could be controlled,
but they could be measured.

Dimensions and yield strain of the high-elongation strain
gages used in the testing program are presented in Table 2.
A single gage was attached at the center of each in-isolation
specirnerl. Two or three gages were used in the in-soil
tests; they were positioned along the length of the
geotextile specimen to permit measurement of the strain
distribution. After preparing the surface with a primer, the
Tokyo Sokki Kenkyujo, Co., Ltd. Model YL-series gages
were attached to the polypropylene woven geotextiles using
a cyanoacrylate type CN adhesive. The BLH, Inc. SR-4
type, model PA-series gages were attached to the polyester
geotextiles using an SR-4 adhesive, without priming the
surface. To protect the strain gages during soil compaction
and load application in the in-soil tests, the strain gages and
their lead wires were coated with type MB-4 rubber cement
and then covered with a small piece of 0.3 mm thick latex
rubber.

Table 2: Strain gages tested.

~
YL- 10 10X3 20x7 10-20
yL-~0 20x3 30X7 10-20
PA-2 19X11 51X13 10
PA-7 6.4 X 7.5 29X 9.5 8

Additional details on the in-isolation test procedure and
results; UCD design, operation, test procedure and results;
geotextile sample preparation; and strain gage “tests are
presented in Boyle (1995a, b), Gallagher (1995), and Boyle
et al. (1996).
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2 RESULTS

2,1 In-isolation Test Results

The YL-20 strain” gages, attached to the woven

polypropylene slit-film geotextiles, PP1, PP2, and PP3,
appeared to work adequately until they reached the gage
yield strain or the backing started to debond from the
geotextile, conditions that typically occurred between 6%
and 120/0 Strain. In all cases the YL-20 strain gages
reported less strain than was recorded for the overall
specimen.

To facilitate evaluation of strain gage performance we

looked at the ratio of strain gage strain to total strain (SR),
defined as:

SR = &,,(t) / Ewti(t) (1)

where:

&sg(t)= strain gage strain at time t

&total(t) = total overall strain at time t

The SR for a given strain gage-reinforcement
combination changed throughout each test and differed
fkom one test to another, Figure 3. Afler the first I% strain
the SR typically increased to a maximum that occurred
between 3% and 8% overall strain.
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Figure 3: SR versus overall specimen strain for in-isolation
test on PP2 with YL gages.

To reduce the influence of initial strain readings on the
analysis, an incremental strain ratio, IS~ was defined:

ISR = %g(t2) – %(9)

EtotaJt2)-Etotar(t,)
(2)



For the YL gages, as shown in Figure 4, the ISR results
fell in a slightly narrower band than was exhibited by the
SR. The pattern of ISR versus total strain for the three
polypropylene geotextiles were similar. The ISR generally
increased to a maximum between 3°/0 and 80/0total strain,
and then decreased at larger strains (Gallagher, 1995;
Boyle, 1995a). The decrease in ISR, and S~ after about
8% strain likely results from debonding of the strain gage
from the geotextile or may be due to yielding of the strain
gage. At small strains, i.e, 0.5%, ISR values were typically

in the range 0.1 to 0.5. The ISR values for the YL-20 gages
tested in isolation increased to a maximum at strains greater
than 3’Yo. These maximums were typically between 0.8 and
1.2, although values as high as 1.3 were found. Thus, at
higher strains, the incremental strain measured by the strain
gages was relatively accurately measured. However, strains
of this magnitude have not been commonly reported for
instrumented wall case histories (Allen et al., 1992;
McGown et al., 1993).
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Figure 4: ISR versus overall specimen strain for in-
solation test on PP2 with YL gages

Tests with PA-3 gages attached to polyester
reinforcement PET2 met with only limited success. Only
two of the in-isolation tests conducted with these strain
gages produced reasonable results (Gallagher, 1995). For

these two tests, the initial ISR values of 0.78 and 0.91 were
higher than the initial values for the YL-20 gages attached
to the polypropylene geotextiles. The maximum ISR
values were approximately 1.1. ISR values on this order
indicate the strain gages were not underrecording
incremental strain substantially. However, the non-
incremental strain ratio, SR, did underrecord strains, and
was sensitive to the initial “zero” strain gage reading
selected. Because the PA-3 gages tended to debond fkom
the polyester geotextile at strains between I?Aoand z~o,
evaluation of strain gage performance at higher strains was
not possible on the woven polyester geotextiles.
2,2 In-Soil Test Results

The pattern of strain recorded by the YL strain gages
when attached to the polypropylene geotextiles, including
creep strain, was similar to the pattern for overall lateral
(geotextile) strain in the majori~ of the UCD strain gage
tests conducted, Figure 5. This similarity, plus the smooth,
continuous nature of the data, was interpreted as evidence
that the strain gages were behaving properly. As in the in-
solation tests, the gages underrecorded total strain, Figures
5, 6, and 7. For YL gages attached to polypropylene
reinforcements PP 1, PP2, and PP3, the SR ranged from 0.3
to 1.0. As occurred in the in-isolation tests, during the
initial stages of each test SR increased with increasing
strain, Figure 6. Since total strain was limited (by the UCD
device) to less than 6% in the in-soil tests, debonding or
yield of the strain gages did not occur.
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Figure 5: Overall specimen strain and strain gage measured
strain for in-soiI tes~ PP2 with YL- 10 gages.
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Figure 6: SR for gages at different locations along in-soil
test specimen, PP2 with YL- 10 gages.
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Figure 7: ISR for gages at different locations along in-soil
test specimen, PP2 with YL-1 Ogages.

There was less fluctuation in the ISR values for the YL
strain gages in in-soil tests than was recorded in the in-
isolatiorn tests, Figure 7. The smoothing of the response
may be due to the reduction of specimen flexibility by
confinement in soil. As with the in-isolation tests, the ISR
for in-soil tests tended to increase with increasing overall
specimen strain. Initial ISR values (e.g., at O.S”/Ostrain) for
the three different length YL gages were between 0.20 and
0.80. At higher strains ISR generally fell in the range 0.3 to
1.10, although maximums as high as 1.32 were observed,
see Table 3. While SR or” ISR values near 1.0 would
indicate relatively accurate measurement of geotextile
strains, the SR and ISR did not approach or exceed 1.0 until
strains greater than 3°/0were attained. This is three times
the strain reported in geosynthetic reinforced walls (Allen
et al., 1992; McGown et al., 1993).

Table 3: Range of SR and ISR values.
YL-series gages PA-series gages

Strain In-Isolation In-Soil I In-Isolation In-Soil

~
0.5% ---- 0.3 -0.8 ---- 0.3 -0.7

4?40- 6!%* 0.5 -1.0 0.4 -1.0 ---- 0.3 -0.7
~
0.5% 0.2- 0.7 0.2- 0.8 0.8 -1.0 0.4- 0.7

4’70- 6(%* 0.8- 1.3 0.3 -1.3 0.7- 1.1 0.1 -0.9

“Range at 1YO to 2°Aused for PA gages.

Only two in-soil tests were conducted with PA-7 gages,
both mounted on Reinforcement PET I. In these tests the
ISR at 0.5% strain fell between 0.4 and 0.7, but ranged as
wide as 0.1 to 0.9 at higher strains. These values are lower
than was observed in the in-isolation tests for PA-3 gages
attachecl to PET2. As with the in-isolation tests, the PA
520-1998 Sixth International Conference on Geosynthetics
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gage responses were somewhat erratic and strains to only a
few percent were recorded.

2.3 Discussion

The SR and ISR values for the YL gages in the in-soil tests
were more uniform and less erratic than for the in-isolation
tests. While the in-soil and in-isolation ISR values were
similar, there was slightly less variation in the in-soil ISR
values at each strain level, Table 3. From these tests,
neither in-soil or in-isolation resulted in more accurate
measurement of geotextile strains. At strains less than 2°/0
the initial ISR for in-isolation tests were somewhat, though
not significantly, lower than for in-soil tests. At strains
from 4% to 6% in-isolation ISR values were slightly higher
than in-soil values. Initial ISR values were also slightly
lower for in-soil tests with YL-2 gages (7.6 mm length)
than for the longer YL-10 (20,5 mm) and YL-20 (30.5 mm)
gages. The PA gages did not behave better in-soil than in-
solation, and we experienced difllculties with their
adhesion to the geotextiles under both test conditions. The
in-isolation ISR values were closer to 1.0 than were the in-
soil ISR values. This difference may be related to the
different strain gage lengths; the longer PA-3 gage may be
better at recording overall strain than the shorter PA-7 gage.

An insufficient number of tests were performed to
conclude that the strain gages attached to geotextiles
behaved better in in-soil tests than in in-isolation tests, or
vice-versa, or that longer gages perform better than shorter
ones. There is, however, sufficient data to conclude that
strain gages of the type tested can be expected to
underrecord both total and incremental strain when attached
to woven polypropylene slit-film or woven polyester multi-
filament geotextiles, especially at low strains. A number of
factors may contribute to this phenomenon:
a) Overall strain includes global rearrangement of the fibers

and tightening of the weave. Tightening of the weave
with increasing strain may partially explain the increase
in SR and ISR values, and their leveling off after the frost
few percent strain.

b) Strain gages are intended for application to smooth, flat

c)

surfaces; these conditions are not met when the gages
are attached to woven geotextiles where the gages pass
over multiple weaves in both the machine and cross-
machine directions. The height and length of these
“bumps” may be expected to change throughout the test
as the reinforcement is strained. This change in degree
of flatness of the gage may modifi the gage resistance,
thus affecting the output.
The strain gages were not attached to a single
geosynthetic fiber oriented in the direction of straining.
They were attached to three parallel slit film strips or
three parallel filament bundles, and the gages crossed
strips and filament bundles oriented perpendicular to the



d)

direction of strain. The independent action of the
parallel slit-films or filament bundles to which the gages
were attached can be expected to influence gage
performance.
In the in-soil tests, it is possible, even likely, that the
geote(tile sheets were arched very slightly when tested.
The presence of such an arch, while unconfined,
would result from the soil not being perfectly flat when
the UCD specimen was constructed or from deformation
of the soil during loading. During straining this arch
may be increased, removed, or reversed, depending
upon specimen behavior. Any change in the
reinforcement orientation would influence the gage
reading. This effect may be compensated for by
attach ing complementary gages directly opposite each
other on each side of the geotextile specimen.

With the exception of item (d), these complicating factors
are inherent to the nature of woven geotextiles and must be
recognized as contributors to uncertainty when interpreting
strain gage data.

Because the gages attached to the geotextiles did not
accurately record overall strains, to estimate the true strain
in a geotextile from strain gage measurements, it is
necessary to apply a correction factor, CF. Such a factor
can be computed by taking the reciprocal of SR and ISR
(i.e., CF~, = USR and CR1s, = UISR). Emphasizing typical
test results, instead of the fill range of variation presented
in Table 3, we believe representative correction factors for
the geotextile reinforcements and strain gages used in our
program are as follows:

Table 4: Correction factors.
YL - series gages PA -series gages

Strain (’??) 0.5 4-6 0.5

CF,R 2.5- 1.0 1.7-1.0 2.5-1.4
CFr~R 5- 1.7 2.0-0.9 2.5-0.9

The selection of representative correction factors is
somewhat subjective, and is based upon our assessment of
the quality of all of the tests conducted in the program, and
involves some engineering judgment. Because of the
spread in CF values, and the somewhat subjective nature in
their selection, it is impractical to select a single correction
factor to apply to a given strain gage reading. Instead, if
correction factors are to be applied, we recommend a
probable range be computed for the corrected strain gage
measurement, and that this range be used in estimating
overall geotextile strain from strain gage measurements.
When using strain gage data to estimate true geotextile
strains, our test program illustrates that the potential for
error is greatest at low strains (less than 10/o). This is

unfortunate because for geosynthetic reinforced walls, for
example, reported typical strain values are often of this
magni~de (Allen et al., 1992; McGown et al., 1993).
In our program, the difference between the measured
overall geotextile strain and that measured with strain gages
is similar to that reported by Allen et al., (1992) for a 12.6
m high instrumented geotextile reinforced wall. The
reinforcements and strain gages used in our program were
the same or similar products and by the same manufacturers
as those used by Allen et al. For measuring overall
geotextile strain in the field, Allen et al., used mechanical
extensometers. The extensometers tended to record greater
strain than the electrical resistance strain gages in almost all
cases.

Despite the apparent limitations and irtaccuracies
associated with using strain gages to measure overall and
incremental strain of geotextiles, the test results provide
evidence that strain gages can be effectively used to
measure strain distribution and creep of geotextiles
confined in soil, Figures 5, 6, and 7. The effectiveness of
using strain gages to measure strain distribution and to
record creep in geotextiles, as was found in our laboratory
program (Boyle, 1995a), was also observed by Allen et al.,
(1992) in a full scale instrumented wall. Therefore, despite
the inability to use strain gages to determine the true strain
in geotextiles with confidence, strain gages appear to be
usefid instruments for determining the distribution of strain
along woven geotextiles and for recording creep.

3 CONCLUSIONS

In this study, in the fmt few percent strain, i.e., at strains
typically observed in geosynthetic reinforced walls, strain
gages underrecorded by 20% to 80% both total and
incremental strain. The degree of underrecording
decreased at strains between 4% and 8% strain, and the

incremental strain ratio was on the order of 1.0 in some
cases. Because of the inaccuracies involved, we suggest
that a range of probable geotextile strain values, not a
single value, be reported when adjusting field strain gage
data. This is an especially important consideration at small
strains, e.g., less than 10/O.

Despite our inability accurately measure the true
geotextile strain using strain gages attached to woven
geotextiles, we did fmd that strain gages could be
effectively used to identi~ the distribution of. strain along
the geotextiles. Strain gages were also found to be effective
for monitorirtg creep in geotextiles.
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ABSTRACT: A confkd extension test device was designed and fabricated for measuring the response of geosynthetic
materials confined in soil. A series of confined extension tests was performed on each of five selected geosynthetic
materials using the confhmd extension test device. Each test series consisted of one unconfhed extension test and two
confkd extension tests, each conducted at a different level of normal stress, The test data were presented in the form
of stress versus strain curves. Using the test data, secant moduli at select strain levels were calculated. A comparison was
made between unconilned and confined moduli for each geosynthetic material to quanti~ the soil confinement effect on
stress-strain properties. A comparison was also made between the relative increase of moduli at the same strain level
among the five geosynthetic materials to demonstrate the different responses of these geosynthetic materials under soil
confinement.

KEYWORDS: confhxxl extension test, soil confhement, geosynthetics, geogrids, geotextiles, stress, strain, modulus.
1 INTRODUCTION

In the design of geosynthetic-reinforced soil structures, the
tensile strength and modulus of the reinforcing material are
important design parameters. These two parameters are
commonly obtained from the wide-width tensile test,
described in the American Society for Testing and Materials
(ASTM) Standard Test Method D 4595. This test is
conducted under unconfined (i. e., in-air) conditions which
do not fully simulate field conditions. Under field
conditions, the geosynthetics are almost always confined
within soil. Questions have been raised regarding the
potential beneficial effects on the stress-strain properties of
the geosynthetics due to soil confinement.

To address these questions, several researchers have
studied the effect of soil confinement on stress-strain
properties of various geosynthetic materials using different
test devices. These devices include: (i) the in-soil test
device developed by McGown et al. [1982] and modified by
Wilson-Fahmy et al. [1993]; (ii) the mro-span test device
by Christopher et al, [1986]; (iii) the pullout test device by
Holtz [1977] and Juran et al. [1991]; (iv) the modified
triaxial test device by Ling et al. [1991] and Wu [1991];
(v) the plane strain unit cell device (UCD) by Boyle [1995];
(vi) the automated plane strain reinforcement (APSR) cell
by Whittle et al. [1993]; and (vii) the modified direct shear
test machine by Leshchinsky et al. [1987]. Characteristics
of these test devices were described in detail in the final
report to the Federal Highway Administration (FHWA) by
Yuan et al. [1997].

After an extensive literature review and several series of
test trials using different in-soil contined extension test
devices, it was found that an in-soil test apparatus based on
the initial design by McGown et al. [1982] including the
revisions by Wilson-Fahmy et al. [1993] could be modified
to provide a nearly constant strain rate and a nearly constant
tensile load over the confined test specimen length. Using
this device, the cotilned response of a geosynthetic material
measured using the in-soil test apparatus can be directly
compared with the unconfined response (ASTM D 4595) of
a geosynthetic material to assess the overall effect of soil
confinement. This led to the decision to design and
fabricate a new device which is conceptually similar to the
in-soil test apparatus for use in a comparative testing
program. Using the modified device, herein referred to as
the contined extension test device, the contked stress-strain
response of geosynthetics at different confining stresses
were compared with the unconfhed response of the same
geosynthetic to evaluate the effect of soil confinement.

2 TEST PROGRAM

2.1 Testing Materials

The materials used in the testing program included five
geosynthetic and two soil materials. A brief description of
each geosynthetic material and its ultimate wide-width
tensile strength as tested in accordance with ASTM D4595
are summarized in Table 1. Beach sand and silty sand were

Table 1. Summary of geosynthetic properties.

Geosynthetic Description Tensile
Materials Strength (kN/m)

I Geosynthetic I Staple-filament needle- I 19.7 I
PP-10 punched polypropylene

nonwoven geotextile I I
Geosynthetic Slit-film and multi- 70.1
PP-11 filament polypropylene

woven geotextile

Geosynthetic Mono-filament 40.3
PP-12 polypropylene woven

geotextile

Geasynthetic Extruded polyethylene 86.0
PE-13 geogrid

Geosynthetic Polyester geogrid 85.5
PET-14
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used as the two soils in the testing program. For each of
the two soil materials, a particle-size analysis was
performed; results are shown in Figure 1. Based on the

1 ,0 -t 104 104

Grain Size (mm)

Figure 1. Particle-Size distribution curves for beach sand
and silty sand.

results of particle-size analyses, the beach sand and silty
sand were classified as SP (poorly-graded sand) and SM
(silty sand), respectively, in accordance with the Unified
Soil Classification System. A standard Proctor compaction
test and direct shear tests were also performed on each of
the two soils; results are summarized in Table 2. The

Table 2. Summary of compaction and direct shear test
results.

Beach sand 16.1 kN/m3 at 11.5% 300and 0.5 kPa

Silty Sand 15.4 kNfm3at 21.5% 3# and 7.6 k.pa I

direct shear tests were conducted on remolded beach sand
and silty sand specimens compacted to 95 percent of
maximum dry unit weight at optimum moisture content.
Tests were conducted at normal stresses ranging from 14 to
63 kpa and a displacement rate of 1 mmhn.in.

2.2 Test Equipment

A new confked extension test device was designed and
fabricated. As mentioned previously, the contined
extension test device is conceptually similar to the in-soil
test apparatus developed by McGown et al. [1982] and
modified by Wilson-Fahmy et al. [1993]. These earlier
devices consisted of a stationary confining box while a
moving box was developed by the authors. The detailed
cross-section drawing of the confined extension test device
524-1998 Sixth International Conference on Geosynthetics
is shown in Figure 2. The device consisted of the
following major components:
1. a rigid supporting table with overall plan dimensions

of 1,070 mm in length by 710 mm in width;
2. a confinement box with internal dimensions of 430

mm by 305 mm in plan and 150 mm in depth;
3. a flexible pneumatic diaphragm loading device (air

bladder system) at the top and bottom of the
confinement box for applying normal stresses to the
test specimen; and

4. a 150-nun diameter hydraulic cylinder for applying
tensile loads to the geosynthetic specimen.

The hydraulic cylinder was mounted on the front of the
supporting table. A constant rate of strain was achieved by
manually adjusting the rate of air or hydraulic flow into the
hydraulic cylinder. A constant load test or a confined creep
test can be conducted by maintaining a constant pressure
within the hydraulic cylinder.

The confined extension test device was calibrated through
several series of prelimimry and calibration tests prior to
being used for the confined extension testing program.
These tests were conducted to evaluate: (i) the friction
behveen the confinement box and steel rollers; (ii) the
uniformity of strain distribution along the geosynthetic
specimen length; and (iii) the reproducibility of test results.
The results of the calibration tests are detailed in the final
report to FHWA and indicate that: (i) the friction between
the confinement box and steel rollers did not vary with
conlhing pressures and the maximum friction was
approximately 40 N; (ii) the strain distribution along the
geosynthetic specimen length was approximately uniform
for a normal stress up to 138 kPa; and (iii) the confined
extension test device produced similar results for three
specimens of a given geosynthetic subject to the same test
conditions.

2.3 Testing Procedure

A testing procedure was developed to conduct confined
extension tests using the confined extension testing device.
This testing procedure consisted of the following steps:
1.

2.

3.

Preparation of Test Specimen: Soil was co~acted
into the lower half of the confinement box above the
lower air bladder system to form the lower cordlning
layer. A previously prepared geosynthetic specimen
with each end of the specimen cast in a low-
temperature curing epoxy resin was placed on top of
the confining soil layer. The two clamp ends of the
geosynthetic specimen were then connected to the
corresponding clevis as shown in Figure 2. A
pretension force was then applied to the geosynthetic
specimen to eliminate slack within the geosynthetic
specimen. Additional soil was compacted into the
upper half of the confinement box to form the upper
confining layer. The upper air bladder system was
then installed on top of the upper conthing layer.
Apply Normal Stress: A normal stress was applied to
the test specimen by pressurizing the upper and lower
air bladder loading systems simultaneously.
Apply Tensile Loads: After the application of normal
stress, the geosynthetic specimen was loaded under a
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Figure 2. Details of confined extension test device.
constant rate of displacement as measured on the front
specimen clamp.

Tensile loads were measured at the front and rear end of
the geosynthetic specimen using two electronic load cells.
Displacements at the front and rear ends of the geosynthetic
specimens were measured using hvo linear variable
differential transformers (LVDTS), each connected to a
“tell-tail” wire which was attached to the geosynthetic
specimen within the confinement box. Load and
displacement data were recorded using a computer data
acquisition system.

There were five major test variables involved in the
testing procedure established for conducting confined
extension tests. These variables were: (i) pretension force;
(ii) strain rate; (iii) aspect ratio; (iv) thickness of the
confining soil; and (v) boundary friction on the upper and
lower surfaces of confining soil. The first three test
variables were selected in accordance with ASTM D 4595
as follows:
1. Pretension Force: A total pretension force equal to

1.25 percent of the expected breaking force was
applied to each geosynthetic specimen. However, the
total pretension force was not less than 45 N or
greater than 222 N in any case. The pretension force
was applied to the geosynthetic specimen prior to
placement of the upper confining soil layer.

2. Strain Rate: A constant rate of strain of 10 percent
per minute was applied to the geosynthetic specimen
in the confined extension test.

3. Aspect Ratio: An aspect ratio of 2:1 was used for
geotextile specimens with a specimen width of 200
mm. For the geogrid, the test specimen was trimmed
in such a way that it had a length containing at least
two complete apertures in the direction of testing and
a width containing at least five ribs in the cross-test
direction.

The soil thickness and boundary conditions were selected
based on the results of two preliminary confined extension
tests, as will be described below.

The effect of soil thickness on the confined response of
geosynthetics was investigated through a series of confined
extension tests on Geosynthetic PP- 10confined between two
layers of beach sand with thicknesses ranging from 10 to 76
mm. The test results, as shown in Figure 3, indicate that
there was little difference among the confined responses of
Geosynthetic PP-10 when it was confined between 25-to 76-
mm thick soil layers. However, the effect of soil
confinement was reduced when the thickness of the soil
layer was reduced to 10 mm due to the fact that cracks
developed throughout the thickness of the soil layers,
resulting in partial confinement of the ~eosvnthetic
specime-n. To provide fill confinement of the ~eos~nthetic
specimen, a soil thickness of 76 mm was then selected for
all of the confined extension tests in this study.

~ Thjckneee of eond Iayen 10 mm
==_ Tlwckneee of eand Iayec 25 mm
~ Th!ckneee of sand Iayen 51 mm

~30- ~ Tlwckness of sand Iayec 76 mm

>

x

~ 20-
0.—(JY
c
p lo–

0 10 0

Figure 3. Responses of Gsmsynt* PP-10 confined within
various thicknesses of beach sand layers.
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The effect of the boundary friction on the confined
response of geosynthetics was ~nvestigated through a series
of confined extension tests on Geosynthetic PP- 10, each test
conducted under one of the following two boundary
conditions:
1. Condition 1: no lubrication between the air bladder

and confining soil while the confinement box was
allowed to move; and

2. Condition 2: lubrication between the air bladder and
confining soil while the confinement box was fixed to
the supporting table during testing.

The lubrication was achieved by placing two layers of
lubricated latex membranes on the contact surface between
the bladder and confining soil. In each test the geosynthetic
specimen was contined between 10-mm thick beach sand
layers in order to directly compare the effect of the
boundary condition. The test results, as shown in Figure 4,

I I I I I I I I I I
o 10 40 50

;~rain (%Y

Figure 4. Confined responses of Geosyntec PP-10 under
lubricated and unlubricated boundary conditions.

indicate that the confined stress-strain curves of
Geosynthetic PP-10 are very similar when tested in
accordance with conditions 1 and 2. Because of the small
difference between these results, condition 1 was selected
for the boundary condition during the testing program.

3 TEST RESULTS

Ten test series were conducted in the testing program.
Each test series consisted of one unconfined and two
confined extension tests on one of the five selected
geosynthetic materials. Each geosynthetic material was
confined within beach sand (Test Series 1 through 5) or
silty sand (Test Series 6 through 10) under two different
normal stresses (69 and 138 IcPa). For each test, tensile
loads and displacements were measured at the front and
rear end of the geosynthetic specimen by load cells and
LVDTS, respectively, and recorded using the computer data
acquisition system. The load and displacement data were
subsequently used to develop the tensile force (i.e., load
526-1998 Sixth International Conference on Geosynthetics
‘“ “ “ “ ‘”’ “ “ -- ‘anmlwl by mmal specimen width) versus strain (i.e., total
displacement divided by initial specimen length) curves.

To quanti@ the improvement due to the soil confinement,
secant moduli at 1, 5, and 10 percent strain levels and peak
strength were calculated for each test and summarized in
Table 3. For this paper, the secant modulus at 5 percent
strain was selected to quantify the effect of soil
confinement. The improvement of secant moduli at 5
percent strain was plotted versus confining pressure for
each geosynthetic material confined in the beach sand and
in the silty sand as shown in Figures 5 and 6, respectively.

‘1
~ Geosyrrthatic PP- 10

g 500
~ Geosynthetic PP–11
~ Geasynthetic PP–12

-a ~ Geosynthetic PE– 13

~ 4.00
— Geosynthetic PET-14

o
Confining Pressure (kPa)

Figure 5. Confinement effect of beach sand on secant
modulus at 5 percent strain.

1
~ Geosynthetic PP–1 O

2 500 ~ Geosynthetic PP–11

; _ Geosynthetic PP- 12
_ Geosynthetic PE–I 3

z ~o — Gaosynthetic PET-14
s

o
Confining Pressure (kPa)

Figure 6. Confinement effect of silty sand on secant
modulus at 5 percent strain.

In these plots “improvement” is defined as the ratio of the
confbd secant modulus to the unconfined secant modulus
at a strain level of 5 percent. These figures clearly
demonstrate that the Geosynthetic PP-10 is significantly
affected by soil confinement and the other four geosynthetic
materials are less affected by soil confinement. The
comparison between Figures 5 and 6 indicates that the
confinement effect of the beach sand is greater than that of
the silty sand.



Table 3. Summary of confined extension test results.

Test Gcasynthetic
Confining

Confining Modulusat Modulusat Modulusat Peak
Series Material(l)

Materialc)
Pressure 1% Strain 5% Strain 10% Strain Strength

Number (kPa) (kN/m) (kN/m) (kN/m) (IcNlm)

PP-10 in in-air o 81.9 59.0 62.7 19.8
1 machine beach sand 69 137.1 232.5 162.4 26.5

direction beach sand 138 341.9 335.8 246.8 37.1

PP-11 in cross in-air o 674.7 618.1 560.4 88.0
2 machine beach sand 69 828.5 840.7 706.8 95.7

direction beach sand 138 790.0 836.8 715.2 108.6

PP-12 in in-air o 559.6 417.1 326.5 49,7
3 machine beach sand 69 783.4 480.8 381.2 56.2

direction beach sand 138 957.9 527.0 424.7 61.8

PE-13 in in-air o 1135.9 832.7 680.5 85.6
4 machine beach sand 69 1221.7 868.6 693.4 85.9

direction beach sand 138 1290.4 948.5 675.4 86.7

PET-14 in in-air o 989.7 930.3 837.0 92.3
5 machine beach sand 69 907.5 1097.4 914.0 94.5

direction beach sand 138 962.1 1361.1 983.4 103.7

PP-10 in in-air o 81.9 59.0 62.7 19.8
6 machine silty sand 69 116.9 153.3 108.1 24.3

direction silty sand 138 277.8 286.0 233.8 31.5

PP-11 in cross in-air o 674.7 618.1 560.4 88.0
7 machine silty sand 69 934.3 731.4 620.6 98.6

direction silty sand 138 1089.6 879.9 769.4 104.4

PP-12 in in-air o 559.6 417.1 326.5 49.7
8 machine silty sand 69 644.3 467.4 364.5 52.8

direction silty sand 138 754.1 520.5 393.0 60.0

PE-13 in in-air o 1135.9 832.7 680.5 85.6
9 machine silty sand 69 1296.3 854.0 726.0 84.5

direction silty sand 138 1322.9 991.6 768.4 87.4

PET-14 in in-air o 989.7 930.3 837.0 92.3
10 machine silty sand 69 1174.8 1046.3 875,7 97.7

direction silty Sand 138 1397.9 1250.4 984.9 105.1

Notes: (1) For Geosynthetics PP-10, PP-11 and PP-12, each test specimen was 200 mm in width and 100 mm in
g~ge length. -For Geosynthetics PE-13 and PET-14, each test specimen had two full apertures in the
machine direction and five ribs in the cross-machine direction.

(2) For each confined extension test, the gwsynthetic specimen was confined between two 76-mm thick
layers of beach sand or silty sand.
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4 CONCLUSIONS

A confined extension test apparatus was designed,
fabricated, calibrated, and used in a comparative testing
program. The advantages of the test apparatus fabricated
for this study include: (i) ease of the test set-up; (ii) well-
defined boundary conditions; and (iii) ease of test
interpretation. Based on the results of the crdibration tests,
a nearly uniform distribution of tensile strain along the
specimen length was achieved. Because of this relatively
uniform distribution, the confined stress-strain response of
the geosynthetic was readily obtained from the measured
data and used for a direct comparison with the unconfined
response of the geosynthetic to evaluate the effect of soil
confinement. Further evaluations can be performed using
this device to study the effects of full and partial
confinement and creep behavior of geosynthetic materials.

Based on the results of the ten cotilned extension tests
series, the following conclusions can be drawn:
1. Soil confinement significantly improves the moduli

and strength of Geosynthetic PP- 10. As the coni3ning
pressures increases, the moduli and strength of this
material similarly increases. The 5 percent moduli of
Geosynthetic PP-10 increased by approximately 200
to 400 percent when confined in the beach sand and
50 to 300 percent in the silty sand under contbing
pressures of 69 and 138 kPa.

2. Under the same confining pressure, the contlned
response (i. e., modulus and strength) of Geosynthetic
PP-10 in beach sand is greater than that of
Geosynthetic PP-10 in silty sand.

3. There is a noticeable effect of confinement with
respect to the contlned response for the two woven
geotextiles and two geogrids (Geosynthetics PP-11,
PP-12, PE- 13, and PET-14) when confined in the
beach sand and in the silty sand; the increase of the
5 percent moduli ranged from approximately 5 to 30
percent among GeosyntheticsPP-11, PP-12, PE-13,
and PET-14 at a normal stress of 138 kpa. These
increases can be considered significant with respect to
unconfined moduli of the same materials although
considered less significant when compared with the
increase of the 5 percent moduli for the nonwoven
geotextile (Geosynthetic PP-10).

4. Improvement of the contkd stress-strain properties
for a given geosynthetic material may be primarily
related to: (i) internal friction between fibers or
yams; (ii) alignment of curved fibers or yams (i.e.,
tortuosity); and (iii) interlocking of soil within
openings or apertures of geosynthetics.
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ABSTRACT: Concurrent with a product development program, a review of the testing of reinforcements was conducted.
Review of more than 100 published articles revealed that: (1) Researchers have identiiled 14 issues of concern to the
design engineer as well as the manufacturer of geosynthetic reinforcements. (2) The geosynthetic and geotechnical
cmnnmnity have not fully exploited the technical resources (database and knowledge) of the textile industry. (3) Data for
reinforcement products is inconsistently reported, resulting in potential misinteqmtation. (4) Little research has been
conducted on the testing of high performance geosynthetic reinforcements. This paper will review the above and present a
test methodolo~ that: (1) addresses the issues of concm (2) is based on detailed research and experimentation, (3) is
easily verified, is repeatable and reproducible.

KEYWORDS: Mechanical properties, tensile strength, modulus, testing, woven fabrics, knit fabrics, specifkations.
1 INTRODUCTION

Much research has been conducted on the type of wide
width testing represented by ASTM D4595 and 1S0 10319
in hopes of establishing a relationship between laboratory
testing and the plane strain conditions a geosynthetic
experiences in use. The references cited in this paper
repnxent the key portion of the work that deals with some
aspect of wide width testing of geosynthetics. 53 references
in the literature explore wide width testing. Less than 10
address reinforcements and 5 of the 10 report serious
concerns about current methodology and the results of its
application to high strength materials (Haliburton 1978;
Myles et al. 1986; Rowe et al. 1986; Leschinsky et al.
1990; Brancl et al. 1991). In the period fium 1977 (l%migan
1977) through the present, 14 issues of concern have been
identitled with the testing of reinforcements with many of
these concerns yet unresolved. The research reported here
focuses spccitkally on the testing of textile products
employimg high tenacity industrial quaMy muhitllament
textile yams from such polymem as polyester (PET),
polyamide (nylon), and polyvinyl alcohol (WA).

The spectilc concerns about testing of reinforcing
products expressed in the literature are: (1) the effect of
sample gauge (length) on reported values including tensile
strengtlL extension and modulus, (2) the effect of test
speed, i.e. strain rate on reported values: one speeiflc issue
is the difference between ASTM at 10°/0and 1S0 at 20°/0
per minute, (3) the effect of fabric structure (weave) on
reported values, (4) the effect of jaw or grip types on
reported values, (5) the control of sample slippage in grips,
(6) the amount of tolerable slippage in clamping devices,
(7) the accuracy of various extension measurement systems,
(8) the effect of the extension measurement system on the
reported values, (9) the effect of sample width on reported
values, (10) the effect of preload on reported values, (11)
the defiition, measurement and reporting of modulus, (12)
which modulus is important?, (13) what portion of the
sample does a reported modulus represent?, (14) is there a
demonstrated relationship between single end yarn test
values and fabric test values?

The research reported in this paper is directed toward
developing a repeatable and reproducible test method for
textile reinforcements. This presentation focuses on 8 of the
concerns. The issues addressed are sample length, sample
gauge (area of extension measurement), method of
extension measurement, fabric structure, test preloads and
modulus. Reference is made but specific research is not
reported for jaw types, slippage, sample width and yarn to
fabric relationship. The investigation includes both
conventional roller grip systems and pressure clamping
systems. The pressure clamping system incorporates a
technique used in other disciplines for very strong
materials. This technique is the application of sacrificial
tabs to the clamping area of the specimen, thus permitting
very high jaw pressures without specimen damage. A
second modiilcation to test protocol involved the use of
long samples, 0.508 m between grips. Long samples have
two benefits, fmt the sample geometry is similar between
roller and tab systems and longer samples reduce the effect
of variation in test speed on results. It is important to note
that, the techniques employed in this work are applicable to
conventional textiles produced from multifilament yarns
based on polymem whose glass transition point is at or
above the testing temperature. It is the authors opinion that
the techniques in the test method that produce meaningful
1998 Sixth International Conference on Geasynthetics -529



information for very strong textiles will not be necessary
for other textile based geosynthetics such as nonwovens or
separation membranes. A specific caution applies to robust
fabrics produced from polypropylene yarns. While the
variations in test results caused by variation in testing speed
can be substantially neutralized for fibers, yarns and fabrics
produced from nylon and polyester, the same cannot be
said for polypropylene textiles unless tests are conducted at
temperatures below -lO°C. Ghwn an accurate description of
applicabilhy, technique, preparatio~ equipmen~ and clear
and accurate reporting requirements, this methodology can
be incorpomted in the standard test methodologies already
extant in the geosynthetics industry.

2 RESULTS OF THE INVESTIGATION

2.1 The Importance of Fabric Structure on the Testing of
High Strength Reinforcements.

Several researchers have noted that the structure of a
product has a profound impact on the performance of that
product in a testing protocol. Research can be inteqxeted to
describe the structure of the reinforcement (fabric) as the
dominant condition of the testing protocol (Rowe and Ho
1986). This concept is confirmed by a text sponsored by the
NGO (Balkema 1986), which conducts a detailed
discussion c}fthe effects of fabric and yarn crimp, sample
width, and cross contraction under load in confined and
unconfined tests with the conclusion that the structure of
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Figure 1. Performance Variation of Polyester Fabric
Structure
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the fabric and the size of the sample will dominate the
protocol and dictate the hierarchy of the results. Figures 1
and 2 present comparative test results for two groups of
fabrics. For both groups all conditions are uniform except
sample structure. Figure 1 presents 6 fabrics produced to
the same performance speciikation, (5 of these fabrics
employ a common wmp in different structures, the sixth
was produced separately). Figure 2 presents an additional 5
fabrics, all from a common warp of a different polymer.
The wide variation in the curves and the shape of the
curves demonstrates the dmmatic effect of fabric sbwture
on the results from a tensile test. Fabric structure is
manipulated by the designerlproducer to achieve a
performance level. Test conditions cannot “correct” the
impact of structure on results because structure clearly has
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an impact on performance.

2.2 The Effect of Preloads on Test Results

Three widely referenced test methods for the reporting of
geosynthetic properties are ASTM D4595, ISO 10319:1993
and BS 6906. Subtle differences in test conditions and
important differences in reporting exist between the
methods. Both 1S0 and the British Standard cite a
maximum preload of 1°Aof breaking strength while ASTM
allows 1.25’XOnot to exceed 0.73 kN/m. The ASTM method
appeam more conservative for very high strength materials:
however, 1S0 and BSI recommend stress strain curves that



include any initial elongation established in the application
of preload. ASTM allows the presentation of data without
reporting the initial elongation and acknowledges in a note
that ASTM does not have agreement on the point of origin
(zero position). Myles (1986) clearly defined the logic and
the method in which to record the test initiatio~ a
“daylight” point and total offset to be used for calculation
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F@re 3. Stress-Strain Curve with Complete Test Results

of secant and tangent moduli as shown in Figure 3.
The test methods cited above are employed equally for

a wide range of geosynthetics. The signifkanee of tensile
strength aud modulus are not the same for all classes of
geosynthetics. Unreported stress, strain and moduhrs data
on a filter is not a concern to the designer. Auy such
unreported data on products used in critical structures is, or
should be, a signifkant concern. One illustration of the
importance of accurate reporting is the effect of preloads.
Figure 4 presents the effect of preload variation on a set of
identical samples tested on roller grips. The siguitlcauce of
geosynthetic performance at low strain is increasingly
recognized as sigrdtlcamt to the working range of successfid
construction projects (Cmig 1997, Fakher et al. 1996).
Current specitlcatious are frequently governed by strength
requirements at strains of 5Y0.Because testing preload has
such profound effect on reported data at low strain values,
it is essential that the design engineer have both a good
understanding of test protocol and accurate data in order to
employ reinforcements in such designs. Figure 4
demonstrates that application of a 222 N preload results in
a 15 to 20% increase in reported load at 5°/0strain and that
successively higher preloads more than double T5 values.
Ultimate strength is nearly independent of preload;
however, there can be a modest decrease in ultimate strain
as preload increases. Figure 5 demonstmtes that preloads
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produce the same data inflation in the tab syslem that was
seen in figure 4 for roller testing. Figure 6 presents 2
widely different fabric structures produced to the same
specification tested under no preload and under a high
preload using roller grips. Clearly preloads inflate data
regardless of fabric structure or gripping system. When
employing roller grips, the use of preload in testing of very
strong geosynthetic reinforcements is obviously necessary
in order to remove slack and to seat samples in the testing
device. The recording of preloads applied in testing of very
strong geosynthetic reinforcements is importang and the
full reporting of extension when applying preloads is
essential to insure data is presented in complete form. The
reporting of tests performed on high strength textiles should
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include test initiation, daylight point and the total offset as
mentioned by Myles (1986).

2.3 The Deftition of and Reporting of Modulus

Due to poor agreement between sources, the deftitions of
modulus can be problematic for the authors of
speciikations and test reports on reinforcing gemynthetics.
The problem is the selection of the portions of the curve to
be included in the calculations. ASTM D4595 defines
initial tensile modulus as “the ratio of change in tensile
force per unit width to a change in strain (slope) of the
initial portion of the force per unit width strain ewe.”
ASTM also defines offset modulus and secant modulus in
similar terms with the clear intent that all of these concepts
532-1998 Sixth International Conference on Geosynthetics
are related to segments of the stress strain curve. The ISO
and BSI deftitions are compatible with ASTM in
langnagq however, the 1S0 and BSI ewes, with the
reporting of extension fmm test initiatio~ clearly include
data that ASTM excludes. The point is that the reporting of
a value at 2% or 5’% strain on a secant calculated from a
body of data that omits part of the specimen extension data
should be of little value to the designer of a critical
structure.

During the execution of a te* data for the entire curve
can be recorded. With the salient data available for
analysis, information concerning any, and every, segment
of the load elongation curve can be observed. Initial
modulus should be defined as the linear portion of the test
curve from the initiation point to the point where the cwve
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Figure 7. Measurement of Initial Modulus Data Using Tab
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shifts to non linearity. Figure 7 presents 2 best fit lines for 2
segments of a stress strain curve. Segment (a) represents O
to 1’%0.Segment (b) represents 1 to 2Y0.

2.4 The Effect of Sample Gauge on Test Results

One of the principle concerns of the research cmnnnmity in
its review of wide width testing on reinforcements was the
effect of sample gauge. The authors conclude that the
100 mm sample gauge has proven to be inadequate for
reinforcements. Ftigan (1977), Sisson (1977) and Van



Leeuwen (1977) all cited standard testing protocols for
strong fabrics as the textile strip method in which sample
length was typically 2 to 4 times the width. Recognition
that the strip concept of sample configuration is most
appropriate for strong tensile members is recognized
repeatedly throughout the literature, ASTM D5035, a strip
test, is representative of the standard method for testing
strong textiles and employs long thin specimens. The NGO
(Ehlkema 1986) provide discussion of the mechanisms of
testing and effects of gauge, width and structure. The
concept of long sample lengths is common to the textile
industry reflecting the producers understanding that short
sample lengths inflate strength and extension while
deflating modulus. Pan et al. (1997) showed that a small
variation in length of textile reinforcements had a large
effect on results. Experiments were conducted using long
samples, up to 0.508 m, in the sacrifkial tab method in
search of a neutral gauge for multifilament textile products
using polyester, polyamide or other industrial fibers. Data
indicates that a small variation in length of textile
reinforcements has a large effect on results. The
experiments indicate that for mukitllarnent textile products
using polyester, polyamide or other industrial fibers both
the effects of sample length and of variations in test speed
are greatly reduced by long specimens. Figure 8 presents
the effect of strain rate on initial modulus as a function of
specimen length. Initial modulus is defined as “the linear
portion of the test curve tivm the test initiation point to the
point where the cue shifls to nonlinearity”. Figure 9
presents the eiTect of strain rate on segment (3%-ULT)
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modulus as a function of specimen length and Table 1
presents a comparison of standard deviation for initial and
segment modulus.

Table 1. Comparison of Standard Deviation for
Initial and Segment Modulus

Length of % strain
% standard % Standard

Specimen Rate per
Deviation of Deviation of

Initial Segment
cm min

Modulus Modulus

20.3 I 25 I 2.2 I 0.8 I

20.3 121 0.9 I 0.5 I
25.4 25 2.1 0.8

25.4 2 1.3 0.4

30.5 25 2.6 1.1

30.5 12 I 1.1 I 0.4 I

35.6 I 25 2.7 0.9

35.6 2 1.4 0.8

40.6 25 2.2 1.6
, ,

40.6 2 1.0 0.4

45.7 25 2.6 1.3

45.7 2 1.0 1.3
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2.5. Strain Measurement

The measurement of strain in testing of geosynthetics is
widely acknowledged to be diflkdt and it is particularly so
for the high strength materials used in reinforcements. The
1S0 method dictates that the extensometm be capable of
measuring the distance between two reference points on the
specimen without any damage to the specimen or slippage
in relation to the specimen and resulting in a measurement
representing the true movement of the reference points. The
four main measurement techniques cited in the literature
and the 1S0 test method are mechanical, optical, iuffared or
electrical devices. Mechanical devices include both
crosshead movement (displacement of the clamps) and
lvdt’s (linear displacement measurement devices) or
mechadcal devices attached to the specimen. Optical
devices include video and laser systems. All of which
observe a small section of the specimen. The principle
issues are specimen damage, rate of strain and confiition
of accuracy. The experiences reported by Brand and Pang
(1991) and Leschinsky and Fowler (1990) define the
diffkulties experienced in accurate measurement of strain
on very strong geosynthetic materials regardless of device
type, and reflect the broad concern that accuracy needs to
be veriiled by comptison of two or more measurement
techniques. Figure 10 presents a comparison of cmves from
specimens in which extension was recorded simultaneously
for both displacement and an optical device. The excellent
agreement at low strain is most significant to the designer
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Figure 10. Effect of Extension Measurement Device
Using Tab System
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of reinforced structures.
Specimen damage or distortion that influence test

results can be evidenced in two principal forms. Sample
slippage in clamps resulting in pmtial or major deformation
can influence test results necessitating that the specimen be
discaded. More frequent is the seating slippage typical of
roller devices and the slight distortion of samples in the
clamp area in normal strip tests. In both instances, accurate
measurement and recording of strain is essential to
determine whether the slippage materially affects the
results. Figure 11 compares the results of identical
specimens with data recorded by lvdt and by crosshead.

350t / /
300

t
t

1
/’

,’

,
/’

,’

,
/’,

,’

/
,’

,’
,’

,’

,’/
,’

,’

I/
/’

50 — LVDTExtensometer/’
/’ ------ Crosshead Displacement

/’
.,’

o~- ‘
.---- 1 t 1 1 1

0 5 10 15 20 25 30

Strain (%)

Figure 11. Effect of Extension Measurement Device Using
Roller Grips

The crosshead data presentation shows initiation and the
process of sample slippage during the test. The lvdt data is
presented from preloaded initiation only and masks the
slippage and elongation at initiation. It is interesting to note
that the device has the effect of truncating the stress strain
curve at ultimate while recording consistent data at low
loads.

Figure 7 illustrates that for non slipping grips, crosshead
displacement data from a correctly calibrated instrument
will provide strain information for an entire sample
geometry rather than a small nonrepresentative sector.
Some practitioners have expressed concern about the
accuracy of displacement measurement. The conventional
testing machine does experience deformation in the



conduct of a tensile test. Error introduced by this
deformation is corrected by subtracting machine
displacement from the data. To demonstrate accuracy we
tested a calibrated aluminum bar. The specit%xl modulus of
the specimen was 68.95 GPa. Strain gages recorded a
modulus of 68.1 GPa. Crosshead displacement recorded
modulus of 54.0 GPa. Displacement values corrected for
machine deformation were 68.4 GPa, essentially zero error.
Tests conducted on fabrics with loads at 31.1 kN and
extension of 12 to 16% experienced machine deformation
of less than O.lYo. Failure to correct for this deformation
results in test error of less than 0.5% leading to the
conclusion that displacement is an accurate measurement.

Finally, rate of strain is shown to be problematic in
measurement as it is calculated as a percentage of sample
gauge (a length measurement). For those geosynthetics that
can be tested in a 100 mm length by 200 mm width
geometry, the speed of the test is easily recorded by
conventional means. High strength materials are typically
tested in the much dilTerent longer than wide geometxy,
dictated by equipment load capacity and clamping devices.
Brand and Pang (1990) report that strain rate for an entire
sample tested by roller grips was typically 6% not the
expected 10% prescribed by the method ASTM D4595. The
NGO, Balkema (1986) explains that the phenomena occurs
because of differences in strain characteristics in dii%rent
portions of the specimen. Strain in the vicinity of the
clamps is plane in nature while strain in the center of the
sample tends to be linear. Goswami et al. (1996) present
variation in strain for ditkrent sites on the specimen as the
norm for textile type materials. The necessity to observe
either the total area or a large portion of the specimen to
accurately record strain rate necessitates the simuka.neous
employment of a combination of techniques such as
displacement and optical devices and a mandatory
comparison of the data. The definition of sample len~ the
strain measurement gauge used, the strain measurement
system used and the observed test speed must be clearly
reported.

2.6 Jaws, grips and other devices

Strong geosynthetics such as reinforcements experience
great diflkulty in sample gripping. Experienced researchers
(Haliburton 1978; Myles 1986, 1987; Rowe et al. 1986;
Richardson et al. 1987; Leschinsky and Fowler 1990; Brand
and Pang 1.991) cite grip failure as a key concern. The
principal test methods, ASTI@ 1S0 and BSI, recognize the
issue of the diflkulty of sample gripping and permit the
utilization of roller or capstan grips. Roller grips typically
require sample lengths of 1.829 m, width up to 0.203 m and
typical spacing between rollers of 0.508 m. Because the
sample geometry used in rollers is larger than most
extension measurement tools, it seems obvious that
displacement could be a critical measure of sample strains.
Unfortunately, the large amount of slippage that occurs in
roller grips throughout the test negates the application of
these techniques for low strain values in roller testing,
although displacement can be quite accurate in recording
ultimate strain. Equally problematic is the application of
other devices. Typical optical devices observe a pencil line
wide strip 0.203 m high, and mechanical/electronic devices
also observe a very narrow, 0.101 m long section of a
specimen with the result that when applied to roller tested
specimens, these extension measurement systems represent
the area observed and not the specimens performance.

Roller grips have several other awkward characteristics
beside large sample geometry including the need to permit
a sample to seat itself. The process of seating, also
described as the application of preload, involves a certain
extension of the sample. Accurate reporting requires that
this extension be recorded as per Figure 3. Another issue of
difficulty caused by large sample geometry of 1.829 m
length, 0.508 m grip separation and sample widths up to
0.203 m is incompatibiMy with the general defiition of
wide width sample geometry: 100 mm gauge length by 200
mm width. In terms of strain measurement, this deftition
results in the apparent obsemation of, and reporting OILof a
0.101 m section of a 0.508 m or longer sample. Leschinsky
and Fowkx (1990) and Brand and Pang (1991) NpOItd that
different areas of a fabric were seen to extend at different
rates and that any 100 mm by 200 mm section of a large
sample would not be representative of the sample, or the
product. The phenomenon that extension is not uniform
over a large sample is documented elsewhere in textile
literature (Goswami et al. 1996).

Sample widths vary according to the test device load
capability, but in every case an equal number of yarn ends
should be tested in each specimen of a sample or a testing
program. In our work the separation from center of barrel to
center of barrel was fixed at 0.508 m. Extension was
measured by displacement or lvdt with the lvdt found to be
acceptable for measurement of low strain values but
strongly influenced by sample geometry at ultimate. Figure
9 compares identical specimens with extension recorded by
displacement compared to Ivdt. The lvdt could be observed
to distort the specimeu break fiber and prematurely ftil the
specimen at VeIYhigh strain.

The jaw used in the sacrificial tab system employed in
our work is a hydraulic clamp with a wide pressure range.
For vw strong fabrics with tensile exceeding 700 kNhq

grip Pressm= exceeded 20.7 MPa insuring control of
slippage in the grips. The typical specimen length exceeds
0.610 m permitting mounting of 0.0508 m sacritlcial tabs
on each end of the specimen and leaving a 0.508 m
separation between clamps. As in roller testing, sample
width is dictated by load cell capability but in every case an
equal number of yarn ends is maintained between
specimens.
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2.7 Sample preparation

Care is taken in mounting samples in grips to avoid skew.
Sacritlcial tabs of light metal are adhesive bonded on both
sides of specimens destined for pressure clamps, with tab
separation of a minimum of 0.508 m. Adhesives are
selected to have minimal influence on samples. For many
light load fabrics, under 130 kN/m, protective tabs are
unnecessary.

The sample preparation technique attempts to achieve
yarn (and fflament) alignment. The Satilciid tab permits
very high pressures across the clamped face of the
specimen which prevents the specimen fmm slipping out of
the clamp. Simultaneously, the soft adhesive that binds the
tab to the sample permits some relative slippage within the
specimen permitting the maximum degree of uniform
alignment and engagement of a high proportion of the
filaments in the specimen. Slippage is obsenwd in the two
procedures at different times. Slippage is fm observed on
rollers in the early stages of the tesr continues through
much of the procedure and reduces to nil when approaching
ultimate. Slippage is obsemed in pressure clamps at the end
of the test. This small distortion develops late in the test
and allows the continued loading of a majority of the
filaments in the specimen.

3 CONCLUSIONS

The following conclusions are presented in the same order
as the listing of the 14 concerns. 1. For textiles with
uniaxial orientation of strength members (yarns), sample
length influences test results. Shorter lengths inflate tensile
values while deflating modulus. A pmtical solution to
insure cmnpamble results is to employ sample lengths in
pressure grips that are comparable to roller grip separation
distances. This permits the observation of similar geometry
of the specimens. 2. Increased test speed intlates results;
however, longer samples reduce the effect. Polyolefm
materials are far more greatly afTected by variation in
speed. 3. Fubric structure dominates testing. Manipulation
of other testing aspects: polymer, fiber fo~ test speed,
sample geometry, grips, or protocols cannot reduce the
impact of stmmture on fabric performance. 4. Test grips are
part of a system and each system, roller or pressure cau be
employed to achieve accurate and repeatable results.
5. Slippage is also part of the system when testing strong
materials and is in fact desirable in order to achieve
consistent and meaningful results. 6. Tolerable slippage is
observed and recoded by developing correlation between
extension measurement systems. 7. Extension measurement
is a critical element and a contentious issue in testing of
high strength fabrics. Certain devices, lvdts, can be
satisfactory for part of the test and may invalidate another
portion of lhe test. There is a potential lack of confidence
536-1998 Sixth International Conference on Geosynthetics
in, or familiarity with, displacement and its influence of
sample geometry and speed. Accurate displacement
measurement can be performed simultaneously with other
measurements and compatibility of two measurements
insures good understanding of the test process and the
recognition of flawed results. The test operator must take
care to report the strain measurement gauge and the sample
length, particularly when these measurements are different.
8. Extension measurement is defined by sample geometry,
test Spem the physical area the device measures and the
location of the device on the sample. Extension
measurement techniques must be reported in detail to avoid
undue masking of results. 9. Strong reinforcements are
essentially uniaxial in orientation with each strength
member (yarn) parallel to the next. In tip testing, whether
1.016,0.203 or 0.0508 m in strip width, the entire sample is
gripped and width does not play a signifkaut role in the test
except where the grip system is incapable of achieving
uniform pressure. For reinforcements, sample width
identiiles the limits of the apparatus, not the reinforcement.
In all cases testing must insure that an equal number of
yarn ends are tested from sample to sample within a
nominal specimen width. 10. Preload is a necessary
element in testing of strong materials if roller systems are
used, If not properly reported, preloads can mask test result
information. 11-13. Modulus is the second contentious
issue in testing of reinforcements. Clearly the meaningful
moduli are related to certain segments of the data cmve. In
terms of reinforcements for critical structures it is not
agreed whether the maningfd value is a secant of a very
large segment or the actual value of a spectilc segment, for
example: the modulus of the segment between 2°/0and 5V0
strain. 14. The relationship between single end yarn data
and fabric performance is clearly evident however, the
relationship is not represented by a simple ratio. Some of
the influences on the translation efficiency of a yarn
strength to a fabric are: processing conditions, fabric
structure, and testing systems. For a given product fmm a
specitlc system, the relationship of yarn to fabric is a
constant.
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OSYNTHETIC REINFORCEMENT:
ARE GEOTEXTILES AND GEOGRIDS INTERCHANGEABLE?

C. Joel Sprague, P.E.
Sprague & Sprague Consulting Engineers, Greenville, SC, USA

ABSTRACT: Geosyntheticallyreinformd soilstructureshavebecomeacceptable, cost-effective alternatives to conventional
geotechnical structures. Yet, it is interesting to note that many geosyntheticallyreinforced soil structures are specified in
such a fashion that only geogrid but not geotextile reinforcement may be used, or vice versa. Why is this? This paper
explores this questionusing tablesand chartsof relevant,@ormance- onented properties and a survey of more than 50 State

DOT and FHWA engineers questioned about their preferences related to the use of geotextiles and geogrids for
reinforcement applications. In general, there appear to be no overriding technical or economical reasons to rely on
proprietary, product-specific designs/specKlcationswhen using geosyntheticreinforced soil structures. Conversely, there
are several arguments for the widespread use of generic design, specification, and procurement procedures.

KEY WORDS: geotextiles, geogrids, reinforcement, specitlcations
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1 INTRODUCTION

Thoughthe use of tensile inclusions in soil structures dates
back several thousand years to the construction of religious
structures in ancient Babylonia, it was only three decades
ago that Henri Vidal, a French architect, pioneered modem
earthreinfomernenttechniques, These techniques involved
the incorporation of resisting elements into a soil mass to
complementthe soil’scompressive strength and together to
act in a composite fashion to improve the mechanical
properties of the soil mass. Vidal patented his system,
which used steel strips to provide the reinforcement, and
namedthe system“TerreArmee” in France and “Reinforced
Eti in the United States. The fwst Reinforced Earth wall
was constructedalong CaliforniaState Highway 39 in 1972,

Mitchell and Villet (1987) detailed and expanded on
this historicalperspective, noting that beginning in the early
1970’s, experimentation using geotextiles as soil
reinfcn-cementwas conducted in Europe and the United
States. The U.S. Forest Service constructed fill-scale
wrapped-face walls in the Siskiyou and Olympic National
Forests using geotextiles in 1974 and 1975 and developed
constructionand designguidelinesbased on this experience.
Under FHWA sponsorship, highway departments in New
York:, Colorado, and Oregon constructed geotextile
reinforced walls in the early 1980’s. These geotextile
reinfcn-cedwalls were compared to walls constructed with
steel inclusions and all were found to perform well.

This success attracted other candidate forms of plastic
inclusions such as geogrids. Beginning in about 1984,
Tensar geogrids were introduced specifically for soil
reirdorcement. These geogrids were manufactured of
polyethylene - a different polymer than used in the
geotextiles. Polypropylene and polyester were the polymer
of choice for geotextiles.

Since 1986,the use of reintiorcedsoil systems, which are
also called mechanically stabilized earth (MSE), in the
UnitedStateshas sigriticantlyincreased. The primary types
ofMSE systemswhichhave emerged include: mechanically
stabilized earth walls (MSEW); reinforced soil slopes
(RSS); reinforced embankments over soft foundations
(RESF); and reinforced liners and caps. MSEW and RSS
have become especially important in highway construction
as theiruse reduces the required width of new right-of-way
and facilitates construction within existing limited
right-of-way. RESF are recognized as a cost-effective
alternativeto traditional techniques for constructing earthen
embankmentsover low strength foundations. Additionally,
critical environmental applications of geosynthetic
reinforcementhave emerged, including the reinforcement of
lantilll and lagoon liner and cap systems on steep slopes
and over weak subgrades or underlying voids.

Freedraining granular material is the preferred bacldll
material in reinforced soil structures, Therefore, the use of
reinforcedsoil structures - primarily MSEW and RSS - has
been somewhatlimited in cases where high quality bacldll
material is not readily available. Mitchell and Zomberg
(1994 & 1995) observed that the inherent low strength,
moisture instability, possible volume changes, and creep
potential, along with the comosive potential of saturated
soils, are common concerns associated with the use of
fme-grained,cohesive backtlls. They fhrther noted that as
successful experiences are documented and consistent
design methodologies are developed for these poorly



draining baclclills, even greater growth in the use of
reinforced soil structures will be possible.

Clearly, there has been substantial acceptance of
geosynthetic reinforced soil structures and much of the
growth has been the result of aggressive marketing by
companies providing candidate geosynthetic soil
reinh-cement materials. Therefore, much of the experience
gained to-date is with those reinforcement materials which
are marketed most aggressively and “packaged” with
proprietruydesigns. Yet, this growth has been fraught with
argument as competing proprietary systems claim superior
performance or dependability. In response, independent
researchersand Federal and State engineers have advanced
the development of generic design techniques and material
specifications such as AASHTO (1997) MSEW
specitlcations and the FHWA’SRSS guidelines by Berg
(1993) and the DEMO 82 educational effort discussed by
DiMaggio (1996). This new generation of generic design
techniques rmd specifications recognizes the suitability of
both geotextiles and geogrids for soil reinforcement.

Thispaper detailsthe key issues associated with the use
of geosynthetics as soil reinforcement and provides
comparative data for common reinforcing geosynthetics.
Additionally, required product documentation, relative
costs, and a summary of geosynthetic reinforcement use by
state I)epartments of Transportation (DOT) are presented.

2 REINFORCEMENT DESIGN INPUTS

2.1 Overview

Geosyntheticreinforcement systems incorporate geotextiles
ardor geogridsas horizontal layers within a soil backtlll to
resist outward movement of the reinforced soil mass. The
geosyntheticinteracts with the soil by adding a tensile force
and this tensile force is transferred to the soil mass through
unique geosynthetic/soil interaction mechanisms. Both
tensile force and soil interaction must be determined for
each candidate geosynthetic.

2.2 Allowable Tensile Strength

The allowabletensilesh-engthof a geosynthetic is input into
retiormd soil analyses in order to determine the reinforced
factor of safety. Allowable geosynthetic design strengths
must be determined by testing and analysis methods that
account for the long-term dimensional stability and
durability of the full geosynthetic structure. Dimensional
stabilityis characterized by the ability of the geosynthetic to
sustain long-term load in-service without excessive creep
strains. Durability factors include site damage, chemical
degradationand biological degradation. These factors may
theoreticallycause deterioration of either the geosynthetic’s
tensile elements or the geosynthetic/soil stress transfer
mechanism of the geosynthetic structure according to Berg
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(1993). To accountfor dimensional stability and durability,
allowable tensile strength, T., for the geosynthetic is
determinedusing a partial factor of safety approach such as
Equation 1 tlom Berg (1993),

T,= Tti,/ (FSc~XFS[~XFSC~XFS~~XFSm) (1)

T.= allowable geosynthetic tensile strength;
Td,= ultimate geosynthetic tensile strength;
FSc~= partial factor of creep deformation;
FS1~=partial factor of safety for installation damage;
FSc~= partial factor of safety for chemical degradation;
FS~~= partial factor of safety for biological degradation,
FSN= partial factor of safety for joints.

The allowabletensile strength, T., is often referred to as the
long-termdesignstrength, or LTDS. (Long-term allowable
design load, or LTADL, is also used by some.) Many
geosynthetic manufacturers can provide typical LTDS
values for each of their candidate reinforcement materials.
It is importantto recognizethat these “typical” LTDS values
refleztfactorsof safety derived from laborato~ and/or field
testing which may or may not simulate the project
conditions under consideration, Therefore, the designer
must consider whether the partial factors of safety inherent
in any “typical” LTDS value are applicable.

2,3 Partial Factors of Safety.

The partial factors of safety used to calculate the allowable
tensile strength of the geosynthetic are intended to address
the issues which provoke the greatest arguments between
competing reinforcing systems, These factors of safety are
either based on laboratory/field testing of the candidate
material or are assigned based on “default”values derived
ii-emworst-case experience. An example of default values
as recommendedbyBerg (1993) and typical testing-derived
values is shown in Table 1.

Table 1. Typical Geosynthetic Reinforcement Default and
Testing-Derived Values for Partial Factors-of-Safety

Partial Factors of Safety
FS Q CR CD BD ~ Composite

Default 3.0 5.0 2.0 1.3 2.0 78

Tested 1.2 2.0 1.1 1.0 1.01 2.64

KEY: FS=faetorof dety, ID=instalIationdamagq CR=creep,
CD=chemicaldegradation,BD=biological degmdatiomJk3=joint/seam

Themagnitudeof default values virtually assures that
a materialsupplierwill do product-specific testing to derive
the factorsof stiety to be used to calculate allowable tensile
strength, If one were to use only default values, the



candidategeosyntheticwould be able to claim an allowable
tensile strength equal to only 1/78th of the ultimate tensile
strength of the material. Certainly, this would likelymake
the candidate material uneconomical. Conversely,
product-specific testing can be done to clearly define the
unique limitations of a material without excessive
con.sewatism Guidance is commonly given in well written
specifications such as Berg (1993) on how to determine
factors of safety through laboratory/tield testing. For
example, one state DOT (WSDOT, 1996) requires that
ASTM D 5818 be the basis for FS,. and that ASTM D
5262 along with a detailed data extrapolation technique be
the basis for FSc~, Additionally, this DOT gives a general
approach to determining FSc~ and F~~ based on the
geosynthetic polymer. FSm is not addressed, so
presumably joints/seams are not permitted. It is important
to note that the use of partial factors of safety does not
identifi any combined effects of the various forms of
degradation. In the future, FS values derived from testing
that examinesthe combined, and perhaps synergistic effects
of two or more forms of degradation will be used. These
~es of testing are currently under development.

As shownin Table 1,using factors of safety derived from
testing,the allowable tensile strength would typicallybe on
the order of 38% of the ultimate (i.e. composite FS=2.64),
rather than the 1.2°/0of ultimate resulting from the use of
default values. Composite factors of safety for calculating
LTDS are commonly range horn 2.0 to 4.0, depending
primarily on the polymer.
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2.5 Creep.

As shown in Table 1, creep potential is usually the greatest
“factor” in LTDS calculations. Characteristic strength
propwties and associated creep limits of various
geosynthetic types are presented in Figure 1. Creep
potential limits the allowable tensile strength to no more
than the mep limited load and strain. Therefore, as shown
1

in Figure 1, PET geosynthetics can safely mobilize higher
strengths and strains than can PE or PP. This explains the
generallylower composite factor of safety used to calculate
LTDS for PET geosynthetics (FS = 1.8- 2.0) versus that
used for PE or PP (FS = 3-4, or more).

3 GEOSYNTHETIC/SOIL INTERACTION

3,1 Overview

As noted earlier, along with tensile strength, a
geosynthetic’s interaction with the soil must be
characterized as a part of the design process. Geogrids
mobilizea difkrent kind of interaction with the soil than the
frictional behavior relied on by geotextiles. Instead of a
continuousfictional surface, geogrids have large openings,
or apertures, which allow the soil to be continuous through
the inclusion. Geogrids transfer stress to the soil through
passive soil resistance on transverse members of the grid
andlimitedfrictionbetween the soil and horizontal surfaces
of the geogrid. Geotextilestransfer stress to the soil through
the friction created across its entire surface area.

Two types of soil/geosynthetic interaction must be
quantfled: pullout and direct shear. In both cases, the
quantification of stress transfer must be accomplished
through laborato~ testing. As with Factors of Safety,
spwiiic guidance,especiallyon the range of normal loads to
be+ is commonlygivenin well written specifications on
how to determine pullout and direct shear coetlicients
through laboratory/field testing.

3.2 Pullout Resistance.

Pulloutcoefficientsare used in stability analyses to compute
mobilized tensile force at the front and tail of each
tiorcement layerinMSEW and RSS systems. According
to Berg (1993) design of MSEW and RSS for permanent
applications requires evaluation of long-term pullout
performance with respect to three basic criteria:

1,

2.

3.

pullout capacity should be adequate to resist the
design tensile force with an appropriate factor of
safety; and
allowable displacement should be greater than the
relative geosynthetic to soil displacement required
to mobilize the design tensile force; and
the pullout load should be smaller than the critical
creep load.

The long-termpullout interaction coefficient is quantified
by laboratory testing such as is outlined by Berg (1993).
For geotextiles,this simply requires a quick effective stress
pullout test since only surface friction is involved. For
geogrids, stilcient long-term junction strength must be
consideredin additionto or as a part of pullout testing, since
soil bearing on transverse ribs may be an important
component of grid pullout resistance. This may require
998 Sixth International Conference on Geosynthetics -541



creep testing of the junctions or the entire soil/grid system
or cutting transverse ribs to remove the junctions from the
testing. Therefore, much more testing may be required in
order to qual@ a candidate geogrid for pullout resistance as
comparedto a geotextile, The C, value ti-ompullout testing
is used to calculate the bond length behind a critical failure
surface using Equation 2.

L = POd, or POO,,,ti /(2xcixoxtan$) (2)
Where:

L = bond lengthbeyond a failure plane; o = normal load;
tanr$ = the tangent of the soil’s friction angle; Ci =
interactioncoefficient (See Tables 2a and 2b); Petit= the
highest load resisted by the embedded reinforcement;
ancl P00,7S~, = the pullout capacity associated with a
movementof less than 0.75 inches (19mm) of the leading
edge of the reinforcement sample.

Table 2a: Typical Short-term Geosynthetic/Soil Interaction
Coefficients for Pullout, Ci

Interface Normal Stress
with 500 Vsf 1000 Rsf 2000 DSf
* c&wc&&@c!ay-&!!Ld
W,PP,GTX 0.60 0.90 0.65 0.90 0.70 0.90
W,PET,GTX 0.70 1.00 0.80 1.00 0,90 0.95
W,PET,GG 0.70 1.00 0.90 1.00 0,90 1.00
EX,PE.GG >t).7 >().9 >().7 >0.9 >0,7 >0.9
KEY:W=Woven;EX=extrudeskPP=polypropylenGPET=polyestm
GTX=f;eotextilqGG=gmgrid.BasedonCowell&SpmWe(1993),Collin
&Berg(1993>unpublishedreports

Table 2b: Typical Long-term Geosynthetic/Soil Interaction
Coefficients for Pullout, Ci

Interface Normal Stress
with 500 Psf 1000 Usf 2000 DSf
&& c&wcJg&wd~sd
W,PP,GTX 0.60 0.90 0,65 0.90 0.70 0.90
W,PET,GTX 0.70 1.00 0,80 1.00 0.90 0.95
W,PET,GG rtfa 0.90 tia 1.00 nla 1.00
EX.PE,GG >().7 >0.9 >0,7 %,9 X,7 >0.9
KEY:W=woverLEX=extrudd,PP=polypropylenqPET=polyestec
GTX=geotextile;GG=geogridn/a=notavailable.Basedon Cowell
&Sprague(1993]Collin&Berg(1993);unpublishedreports

Cowell and Sprague (1993) provided the following
general conclusions based on extensive pullout testing:

1. Geogrids and geotextiles having similar strength
prc}perties also have similar ultimate pullout capacities
rmclcoefficients of interaction.
2. The pullout capacity at 0.75 inches of displacement
for the geotextiles tested was significantly lower (50 to
67?4) than thatobtainedfor geogrids of similar strengths.
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3. Junction strength of geogrids and the contribution to
pullout resistance contributed from transverse ribs does
not have a signiticarttatTecton pullout performance. (See
long-tetm values in Table 2b)
One additional conclusion can be drawn concerning the

sensitivity of a design to variation in Ci. If equation 2 is
solvedfor length, given a required pullout, it can be shown
thatfor C, in the range of 0.7 to 0,9, a minimum length of 1
m controlsfor reinforcement layers below approximately 1
m of soil depth.

3,2,1 Pullout in the Design of RSS Structures.

The ultimate load is taken to be less than or equal to the
LTDS and from this the bond length required is calculated.
A factorof satiety,typically on the order of 1.5, is applied to
this length, In RSS applications, strains are typically
controlledby using a 10°/0creep limit strain in the selection
of the LTDS. RSS structures can tolerate more movement
thanMSEW, thereforePO,,,. is not typically used for RSS.

3,2,2 Pullout in the Design of MSEW Structures

For the desi~ of MSEW structures, especially those with
concretefacing panels, not only is the required bond length
calculatedas with RSS structures, but the limiting strain of
the wall face can be critical. It is important to check if the
LTDS can be mobilized within a limiting strain in order to
assure that wall face movements remain within tolerable
limits. Therefore, both the C, and the PQ,. must be
checked to see how they may affect the design.

3,3 Direct Shear.

Direct shear coet%cientsare used in checking the factor of
safetyagainst slidingof an overlyingsoil mass. This sliding
is a consideration in all reinforced soil systems.
Soil/geosynthetic direct shear resistance is determined by
laboratory testing. As can be seen in Table 3, geotextiles
and geogrids are both highly etlicient in transfeming
interface shear stresses, especially with sand.

Table3: Typical Geosynthetic/Soil Interaction Coefficients
for Direct-shear, C,

1

Interface
with
Soil
W,PP,GTX
W>PET,GTX
W,PET,GG

Normal Stress
500 Psf 750 Vsf 1000 Psf

&w*&!!LdQ?ySa!Ld
0.60 0.85 0.60 0.90 0.60 0.90
0,75 0.90 0.80 0.95 0.90 0.95
0.80 0.90 0.85 0.95 0.90 0.95

EX,PE.GG >0.9 >0.9 >0.9 >0.9 >0.9 >0.9
KEY:W=wovelr,EX=extruded;PP=polypropykrle;PET=polyester,
GTX=geotextilqGG=geogrid.Based011Koutsourais,et al (1991),
TheTensarCorp.(1986~unpublishedreports



3.4 Other Interaction Considerations.

MSEW designs may also require quantification of the
geosynthetic/facing connection strength using large-scale
pullout testing for each unique geosynthetic/facing
combination. Still, experts continue to debate the
magnitude of the forces, if any, which are exerted at the
face.

4 DOCUMENTING GEOSYNTHETICS

Consideration and approval of candidate geosynthetics by
owner/agency persomel requires that the geosynthetic
supplier provide suillcient evidence of the proposed
material’s suitability and additional evidence of the
mantiacturer’skupplier’scapabilities. The Federal Highway
Administration ( FHWA) requirements for documentation
in all :submittalsare detailed by Berg (1993) as follows:

* History of material development.
* Current capability to supply material.
* Polymer and additive composition of geosynthetic.
* Practical applications of material.
* R.epresentative list of users.
* Typical LTDS and interaction values.
* Typical unit costs.
* Laboratory test data, comprehensive literature review,

and the interpretation and extrapolation used to
determine the partial factor of safety should be
presented for:
- Creep performance:Range of loads for 10000 hours.
-75 year creep extrapolation.
- Installation damage.
- Ultimate strength,
- Chemical resistance.
- Biological degradation.
- Joint (seam/connection) strength.
- Long-term pullout coefficient.
- Direct sliding coefficient.

5 COST CONSIDERATIONS

An important factor in the increasing acceptance of a
technologyis increasing cost-effectiveness. Although there
are many factors associated with the as-built cost of any
gcosyntheticreinforcedsoil structure, including project size,
backfdl type, and contractor familiarity to name a few, it is
usefidto examinethe relative material costs associated with
variouscandidategeosyntheticreinforcements. Commonly,
geogridsare somewhat more costly per unit LTDS than are
woven geotextilesbut, geogrids may be more cost-effective
for providing lower initial strain levels and higher soil
interaction, if needed. Typical pricing of geogrids ranges
from 0.0015 to 0.001 $/m’ per unit LTDS for low to high
strengths,respectively. Woven geotextiles commonly range
horn .001 to .006 $/m*per unit LTDS.
6 STATE OF PRACTICE

As note earlier, the FHWA has taken the lead in providing
guidancein the implementationof generic design techniques
and material specifications associated with geosynthetic
reinforced soil systems. Still, individual owners/agencies
are free to exercise their own judgments as to the
appropriateness of following the FHWA lead. Tables 4a
and4b summarize a telephone survey of state Departments
of Transportation(DOTS)conductedby the author in the fall
of 1996. The survey solicited responses on the use of
geosynthetic reinforced soil structures, reinforcement
prefmences,andreasonswhyprefaential specifications may
be used on any given project.

Table 4a. Survey of State DOTS - Use of Geosynthetic
Reinforced Soil Systems

Number of StatesUsing Reinforced Soil Svstem
Us. MSEW RSS RESF
Region CT~ _cIn/Jl CT~
Northeast 1 4 2 331 106
Mid-Atl. 312 303 204
Southeast 2 4 2 422 422
Midwest 2 2 2 321114
Southwest 2 2 1 220 122
Plains 400 120 000
West 510 321114
Far West 5 1 1 313 412
Total
States 24 15 10 22 14 13 14 7 28

KEY:MSEW=mecbanicallystabilizedearthwallNRSS=reinforcedsoil
slopes RESF=reinforcedembankmentsover soft foundatiorw
C=commonlyuaakT=Trialuseonly,rrk=notused.
NOTE:R1,NV,PRdidnotrespond.

Table 4b. Survey of State DOTS - Geosynthetic
Reinforcement Preferences

Number of States
Us. Preferred Reinforce>t ReasonforPreferrence

Gen- Gen. Prop- Exper- Cm/
Region Gtx GG ~ Future * ience Vakr——
Northeast O 5 2 3 026
Mid-Atl. O 2 2 2 01 4
Southeast 3 6 2 3 03 4
Midwest 1 4 0 5 01 5
Southwest 1 5 0 1 224
Plains 0402 234
West 04 1 3 13 4
Far West 2 3 3 2 322
States Re-
svondin~ 44 44 44 44 43 43 43

KEY:-geotextile, GG=geqid,Gen.Future=plarrgenericuseinfiture
NOTE:RI,NV,PRdidnotrespond.5statesdidnotindicateapreference.
6 statesdidnotstateareasonfora preference.
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Tables 4a and 4b reveal the following trends:
1. Most Departments of Transportation (DOTS) are
commonlyusing at leastone form of geosynthetic reinforced
soil structure.
2. Geogrids have been the most often used geosynthetic
reinforcementto-date, largely because of vendor/consultant
influences and greater experience with these materials.
3. ManyDOTSintendto use non-preferential, more generic
desigdspec$lcation approaches in the future.

A fhrther indication of the acceptance of and support for
geosynthetic reinforced soil structures is the recently
initiated effort to develop manuals and sothvare and teach
associated courses on mechanically stabilized earth
technology. Geosynthetic reinforcement and associated
desigdconstruction technologies will be presented. This
effort is called Demonstration Project No. 82, or Demo 82
for short, and has as its explicit purpose according to
DiMaggio (1996): “to optimize the acceptance and
implementationof mechanically stabilized earth technology
in routine design and construction practice.”

7 CONCLUSIONS

Generally, geotextiles and geogrids are interchangeable in
reitiorcement applications. It appears that there are no
overriding technical or economical reasons to rely on
propriety, product-specific designslspeeifications when
using geosynthetic reinforced soil structures. Conversely,
the fcdlowing observations support the use of generic
design, specification, and procurement procedures:
1. Geotextiles ~ geo~ids have been successfully us e d
for over 2 decades in all types of reinforced soil structures.
2. Generally accepted design techniques have been
developed which are equally compatible with geotextiles
@ geogrids.
3. Geotextiles @ geogrids have been tested and found to
provide suitable and comparable tensile and
soil/geosynthetic interaction properties.
4. Geotextiles @ geogrids can be quickly tested to antinn
compliance with generic project-specific requirements.
5. A wide range of suitable, proven products is available
representing the fill range of strengt.hhainhnteraction
properties typically required in reinforced soil structures.
6, Manyownedagencies now commonlyusing geosynthetic
reinforced soil structures are inclined to encourage more
generic design, specification, and procurement of
geosynthetic reinforcement in the future to assure fairness
and cost-effectiveness.

The generic design, specification, and procurement of
geosynthetic reinforced soil structures appears to evolve
naturally as the designer/owner gains sufficient
understanding of and experience with the associated
technology.
544-1998 Sixth International Conference on Geosynthetics
ACKNOWLEDGMENTS

The authorwouldliketo thank David Andrews of Synthetic
Indushiesforhis valuablereview of the original report upon
which this paper is largely based.

REFERENCES

AASHTO (1997), “Interim Specifications - Standard
Specificationfor HighwayBridges Division I, Section 5-
Retaining Walls & Division III, Section 7 - Earth
Retaining Systems”, American Association of State
Highway and Transportation OtXcials (AASHTO),
Washington, DC.

Berg, R.R. (1993), “Guidelines for Design, Specification,
and Contractingof Geosynthetic Mechanically Stabilized
Earth Slopes on Firm Foundations, FHWA-SA-93-025,
FHWA, Washington, D.C.

Collin, J.G., and Berg, R.R. (1993), “Comparison of
Short-term and Long-term Pullout Testing of Geogrid
Reinforcement”, Geosynthetic Reinforcement Testing
Procedures, ASTM, Philadelphia, PA, pp. 184-194

Cowell, M.J. and Sprague, C.J. (1993), “Comparison of
PulloutPaformance of Geogrids and Geotextiles”, Proc.
of Geosynthetics ’93, Vancouver, LFAI,pp. 579-592.

DiMaggio,J.A. (1996), “Update on Demonstration Project
No. 82”, Geotechnical Fabrics Report, Ott,/Nov., p. 43.

Koutsourais, M.M., Sprague, C.J., and Pucetas, R.C.
(199 1), “Interracial Friction Study of Cap and Liner
Components for Landi511Design”, Geotextiles and
Geomembranes, Vol. 10, Nos. 5-6.

Mitchell,J.K.and Villet,W.C.B, (1987), “Reinforcement of
Earth Slopes and Embankments”, NCHRP Report No.
290, TransportationResearch Board, Washington, D.C.,
pp. 5-8, 126-129.

Mitchell,J.K., and Zomberg, J.G. (1994), “Reinforced Soil
Structures with Poorly Draining Backfills, Part I:
Reinforcement Interactions and Functions”,
GeosyntheticsInternational, Vol. 1, No. 2, pp. 103-147.

Mitchell,J.K., and Zomberg, J.G. (1995), “Reinforced Soil
Structures with Poorly Draining Backills, Part II: Case
Histories and Applications”, Geosynthetics
International, Vol. 2, No. 1, pp. 265-307.

The TensarCorporation(1986), “Guidelines for the Design
of Tensar Geogrid Reinforced Soil Retaining Walls”,
TTN:RW1

WSDOT (1996), “Geosynthetic Reinforcement Product
Submission and Approval Requirements”, Washington
State Department of Transportation, FOSSC Materials
Laboratory, Tumwater, WA.



Effect of End-Restraint in Geogrid-Soil Structures
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ABSTRACT Reinforcing effects of geogrid-soil structures depend on the end-restraint condition of the geogrid. Two types
of end-restraint fixed-end and sliding-en~ were experimentally investigated by using a prototype shear apparatus that has
been developed for this purpose. Main conclusions are: 1) In order to obtain a significant effect of reinforcemen~ one end of
each geogrid in the soil structure should be fixed on the facing of the soil structure in such a way that the geogrid and the
soil in the moving soil mass do not move relative to each other, and 2) For the fixed-end type, there exists an additional
coniiing effect which increases the normal stress on the potential sliding plane in addition to the effect due to the tensile
force of geogrid.

KEYWORDS: Reinforcement, Geogrids, End-restraint
1 INTRODUCTION

Earth reinforcement techniques have become usefid and
economical solutions to many problems in geotechnical
practice but there are some points concerning the
reinforcing mechanism of soil-reinforcement system that
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Figure 1.

(b)SMing-end

Model of end-restraint in in-situ and laboratory

test conditions
need to be clarified.
In geogrid reinforced soil structures, such as the one

shown in Figure 1, the end-restraint condition of the
geogrid may have considerable influence on the reinforcing
effect. In this research, two types of end-restraint, fixed-end
and sliding-en~ have been investigated experimentally by
using a small prototype shear apparatus which has been
developed for this purpose. An expression has been
proposed to evaluate the reinforcement effect quantitatively.

2 MODEL OF END-RESTRAINT

The two types of end-restraint investigated are shown in
Figures la and lb.

Fixed-end: Figure la shows the fixed-end type of
restraint. One end of the geogrid is fixed on the facing and
the geogrid and the soil in the moving soil mass do not
move relative to each other.

Sliding-end: Figure lb shows the sliding-end type of
restraint. The geogrid is not fixed on the facing and the
geogrid and the soil may move relative to one another.

3 TEST APPARATUS AND TEST PROCEDURE

3.1 Test apparatus

The apparatus has two bellofram-cylinders on the right and
left sides to model the types of end-restraint. In the fixed-
end type, the left side of the geogrid is fixed to the upper
box and the tensile force of geogrid is provided by the right
bellofram-cylinder. In the sliding-end type, the tensile force
of geogrid is provided by both sides of the bellofram-
cylinder.

A sketch of the test apparatus and the shear box are
shown in Figure 2, details can be found in Ochiai et al
(1996). The shear box is rectangular in shape and is of size
200 x 200x 380mm. The shear box has two halves. the
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upper box and the lower box, with a common sliding plane.
The two halves of the shear box are connected and guided
by frictionless linear motion bearings on the sliding plane.
Three types of shear boxes with ditTerent sliding angles are
prepared for this study. The shear force, S, along the sliding
plane is provided by the vertical surcharge load. The
normal component of the tensile force on the geogrid on the
sliding plane is canceled out by the reaction on the linear
motion bearings. Therefore, the normal component of
reinforcement effect due to tensile force of geogrid,
T. sin a otan+, cannot be mobilized in the tests.

3.2 Specimen

Dry Toyoura sand, which is a standard sand used for testing
in JapW was used and four kinds of geogrids with varied
shape properties were used as reinforcement materials. The
physical and strength properties of sand are shown in Table
1 and Figure 3 respectively. The strength values of sand
were obtained using the test apparatus shown in Figure 2
for the conditions of the relative density, D,=90Y0,and the
sliding angle, cx=30°,40”, 50°.

The geogrid measurements are defined in Figure 4 and
the properties of geogrids are summarized in Table 2.

3.3 Test procedure

Sand is poured through multiple sieves in order to construct
a homogeneous specimen. The relative density of the sand,
D,, is about 90Y0.After applying a constant tensile force to
Ll-
Linercmotionbearing

1,,
* I I

I
1

Motor
Loadcelt 7’Belloframcvlinder,, l-+ / I 1:

Belloframcylinder Air compressor

I 7

1 Pressurebag
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Figure 2. Sketch of test apparatus and the shear box
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(c) Shear box in sliding-end test
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the geogri~ T, and an overburden pressure, CO,the tests are
carried out by vertically loading at a constant speed of
0.35mm/min which is the same as the speed used in the

Table 1. Physical properties of sand
Specific gravity of soil particle, G~ 2.64
Maximum void ratio, %U 0.971
Minimum void ratio, eti 0.601
Uniformity coefficient, Uc 1.7
Mean particle size, D50(mm) 0.18

g

70 ~ I I I I 4

60 :

50 :

40 ;

20 :

10 :
Loadingspeed,0.35rmn/min.:

o
0 20 40 60 80 100

Normal stress, c “(kPa)

Figure 3, Strength properties of sand

Spacing: L
k d i
1- -,

EEi
k

Width: B

T

—---+ ches>
Figure 4. Geogrid measurements

Table 2. Properties of geogrids
Tensile Spacing Width Thickness
strength L(cm) B(cm) t(cm)
(kN/m)

Geogrid A 76.6 0.89 0.94 0.13
Geogrid B 37.2 5.42 2.79 0.10
Geogrid C 28.4 2.97 0.83 0.06
Geogrid D 76.6 1.78 0.94 0.13
t

tests on sand samples. The test conditions are summarized
in Table 3.

rm. ,-ar’r ..- -., -..lame 5. lest concuuons
Type of end-restraint Fixed-en~ Sliding-end
Tensile force applied to 0.373 0981 ~,961
geogrid, T @N) ,.>

Overburden pressure, 25 ~. 75 loo
ls~(kPa) >~,

Sliding angle, et (0) 30,40,50

4 TEST RESULTS AND DISCUSSION

4.1 Effect of end-restraint

Figure 5 shows the typical relationships between shear
force on the sliding plane, S, and shear displacement, D,
obtained from a series of tests. The same tendency is
observed in the fixed-end and sliding-end types. The curves
in Figure 5 are approximated by hyperbolas given by the
equation

s= D (1)
a.D+b

a and b are constants in which l/a is the asymptotic line of
the curves and is approximated as the maximum value of
shear force, S~ , on the sliding plane. The relationships
between the ratio, Sm~Sm(sj, and the normal stress on the
sliding plane, an, are shown in Figure 6 in which S.(V and
S.(~)are the maximum values of shear forces for the fixed-
end and the sliding end tests respectively. The maximum
value of shear force for the fixed-end test is larger than that
of the sliding-end test. Higher reinforcing effects in fixed-

4

3

2

1

0
0 2 4 6 8 10

Shear displacement,D(mm)

Figure 5. Relationships between shear force, S, and shear

displacement D
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Figure 6. Relationships between S.~S.[s) and normal
stress, 6.

end tests were observed in both small normal stress values
and large tensile force of geogrid. The reinforcing effects in
sliding-end test is not mobilized, especially in small normal
stresses, o., because there is little friction between geogrid
and soil.

The maximum values of shear stress measured in the
tests are used to investigate the reinforcing effect in the two
types of end-restraint conditions. The maximum vaIue of
shear stress on the sliding plane is calculated as

s
T =1111 ~, (2)

where A’ is the area of the sliding plane. Typical test
results are shown in Figure 7. For sand samples, the relation
between T.m and o. is a stmight line through the origin
with an inclination of tam+as shown in Figure 3;

in which+ is the internal friction angle of sand.
For geogrid-reinforced sand, the relationship will, in

geneml, be expressed as follows;

‘M(R)=,1 +{(l+p)tar+r n (4)

where ~1is the intercept on the ~. axis and ~. tan $ is the
increment in slope of the reinforced lines from the sand line.
The values of ZI and P depend on the end-restraint
conditions. The value of ~1 in the sliding-end type is
approximately equal to zero, whereas the value in the fixed-
end type changes with the tensile force of geogri~ T, as
shown in Figure 7. The values of ~ in the two end-restraint

548-1998 Sixth International Conference on Geosynthetics
120

0

- ~=400

Sliding+sd, T+l.373,1.961kN I

o 20 40 60 80 100
Normal stress, o .(kPa)

Figure 7, Relationships between maximum shear stress,
T-, and normal stress, a.

n n A

0.3
Fixed-end

- 0.2

0.1

0

Sliding-end

r

.0,,L—Au—Ad
o 0.5 1 1.5 2 2.5

Tensile force, T(kN)

Figure 8. Relationships between f! and tensile force, T

conditions are summarized in Figure 8 where ~ is
approximately equal to zero in the sliding-end type and has
a constant value in the fixed-end type irrespective of the
tensile force of geogrid, T, i.e.

Fixed-end: T1#o, p#o (5)
Sliding-end: T,=o, p=o (6)

In conclusion a si~lcant effect of reinforcement
cannot be obtained in the sliding-end type. In order to
obtain a si~lcant effect of reinforcement the geogrid
should be fixed on the facing of the soil structure in such a
way that the geogrid and the soil in the moving soil mass do
not move relative to each other.



4.2 Evaluation of reinforcement effect in fixed-end type

4.2.1 Evaluation of ~1

The design of the apparatus is such that the normal
component of tensile force on the sliding plane is not
transmitted to the soil and therefore a component of
reinforcement effect, T. sins. tamj, due to tensile force of
geogrid, T, cannot be mobilized in the tests. Therefore, the
observed reinforcement effect due to the tensile force, T, is
a component along the sliding plane, Z1.

35

5

0
0 5 10 15 20 25 30 35

T

(a) Different tensile forces of geogri~ T

10

0
0 2 4 6 8 10

T
‘l=xcosa

(b) Different sliding angles, a

Figure 9. Comparison between experimental results and
calculated values of ~1
T
T, = —Cosa

A’
(7)

The calculated values from Equation (7) and the
experimental results in Figure 7 are ahnost the same as
shown in Figures 9a and b. Therefore, Equation (7) well
expresses the experimental results under different tensile
forces, T, and sliding angles, cx.

4.2.2 Evaluation of the coefficient ~

The ~ in Equation (4) can be considered to be a coefficient
for the increment in normal stress on the sliding plane due
to the placement of geogyid in soil. The coefficient 13will
therefore depend on the density of the soil and the shape of
geogrid. A shape index, R, for evaluating the slrape
characteristics of the geogrid has been proposed by the
authors (Ochiai et al, 1996) as follows;

2t(B + L)~
R=

()
B*L .2t :++

A
(8)

Width: B

4
Thickness: t

T

Figure 10. Description of measurements in the shape index

where notations in Equation (8) are shown in Figure 10. It
is noted that the value of R represents the effects in which
the soil is contlned into the aperture of geogrid, and is
pressed by the surface of geogrid. Four kinds of geogrids
with diiTerent values of R were used in this study. A unique
P-R relationship can be observed by comparing the shape
index R and the coefficient ~ as shown in Figure 11.

In fixed-end tests, where the geogrid and the soil in the
moving soil mass do not move relative to each other, the
geogrid restricts the deformation of soil and therefore an
additional normal stress, ~. a., is induced on the sliding
plane as illustrated in Figure 12. This effect of soil
reinforcement may be called the confining effect (Ochiai et
al 1996).

mUS, the maximum value of shear stress, ~.~), meas~ed
in the fixed-end tests maybe expressed as

= ;Cosa + (1+ p)ur, tan+ (9)
‘M(F)
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Figure 12. Condition of normal stress around the geogrid

5 REINFORCEMENT EFFECT IN GEOGRID-SOIL
STRUCTURES

The test apparatus used in this study was designed such that
the normal component on the sliding plane of tensile force
of geogrid, T. sinct, is directly tmnsrnitted to the lower
box and not to the soil. Therefore, the normal component of
reinforcement effect due to the tensile force of geogri~
T. sinct. tam$, is not mobilized in the test. However, this
component of reinforcement effect is considered to exist in
in-situ conditions and is therefore added to the value
obtained from the laboratory test. Thus the maximum
values of shear stress in geogrid-soil structures may be
expressed as follows;

- ~(cosct+sina.tan+) +((l+~)o.}~o (10)%(F] — *,

where f). a. is an additional normal stress on the sliding
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plane induced by the restriction of soil deformation due to
the placement of geogrid in soil.

6 CONCLUSIONS

A series of tests has been performed to clarify the effect of
end-restraint in geogrid-soil structures. It has been
concluded that:
1. In order to obtain a significant effect of reinforcement,

one end of the geogrid should be fixed on the facing of
the soil structure in such a way that the geogrid and the
soil in the moving soil mass do not move relative to each
other.

2. For the fixed-end type, there exists an additional
confining effect which increases the normal stress on the
potential sliding plane in addition to the effect due to the
tensile force of geogrid. The maximum value of shear
stress, z~(o , in the geogrid-soil structure may therefore
be expressed as
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ABSTRACT This paper aims at rationally explaining the mechanical behavior of the soil structure reinforced by
geosynthetics, The attention is paid to contlning effect by the geosynthetics under shearing in this paper. The confining
effect is interpreted as the mechanical interaction such that the reinforcement material works so as to prevent dilative
deformation of soils. Then, elasto-plastic constitutive models which can describe the dilative deformation of soils under
shearing are introduced and applied to the finite element simulation of the mechanical behavior of soil structure reinforced
by geosynthetics. A full-scale in-situ model tes$ which was carried out in Kanazawa, Japaq is chosen to analyze. After

a
verification of applicability of employed methodology to the
with the monitored behaviors of the soil structure reinforced by

KEYWORDS: Geosynthetic reinforcement Dilatancy of comp

1 INTRODUCTION

The behavior of the soil structure reinforced by
geosynthetics is governed by the mechanical interaction of
soils and geosynthetic materials. In the numerical
simulation of the behavior of such soil structure,
appropriate modeling of its mechanical interaction is
required. The authors tried to explain the reinforcement
mechanism by geosynthetics throughout a series of finite
element numerical simulations for a full scale in-situ model
test (Ohta et al, 1996), where soils were simply modeled as
non-linear elastic materials by employing the hyperbolic
constitutive relation. However, observed behaviors in the
in-situ model test could not be well explained.
Particularly, the development of strain localization, which
was prominently observed in the test could not be well
expressed. This has led the authors to feel the importance
of introducing the contractiorddilatation characteristics of
soils under shearing into the numerical simulation. The%
this paper focuses on the dilatancy characteristics of soils
and the reinforcement mechanism is tried to be interpreted
as that the geosynthetics work so as to confhe the dilation
of soils under shearing. The elasto-plastic models for
soils are introduced to describe the dilatancy characteristics
of compacted soils of which the reinforced soil structure is
composed. An idea to specify input parameters needed in

the analysis for the compacted soils is proposed and a
series of finite element simulations of full scale in-situ
model test are carried out. Finally the results obtained are
nalysis of the model tes~ the computed results are compared
geosynthetics in the model test.

acted soils, Elasto-plastic model, Finite element simulation

compared with monitored behaviors in the test.

2 MODEL TO DESCRIBE
COMPACTED SOILS

2.1 Sekiguchi and Ohta’s Model

A model employed in this paper

DILATANCY OF

is the elasto-plastic
constitutive m~d~l proposed by-S~kiguchi and Ohta (l 977).
This model had been primarily developed for mturally
consolidated-saturated clays and can be regarded as an
extension of the original Cam Clay model. The shear
behavior of heavily over-consolidated clays is represented
by strain-softening material with dilation in this model.
The positive volumetric strain (dilation) which the model
yields varies with the over-consolidated ratio, OCR

Higher OCR produces greater dilation under shearing.
When this model is applied to the compacted unsaturated
soils that tend to dilate under shearing, some idea on how
the compacted soils can be modeled as the heavily over-
consolidated saturated clays is required. The section 4.2
is devoted to evaluate the material properties of compacted
soils as the heavily over-consolidated clay.

When this model is incorporated into a finite element
code, a problem arises, that is, the conventional judgement
criterion by Hill (1958) cannot distinguish the subsequent

loading (elasto-plastic response) in the strain softening
region from the unloading (elastic response). Asaoka et
al. (1994) introduce a new criterion which can judge the
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subsequent loading in the strain-softening region. The
new judgement criterion is employed here and is briefly
summarized as follows.

When the plastic strain increment is given by the
following associated flow rule as,

@-~[=A_,
anj

(1)

proportional constant A can be expressed in terms of
plastic strain increment as,

(2)

where ;} is the incremental plastic strain tensor, CTtiis

the stress tensor, c~~l is the elastic stiffness tensor, f is

the yielding finction. In the case of Sekiguchi and Ohta’s
model, the yielding fimction y is given as,

f =A4Dln$+Dq*-&~8q =0 , (3)

where M is the critical state parameter, D is the

dilatancy coefllcient proposed by Shibata (1963), ~ and
PO are mean stresses at the current state and at the

reference state, respectively, V* is generalized deviatoric

cleviatoric stress tensor (= crij- P&j). Now, since the

plastic coetlicient x of Eq.(2) always stays positive, the
loading or unloading can be judged by the sign of scalar
function L of Eq,(2) as,

loading (elasto-plastic) if ~>o
neutral if ~=o (4)
unloading (elastic) if ~<o.

This judgement criterion is incorporated into the finite
element program, DACSAR (Iizuka and Ohtz 1987). 4-
node quadrilateral constant strain element is employed in
the finite element discretization. Fig. 1 indicates the
verification of F.E. program. Computed effective stress
paths of triaxial undrained shear are compared with
theoretical curves where g is the deviatoric stress by

q=

u
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Figure 1 Stress paths of Sekiguchi and Ohta’s model
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2.2 Drucker and Prager’s Model

Another model employed is the elasto-plastic constitutive
model of which the yielding function is Drucker and
Prager’s type. This model always yields the dilation
without strain-softening. The amount of dilation is
determined by the input parameters, c and @ regardless
of how much the soils are over-consolidated. Drucker
and Prager’s yielding fhnction is given as,

f.dl+fi-k. o, (5)

where 11 is the fwst invariant of stress tensor (I] = p),

fi is the second invariant of deviatoric stress tensor

( ~fi = g ) and a and ~ are constants relating with the
cohesion c and the internal friction angle @as,

“=* ‘d‘==” ‘6)
The associated flow rule is employed and the model is

incorporated into the finite element program, DACSAR.
Fig.2 compares computed effective stress paths of triaxial
undrained shear with theoretical ones. Good agreements
are obtained.
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Figure 2 Stress paths of Drucker and Prager’s model

3 SIMULATION OF FULL SCALE IN-SITU MODEL
TEST

3.1 Full Scale In-situ Model Test

A till scale in-situ model test was conducted during the
period from July, 20, to Augusl, 8, ’92 in Kanazawa, Japaq
in order to investigate the reinforcement mechanism by
geosynthetics (Nishimoto et al., 1992, Ohta et al., 1996).
A beam shaped soil structure reinforced by geosynthetics
was designed and the resistance capability of the structure
against the bending moment was investigated. Fig.3
shows the side view of the test embankment that was 2.75
m hi~ 42.5 m long and 4.5 m wide, including supporting
berm, In the construction of the test embankment, the soil

was spread
sufllciently
compaction

over up to 10 cm thickness and compacted
by the vibration roller. The degree of
was controlled by the dry unit weight



measured by RI (radioisotope) method. The geosynthetics
(Adem#G-6, Maeda Kohsen Co.) were placed at every 50
cm. The experiment began by removing steel H piles,
which were supporting the reinforced portion by
geosynthetics, in the order by the number in Fig,4. The
deformation of the reinforced soil structure was measured
by photographic obsewation of the position changes of
markers installed at every 25 cm intend on the side of the
embankment, The measured maximum deformation at
each step is summarized in Table 1. In the experiment,
when the #10 steel H pile was removed at Step 9, the
structure failed.

A..
11 1 I I

I

J

I 8,250 .9.033 10,COI 0300 .5.2s0
mob 42.W3 (mm)

Figure 3 Side view of test embankment

191614118621357 9131517

mRH$++HHm

A B

Figure 4 Position of supporting steel H piles
Table 1 Step in experiment and results

I step I No. ofsteel pile to be I maximumdeformationI

1-~ moved I ()
1 No.1 0.;00

F1 NO. I-NO.2 I 0.150 1
&l No. I-No.3 I 0.319 1

NO.1-NO.5 I 0.438

8 N0.1-N0.9 >1.200
9 No.1-No.1O >1.200

3.1 Applicability of Constitutive Models

The soils were sampled from the test site and seined to
one-dimensional compression (oedometer) tests and
constant volume shear box (CV-SBT) tests in the
laboratory. The soil samples were consolidated in the
shear box by the vertical pressure of 39.2, 78.4, 156.8 and
313 kpa and then were sheared under the constant volume.
Fig.5 shows the effective stress paths obtained from CV-
SBT lests for undisturbed compacted soil samples.
Experimental effective stress paths in Fig.5 are quite
similar to typical behaviors of over-consolidated clays.
The authors believe that constitutive models which can

explain dilation of a soil element are applicable to the
compacted soils, when the effective stress paths in Fig.5
are compared with those in Figs. 1 and 2.
normal stress , mvO’ (kpa)

Figure 5 Effective stress paths of compacted soils

3.2 Evaluation of Material Parameters Needed in Analysis

The soils used in the full-scale test were sampled from the
site and were prepared at the water content of 20, 23, 25,
27 and 30 V.. These loose disturbed soils were served to
CV-SBT tests. The soils were consolidated in the shear
box by the vertical pressure of 39.2, 78.4, 156.8 and 313
kpa and then were sheared under the constant volume.
The results obtained are shown in Fig.6, where the upper
figure of Fig.6 presents the relationship between the dry
unit weight Pd and the consolidation pressure m; and the
lower one shows the equivalent ‘undrained’ strength, s.,

obtained from CV-SBT for very loose disturbed samples.
The increase rate of ‘undrained’ strength results in

‘$; = 0.234.

Nex~ the undisturbed compacted soil samples of which
natuml water contents varied from 20.6 to 23.4 0/0in-situ
were served to the consolidation and shear tests in the same
manner. The plots of test results for undisturbed samples
are added to Fig.6 and then Fig.7 is obtained. The plots
for undisturbed samples seem to form straight lines with
in-situ water contents as shown in Fig.7. When these
lines are extended to compression lines obtained from
consolidation tests in the shear box for very loose disturbed
samples, the equivalent pre-consolidation pressures dO
can be estimated. Thus, the equivalent pre-consolidation
pressures do and the equivalent over-consolidation ratios

can be specified for in-situ compacted soils as in Table 2.
The ‘undrained’ strengths (A) obtained from shear tests

for undisturbed compacted samples can be converted to its
equivalent N.C. ‘undrained’ strengths by using the
following equatio~

(7)

where CC and ES are gradients of compression lines in
Fig.6 and the equivalent swelling line in e- 10g& space of
Fig.7. Thus converted strengths are plotted in the lower
figure of Fig.7 as ■ and agree with the broken line
indicating ‘~; = 0.234.

Then, input parameters needed in Sekiguchi and Ohta’s
model can be specified as follows. The N.C. undrained
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strength obtained from the constant volume shear box test
has been theoretically derived from Sekiguchi and Ohta’s
model as (Ohta et al., 1985),

(8)

where KO is the coeftlcient of earth pressure at resg M

is the critical state parameter (.=, # : effective

internal friction angle) and A is the irreversible ratio (see,
Iizuka and Ohta, 1987). Therefore, by employing the
empirical relations: M = 1.75A (Karube, 1975),
~.= 1-sin+’ (Jaky, 1944), Eq. (8) cars be expressed as the

function of only +’ shown in Fig.8. Now, since the

increase rate of strength [~m~,)~c is given as 0.234 in

Fig.6, the effective internal friction angle is specified as
27,5 degree for in-situ compacted soils. Other parameters
needed in Sekiguchi and Ohta’s model are also specified in
the manner shown in Fig.9. Thus obtained input
parameters are summarized in Table 3. In the numerical
simulation, since the equivalent pre-consolidation
pressures of in-situ compacted soils vary in wide range
from 931 to 2058 kpa as in Table 2, two cases ( CT;O =980
kpa: Case 1, 1960 kpa: Case 2) are considered.

water rmntent
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21.2 -
.
Q
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Figure 6 Experimental relation of Pd, ~~ and SU
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I

4

Figure 7 Evaluation of preconsolidation pressure
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Table 2 Specified over-consolidation ratio

effective wntor equivalent over
overburden cantant premnaolidation consolidation

pressure pressure ratio

u ~’ (kPa) ~ (o~) u ~’ (kPa) OCR
39.2 23.4 205s.0 52.50
78.4 20.6 1470.0 18.75
156.8 21.0 1960.0 12.50
313.6 23.2 931.0 2.9’7

‘E
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Figure 8 Evaluation of effective internal friction angle

constant volume shear
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Figure 9 Specification procedure of parameters
Table 3 Parameters for Sekiguchi and Ohta’s model

A K. M L
0.85 0.54 1.09 1.92 I

D

0.85 0:7: 0.;5

Triaxial CU tests were also carried out for undisturbed
soil samples. The results obtained are summarized in
Table 4 and the input parameters (C’ and # in terms of

effective stress) needed in Drucker and Prager’s model can
be specilled. However, two test results shown in Table 4

happened to quite differ each other. Therefore, two cases
in the numerical simulation are considered as shown in
Table 4.



hyperbolic model does not explain the sharp distribution of
Table 4 Parameters for Drucker and Prager’s model

,. 1 1

unit weight of the soit :p~ (t/m3) 1.707

Fig. 10 indicates the experimental result of uniaxial
extension test for geosynthetics materials used in the field
model test, The linearly elastic model is applied to
represent the stress and strain relationship of the
geosynthetics in Fig. 10 and the bar element in the F.E.
simulation is employed. The input parameters are
summarized in Table 5.

K’_T711
/ I

0“
~co

o

Figure 10 Stress and strain relation of geosynthetics
Table 5 Parameters for geosynthetics

geosynthetic8
max. extension force :N ~ (kN/m) 58.8
sectional area :A x 1337.7

I l’oung’smodule :E (W) I

3.3 Comparison of Finite Element Simdations

The finite element mesh employed in the simulation of the
full-scale in-situ model test is shown in Fig. 11. The 4-
node constant strain finite element and the forward
incremental calculation scheme are used. The supporting
portion indicated by shaded part in Fig.7 is removed
following the order in the experiment as shown in Table 1.
Table 6 indicates the step number when the axial force of a

supporting portion

I

,
Y

Figure 11Finite element mesh in simulation
Table 6 Step number when the structure failed
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(a) In case of Sekiguchi and Ohta’s model
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(b) In case of Drucker and Prager’s model
Figure 12 Computed and monitored deformations

bar element exceeded its strength and the structure failed,
In Figs. 12, the computed predictions and the monitored
behaviors are compared above positions of steel H piles of
No.2 and N0,5 (refer to Fig.4), in which the horizontal axis
in the figure represents the step number shown in Table 1.
The labels Gl, G2 and G3 indicate the geosynthetics
placed, that is, G1 is at the upper layer, G2 is at the middle
layer and G3 is at the lower layer. As seen from figures, the
monitored deformations are larger than our predictions. It
would be because the geosynthetics hung down in
experiment when the support was removed and then soils
between geosynthetics were loosened. Figs. 13 illustrates
the contours of shear strain distribution. The results of
Case 1 (Sekiguchi and Ohta’s model) and Case 4 (Ihucker
and Prager’s model) are chosen to be compared with the
monitored result in Fig, 13, because there was not much
differences between results of Case 1 and Case 2 nor
between results of Case 3 and Case 4. Fig. 13(d) is added”
to be compared with the numerical result of the hyperbolic
model which does not consider the dilation under shearing
(Ohta et al., 1996), At earlier step such as at Step 2, the
strain localization which is obsemed as in Fig. 13(a). The
dilatancy models seem to qualitatively explain the
monitored development of strain localization from earlier
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Figure 13 Comparison of shear strain distribution y
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step. In the case of Sekiguchi and Ohta’s model, the
shear strain localization concentrates in narrower zone,
which is closer to monitored tendency, but distributes in
wider region in the case of Drncker and Prager’s model.
However, the quantitative agreement with monitored
distribution of shear strain has not been achieved. The
authors guess that it is because the soils were considerably
loosened resulting in being less stiff when the steel H piles
were removed.

4 CONCLUDING REMARKS

A beam shaped soil structure reinforced by geosynthetics
was designed to investigate the resistance capability of the
structure against the bending moment and was constructed
as a full-scale model test. The monitored behavior of the
full-scale model test and its numerical predictions are
compared. In numerical simulation, dilatancy models are
introduced in order to capture the development of strain
localization in the beam shaped soil structure reinforced by
geosynthetics. Specification procedure of input
parameters needed in the models is presented. The
compacted soils used in the full-scale model test are
represented by the over-consolidated clays equivalent to
them. It is found that dilatancy models qualitatively
explain the monitored behaviors in the field model test.
However, the above results were obtained for a rather
unique test setup and more precise examination on general
applicability of dilatancy models is required.
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ABSTRACT: The paper describes the collapse and deformation of two geotextile reinforced segmental concrete block
walls in the Gauteng province. The investigation into the factors leading to the distress of the walls is recorded, as well as
the back analysis of the structures. Conclusions are drawn regarding the factors that resulted in the distress. A short
description of the remedial works implemented, is also provided.
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1. INTRODUCTION

The paper describes the failure and remediation of two
geotextile reinforced concrete block retaining walls. The
failures occurred due to a number of differences between
the as-constructed and specified details of the walls,
resulting in full-scale collapses of sections of the walls.
The failures occurred after an exceptionally heavy rainy
season in February 1996. The collapsed sections, as well
as sections that had deflected excessively were rebuilt.
The sections of the walls that remained standing were
strengthened, to bring them upto acceptable stability
levels.

One wall is adjacent to an athletics track, while the
other wall supports a seating embankment for a hockey
field, and car-park.

2. SPECIFIED WALL

The design of the walls was carried out in mid- 1993.
The detail of the wall next to the athletics track is

shown in Figure 1. The wall is 3.6 m high at a slope of
70°, using 300mm deep dry stack concrete blocks up the
face. The reinforcement depth of the woven multi-
filament polyester geotextile was specified as 1,6m deep
(0.44 H) at a varying vertical spacing. The vertical
spacing selected was a multiple of the concrete block
height, to allow the geotextile to be clamped between the
blocks, and to balance or exceed the lateral earth
pressure. The specified geotextile has a tensile strength
of 25kN/m.

The wall was designed based on using a silty sand
backfill to the geotextile-reinforced fill, with the concrete
blocks providing the local stability at the face of the wall.
The design shear strength of the backfill was based on:

@z’”-

Figure 1: Specified detail of athletics track
wall

c’ = OkPa

The design was based on the fill under the athletics
track having the same shear strength parameters as given
above. The athletics track, and the encompassed
sportsfield, was provided with both surface and subsoil
drainage. The site is also located in an area where the
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annual evaporation exceeds the annual precipitation.
Hence, the design allowed for no pheatric surface in the
backfill.

The shear resistance of the concrete blocks was
included in determining the depth of reinforcement
equired and excluded in determining the reinforcement
force required.

The design of the hockey-field wall was based on the
same principles, as outlined above. The detail of this wall
is shown in Figure 2.
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~’ Figure 2: Specified detail of hockey field wall

The depth of the reinforcement geotextiles was
specified as 2,4m (0.49 H), for the highest section of
4.9m high. The bottom part of the wall was reinforced
using woven multi-filament polyester geotextiles with a
maximum tensile strength of 50 kN/m. The upper part
was reinforced with woven polyester geotextiles of a
maximum tensile strength of 25 kN/m. The height of
wall reduced along the length of the wall, and at a height
of 2.6m, the wall reverted to a gravity structure. Hence
this backfill was not reinforced, but 500mm deep blocks
were used over the lower section of the wall.

The design was based on a 1:4 slope of the fill at the
top of the wall.

3. FAILURE DESCRIPTION

3.1 Athletics track wall

The facing blocks of the wall collapsed, as a result of the
lower blocks being sheared by the horizontal
deformation of the wall and reinforced backfill. At the
top of the fill extensive large cracks formed, upto 75mm
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wide. Heavy rainfall resulted in sheet flow runoff from
the field flowing into some of the cracks.

Immediately after the collapse of the athletics track
wall, seepage was noted over the lower 700mm of the
backfill, in areas where stormwater had not flowed into
the tension cracks of the soil.

The deformed soil mass kept moving vertically over
the next few weeks, until a vertical displacement of
around 0.7m existed at 2.4m to 2.8m from the back of
the wall. This position coincided with the trench for the
irrigation pipes of the sportsfield, and the edge of the
athletics track subsoil drainage. Sections of the pipes had
been repaired in the past, and the pipe junctions were
pulled apart by the movement of the failed wall. The
foundation of the concrete blocks had rotated by around
14°, and moved laterally. The deflected reinforced soil
mass remained intact for numerous months, before being
removed by excavation for remediation of the wall.

3.2 Hockey field wall

The facing of the wall next to the field light mast
collapsed over a 20m section, with a portion of the
surcharge slope at the top of wall lying ontop of the
collapsed blocks. A 7m long section adjacent to this
moved horizontally by over 150 mm, and opened up a
75mm wide tension crack near the top of the surcharge
slope. The concrete blocks near the bottom of this wall
section were also extensively cracked.

To the south of the light mast the wall supported a car
park with a wall height of 3.74m and a wall slope of 70°.
The area 2.5m behind the top of the wall settled by
around 100mm, and a crack of 20mm wide existed at the
back of the settled area. The wall had an outward bulge
of between 130mm and 170mm near the mid-height.
These measurements can not be exactly quantified, as no
completion survey had been carried out on the wall, upon
completion of construction.

4. AS-CONSTRUCTED DETAILS

4.1 Athletics track wall

The detail of the as-constructed wall is shown in Figure
3. This detail applies over most of the wall length. The
end sections of the wall of lower height had no geotextile
in the backfill, but a larger and heavier concrete block
was used.



The bottom layers of reinforcement geotextile were
missing in the fill, as well as the top layer of
reinforcement geotextile. The short layer of non-woven
geotext ile at the top of the wall was installed to minimise
the risk of erosion gullies forming behind the blocks.

This wall had a short section where no geotextiles
were installed in the backfill, but the rest of the wall
backfill was reinforced with either three or four layers of
a woven multi-filament polyester geotextile with a tensile
strength of 25kN/m.

Km MLWHER -
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Figure 3: As-constructed athletics track wall

The backfill to the reinforced section as well as under
the athletics track, consisted of a silty clay to clayey
sand, with a Plasticity Index varying between 24 and 32,
and a liquid limit above 43. The soil also classified as
medium expansive on the van der Merwe chart for active
soils. The tested shear strength of the soil is:

+>,. 26,30

4.2 Hockey field wall

The detail of the as-constructed wall is shown in
Figure 4 and Figure 5.

The wall in Figure 4 was specified to be constructed
as per the athletics track wall detail, to a maximum
height of 3.74m. The car park at the top of the wall
started 2m from the back of the wall, at the highest
section of the wall. The depth of the reinforcement
geotextiles was specified as 1,8m deep, and they were
installed to that depth. The spacing and type geotextiles
were however not installed to specification, with sections
of the wall having the erosion control geotextile
replacing sections of the upper two layers of
Figure 4: As-constructed hockey field wall, below
carpark

reinforcement geotextiles. The tensile stiffness of the
non-woven geotextile is between 20°h to 30?Aof that of
the woven reinforcement geotextile specified.

The wall in Figure 5 was built to a maximum height
of 3.7m, compared to a design height of 4.9m. The toe of
the wall and the breakpoint of the top of the slope above
the wall were fixed, resulting in a steeper surcharge slope
at the top of the wall. This slope varied betwe:en 17° and
25° to the horizontal, compared to the 14° design slope.
The backfill to the wall, as well as the slope above the
wall, consisted of a clayey sand to gravely silt.

Figure 5: As-constructed hockey field wall,
below sloped section

Laboratory analyses of soil samples from both walls
confirmed that they were active soils, with a low shear
strength, similar to the backfill of the athletics track wall.
The reinforcement to the backfill varied considerably
over the highest portion of the wall. A 20m section of the
highest wall collapsed, while other sections deflected
excessively. During reconstruction of the wall, a layer of
alluvial soil was also exposed near the base of the
reinforced till where the wal I had collapsed. The sections
1998 Sixth International Conference on Geosynthetics -561



where the wall had been designed and built as gravity
walls, performed satisfactorily. The slope at the top of
the wail was less than 14°.

5. BACK ANALYSIS:

The failures of the walls was back analysed, based on
the following design deviation conditions:

● Reduced shear strength of poor backfill.
● Incorrect reinforcement geotextiles position.
● Geometry deviation.
● Seepage through backfill.

Each condition was analysed separately, and then in
combinations, to determine the impact on the wall
stability, resulting from the non-compliance’s with the
original design. The analysis was carried out using a dual
wedge analysis program.

5.1 Reduced Shear Strength and Position of
Geotextiles

Due to the variation of moisture content in South African
soils between summer and winter, the ‘cohesion’
measured in laboratory tests on active soils (high PI), is
seldom realised in the field over the long term. Hence the
case of no cohesion was included in the analysis, as the
walls had stood for nearly three years. For the back
analysis, the full concrete block shear strength (including
mechanical interlock) was included.

Wall I = Athletics track
Wall 11= Hockey field
P/R = Ratio of provided to required

Case -- Poor Backfill: Pm
Wall I
As-Constructed (3 layers) 0,86
As-Constructed (4 layers) 1,00
Geotextile spacing as specified 1,36

Wall II – Collapse
As specified slope at top, bottom
geotextile missing 0,64
As specified slope at top, geotextiles
as specified 2,5
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Wall H – Deflected
As-Constructed (overall stability) 1,19
As specified geotextiles 1,87
As-constructed (force in geotextiles) 1,11

The analysis shows that the reduced shear strength of
the soil plus the incorrect spacing of the geotextiles
brings the wall close to ultimate limit state for wall I, and
“beyond” ultimate limit state for the collapsed wall II.
The deflected wall 11 results in service loads in the
geotextiles with a margin of only 10% above what would
be normally considered a maximum for the ultimate limit
state for the geotextiles used. Geotextiles loaded to this
level are expected to give rise to large deflections and
excessive creep. This was clearly the case on site.

The reduced shear strength of the soil on its own is
unlikely to result in a state of collapse. For a collapse to
occur, one would expect the ratio of provided to required
to be well below 1,0.

The “temporary situation,” where a cohesion of 6kPa
is effective, results in a reduction in the stresses of the
geotextiles by a factor of 2.5. Also, the factclr of safety
for overall stability of Wall I is 1.9 and Wall II is 2.3.
Hence, no stability or deflection problems would be
expected. This was the case for a period of three years
from construction.

5.2 Geometry Deviation

Wall 11has a further complication, where the slope above
the wall was constructed at a slope, which is very close
to incipient failure, for a shallow sloughing failure. It can
be shown that should such a failure be mobilised, that the
upper 1.Om height of the wall, as built, would be at a
point of incipient failure. Such a slide results in the top of
the wall being pushed over, releasing the clamping effect
of the blocks at the front of the geotextiles. Hence, the
local stability at the top of the wall is at the limit of
equilibrium, where the slope at the top c}f the wall
approached the shear strength of the fill. (c’ = OkPa).

The overall stability was also analysed, based on
variation of the angle of the upper slope. The result of
this analysis is shown below:

Case – Poor Backfill: Pm
25° slope at top, as specified geotextiles 0,79
17°slope at top, as specified geotextiles 0’,95
14°slope at top, as specified geotextiles 1,15



5.3 Seepage

The effect of a phreatic surface in the reinforced
backfill to the wall was analysed. For this a simple ru

[1

a’—— —— factor was used on the lower failure surface
l’wl~w

of the dual wedge analysis. Using a value of rU=O,1, the
following results were obtained.

Case: Poor Backfill with Phreatic
Surface: Pm

As-Built (31ayers) 0,82
As-Built (4 layers) 0,91
Geotextiles – as specified 1,15

Geotextiles as specified, granular
backfill 2,3

Again, it can be seen that a phreatic surface alone would
probably not have been sufficient to collapse the wall.

From the above analyses, it can be concluded that in
order for the wall to fail, at least two non-compliance’s
to the original design were required. On this basis the
following scenarios were identified as having resulted in
the collapses:

Wall I (Athletic track): Missing geotextiles at the
base of the wall in conjunction with low shear strength
soil.

Wall II (Hockey wall): Steep surcharge slope, in
conjunction with low shear strength soils.

Incorrect spacing of geotextiles with the low shear
strength soils lead to serviceability failure of the carpark
wall.

6. REMEDIATION OF THE WALLS

6.1 Athletic Track Wall

The athletics track wall was rebuilt, using an imported
granular fill. The fill was reinforced with five layers of a
woven polyester geotextile with a tensile strength of
50kN/m, at a uniform depth of 2.5m into the fill. Due to
space constraints, the excavation next to the athletics
track had to be temporarily supported, using driven soil
anchors. In the area where the soil remained very wet,
subsoil drains were installed at the interface between the
clayey soil and the imported granular fill. The owner of
the sportsfield was also requested to carry out leakage
tests on the irrigation system to minimise the risk of
saturation and erosion due to leaking water pipes.

6.2 Hockey Field Wall

The section of the hockey field wall that had been built
too low, and had not deflected excessively, was
reinforced with either one, two or three rows of 6m long
soilnails, spaced at 1,6m horizontally. These soilnails
consisted of 20mm diameter galvanised high tensile steel
bars encased in grout.

The number of nails depended on the extra height
of wall to be placed ontop of the existing wall, and the
final height of the wall. The maximum wall raise was
1,8m ontop of an existing 3, lm high wall. The nails were
designed to ensure overall stability of the wall, and the
added wall height was reinforced with woven polyester
geotextiles. These geotextiles were specified to have a
tensile strength of 50kN/m, spaced at 680rnm vertical
centres and 2,5m deep. A silty sand was specified for the
backfill.

The collapsed wall sections, and sections where the
backfill and wall had deflected excessively (visibly),
were rebuilt. The poor shear strength of the soil dictated
that the depth of the geotextiles needed to be 77~o of the
final wall height. The granular fill used for the reinforced
fill allowed the use of a cheaper woven polypropylene
tape multi-filament geotextiles with a tensile strength of
35kN/m over the upper 3,5m of the wall, and a woven
polyester geotextiles of 50kN/m for the lower section.

All the above work was completed by end of
1996, and has been performing satisfactorily to date.

7. CONCLUSIONS

From the above, the following conclusions can be drawn:
. Geotextile reinforced backfill walls are structures

that are robust to variations from the design
specifications.

● Collapse of such a structure is usually as a result of
two or more substantial deviations from the design
specifications.

● Geotextile reinforced retaining walls have a ductile
and a brittle component. The brittle component is the
facing, while the backfill acts as a ductile component
of the structure.
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ABSTRACT The first prototype preloaded and prestressed geogrid reinforced soil bridge pier was constructed to
support temporary railway girders. An abutment of geogrid-reinforced soil retaining wall, which was not preloaded nor
prestressed, was also constructed. The behavior of the pier and the abutment during and after construction and in service
was carefully observed. By preloading and prestressing, the gravel backfill of the pier became very stiff against static and
dynamic load compared to the abutment. Cyclic triaxial loading tests on the backfiil gravel were performed to understand
the contribution of the preloading and prestressing to the high performance of the pier.
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1 INTRODUCTION

o

reported, This pier was constructed in the summer of
A new construction method, the preloaded and prestressed
(PLPS) reinforced soil method, has been proposed; a
reinforced backfill is made very stiff against vertical load
by vertical preloading and prestressing (Tatsuoka et al.
1996a.)(Figure 1). A similar method taking advantage of
preloading has been proposed by Adams (1997), but it does
not take advantage of effects of prestressing. The
mechanisms of the PLPS method, which will be mentioned
later, were demonstrated by tests on a full-scale model
embankment and creep-relaxation tests on large triaxial
specimens of the backfill gravel (Uchimura et al. 1996).

In this paper, the construction and the behavior of the
first prototype PLPS geogrid-reinforced soil bridge pier is
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1996 to support temporary railway girders and has been
opened to service since the summer of 1997. The
comparison of the behavior between the PLPS pier and an
ordinary geogrid-reinforced soil abutment, which was not
preloaded nor prestressed, proved that preloading and
prestressing can restrain three kinds of vertical
compression of the backfdl: creep compression under long-
term static compressive load; the amplitude of compression
by dynamic loading (i.e. transient cyclic loading); and
residual compression by many times of cyclic loadirlg.

Cyclic triaxial loading tests on the backfill gravel was
performed to understand the effects of preloading and
prestressing on the behavior of the pier under cyclic.load in
service. The results “showed that when a very well
compacted backfill is sufficiently preloaded and prestressed
at an appropriate stress level, the settlement at the pier crest
and the reduction in the tie rod tension
times of cyclic loading can be very small.

2 OUTLINE OF PLPS METHOD

2.1 Construction Procedures

The typical construction procedures
(Tatsuoka et al. 1996a):

caused by many

are as follows

1. The sub-soil is improved if necessary, usually by in-situ
cement-mixing; a pile foundation is not used because of its
high cost,
2. A rigid bottom reaction block, which is usually a
reinforced concrete (RC) block, is constructed at the
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bottom level of the backfN1.

3. Four steel tie rods are installed vertically with their
bottom ends anchored to the bottom reaction block.
4. The backfill is constructed, being reinforced with
geogrid and involving the tie rods within it. Usually, well-
graded gravel is used. Good compaction of the baclcilll is
essential,
5. A top reaction block is constructed on the top of the
completed backfill.
6. Hydraulic jacks are set at the top ends of the tie rods,
supported by the top reaction block.
7. The backfill is preloaded by using the jacks. To develop
as Iarge as possible compression of the backfill during this
stage, high preload kept constant for a long period or many
times of cyclic loading maybe applied.
8. The load is decreased from the preload level to a
prescribed non-zero prestress level.
9. The top ends of the tie rods are fixed to the top reaction
bIock (usually by using nuts), and the jacks are removed.
After this, a vertical stress remaining in the bacicfdl in
equilibrium with the tie rod tension works as prestress.

2.2 Mechanisms

The mechanisms of this method could be summarized as
follows (Tatsuoka et al. 1996a):
1, The backfill needs to be reinforced to support much
higher preload than an unreinforced backfill.
2. The preloading and subsequent unloading makes the
backfill stiffer and nearly elastic against external loads
applied an the top reaction block. The amount of unloading
from the preload level should be larger than the maximum
design load; otherwise, the compressive stress activated in
the backfill during service may exceed the maximum stress
during preloading, resulting in occurrence of larger plastic
deformation of the bactilll. On the other hand, the load
should not be decreased to a very low level or zero to avoid
swelling and associated softening of the backfYl (Tatsuoka
et al. 1996b).
3. The compressive prestress activated in the backfill under
prestress condition leads to high stiffness, thus a high
integrity,, of the backfill.
4. The load working on the top of the backfill is always in
equilibrium with the sum of the external load applied on
the top reaction block and the tie rod tension. Therefore,
when external compressive load is applied, the reduction in
the tie rod tension associated with vertical compression of
the backfill results in a reduction of load increment on the
backfill. This mechanism decreases the backfill settlement.
5. Large. part of the tensile strains in the reinforcements
induced by preloading remains after the load is decreased
to the prestress level. Therefore, the reinforcement can
confine the backfill more efficiently.
6. If a well compacted backfill is preload by sufllciently
large lc)ad for a long period, relatively large creep
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deformation develops in the backfill, resulting in very small
long-term rate of the relaxation of the tie rod tension under
the prestressed condition..
7. The baclctlll may deform in the simple shear mode
during a seismic event. When the backfill is very well
compacted, large dilatation of the backill may occur
associated with seismic shear deformation. But such
dilatation is restrained by the tie rods, resulting in a
considerable increase in the tie rod tensio:n and
compressive stresses in the backill]. Therefore, a high
seismic stability can be expected.

3 PROTOTYPE PLPS GEOGRID-REINFC~RCED
SOIL BRIDGE PIER

3.1 Design and Construction

The first prototype PLPS geogrid-reinforced soil bridge
pier was constructed to support two 16.5 m long steel
bridge girders for a single railway track in Fukuoka City,
Japan (pier P1 in Figure 2a). The bridge is planned to be
used for about three years from August 1997. The cross-
section of the pier is 6.4 m x 4.4 m, and the height of the
backfill is 2.7 m. The design dead load by the girder weight
and live load by train loads including impact load :are 196
kN and 1,280 kN, respectively.

On the other hand, one of the abutments for the girder
was constructed as an ordinary geogrid-reinforced soil
retaining wall (GRS-RW) without preloading and
prestressing (abutment A2 in Figure 2a).

First, a subsoil of an about 9 m-thick very soft clay
deposit was improved by in-situ cement-mixing forming
nine 9 m-long 0.8 m in diameter cement-mixed soil
columns (Figure 2b). In addition, the whole cross-section
of the pier was improved by cement-mixing for the 1 m-
thick surface soil layer to form the bottom reaction block.
The lower ends of four steel tie rods, which were originally
produced for prestressed concrete, were anchored into the
cement-mixed soil columns for a length of 4 m. The
nominal yield tensile force of each tie rod is 1,034 kN.

The backfill was constructed with a help of gravel-filled
bags stacked along the four sides of each gravel layer,
while wrapping around the bags with the reinforcement. A
well graded gravel of crushed sandstone (D~,X= 30 mm,
D50= 0.9 mm, U== 16.5, @ = 60° ) was used. .A hand-
operated 30 kg-vibration compactor and a hand-operated
60 kg-tamper were used to compact the backfW; larger
machines could not be used because of small available
working space. A geogrid reinforcement of polyvinyl
alcohol coated with polyvinyl chloride (PVC) was used,
whose nominal rupture strength is 73.5 kN/m and the
nominal stiffness is 1,050 kN/m at strains less than 1
percent. The arrangement of the reinforcement was
determined for a GRS-RW with one facing at the end under
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step up to 1,960 kN (from the origin to Point 1 in Figure 4);
plane strain condition
pier, instead of the

with the same height as the actual
actual pier having a rectangular

prismatic shape. As the result, the vertical spacing of the
reinforcement was designed to be 30 cm. However, the pier
has two pairs of wall faces in two orthogonal directions;
therefore, each cross-section having one pair of wall faces
were designed independently. By overlapping the two
cross-sections, the actual average vertical spacing of the
reinforcement became 15 cm.
The construction of the backfill took five days by a team of
five workers, Preloading started ten days after casting the
top reaction RC block (5 m-long, 2.4 m-wide and 0.8 m-
thick). Then, full-height rigid facings were cast-in-place on
the four wall faces. The total construction period was about
1.5 months. The construction cost for the pier was about a
half of that for an equivalent conventional RC pier
supported by a pile foundation.

The abutment A2 was constructed by the same method
using the same materials as the pier, except that it has only
one wall face retained by reinforcement with a vertical
spacing of 30cm, and the both sides are exposed slopes
(1.5:1.0 in H:V) without a facing.

3.2 Instrumentation

For the measurement of vertical compression, four stainless
anchor plates for the pier and two plates for the abutment
were embedded at the bottom of the backfill (Figure 2c),
Brass rods placed inside PVC pipes were vertically
installed through the bacldlll and connected to the anchor
plates at the lower ends. The vertical displacement of the
top of the rods relative to the top of the backllll have been
measured with displacement transducers, The average
compression of the pier and the abutment was calculated
based on these measurements.

The tie rod tension has been measured with electric
resistance strain gages attached to the tie rods. The earth
pressure has been measured at the center (PO1) and near the
tie rods (P02) at the bottom level of the backfd] with strain-
gage-type pressure transducers of 20 cm in diameter. The
tensile strains of the reinforcement have been measured by
strain gages attached to the grid at 32 points, Strains in
horizontal two directions, orthogonal each other, have been
measured separately.

3.3 Preloading

For a period of ten week days, preload was applied by
using fcur hydraulic jacks (Figure 3). The total net
preloading period was 72 hours, however, because the
preloading was allowed only during daytime due to a
restraint at the site. During nighttime, the tie rods were
fixed to the top reaction block with the backfill under
prestressed condition.

In the first day, the vertical load was increased step by
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each step consisted of a load increment of 196 kN applied
within 2 minutes or less and a pause keeping the load
constant for 30 or 60 minutes. In the fifth day, the load was
decreased to 905 kN (Point 10), followed by reloading. In
the sixth day, the load was increased to 2,350 kN (after
Point 11). In the seventh day, the load was decreased to
zero (Point 13), followed by reloading. In the tenth day, the
load was decreased to about 1,100 kN (Point 16) and then
the backfill was left under prestressed conditions for three
days. Finally, the load was increased to 2,350 kN (Point
17), maintained for three hours, decreased again to 980 kN
(Point 18), and since then, the backfill has been left under
prestressed condition.

Figure 4 shows the relationship between the total tie rod
tension, T, and the backfill compression. During the
preloading stage, the tie rod tension was the same as the
amount of the preload working on the crest of the backfill.
A total settlement of 8 mm occurred through the whole
preloading period, During unloading and reloading by
1,400 kN in the last day, the rebound and re-cornpression
were nearly the same and equal to only 0.4 mm, indicating
a very high stiffness and nearly elastic deformation of the
backfill, According to Tatsuoka et al. (1996a), the Young’s
modulus E for vertical elastic strains of such gravels
measured by triaxial tests can be expressed as E= E.-( u
Jpo)m, where m=O.57 and EOis the E value when the
vertical stress o , is equal to p.= 98 IcPa. Based on this
relationship, by fitting the theoretical elastic rebound and
reload curves to those measured with the pier, h=400 MPa
is obtained. The theoretical curve for elastic settlement is
also plotted to start from the origin in Figure 4; this curve
indicates the elastic component of the compression. The
plastic component of the compression is obtainedl as the
difference between the elastic component and the
integrated value of the instantaneous compression
increments caused at each loading step. The difference
between the total compression and the instantaneous
(elastic plus plastic) component is the time-dependent

(viscous) component. The viscous component is fiound to
be more than a half of the total compression and its ratio to
the total compression increases with the load level.
Therefore it is important to remove potential creep
deformation of the backfdl by sufficient preloading.

It may also be seen from Figure 4 that the average
stiffness of the backfill when reloaded from Point 10 is
noticeably smaller than the value when reloaded from a
higher load level (e.g., from Point 7). Moreover, the
average stiffness when reloaded from the zero load (from
Point 13) is smaller than the above. This behavior is likely
due to the effects of swelling and softening of the backfill
when the load is decreased largely or to zero. This result
shows the importance of maintaining suftlciently high
prestress in the backfill (Tatsuoka et al. 1996b).

Figure 5 shows the relationship between the total tie rod



tension and the earth pressure measured at the center (PO1) that the stress distribution was nearly uniform at the bottom
and near the tie rods (P02) at the bottom of the bacldlll. of the backtlll and that the bottom reaction block made by
The average pressure, equal to the applied load divided by in-situ cement-mixing functioned as a nearly rigid mass.
the total cross-sectional area (5,8 m x 3.8 m) of the pier, is
nearly the same as the measured earth pressure increments. 3,5 Ixmg-term Behavior under Static Load Condition
Furthermore, the earth pressures at PI and P2 are almost
the same as each other, while showing a highly linear After the preloading stage, the full-height rigid concrete
relationship with the tie rod tension. These results show facings were cast-in-place, and then two steel girders, each
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weighing 211 kN, were installed on the pier and the
abutments. The instantaneous compression of the pier by a
girder weight of 211 kN was only 0.04 mm, while that of
the abutment by a girder weight of 105 kN was ten times
larger, equal to 0.4 mm. Then, the behavior of the pier and
the abutment was observed for ten months (Figure 3).

The tie rod tension and the compression of the pier PI
appear tc~have changed slightly for this long period, but
this is likely to be annual change due to temperature effects.
The tensile strain in the reinforcement kept almost constant
without showing any creep extension.

On the other hand, the abutment A2 showed noticeable
creep compression by the self weight and the girder weight.
Although the measurement of the abutment compression
started just before the girder installing, the total
compression has reached 3.1 mm by the summer of 1997.

The difference shows the first advantage of preloading
and prestressing that makes long-term creep deformation of
the backfill under static load condition very small.

3.6 Short-term Behavior at Train Passing

On 19 July 1997, a diesel locomotive of 637 kN in weight
passed 6 times over the bridge for inspection. The residual
compression of the pier P1 was 0.02 mm, while that of the
abutment A2 was 0.52 mm.

Since 3 August 1997, the bridge has been opened to

service. Figure 6 shows the behavior of the pier P1 and the
abutment A2 at the first train passing in service; the train
consisted of 2 coaches, each weighing 353 kN without
passengers.

The amplitude of compression of the pier was 0.02 mm,
which was equivalent to a vertical strain of 0.001 percent;
this very small strain also suggests nearly elastic behavior
of the pier. The tie rod tension responded to the pier
compression. The change in tensile strain in the
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reinforcement was very small and elastic, which was due to
very small compression of the pier. Apparently, the train
road was not supported by the corresponding very small
increase in the tensile force in the reinforcement alone, but
the bactilll having highly elastic properties with high
stiffness actually supported the train load; these bacldll
properties could be achieved by sufficiently large
preloading and prestressing, which was possible only with
a help of reinforcement.

On the other hand, the amplitude of the compression of
the abutment was 0.2 mm; this is not a harmful quantity,
but 10 times larger than that of the pier.

The difference shows the second advantage of
preloading and prestressing that makes the amplitude of
compression by dynamic loading very small.

3.7 Long Term Behavior in Service

The behavior of pier and abutment in service has been
observed for 2 months (Figure 3). On average, 125 trains,
each consisting of two to four coaches, each weighing 30 to
40 tons without passengers, pass over the bridge every day.

The residual compression of the pier was 0,08 mm.
Corresponding to that, the tie rod tension decreased by
17.3kN. The tensile strains in the reinforcement did not
change largely; as a whole, they have been constant, On the
other hand, the abutment showed a residual compression of
5.1 mm. It is still compressing rapidly, even though the
compression rate is decreasing. Some maintenance will be
necessary. This difference shows the third advantage of
preloadin,g and prestressing that makes the residual
compression by many times of cyclic loading very small.

4 BEHAVIOR AGAINST CYCLIC LOAD

The comparison of the behavior between the pier and the
abutment subjected to many times of train passing showed
several i~dvantages of preloading and prestressing, by
which temporary and residual compression of the backtlll
against cyclic loading was very effectively restrained. In
order to understand these effects of the PLPS method,
cyclic triaxial compression tests were performed at a
constant confining pressure ( u h = 49 ma) on a large
square prismatic unreinforced specimen (23 cm x 23 cm x
60 cm high) of the backfill gravel ( P d = 1.95 g/cm3 and w
= 3.3 percent) (Figure 7). Axial and lateral strains were
measuredl by a set of LDTs, a device to measure small local
strains on the surface of the specimen. An LDT consists of
a phosphor bronze strip with strain gages attached at the
center, supported at the both ends with two hinges glued to
the specimen surface. Figure 8a shows the time history of
the deviator stress q = o ,- 0 ~. The primary loading (PL)
was conducted at a stress rate of dq/dt = 49 kPa/min. Cl
and C2 mean creep loading stages for 6 hours at a constant

q = 98 and 196 kPa, respectively. CYC1 to CYC5 mean
cyclic loading stages of 500 cycles, in which q changed
between 98 and 196 kPa for CYC4 and between O and 98
kPa for the others. PL simulated a short-time preloading
without creep compression, while C2 simulated a long-time
preloading with creep compression at the peak load.

Figures 8b and 9 show the test results. Even after some
creep (Cl), the vertical compressive strain E , increased
noticeably (by 0.013 percent) during the first cyclic loading
stage CYC1. During CYC2 after PL, the increase in E , by
cyclic loading was nearly zero. On the other hand, during
CYC3 after C2 and CYC5 after CYC4, & , decreased
during cyclic loading (by 0.006 percent and 0.007 percent
respectively). During CYC4, E , increased noticeably (by
0.023 percent) by cyclic loading, but the double amplitude
stiffness AqfA E v is about 2.5 times larger than those
during CYC1 to CYC5 at the lower q level.

The test results suggest the following:
1. If the backfill is not preloaded, it may be compressed
largely by cyclic loading (CYC1). This trend of behavior
was actually observed with the abutment A2.
2. For the same amplitude of cyclic stress and number of
loading cycles, the settlement of the backfdl becomes very
small after preloading; this trend becomes more ubvious
after the occurrence of the creep deformation 01 cyclic
loading during the preloading stage. This trend of behavior
was actually observed with the pier P1.
3. The higher prestress on the backtll] causes higher
stiffness of the backfill during cyclic loading. But if the
stress level is near the maximum stress during preloading,
residual compression becomes larger.
4. To make both of the amplitude and residual value of
compression by cyclic loading very small, the backfill
should be preloaded at suftlciently high stress level, and the
prestress should be some non-zero level; otherwise it leads
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to a large amplitude of compression during cyclic loading,
On the other hand, the prestress should not be very high so
that the maximum stress during cyclic loading does not
approach the maximum stress during preloading. Some
intermediate prestress level is appropriate.

5 CC~NCLUSIONS

The behavior of the first prototype PLPS geogrid-
reinforced soil bridge pier was observed during and after
construction and in service. Compared to a bridge abutment
of geogrid-reinforced soil constructed without preloading
and prestressing in the adjscent place at the same time, the
pier showed very small transient and long-term deformation.
The different performances demonstrated significant effects
of the preloading and prestressing procedures in restraining
creep compression under long-term static compressive
load; the amplitude of compression by dynamic loading;
and residual compression by many times of cyclic loading.
The resuhs of triaxial cyclic loading tests on a specimen of
the bacldl gravel also showed a high eftlciency of
preloading and prestressing, particularly preloading with
creep compression or cyclic loading, to restrain temporary
and resiclual compression of the backfill. Both field and
laboratory observations showed that it is not preferable to
unload the prestress to zero because it leads to a large
amplitude of compression during cyclic loading. On the
other hand, to make the residual compression very small,
prestress should not be very high so that the maximum
stress during cyclic loadings does not approach the
maximum stress during preloading.
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ABSTRACT: The problem of void development under bridge approach slabs has been correlated to the use of integral
abutment bridges (Schaefer and Koch, 1992). The observation of the occurrence of voids under approach slabs, even in
cases where no traffic had yet occurred led to a hypothesis of thermally-induced movements of bridge beams/abutment
walls as the mechanism causing the void development. As a result of identification of the mechanism of void
development, changes to the approach system needed to be made to accommodate this mechanism. A method used by
the Wyoming Department of Transportation, and subsequently by the South Dakota Department of Transportation, uses
a fabric reinforced soil wall behind the abutment to build a vertical, self contained wall capable of holding a vertical
shape and forming a void behind the abutment. This paper will detail the design concept used by the South Dakota
Department of Transportation, present data obtained from instrumented bridges currently being monitored, andlshow
how this system alleviated the integral bridge abutment approach problems.

KEYWORDS: Geotextile, Temperature Effects, Retaining Walls, Integral Abutment, Pavements
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1 INTRODUCTION

The problem of void development under bridge
approach slabs has been correlated to the use of
integral abutment bridges (Schaefer and Koch, 1992).
The observation of the occurrence of voids under
approach slabs, even in cases where no tratlic had yet
occurred, led to a hypothesis of thermally-induced
movements of bridge beams/abutment walls as the
mechanism causing the void development. As a result
of identification of the mechanism of void
development, changes to the approach system needed
to be made to accommodate this mechanism. For this
project the approach system design consisted of a
geotextile reinforced soil wall behind the abutment
resuhing in a vertical, self-contained wall capable of
holding a vertical shape and forming an air gap
between the abutment and retained backfill. This
design was based on a system used by the Wyoming
Department of Transportation (WYDOT). It was
hypothesized that the gap behind the abutment would
allow for the thermally-induced movement of the
abutment without affecting the backfill. Three bridges
were constructed in South Dakota using this design.
The field portion of this study consisted of monitoring
the variations in gap width between the abutment and
geotextile wall and development of voids under the
approach slab. This paper will review the design of the
bridge systems and geotextile soil wall, data collection
and measurement, preliminary analysis and
conclusions.
2 PREVIOUS RESEARCH

Although numerous factors contribute to the
differential movements between bridge abutments and
the approach areas to the bridge, previous research has
shown that void development under approach slabs to
integral abutment bridges occurs due to the elongation
and contraction of the bridge beams due to temperature
variations. As the bridge beams expand ancl contract
they alternately push into and pull away from the
backfill behind the abutment wall, leading to the
development of a void near the abutment wall under
the approach slab. The observation of such voids in
the field has been reported by Jorgenson (1983),
Kramer and Sajer (1991), and Schaefer and Koch
(1992). The size of the void varies markedly, with
Schaefer and Koch (1992), who surveyed 140 bridges
in South Dakota, reporting measured voids from 13 to
360 mm (1/2 to 14 in.) in depth and extending as much
as 3 m (10 ft.) away from the abutment wall. The
study concluded that the development of l:he voids
under the approach slab to integral abutment structures
was an inherent problem in the use of integral
abutment systems. The void development was not
considered to be isolated to one mechanism resulting
fi-omabutment movement, but rather to be the result of
the cumulative effects of embankment bulging as the
backfill deforms, approach slab uplift, backfill
densification as particle breakage occurs, and backfill
deformation as passive failure occurs in the backfill.
The relative contribution of each of these mechanisms



has not been discerned to date. It was suggested that
the largest increases in void size occurred when passive
failure likely occurred and this mechanism was
probably the most important one.

Edgar, et al. (1989) investigated the use of a
reinforced soil wall as a means to prevent void
development under the approach slab in highway
embankments. This research determined that retaining
the backfill with a geotextile wall, thereby creating a
gap between the retained fill and bridge abutment,
reduced the applied stresses to the soil to near zero.
The reduction of the passive stress to near zero
eliminates the passive failure mechanism in void
development. Consequently, this system was adopted
for use in the construction of three bridges in South
Dakota based on the hypothesis that the presence of a
gap between the abutment and retained fill would
prevent or greatly reduce void development under the
approach slabs.

3 BRIDGE BACKFILL DESIGN

The backfdl design used by the WYDOT was adapted
by the South Dakota Department of Transportation
(SDDOT) for replacement of a single concrete bridge,
134 m (440 ft) in length, on Highway 73 across the
White River near Kadoka, SD in the spring of 1996.
This design was also used on two concrete bridges, 122
m (400 ft) in length, on Interstate 29 across the Big
Sioux River south of Brookings, SD. The southbound
bridge was constructed in the fall of 1996 and the
northbound bridge in the summer of 1997. These three
bridges are being monitored to measure seasonal
variations in the gap spacing and for the development
of voids under the approach slab. This design has been
adopted for all new bridge construction in South
Dakota.

Design of the backfill system followed current
SDDOT bridge design and construction practices
except for the presence of the woven geotextile wall.
Prior to the implementation of this design
methodology, backfill material consisted entirely of
select granular material. This expensive backfill was
used since it had been shown to reduce void
development because of its greater passive resistance.
This backfill contained material with less than five
percent passing the #200 sieves and extended the depth
of the abutment and back at typically a 1:2 slope. A
design developed by the WYDOT inco~orated the use
of a gap between a reinforced soil wall and the
abutment wall. During construction of the three
bridges monitored in this project, a 15.4 cm (6 in)
cardboard spacer was placed against the concrete
abutment. The wrapped face geotextile wall was then
constructed against the cardboard, which acted to
maintain the gap and control the alignment of the wall
face. The first three layers of the reinforced soil wall
were 30.5 cm (1 ft) thick and the top layer thickness
574-1998 Sixth International Conference on Geosynthetics
varied with respect to grade specifications. A fabric
overlap of 1.2 m (4 ft) was used on all layers of the
wall. Upon completion of the wall, the cardboard
spacer was saturated with water and removed. The
backfill material was the same select backfill used in
previous SDDOT designs. Based on the results of this
project, the state may speci~ less expensive backfill
materials in the fhture, The drainage pipe was installed
in the bottom most layer of the geotextile wall. A
general illustration of this backfill design is shown in
figure 1.

Figure 1. Typical geotextile
behind the bridge abutment.

M

reinforced soil wall

4 DATA COLLECTION

Over the course of this three-year project (1996-1999)
physical measurements of the gap width, bridge length,
and void development were obtained. More detailed
instrumentation of these bridges was not feasible due to
limited funding.

The gap width between the reinforced soil wall and
the bridge abutment was monitored to determine if the
abutment came in contact with the reinforced soil wall,
thereby creating a passive pressure conditicm on the
backfill. Also, if the abutment and wall do not come in
contact, this data would be used to determine if a
smaller gap width would be appropriate. To monitor
gap width on the White River abutments, four vertical
rows of four holes each were drilled through each
abutment between the bridge beams. In each row, the
approximately 5 cm (2 in) diameter hole locations were
evenly spaced on the vertical profile of the wall. Initial
measurements of the gap width at each hole location
were recorded after the supporting cardboard had been
removed. For the I-29 bridges, four vertical rows of
three holes each were installed in each abutment



between the bridge beams.
A second series of holes were formed into the

approach slab to monitor the formation of voids
beneath the slab. These holes were installed with
removable caps to cover the hole but allow access for
measurement. Void measurement locations measuring
5 cm (2 in) in diameter are located at 0.46 m (1.5 ft),
0.76 m (2.5 ft), 1.68 m (5.5 ft), and 4.72 m (15.5 ft)
back. from the face of the abutment. These
measurements can be made along the centerline, along
the centers of the driving lanes, and at the edges of the
approach slab.

Physical measurements were also taken to monitor
the thermal expansion and contraction of the bridge
deck.. Nails driven into the bridge deck served as
bench marks for measurements of bridge deck
movement. Three benchmarks were installed at 0.6 m
(2 ft) from the guardrails at the midpoint of the span of
the ‘bridge and on the north and south ends of the
bridge. Additional benchmarks were placed on the
centerline of the bridge at the midpoint and on both
ends.

In addition, air temperatures were recorded each
time field measurements were made.

5 DATA

The gap width of the White River Bridge has been
monitored for a fill one-year temperature cycle. Gap
width measurements are being taken on two Interstate
29 bridges. The southbound lane has been monitored
since completion in November of 1996 and at the time
of writing is going through its first high temperature
cycles. The northbound lane is near completion and
initial gap width readings have been recorded, Figure
2 shows the approximate gap measurement hole
locations in between the bridge beams. Due to the
space limitations of this paper, only the results from the
south abutment of the White River Bridge are shown,
see figure 3.

Due to the distance from Brookings this bridge is
located, readings on the gap width for the White River
bridge were made about every three months, with
readings scheduled to ensure readings where taken in
the high temperature and low temperature periods in a
one-year cycle.

h40nitoring of the void development under the
approach slab on the White River Bridge will start after
the summer of 1997. The thermal expansion and
contraction of the bridge system relative to the backfill
system is currently being evaluated. No significant
findings can be presented on these subjects until two
full years of data have been recorded.
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6 ANALYSIS

Gap width measurements taken from the White River
Bridge and the one completed I-29 Bridge show
changes in the gap width due to seasonal variations in
temperature. The south abutment of the White River
Bridge was constructed fust. Based upon the limited
number of readings taken thus far, the gap widths on
this bridge are somewhat more scattered than the
others. This has been attributed to the construction of
the wall, which was visually observed and noted to be
less than ideal. The south abutment was the first
reinforced soil wall built by that particular construction
company and was the first wall to be constructed by the
State of South Dakota in a bridge end backfill
application. Construction techniques were refined
considerably following construction of the south
abutment, which lead to a higher quality of
construction for the north abutment, Due to improved
construction practices, the north abutment displayed a
larger initial gap measurement. Thus, it is essential to
ensure all the layers of the wrapped faced reinforced
soil wall are pulled very tight to reduce deformations
after the cardboard is removed. The results show that
experience in construction improved the perfommnce
of the north abutment backfill system.

The top of the abutment, which is integral to the
bridge deck, undergoes the most movement. In most
cases, the gap width for the upper two-thirds of the
abutiment changes more than the lower third. This
suggests that a point of rotation exists in the foundation
piling system below the bridge abutment. It can be
observed in figure 3 that the minimum measured gap
corresponds to the warmest temperatures, 100”F
(38°C). Even measurements corresponding to the
coldest temperature, O°F (- 18“C), are smaller than the
initial gap, indicating a closure of the gap as the
abutment cyclically moves. However, the data also
shows that the initial gap has not filly closed in even
the warmest temperatures, indicating the geotextile
wall is functioning as intended. In all cases, the gap has
remained open and prevented the abutment from
pushing against the backfill and void development has
not occurred.

7 CONCLUSIONS

At this early stage of the project conclusions as to the
effectiveness of this design methodology in preventing
void development will not be made. The data must be
recorded over a longer time period to establish the
repeatability of the data. Additional monitoring is
necessary to distinguish how much of the gap closure
is due to the initial movement of the wrapped face
geotextile wall or is due to temperature induced
abutment movement. The quality of construction of
the backfill wall may also affect closure of the gap.
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Therefore, quality control measures must be taken
during construction. However, from one year’s data it
appears that the 15.2 cm (6 in) gap will provide
sufficient space to allow for both movement of the
abutment, movement of the soil wall related to
inadequate construction, and movement due tc~creep of
the geotextile soil wall.

8 ADDITIONAL WORK

Additional research, not discussed in this paper, is also
being performed as part of this project. Alternative
backfill materials and designs are being studied and
tested in a SDDOT model bridge facility and will be
the subject of fhture papers.
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ABSTRACT: Geosynthetic-reinforced soil walls have gained wide acceptance in the world as retaining walls of roads and so on.
The fimctionsof their fhcingsand reinforcing materials laid in them vary, and different design methods have been proposed to date.
The presentpaper describesthe experimental results of an outdoor, full-scale, reinforced soil wall and the evaluation of the results,
the experiment being a part of a series of experimental studies to elucidate the reinforcing mechanism of geosynthetic-minforced
soil walls with concrete facings and establish a design method which takes account of the effect of such wall facings.

The test wall of 8 m-highwas constructedon a soft ground, and its facing was of concrete blocks. Its behavior has been observed
during the construction and for two years thereafter. During the time period, it was exposed to heavy rains and not so large
earthquakes. The focus of this paper is the evaluation of the stability of reinforced soil walls based on the experimental results.

KEYWORDS: Geosynthetic-reinforced wall, Field test, Design, Long-term observation, Stability analysis
1 INTRODUCTION

Various approaches have been taken to the design and
constructionofgeosynthetic-reinforced soil walls. In particular,
researchers have proposed a number of design methods,
maintainingthatwall facings contribute to the reinforcing effect
of the walls (Tatsuoka 1992, Leshchinsky 1993, NCMA 1993,
and Gotteland et al. 1992). Regarding roads of which less
severe constraint of deformation is required, the Public Works
Research Institute (PWRI) of the Ministry of Construction has
been pursuing experimental studies on the reinforcing effect of
varioustypesofwall facings (Tajiri et al. 1996, Nakajima et al.
1996, and Ochiai & Fukuda 1996). As shown in FQure 1, a
full-scale vertical reinforced soil wall of 8 m-high with
concrete-blockhcings (under an overloadedembankment of 9.8
kN/m2) was constructed, and its behavior has been observed
duringthe constructionand for two years thererdler. The present
paper compares and contrasts the observed behavior with the
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Figure 1. Cross-section and reinforcement pattern of test wall.
behavior assumed and predicted by the current design method,
and discusses subjects which require due consideration in the
design of reinforced soil walls in future.

2 SPECIFICATIONS OF TEST WALL

To designthe test wall shown in Figure 1, its design conditions
were set based on the previous test results and so on. The
banking material was sandy soil, and its internal friction angle
4,’, cohesion c; and unit weight 7 ~were 29°,0 kN/m2, and
18.6kN/m3,respectively.The dimensions of the concrete blocks
to be usedwere 50 cm inheight, 100 cm in width, and 35 cm in
depth, and their hollows were to be filled with crushl:d stone.
Their unit weight was 21.1 kN/m3. A zone of crushed stone
about 30 cm thick was to be provided at the back of the
concrete-block facing as a drainage, and its internal ffiction
angle @~’and unit weight 7’~were 45° and 19.6 kN/m3.

The internal friction angles between materials were set as
follows: 61=(2/3) ~ ‘=19° between banking soil and blocks,
6 Z=()between reinforced soil mass and banked soil behind,
83=(2/3) @~=300and 63=(1/2)45 ~=22° (two cases) between

blocks, a bf= d 3 between blocks and concrete foundation, and
6 ,~=@,’=29° between banking soil and reinforcements.
Reinforcing geosynthetic to be used was geogrid (Tensar SR-
55), of which the design tensile strength T~was 29.4 ‘kN/m.

To determine the arrangement of the reinforcements,
comparative design was performed by using the following
designmethods: PWRI method (Onodera et al. 1992), Geogrid
ResearchBoard (GRB)method (Yamanouchi & Fukucla1993),
Leshchinskymethod(1993), and monolithic wall method which
assumes that short reinforcements and a facing unite with each
other to exert the soil retaining effect. Figure 2 shows the
stability analysis mode by the PWRI method. For the stability
analysis under the seismic condition, the horizontal. seismic
coetlicient kh of 0.10 was assumed.

Figure 3 summarizes the specifications of reinforcements
found by the comparative calculation. The focus of this study
was put on the verification of the reinforcing mechanism by
1998 Sixth International Conference on Geosynthetics -577
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constructing the test wall into a critical state, the calculation
results taken into account. Namely, the test wall was based on
the ordmry condition, the number of reinforcement layers was
set at 11 on reference to the results by the Izshchinsky method,
and the length of reinforcements L was set at 6.0 m (see Figure
1).To preventthe blocks not comected to main reinforcements
tlom comingout of the wall surface, short reinforcements of 1.0
m-longwere connectedto them.Thewall given these conditions
and specifications, its stability was calculated by the PWRI’S
methodas shown in Table 1. The overall stability F, by the slip
circular method was found to be 1.055, a state near the critical
condition. Under the seismic condition Of/ChGO. 10, it (F.) was
found to be 0.917, an unstable state.
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Table 1. Stabilities of test wall calculated bv PWRI method.

Analysis Ordinary Seismic
mode condition condition(kh=O.10)

Overall stability F.=1.055<1.2* FS=O.917<1.O*
(Circular slip) NO NO

Direct sliding Fti=2.142>1.5* Fti=l.844:, 1.2*
OK OK

Overturning lel=O.690<L/6* lel=O.5664J3*
(Eccentricity) OK OK

Bearing qm=252q.* q/na.z=264<qa*
capacity NO NO

L: Iengjh of main reinforcement, (=6.Om).
q.: allowable bearing capacity,(=49kN/m2) estimated from

N-value (6) after Nakajima et al. 1996.
*: design criteria.

3 FIELD MEASUREMENT OF TEST WALL

The long-term observation of the test wall has been conducted
with the measuringinstrumentsshown in Figure 1 for about 800
daysincludingthe constructionperiod.The wall experienced the
heavy rainfall of 81.5 mm/d (t=189 d) and the of 191.5 mm/d
(t=559 d).The wall was also exposed to three small to medium
earthquakes, but maintained its stability as Photo. 1.

3.1 Horizontal Displacements of Test Wall

Figure4 shows the displacements of the wall surface measured
during the observation period. The maximum horizontal
d~placementwas approximately 100 mm, and the wall surface
took a bulgyshape,the center portion in height most prominent.
The displacements immediately after the construction were
small enough.

Since the overhanging of wall surfaces mars their scenes and
offendsour sense of security, it would be preferable to give the
wall surfaces small backward leans in their construction. The
deformation of the wall slowed down considerably arid settled
after some 800 days passed in the observation.
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3.2 Earth Pressure on Wall Facing and Subgrade Reaction

Figure5 showsthe distribution of earth pressure on the back of
the facing during and after the construction of the wall. The
measured values were larger in the upper zone and smaller in
the lower zone than the values calculated on the basis of
Coulomb’s earth-pressure theory.

As shown in Figure 6, the subgrade reactions were equal to
or smallerthan the overburden pressure in the area distant horn
the fhcin~ and exceededlargelythe pressure by the dead weight
of the concreteblocks at the bottom of the facing. This does not
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Figure 5. Earth pressure distribution on back of facing.
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Figure 6. Distribution of subgrade reaction at bottom.

agree with the assumption, made in the design manual of the
PWRI regarding the external stability analysis for the bearing
capacity of foundation grounds, that ~hereinforced zone of ~
embankmentbehaves as a rigid body and the distribution of the
subgrade reaction takes a trapezoidal shape, the reaction
decreasing linearly horn the facing toward the rear.

3.3 Strain of Reinforcements

Figure 7 shows the distribution of the strain of the
reinforcementsmeasured by foil strain gauges bonded on them.
The maximumstrainof each reinforcement was observed in the
immediate vicinity of the facing. This distribution pattern is
typicalofwalls with high-rigidity facings. At the completion of
the test w~ the maximum strains were approximately 1%, 8.8
kN/m in terms of tensile force, which were smaller than the
design strength of 29.4 kN/m. The maximum strains of the
additional short reinforcements were at the same level as those
of the main reinforcements.
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Figure 7. Distribution of strain of reinforcements.

4 DISCUSSION ON STABILITY OF TEST WALL

4.1 External Stability Analysis
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In the PWRI designmethod its external stability for the bearing
capacity of the foundation ground is examined by checking
whether the subgrade reaction is contained within the bearing
capacity or not. The top layer of the foundation ground of the
test wall was a filled Kanto-loam layer 2.15 m thick. As its N-
value was about 6, its bearing capacity was estimated at 49
kN/m2or so. On the otherhand the maximum subgrade reaction
was estimated at 252 kN/m2under the ordinary condition and
264 kN/m2under the seismic condition (k~=O.10),suggesting
the instability of the test wall. Besides, the subgrade reactions
observedwere about 261 kN/m2under the facing and about 117
kN/m2 under the embankment. Thus, it can not be explained
why the test wall has maintained its stability.

On the otherhand since ahnost the whole test wall consisted
of soil and it could basically be regarded as an embankment,
anotherstabilityanrdysiswas performed by using a circular slip
surface which runs into the foundation ground. The soil-filling
h~tory of the groundtaken into account, its strength parameters
in the original state and in the state immediately before the
construction of the test wall were estimated. With the safety
fhctorF. of 1.027 thus found, the stability of the test wall could
be explained (Nakajima et al., 1996).

Thus, it was suggested that the external stability analysis for
the bearing capacity of foundation wounds can basically and
advantageouslybe replacedby the circular slip stability analysis
using slip surfaces which run into the foundation grounds.

4.2 Stability Analysis under Seismic Conditions

The test wall underwent three small to medium earthquakes so
far in 1996: the first was of M=4.7 and estimated acceleration
atTsukuba 14 gals on August 16; the second, M=6.2 and 26gals
on September 11; and the third, M=5.4 and 45 gals on
December21. The stability anal~es of the wall under the third
earthquakes(45 gals, /c~=O.05)turned out as follows: the safety
factors against slip circle F.=0.989<1.O; the safety factors
againstdirect sliding Fti=2.326> 1.2; and the stabilities against
overturning~1=0.373dJ3, indicating the instability against slip
circle in particular. Nevertheless, the wall maintained its
stability during the earthquakes. Accordingly, it would also be
necessaryto review the seismic-stability analysis method of the
PWRI design method.

5 CONCLUSIONS

Based on the long-term observation results of the full-scale
reinforced test wall 8-meter high, the behavior of the test wall
was compared and contrasted with that assumed and predicted
by the PWRI’Sdesignmethod, to identify future subjects toward
the establishment of a more rational design method. Main
findings are as follows:
1. The arrangement of the reinforcements of the test wall was

determinedto constructthe wall into a critical state under the
ordinary condition, critical when evaluated by the PWRI
design method. During the some 800 days observation, the
test wall was exposed to heavy rains and small to medium
earthquakes. Although the test wall, given such
specitimtions,was supposedto lose its stability, it maintained
its stability. Accordingly, it is necessary to establish a more
580-1998 Sixth International Conference on Geosynthetics
rational design method in future.
2. The PWRI design method is built on the concept of limit

equilibrium. However, the following inconsistencies were
observed:(i) the measured earth pressures on the back of the
test wrdl’s facing in the lower zone were smaller than the
active earth pressures estimated by the Coulomb’s earth-
pressure theory, (ii) the measured values of the tensile force
on the reinforcementswere smaller than the values estimated
in designing the test wall, and (iii) the distribution of the
subgradereactiondid not take the trapezoidal shape which is
assumed of concrete retaining walls, and the design and
measured values of the subgrade reaction exceeded the
bearing capacity of the foundation ground.

3. The bearing capacity, one factor in analyzing the external
stability of walls, need not be examined, if their external
stability is examined by the circular slip stability analysis
using slip surfaces which run into their foundation grounds.
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Multi-Anchored Soil Retaining Walls with Geosynthetic Loop Anchors.
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ABSTRACT: The paper deals with reinforced modular block walls using loop anchors. The bearing behavior of such
structures is the deadman principle, but there exists simultaneously a composite tied between modular units, straps, and
soil. Accordingly, several hypotheses of calculation are present@ based on model tests and comprehensive in-situ
measurements on constmction sites since the year 1977. Recommendations for on-site installation filling, and backfilling
of the strnchm are also given.

KEYWORDS: Retaining walls, Slope stabilization, Geo ,,Others”, Design by Function
1 SCHEME OF LOOP ANCHORED WALL SYSTEMS

Figure 1. illustrates the scheme of a loop anchored wall
system. Generally, the front side of the wall consists of L-
shaped elements (modular prefiibricated reinforced
concrete units) arranged in displaced position to each other
and connected by tension straps (loop anchors) to anchor
elements (e.g. half tubes) on the back of the wall.
Similarly, for embankments both facings can be
comtmcted of L-shaped elements (e.g. Figure 3).

The core of the wall consists of soil being placed in layers
and compacted. The prefibrimted elements and the loop
anchors prevent the soil from giving way. Thus the fill
material increases the bearing capacity, and the whole
structure acts as a composite body - similar to crib walls
but more flexible. Accordingly, the efkct of the loops is
primarily not a soil reinforcement and friction is merely of
secondary importance.

In order to avoid long term corrosion problems and to
provide a flexible behavior of the retaining wall,
geosynthetics have been preferred since about 15 years as
tie-elements: High modulus polyester has proved especially
suitable. Aramid is relatively expensive but exhibits less
strain and creep. Consequently, a combimtion of polyester
and aramid yarns is especially usefid in critical cases.
Special loops consist of geocomposites comprising a
polyester tie element with a strip drain, and this core being
wrapped by a non-woven geotextile. These composite loops
have proved suitable for low-permeable fill material of a
high water content.

The retaining structure with anchor loops is not only used
for retaining walls but also for
● Noise protection walls.
● Bridge abutments.
. Protective structures against avalanches, mud flows.
● Quay walls and bank protection.
● Increase of the height of embankment dams.
Figure 1. Loop anchored wall system - Schematical.
1 Natural soil or backfill 2 Fill material
3 Modular wall facing element 4 Anchor element
5 Loop anchom 6 Section through facing element

2 MODEL TESTS AND FIELD MEASUREMENTS

Small scale tests (1:20) in the laboratory were combined
with 1:1 -field measurements on several construction sites.
The maximum wall height was 21 m.

From Figure 2 it can be seen that overturning is the
dominating mcxle of the global wall displacement. But in
detail the structure does not tilt like an ideal monolith:
There are diiTerential movements among the layers, thus
indicating internal shear deformations. The layers are
pushed outside in steps, remaining rather horizontal. With
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Figure 2. Laboratory test No.2.
Scale 1:20, henee wall height H =
21,8m in nature. 1 N/cm2 = 10 k%
inereaaing surcharge lo@ structural fhilure begins on top
of the wall where the composite behavior of the wall is not
yet as strong as in greater depth. The bond eilixt among
backfill, loops and modular elements increases with the
overburden pressure. This could be proven especially
clearly by cutting some of the loops. In this case a
reamngement of internal forces took place, thus avoiding
tldlure to a high extent. Collapse of the wall is announcai
by large movements and does not ocxmrsuddenly.

This bearing deformation behavior is charaeteritic of
multi-anchored soil retaining walls with geosynthetic loop
anchors. It could be found not only in model tests but also
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on numerous eonstmetion sites. Figure 3 shows a loop
anchored retaining wall as a catch-system for avalanches
and mud flows which threatened a highway and railroad
on toe of a steeply inclined slope. Figure 4 illustrates the
base pressure during the construction period and its long-
term behavior. The stress distribution exhibits a maximum
near the imer pressure cell which is caused by the
embankment-like cross section of the retaining system.
This differs widely from the behavior of gravity walls.

The tensile forces in the loops are plotted in Figure 5
showing a typical long-term decrease within the first years
after wall completion. Four strain gauges were mounted on

Figure 3. Loop anchored wall system for a catch-basin
against avalanches and mud flows. Cross section and
ground plan with measuring devices.
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height and
eaeh loop. The measured tensile foreea are smaller than
eakxdat~ eapeeially in the lower part of the *ning
system. After reaehing a certain overburde~ additional
wall heights eauae leas increase in tensile form than could
be expeeted by the dead weight ofy.z and Gh= K.y.z. This

is caused by a variable coefficient of lateral earth pressure.
Similar to reinfimed soil, K varies with depth from ~ at
the top, to L below several meters depth. Furthermore,
low tensile forces ean be explained by arching or silo
pressure eondit.ions in the fill and by an increasing
modulus of the fill. A gradual inmease of the bond tied
between soil, loops, and anchor elements plays an
additional role. Loops generally experience stress
rednetion, as the soil progressively takes over a higher
portion of load. Creeping of the loops could be widely
exclude.t$ beeause some aeetions of the retmmn““g system
had loops of coated steel - and the results were fairly
similar. The difference between theoretical and actual
tensile forces represents an additional safety factor
compared to conventional calculation.

3 DESIGN AND CALCULATION

In order to develop a practicable design meth~ several
hypotheses and theoretical assumptions were eanpared.
Their aecuraey and limits of application had to be verifkd
on the basis of small scale teats, field experiments, in-situ
measurements and site experience.

For design, external, internal, and local stability analyses
have to be performed. The external stability comprises base
sliding, overturning and ground fiiilure. It is cakxdated
similarly to conventional retaining walls, the smcture
being considered a ,,quasi-rnonolith”, but with a statically
1998 Sixth International Conference on Geosynthetics -583
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Figure 6. Internal failure mechanisms of loop anchored
walls. Left: Block theory (assuming three slices). Right:
Cofferdam scheme.

reduc@ fictive width of the wall. According to the
deformability of the wall, the active earth pressure can be
assumed attheback of thewal landan angle of wall
ftio~ 8 = 0. The resultant of all acting forces should
run generaily within the core of the cross section.
Commonly, block-like overturning is not a relevant failure
mechanism.

The internal stability comprises three failure mechan-
isms: pull-out tensile overstress, internal sliding
(including possible slope failure). Furthermore, the local
stability of the segmental wall units has to be proven:
facing connection and bulging (shear transfer faihm). The
calculation caq above all, be peflormed similarly to that
of cellular cofferdams, assuming a lateral earth pressure
between the active limit value and the earth pressure at
rest, depending on the stretchability of the loops.

For assessing the tensile forces, T, in the loops two
boundary analyses have proved suitable:
T=Kh. n]. AA .,..,for5=0
T=L . yf.z. AA .....fort5=0
whereby
&= active earth pressure coefficient
z = depth of the loop beneath top of wall
yf = unitweight of the fill material
al = front edge pressure (fictious value of ~quasi-

monolitlt’)
AA= portion of the wall area referring to one loop
8 = angle of wall friction
0 = fiction angle of fill material.

The maximum calculated T should be considered the
design Viihle.

The influence of surcharge loads on the back or directly
on the crown of the wall can be amessed by conventional
calctdation methods. Tra.flit loads are idealized by static
replacement loads. Contrary to reitioreed soil, a friction
loss along the tie elements caused by dynamic loads is not
relevant.
Site observations have disclosed that the internal stability

of loop anchored walls is actually higher than assessed by
conventional calculation. This tiers especially to internal
584-1998 Sixth International Conference on Geosynthetics
,,,.,.:.:
Figure 7. Idealization of soil (fill material) and structural
members of a loop anchor wall system as a truss like
retaining structure,
E= earth pressure
C = soil in compression
T= anchor loops acting in tension

sliding of slender structures. For a slenderness of B/H 2
0.6, Janbu’s block method has proved suitable. The
methods of Kranz and others provide by far too small
sakty factors. Sliding analyses based on block theories
(e.g. Figure 6/Ieft) underestimate the actual safety factor of
very slender stmctures. Numerous site observations have
shown that in such cases values of only FS4C = 0.4 to 0,8
are calculated whereas the walls have been exhibiting a
fully stable behavior since 10 years and more (checked by
long term monitoring). Consequently, such slender
structures should be designed similar to cofferdams with
multiple anchorage (Figure 6/right).

Another calculation method idealizes the loop anchor
wall system as a truss-like stmctme. According to Figure
7, the loops are the truss members acting in tensiow and
the soil between the loops and modular units represents
the truss members in compression. This truss-like behavior
increases with compaction degree of the fill material. A
high compressive strength and dilatant properties of the
soil enable it to interact with the loops and the anchor
elements on the front and back side of the retaining
structure. Vertical, possibly prestressed anchom through
the prefabricated anchor elements at the back of the wall
would provide further improvement.

Experienm has shown that loop anchored walls hardly
fail on a plane passing through the toe. Commonly, the
critical ftilure plane runs through the face of the structure
at a point % H to 1/3 H above the toe (H = wall height). In
case of high surcharge loads, failure may occurr at even
higher points.

If inextensible (metallic) loops are used, the ftilure of
the wall can occur rather rapiclly according to potential
overstress of adjacent lWPS - like a zip efRct. Contrary to
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thal overstressing of extensible loops (polymeric anchors)
first of all leads to creep and only limited load shedding.
The deformation increases, thus indicating in time the
necessity of strengthening the structure.

The connection between the tie elements and the facing
of a permanent soil reifiorcement wall is a critical part of
the design. Contrary to that anchor loops allow a full
strength solution without requiring special starter elements
embedded in the modular f~ing. Figure 8 illustrates the
load transfer in a typical modular Wucture. Vertical wall
friction can be assumed ~ = 0, and horizontal friction
&= 0.750.

IAIOp anchored walls require smaller widths than
conventional reinforced soil stmctures. This reduces the
slope CULwhich is especially important if the retaining
structure has to be placed into unstable terrain. No special
footing is necesmry except on soil soil.

The stxucture allows adaptation to various site conditions,
geometries, and varying loads, and it behaves hirly
insensitive to differential settlement, to dynamic loads, and
to earthquakes. Furthermore, full-face draining and
intensive greenery planting are possible.

4 LONG TERM BEHAVIOR

Regarding the long term txkwior of loop anchored wall
systems, two factors have to be considered b@ore all:
Creeping and effect of hydrolysis on polyester.

Monitoring of loop anchored wall systems has disclosed
that creeping can be widely neglected. Figure 9 shows the
tensile sl.rength-extension characteristics of various loops.
At a working stress level of about $30 % for the initial
ultimate tensile strength of geosynthetic straps, long term
creep elongation could be expected less than 1 % occurring
1234s io 14

ELONGATION E [yO]

Figare 9. Tensile strength - elongation characteristics of
various loops. Draplarnat is a coated steel strap.

after construction. The (allowable design) extension is
likely to be <5 ‘Yoin total for Wlyester and < 1 YOfor
ararnid and draplamat.

There is a signifkant ditTerence between the load-
deflection characteristics of a loop and a reinforcing strip.
Contrary to laboratory tests on * tie elements, creeping
gradually decreases on the site where the loops are
embedded in soil. This effect increases with composite
effe@ hence with compaction degree and friction/
adhesion. Changes in ambient operating temperature
between 10 to 400 C practically do not alter the creep
characteristics.

Draplamat consists of coated steel tendons and is cheaper
than aramid. Polyaramid loops can exhibit even greater
shear strength and lower extension than steel straps
(Figure 9). Such tie elements are sometimes preferred fix
very high retaining stllX@W and hi@ loads. Mostly, the
ultimate tensile strength of draphnat is similar to that of
aramid, i.e. ~T = 2600 N/mm*. The Sttin at fai]ure 1S~ =
3 YOand 2 to 49’0 respectively. commonly used polyester
straps exhibit ~T = 1050 to 1250 N/mm* and Q = 10 to
14 ‘XO.

Composite loops consisting of aramid and polyester have
proved suitable for structures in unstable slopes and
seismic areas. Overstressing is indicated by a period of
great deformation which is succeeded by strain hardening.
This ductile behavior enables a timely strengthening of the
structure before tliilure might occur. Consequently, such
retaining systems are especially suitable for designing by
the observational method.

When polyester fibres are directly exposed over longer
periods of time at pH >11, the presence of water (exactly
OH ions) can have a detrimental and destmlive @k@
resulting in chain scission, reduced molecular weight and
strength loss. Consequently, a coating of polyester loops is
1998 Sixth International Conference on Geosynthetics -585
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Figure 10. Loop anchored wall to reconstruct a road in a
steep slope after landslide had occurred.

sometimes required. Generally, hydrolysis is not relevant if
well engineered materials are used for loop anchored wall
systems.

5 CONSTRUCTION PRINCIPLES

Commonly, indigenous and waste fill materials can be
used for loop anchored wall systems. This provides
significant savings in construction costs. The maximum
grain size of the fill should not exceed 2/3 of the thickness
of a layer. Cohesive or cohesive-frictional material
provides more stable structures than purely frictional fill.
On the other hand sufficient drainage is essential if the
retaining structure supports a slope. In such cases the
grains finer than 0,06 mm should be limited to 15%.
Furthermore, this value avoids frost damages within the
composite structure. Sandwich falling, with alternating
cohesive and non-cohesive layers has also proved suitable.

Usually, the fill material and the bacldlll of the stmcture
should be compacted to DP, = 97 to 100°A of standard
Proctor density. The higher vaiue is for widely grained fill
material and a distance of more than 1 m behind the back
of the wall. Near the front fm, a lower compaction is
preferred (about DF = 92 Y.) to avoid local damage and to
facilitate the planting of greenery. Compaction should
begin about 1 m behind the face elements and proceed
toward the backside of the wall. Thus, a slight prestressing
of the loops is obtained, and the front blocks remain in
their position. The back members of the deadman
anchorage have to be well embedded in densely compacted
soil. The front zone shall be compacted as last part.
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During wall constmction, the anchor loops must be
protected from local overstress (e.g. passing of heavy
vehicles or site equipment). This can be pexformed by a
cover of sa@ by a stable coating or by excavating small
trenches where the loops are placed. PoJyester loops should
be isolated from direct contact with concrete facing
elements. Accordingly, a coating is recommended if
polyester loops are installed. Commonly, robust loop
coatings of polyethylene or PVC are used. Coating of the
modular concrete elements has also proved suitable.

The concrete elements do not require a special interlock,
e.g. by slotting dowels into preformed locating holes.
Experience has shown that an accurate positioning of
successive layers of blocks can be fully obtained simply by
a precise installation of the elements. But bituminous sofi-
fibrous boards should be placed between the concrete
elements to avoid local overatressing and edge cracking.
Furthermore, such interlayers improve the flexible
behavior of the structure, and they may compensate
possible installation deficiencies. Flexille interlayers,
covering the whole contact zone, have proved more
suitable than small boards.

commonly, loop anchored wall systems are stepped
back at 5 to 15 cm per layer to provide an attractive t%ce
inclination and to improve planting conditions. Further-
more, facing elements can be colored to give spec~lc
aesthetic effkcts. Small unit sizes allow an adaption to
various geometry, including stepped foundations and wall
heights and varying length of anchor loops (e.g. Figure
lo).

The main advantages of the loop anchor wall system are:
●

●

●

●

●

●

●

●

●

●

Modular standards of the pre-fabricated elements.
The assembling of the wall requires only a light crane;
no special technical knowledge is required.
Short construction period.
The excavated soil can be used as fill material in most
cases.
No footings (except on soft subsoil).
Well adaptable to locally differing conditions
(geome@, soil, loads, etc.).

Rather insensitive to differential settlements, to
dynamic and cyclic loads, and to earthquakes.
No sudden rupture in case of overloading, but gradually
increasing failure indications, due to the great plastic
reserves.
Excellent drainage of the fill and bactilll.
Sut7icient place for plant growth (hence also ,,green
walls”).
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ABSTRACT: Design of mechanically stabilized earth @fSE) walls includes internal and external stability analyses. External
stability, which includes sliding, overturning, bearing capacity, global stability, and compound stability analyses, generally
governs the required length of n4nforcement and the wall embedment depth. This paper discusses the components of external
stability design of MSE walls, the focus being on bearing capacity and the impact of non-generalized site conditions on
reidorcement lengths and embedment depths required to satisfy bearing capacity and sliding design criteria. Results indicate
that the minimum L/H ratios of 0.6 or 0.7 taken for granted by many designers are not satisfactory for non-generalized site
conditions. This paper is dhected towards members of the geosynthetics community who design and construct MSE walls.

KEYWORDS: Bearing capacity, Segmental retaining walls, Geosynthetic reinforcement, Foundations, Embedment depth.
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1 INTRODUCTION

Design and construction of mechanically stabilized earth
(MSE) walls has dramatically increased with the advent of
segmental retaining wall (SRW), or modular block, units.
Design of MSE walls is routinely completed by many
engineers (e.g., civil, structural, geotechnical) with va@ng
technical expertise. The need to fully understand the
concepts of MSE wall design appears to have diminished
with the widespread availability of computer software and
design charts provided by manufacturers, suppliers of
geosynthetic reinforcement and SRW units, and others.

Design of MSE walls includes internal and external
stability analyses. Most designers find that completing the
internal stability design, which tends to focus on the eco-
nomic placement of the geosynthetic reinforcement, is
straightfonvard, For very generalized site conditions, such
as a wall with horizontal backslopes and front slopes,
general design rules-of-thumb may be satisfactory for
determining the reinforcement length. For non-generalized
site conditions, however, such as a wall with a front slope
and/or backslope, external stability is likely to govern the
design of the wall, especially with respect to required
reinforcement lengths and wall embedment depth.

External stability includes: sliding, overturning, bearing
capacity, global stability, and compound stability. Many
designers do not have all of the tools required to complete all
of the components of the external stability analysis for non-
generalized site conditions. Most current MSE watl design
software products do not address all of the components of
external stability design for non-generalized site conditions.
This paper discusses the components of external stability
design of MSE walls. The focus of the paper is on bearing
capacity and the impact of non-genemlized site conditions on
required reinforcement lengths and wall embedment depths.

The purpose of the paper is threefold: (i) to rekindle a
classical geotechnical engineering oriented approach to the
design of MSE walls with respect to external stability; (ii) to
highlight the significance of non-generalized site conditions
on bearing capacities for MSE wall system foundations; and
(iii) to disseminate findings regarding the ultimate bearing
capacity of MSE wall system foundations, for Wh general-
ized and non-generalized site conditions.

2 CURRENT DESIGN PRACTICE

2.1 Design Methodology

Several design guides for MSE wall systems are available.
This discussion will focus on two of the generic design
guides which are available: the National Concrete Masonry
Association (NCMA) design manual (1996); and the Federal
Highway Administration (FHWA) design guidelines (Elias
and Christopher 1997). The general design approach for
both methods consists of two interrelated but separate
procedures: design for internal stabili~, and design for
external stability. A generic MSE wall cross-section is
presented in Figure 1.
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Figure 1.. Typical geosynthetic-reinforced MSE wall cross-
section (after NCMA, 1997).

2.1.1 Internal Stability

Internal stability refers to the interactions between the soil,
facing units, and geosynthetic reinforcement in the rein-
forced soil zone. The spacing and tensile strength of the
reinforcing layers are determined in this analysis, along with
a check of the comection strength between the facing units
and the reinforcement.

2.1.2 External Stability

The min.forced soil zone is considered to act as a composite
gravity mass for the purposes of external stability analyses
other than composite stability analyses. Forces acting on this
mass include: the weights of the soil and facing units; the
lateral earth pressure of the retained backfill; and any
surcharge loads. Sliding, bearing capacity, overturning,
settlemen~ compound stability, and global stability are
possible tilure modes that must be considered.

2.1.3 Empirical Design Criteria

The base width, L, of the reinforced soil zone is usually
established from external stability analyses. In addition,
certain minimum values for L have been established from
experience. The NCMA guidelines recommend that L shall
not be less than 0.6H regardless of the results of stability
calculations. FHWA guidelines recommend a minimum L
Ofo.m.

To insure a safe allowable bearing capacity is achieved,
minimum wall embedment depths, ~b, have been estab-
lished for the bottom of the wall below finished grade.
These values vary from H/20 for walls with a horizontal
slope in tint of the wall to H/5 for slopes of 3 horizontal to
2 vertical (3H:2V). A minimum wall embedment depth of
0.5 m, except for structures founded on rock, where no
588-1998 Sixth International Conference on Geosynthetics
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embedment of the wall is require~ is stated in the FHWA
guidelines. NCMA guidelines require a minimum wall
embedment of 0.15 m.

2,2 Lateral Earth Pressures

Lateral earth pressures are calculated differently in the two
design procedures. Whh the NCMA guidelines, lateral earth
pressures for both internal and external analyses are based
on Coulomb earth presswe theory, which can account for the
inclination of the wall fhcing unim the backslope angle, wall
friction, and MSE mass-retained backfill friction. The
vertical component of earth pressure is neglected in NCMA
internal and external stability calculations.

Using the FHWA guidelines, lateral earth pressures are
based on Coulomb theory for external stability and Rankine
theory for internal stability. Face batters are ignored for
batters less than or equal to 10 degrees from the vertical.
The earth pressure direction is considered to be parallel to
the backslope angle for external stability. A horizontal earth
pressure direction is used for internal stability, with and
without sloping bacldls.

2.3 Bearing Capacity

As this paper is primarily concerned with bearing capacity
determinations, the analysis methods for sliding, overturn-
ing, settlement, compound stability, and global stability are
not discussed hexein, a complete discussion of these analyses
is contained in the literature (Elias and Christopher 1997;
Holtz et al. 1997; Simac et al. 1993; and Berg et al. 1989).

Conventional bearing capacity analyses are carried out
assuming that the reinforced soil mass acts as a continuous
strip footing of width, L. The vertical stress on the base of
the fxrting should be less than the allowable bearing capacity
of the foundation soil. The vertical stress is assumed to act
uniformly over a footing of effective width, B’, which is
determined from

B’= L-2e (1)

where e is the eccentricity of the resultant vertical force on
the base. The ultimate bearing capacity, qdt, maybe deter-
mined from the Terzaghi bearing capacity equation using the
Vesic bearing capacity factors:

(2)~= cNC+q N~+0.5YB’~

Allowable bearing capacity, ~, is determined by dividing
the ultimate bearing capacity by an appropriate factor of
safety,which is typically 2.0 for MSE wall systems @JCMA,
1997;U.S. Army Corps of Engineers, 1989 and 1990) to 2.5
(Elias and Christopher, 1997):

~=~/FS (3)



Design pmmdures in the FIIWA guidelines require that the
eccentricity, e, not exceed L/6, and if it does, the reinforce-
ment length must be increased. A limitation on eccentricity
is not required in the NCMA procedures.

Both the NCMA and FHWA design procedures consider
only the vertical components of foundation loads in ultimate
bearing capacity calculations. Thus, effects of the inclina-
tion of the msu.ltant foundation load, which typically reduce
the ultimate bearing capacity of a foundation, are neglected.

The NCMA and FHWA design procedures do not address
the presence of a ground slope in front of the wall, except
with respect to general guidance and recommendations of
minimum embedment depths for typical ground slopes in
front of the wall. The ultimate bearing capacity of a wall
with a front slope is reduced by an amount proportional to
the angle ~ of the front slope, assuming no bench in front of
the wall, Aground slope bearing capacity factor is included
in the bearing capacity equation (Bowles, 1996). Equation
(2), with ~ measured counterclockwise in degrees from the
horizontal, is modified to:

where:

&= 1.0- 13/147 (5)

and

q=&=’ (1-o.5tanp)5 (6)

Assuming a cohesionless soil and all other conditions
equal, a 3H lV front slope reduces the ultimate bearing
capacityby approximately 60 percent a 2.5H: lV front slope
reduces the ultimate bearing capacity by approximately 68
percenc and a 2H: lV front slope reduces the ultimate
bearing capacity by approximately 76 percent. These are
staggering reductions in ultimate bearing capacity values,
which are typically not directly accounted for in most MSE
wall design sofhvare.

Bowles (1996) also presents a procedure for determining
the ultimate bearing capacity of foundations on slopes, with
and without a bench in front of the foundation, independent
of the application of a ground slope bearing capacity factor
to the general bearing capacity equation.

A goal of this paper is to ve~ the NCMA and FHWA
minimum embedment depth and reinforcement length
guidelines and to enlighten the reader as to a more thorough
understanding of the impacts of various front slope and
backslope combinations on the ultimate bearing capacity of
MSE wall systems.
3 GEOTECHNICAL SITE CONDITIONS

3.1 Generalized Site Conditions

MSE wall systems are often designed for generalized sites
conditions, such as: a horizontal tint slow, a nominal
surcharge loading adequate foundation soil shear strengt@
and a depth to groundwater which does impact the bearing
capacity of the foundation soils. For these generalized site
conditions, the guidance and recommendations regarding
embedment depths and L/H ratios may well be applicable. In
many instances however, especially of late, many MSE wall
systems are being carried to extreme heights in locations
where the generalized site conditions discussed above do not
exist. Such conditions are referred to in this paper as non-
generalized site conditions.

3.2 Non-Generalized Site Conditions

Many MSE walls are being designed and constructed with
backslopes and ground slopes in front of the wall which can
vary from 3H: lV to 1.5H:IV. In addition, foundation soil
shear strengths may be lower than is typically assumed for
generalized site conditions (Meyers et al. 1997). These non-
generalized site conditions obviously result in lower ultimate
bearing capacities than would be determined for the general-
ized site conditions. In addition, compound stability may
govern the design in some instances. As suck the general
guidance and recommendations regarding embedment depths
and L/H ratios may not provide sufficient tiety factors
against failure.

4 METHODOLOGY

4.1 General

A spreadsheet was developed to analyze the sliding stability
and ultimate bearing capacity of MSE wall foundations for
the generalized and non-generalized site condition combina-
tions presented in Table 1. A cohesiordess soil with an angle
of internal friction equal to 30 degrees and having a unit
weight of 19.6 kN/m3 for the wall fill, retained backfill, and
foundation soil were assumed for these analyses. Only the
NCMA methodologywas used for the analyses. The NCMA
bearing capacity equations were modified to include a ground
slope factor, assuming no bench in front of the wall. Analy-
ses include determination of bearing capacity factors of safety
and L/H ratios.

4.2 L/H Ratio Determinations

The minimum length of gemynthetic reinforcement required
to just meet a factor of safety equal to 1.5 against sliding
failure was determined for various wall heigh~ surcharge,
1998 Sixth International Conference on Geosynthetics -589



Table 1. Combinations Analyzed For

m

1 I o 0 0

2 0 3H.lV o

3 0 2H:1V o

4 0 0 12

Jltimate Bearing

+

Embedment
Ratio

Denominatofl

20, 10,7,5

20, 10,7,5

20, 10,7,5

20, 10,7,5 I

! 5 13H:1VI O I O I 20,10,7,5 I

6

7

8

9

10

3H:1V 3H:1V o
1 I

3H:1V 2H lV o
1 1

3H:1V O I 12
1

2H:1V I O I O

2H1V I 3H1V I o

20, 10,7,5

20, 10,7,5

20, 10,7,5

20, 10,7,5

20, 10,7,5

11 2H: lV 2H1V o 20, 10,7,5

12 2H1V o 12 20, 10,7,5

‘Wall embedment depth equal to H/Embedment Ratio
Denominator (e.g. I_&b = H/5).

and backslope combinations. The critical sliding plane was
taken as the reinforced fill-foundation soil interface (i.e., at
depth equal to H). This required reinforcement length, or a
minimum reinforcement length of 0.6H, whichever was
greater, was then used in the bearing capacity computations
to determine the factor of safety against bearing capacity
failure for various wall heights, backslope, front slope,
surcharge, and wall embedment depths. A minimum
embedment depth of 0.15 m was used. A bench in front of
the wall was not included in the analyses.

Minimum length of geosynthetic reinforcement required to
just meet a fhctor of safety equal to 2.0 against bearing
capacity failure were determined for various wall heights,
backslope, front slope, surcharge, and wall embedment
depths. The minimum L/H ratio for the various backslope,
front slope, embedment depth, and surcharge combinations
w thw defined as the longer of the lengths required to:
(i) meet a factor of safety of 2.0 against bearing capacity
failure (ii) meet a factor of safety of 1.5 against sliding
failure; and (iii) meet a minimum L/H ratio of 0.6.
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5 RESULTS

5.1 Bearing Capacity Factors of Safety Determinations

Typical bearing capacity factor of safety results are presented
in Figure 2, which plots the bearing capacity ktor of safety
against the foundation embedment depth (as a ratio of the
wall height) for several different front slopes of a typical
MSE wall condition assuming a horizontal backslope and a
sumharge of 12kN/m2. As is to be expected, for a horizontal
front slope, the factors of safety are well above 2.0 and
indicate that a minimum embedment ratio of H/20 or 0.15 m,
which ever is greater, should be satisfactory with respect to
the sliding and bearing capacity components of external
stability, for walls varying in height from 1.5 to 12 m.
The bearing capacity factors of safety are reduced dramati-

cally when the only variable modified is the front slope,
which was increased from horizontal to 3H lV. A minimum
embedment mtio of H/20 or 0.15 m is still satisfacto~ for the
wall height and embedment ratio combinations anrdyzed.
However, with the factor of safety approaching 2.0 for the
shotir embedment depths, the designer should have a higher
dew of confidence in the definition of the design parame-
ters used in the sliding and bearing capacity analyses.

For a 2H: lV front slope, a factor of safety of 2.0 is not
attained for most wall height and embedment depth ratio
combinations. Either a greater geosynthetic reinforcement
length is required or an increased embedment depth ratio is
required. Since an embedment depth ratio of H/7.5, which
results in a bearing capacity factor of safely of just 2.0 for a
wall height of 12 m, corresponds to an embedment depth of
1.8 m, it maybe more economical to increase the effective
width of the fboting by increasing the length of geosynthetic
reinforcement.

5.2 Minimum L/H Ratios

Typical minimum L/H ratio results are presented in Figure
3, which is a bar graph plot of the range of L/H ratios
required to satis@ both sliding and bearing capacity design
requirements against the various combinations of front
slopes, backslopes, and surcharges for wall heights which
vary from 1.5 m to 12 w assuming an embedment depth
ration of H/20 and no bench in front of the wall. A thick
horizontal line is drawn across the bar graphs at an L/H ratio
equal to 0.6, the minimum LA-Iratio recommended by the
NCMA Manual.

An L/H ratio greater than 0.6 is required to satisfy the
sliding and bearing capacity requirements for many of the
design cases. The following conditions require a L/H ratio
greater than 0.6:

1. A backslope of 2H: lV, regardless of the front slope.
2. A front slope of 2H: lV, regardless of the backslope.
3. A front slope of 3H:lV, if a backslope other than

horizontal is used.
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Figure 2. Typical bearing capacity factors of safety for various wall embedment ratios.
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Figure 3. Minimum L/H Ratios for the combinations listed in Table 1.
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Since the embedment ratio of I-U20represents the shortest
embedment depth investigated, the required L/H ratios for
increased wall embedment depths are not quite as large.
However, the same design cases (No. 1, 2, and 3 noted
above) require L/H ratios greater than 0.6 for wall
embedment depth ratios of W1O, H/7, and H/5.

6 CC)NCLUS1ONS

This paper has presented a basic review of the determination
of the ultimate bearing capacity of MSE wall systems. The
impact of various combinations of front slopes, back slopes,
sumharges, embedment depths, and wall heights on ultimate
bearing capacity is presented and discussed.

Conclusions, based on the assumptions previously listed,
are:

1. The ground slope in front of a MSE wall system can
significantly impact the ultimate bearing capacity
beneath an MSE wall.

2. The magnitude of the angle of the ground slope in front
of an MSE wall is proportional to the reduction in
ultimate bearing capacity for the wall.

3. A bmkslope of 2H lV requires an L/I+ ratio greater than
0.6, regardless of the front slope and wall embedment
depth used.

4. A front slope of 2H lV requires an L/H ratio greater than
0.6, regardless of the backslope and wall embedment
depth used.

5. A front slope of 3H lV requires an L/H ratio greater
than 0.6, if a backslope other than horizontal is used,
regardless of the wall embedment depth used.

6. AL/H ratio of 0.6, with a wall embedment depth ratio of
H/20, is most likely satisfacto~ for generalized site
conditions limited to horizontal front slopes and back-
slopes and a surcharge of 12 kN/m2 or less.

7 RECOMMENDATIONS

The intent of this paper was to investigate the impact of non-
generalized site conditions on the bearing capacity of MSE
wall systems. The authors note that performance of compre-
hensive sliding, bearing capacity, and compound stability
analyses are particularly important for all projects with non-
generalized site conditions, especially where a front slope or
backslope of any magnitude is to be used. The site condi-
tions Wiudictate the minimum reinforcement length, L, and
wall embedment depth ratio for the MSE wall structure.
592-1998 Sixth International Conference on Geosynthetics
8 DISCLAIMER

The opinions and recommendations included in this paper
are solelythose of the authors and do not represent the views
of the US Army Corps of Engineers or the University of
Wisconsin-Platteville.
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ABSTRACT The paper presents a study on the behavionr of brick-faced retaining watls reinforced with geosynthetics. This
new method of construction for low height retaining walls combines the reinforced earth techniques with a conventional
brick wall. While the walls are being built reinforcement sheets are anchored to the wall by the bed joints of the brickwork.
After cure, backfilling is done in layers and a surcharge load is applied.

The influence of the reinforcement configuration’s length and spacing is studied by using a numerical model based on the
finite elements method. The reliability of the model is checked by cnmparing the numerical results with those obtained from
laboratory studies on small scale models. A brief description of the bidimensional model used is presented and followed by
the definition of the geometry of the analysed structure. The backfiil, reinforcement and face materials of the retaining wall
are Chamcterized

KEY WORDS: Geosynthetic reinforcemen~ Retaining walls, Finite element analysis, Nonwoven Fabrics.
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1 INTRODUCTION

Nowadays retaining walls reinforced with geosynthetics are
being constructed frequently throughout the world.
Therefore the establishment of reliable criteria of behaviour
for each type of these structures is of the utmost
importance,

This paper presents a study carried out on brick faced
retaining walls reinforced with geosynthetics, built on rigid
foundations. The effect of varying the reinforcement
configuration both its length and spacing was investigated
by using a two dimensional numerical model based on the
finite elements method. The validity of the model is
checked by comparing the results with those obtained from
laboratory studies on small model walls.

This study follows an experimental test program (Pinto
1992, Pinto and Cousens 1996) on this type of wall and the
development of a numerical model for reinforced retaining
walls (Lopes 1992, Lopes et al 1994).

2 EXPERIMENTAL STUDY

The method of construction is similar to that proposed by
Dalton (1977) for low height retaining walls and combines
the reinforced earth technique with a conventional brick
wall.

The walls were built “in situ” in a test tank near its free
end. The intemat dimensions of the tank are 240 mm wide
x 490 mm high x 630 mm long. It is made mainly of steel
in order to ensure minimum deformations so that plane
strain conditions could be considered. The walls were 300
mm high ~ 240 mm wide and half a brick thick (20.5 mm).
The reinforcement material was a non-woven fabric used as
interfacing in dressmaking, with a deformability modulus of
6.9 kN/m and a thickness of about 0.3 mm.

The walls were built with scale model bricks sawn from
full size bricks “class B engineering bricks” as
recommended by BS 5628 (1978). While the watls were
being buil~ reinforcement sheets were anchored to the wall
by the bed joints of the brickwork. After cure bacldling
was done in 30 mm layers (each layer being compacted by
a small vibrating plate in order to achieve the required
density) while the reinforcement we~ extended horizontrdly
into the backfiil. Finally a surcharge load was applied.

Different reinforcement lengths and spacings were tested.
The walls were instrumented in order to measure the wall
movement and the horizontal earth pressure acting on the
rear face of the wall.

3 NUMERICAL MODEL

The numerical model was developed for reinforced retaining
walls and simulates the construction process. It is based
upon the finite elements method and assume the validity of
the plane strain conditions. The soil and the face are
simulated by bidimensional elements with 5 nodes (Doherty
et al 1969), the soil-face and the soil-reinforcement
interfaces by joint elements with 4 nodes (Goodman et al
1%8) and the reinforcement by elements with 2 nodes.

The construction process was simulated according to
Kulhawy (1977). When a fiiite element is activated its self
weight is divided by the element nodes and applied to the
system. The deformability modulus of these elements is
very small in order to simulate a material with weight and



without stiffness, however, before the placement of the next
layer of backfill (next stage) the deformability modulus
returns to its real value. The vertical and the horizontal
stresses correspond to the overburden pressure, and to the at
rest state respectively. The movement of the nodes of the
activated elements is considered to be the same as the top
nodes of the previous elements.

4 NUMERICAL ANALYSIS

4.1 Problem Conditions

In order to carry out the study a total of 5 finite element
meshes were created one for an unreinforced wall, and four
for reinforced walls. These include two lengths (8 and 12
cm) and two spacings (3 and 4 brick courses, i, e., 45 and
60 mm respectively) for the reinforcement.

Figure 1 shows a finite element mesh for the wall
reinforced every 3 brick courses with 12 cm long
reinforcement sheets.

0_3 ml KALEW LENOHTS

Figure 1, Finite element mesh.

Each mesh starts with only 20 elements, corresponding to
the face of the wall. New elements are progressively
activated in order to simulate the backfilling process: 300
for the backfilling, 126 for the interfaces and 48 for the
reinforcement. Each reinforcement element is activated
immediately after the placement of some soil on top of it.
At the end of the backfilling stage the full mesh (which is
activated in 10 steps) has a total of 494 elements and 495
nodes. The surcharge is then simulated by an equivalent
load applied to the upper nodes of the top elements.

The boundary conditions were defined taking into account
the geometry of the test tank (left lateral boundary) and the
foundation condition (bottom boundary). In the former, the
horizontal movement is prevented while in the latter,
neither horizontat nor verticat movements are allowed in
order to simulate a rigid foundation.

The soil of the baclcflll is a medium grain size containing
about 1570 of fine sand, with limiting densities of 14.4
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kN/m3 and 16.8 kN/m3. Other chamcteristics of the soil are
given in Table 1.

Table 1. Soil characteristics.

y (kN/m3) KO o(o) C(wa) v E(kPa)

16.3 0.36 40 0 0.35 7000

y denotes density, & at rest coefficien~ $ angle of friction,
c cohesion, v Poisson’s ratio and E deformability modulus.

Table 2 shows the characteristics of the interfaces. The
deformability modulus of the wall was assumed to be
25000 kpa after comparative studies on unreinforced walls.

Table 2. Interface characteristics.

Soil - Reinforcement Soil - Face

ca (kPa) o 0

tg 6 0.73 0.75

Kt (kPa/m) 2000 750

Ca denotes adhesion, 6 angle of friction and Kt stiffness
modulos.

4.2 Results

4.2.1 Reliability of the numerical model

The reliability of the numerical model was checked by
comparing the numerical results with those obtained from
the laboratory tests. The comparisons were made both
during the backfilling stage and under a surcharge load
equivalent to a 270 mm high embankment on top of the
backfill. In general a good degree of agreement was found
when comparing the movement of the wall and the
horizontal pressures acting on the rear face of the brickwall.

The influence of the increase of the backfill on the
movement of the wall is shown in Figure 2 for a wall
reinforced every 3 brick courses with 8 cm reinforcement
length.
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Figure 2 shows the variation of the displacement of the
wall at different heights: 40, 115, 200 and 280 mm from
the base of the wall, which corresponds to the position of
the LVDT-S 1, 2, 3 and 4 respectively. This figure shows
in general, good agreement between the results obtained
from the numerical model and those obtained from the
laboratory tests. Small differences are however noticed as
the values from the numericat model are lower than those
from the laboratory. This is more evident near the end of
backfilling stage and was also noticed during surcharging.

Figure 3 shows the displacements along the height of a
wall reinforced every 4 brick courses with 8 cm
reinforcement length during surcharging. The results from
the numerical model and the laboratory test show a similar
profile with values close to each other, but again, with the
numerical model giving lower values when compared with
the laboratory tests.

o t– -—-——–-- +

()
D%placements (11$

9

Figure 3, Displacements during surcharging.

The difference observed might be explained by a
combination of two effects: the compaction which is not
simulated by the numerical model and was found to be
important during the laboratory test programm (Cousens
and Pinto 1996); and the restriction of displacement on the
base of the wall imposed by the boundary conditions of the
numerical model necessary to simulate the rigid foundation.

4.2.2 Inlluence of the ~inforcement configuration

A study of the influence of the reinforcement length and
spacing configuration was carried out. The movement of the
face of the wall (Hgum 4) and the stresses developed on the
reinforcement (Figure 5) were considered.

When comparing the curves plotted in Figure 4,
corresponding to the same reinforcement length (i.e. 3b.c.-8
cm with 4b.c.- 8 cm and 3b.c.-l2 cm with 4b.c.-l2 cm), it
can be seen that displacements decrease with a decrease of
spacing for both reinforcement lengths.

Comparisons between curves corresponding to the same
spacing (i.e. 3b.c.-8 cm with 3b.c.-l2 cm and 4b.c.-8 cm
with 4b.c.- 12 cm) reveal a decrease of displacements with
an increase of length for both reinforcement spacings.
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Figure 4. Displacements during surcharge for different
dnfomement conditions.

The influence of the reinforcement configuration can also be
studied comparing curves 3b.c.-8 cm and 4b.c.- 12 cm of
Figure 4. These curves correspond to walls with the same
total amount of reinforcement (1152 m2 for each wall)
although differently distributed along the height of the wall.
Figure 4 shows smaller displacements for the sitnation with
lower spacing (3b.c.-8 cm) as opposed to that with long
reinforcement (4b.c.-l2 cm), suggested that the spacing is
more important than the length of the reinforcement.

Figure 5 shows the variation of the stresses along the
reinforcement length for walls with different reinforcement
conditions. The curves plotted correspond to the most
solicitated layers of each wall which are those positioned at
about mid-height. However, similar results were obtained
for other layers. All curves show a non-linear behaviour,
characteristic of highly deformable materials. The stresses
are highest at the connection with the watl, and decrease
towards the free end, which is characteristic of rigid walls
(Shen et al 1979). Untiie walls with flexible faces, walls
with rigid faces do not follow the vertical movement of the
soil mass, consequently some bending takes place on the
reinforcemen~ which generates tensile stresses.

The influence of the spacing can be studied comparing
curves 3b.c.-8 cm with 4b.c.- 8 cm and 3b.c.-l2 cm with
4b.c.-l2 cm in Figure 5. A decrease of the stresses can be
related to a decrease in spacing, for both leng tbs. The
influence seems to be more important on walls with the
longest reinforcement.

When comparing curves corresponding to the same
spacing (i.e. 3b.c.-8 cm with 3b.c.-l2 cm and 4b.c.-8 cm)
it can be seen that higher stresses are associated with shorter
reinforcement, for both spacings, and speciatly for lower
spacing.
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Figure 5. Stresses along the reinforcement length during
surcharge for different reinfomement conditions.

Comparing stresses on walls with tbe same amount of
reinforcement (i.e. 3b.c.-8 cm and 4b.c.-l2 em) it can be
seen that lower stresses are associated with lower spacing.
This is in agreement with the findings relating to the
movement of the wall where the most important factor was
found 10 be the spacing as opposed to the length. The
difference of stresses between the two reinforcement
situations increases towards the top of the wall.

5 CONCLUSIONS

A satisfactory degree of agreement was found when
comparing the numerical results with those obtained from
the laboratory tests.

From the study carried out it cart be concluded that troth
the reinforcement length and spacing me important as far as
the behaviour of the stmctme is concerned.

In fact, small movement and low stresses on the
reinforcement are associated with longer reinforcement and
lower spacing between reinforcing layers. This might be
explained by the relative movement between the soil and
the face of the watl which decreases both with the increase
of the reinforcement length and with the decrease of the
reinforcement spacing. Due to this movement some
bending takes place on the reinforcement generating tensile
stresses. The lower the movement the lower the generation
of these stresses.

The spacing seems more important than the length of the
reinforcement for both the movement of the wall and the
development of tensile stresses on the reinforcement.
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ABSTRACT: This paper describes the use of finite element (FE) method in large deformations to predict the behaviour of
reinforced soil walls loaded on the top by a concrete slab load. The measured results are compared to the numerical ones

’’s
for both the simulations done. A parametric study was als
parameters for design, such as the geotextile length, the facing
a geotextile-reinforced retaining wall with a continuous and ve

KEYWORDS: Finite element analysis, Retaining wall, Geotex

1 INTRODUCTION

This paper outlines the use of the finite element (FE)
method for the analysis of two full scale experimentations
on segmental walls (4.35 m height by 5 m wide) loaded on
the top and constructed with extensible reinforcement: one
with non woven geotextile and another with woven
geotextile. The reinforcement distribution in the two
reinforced walls are not exactly the same as illustrated in
Figures 1 and 2, this is justified by the difference in
mechanical properties between the two geotextiles. The
experimentation was performed and reported by Gourc et
al., (1995). The analysis of the reinforced soil walls was
performed using a finite element program GOLIATH
developed at Lirigm which is appropriate to simulate the
great deformations of this kind of structures and the
membrane behaviour of the geotextiles in the slinding
process.

The comparison between the predicted and the
experimental results shows the difficulties to simulate
correctly field prototype structures behaviour.

In this study, the effect of some parameters such as
reinforcement length, facing stiffness and the position of
load application is examined, considering a reinforced-
retaining wall with a continuous and a vertical facing.

2 NUMERICAL MODELLING
2.1 Materials

A plane strain finite element analysis in large deformations
was perfbnned using the finite element (FE) program
GOLIATH. The finite element mesh adopted for the
analysis is shown in Figure 3. The fill is modelled by three
o carried out to investigate the effect of some important
stiffness and the position of top load application considering
rtical facing.

tile reinforcement, Top load.

node isoparametric elements. The soil was assumed to be
an elastic-perfectly plastic material with a Mohr-Coulomb
failure criterion (E,, v,, c,, ~,) with a non associated flow
nde with a dilatancy angle v,. The unit weight of the soil is

y,= 19 kN/m3. The foundation of the structure is supposed
to have an elastic behaviour (E = 60 MPa, v=O.33).

b’ ‘02s’’\t?1
8 sheets of 2.6 m

Figure 1, Non Woven wall (NW) profile and notations

“ ‘*t’o f””
AX P,

—6 4 sheets of 2.6 m
>—5
and 4 sheets of 1m

—4
3 /

Figure 2. Woven wall (W) profile and notations.
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Figure 5. Slab load settlement versus top load (W wall).
The facing is modelled using four node isoparametric
elements and was supposed to be elastic (E~,VJ with a unit
weight y=22 kN/m3. Backfill, foundation, and facing
element are modelled in large strain.

The facing is assumed to be continuous and the sheets are
assumed to be filly bonded to the soil (no relative
displacement.).

The geotex.tile sheets were modelled using linear elastic
bar elements in large displacement with negligible
compressive strength and no bending stiffness (which
allows the simulation of the membrane behavior).

1.5m Im
~~

N

N
E

N m
m
+

E
N

Figure 3. Finite element mesh adopted.

The geotextile stiffness are respectively J,W=95 kN/m and
JW=340kN/m for a non woven and woven fabrics.

2.2 Construction and loading

The compaction process is not simulated in this analysis.
The fill height of the wall is initially constructed applying
body forces on the structure with ten load increments of
0.1g. Then the concentrated load is applied step by step
through a linear elastic slab (E = 1500 MPa, v = 0.2) with
10 kpa increments until 100 kpa, followed by 2.5 kpa
increments until failure.

The two reinforced walls have been analysed by Arab et
al., 1996 using the set 1 of parameters as summarised in
Table 1 which was modified afler additional laboratory test
(set 2) as indicated in table 1.

Table 1soil and facing parameters for the modelisation

d

Es (Mpa) Vs k (0) Ws Ef (MPa) Vf
(0)

Set 1 20 0.3 36 6 25 0.2
Set 2 35 0.3 36 lb 20 0.2
3 RESULTS OF ANALYSIS

The predicted slab settlements versus surcharge Q obtained

598-1998 Sixth International Conference on Geosynthetics
with the two sets of parameters, are compared to the
experimental one, respectively on Figures 4 and 5 for the
two reinforced walls. The large settlement values
considered shall be noticed.

For low value of the top load, the predicted settlement of
the slab is very close to the measured one. It is worth
noting that below the critical surcharge (breakpoint) the
deformations and the displacement for the two structures
are very small. Above this surcharge value the
deformations increase significantly with the top load.

The measured slab settlement curves versus top load
shown a breakpoint which corresponds to about 130 kNlm
called the “critical surcharge”. This is not predicted by the
simulations. The breakpoint is very significative for
designer because below it, only small deformations and
displacements occur.

In the case of the Non Woven wall (NW) the predicted
settlement obtained great with the two sets of parameters is
lower than the measured one, particularly the solution
calculated with the fust set. However for the Woven
structure (~ the measured settlement curve is enclosed by
the numerical ones.

o 50 100 150 200 250 300

0

‘a 5-
:10.

,W
‘)

;15: — measured
j20- + set 1

~ 25 ~ set 2

Figure 4. Slab load settlement versus top load (NW wall).
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0

‘a 5:
:10.

[w,
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g20- ~ set 1

~ 25 ~ set 2

30-
The low settlement measured below the “critical
surcharge” in the case of the Non Woven wall (NW) is
probably due to the compaction effect. Under compaction,
the extensibility and the texture of the geotextile combined



different distance of slab position from wall face were
to the fine sand used to construct the Non Woven (NW)
reinforced wall induce a better improvement of the
mechanical c:haractenstics than in the case of the Woven
structure (W1.

4 PARAMETRIC STUDY

A parametric study was carried out to investigate the effect
of mechanical and geometric parameters for gaining an
insight into the effects of several of the important design
factors, such as the geotextile length, the facing stiffhess
and the position of top load application considering a
geotextile-reinforced retaining wall with a continuous and
vertical facing. The structure geometry, the finite element
mesh and the material properties of backfill, foundation,
facing used are those corresponding to set 2 as summarised
in Table I unless otherwise stated. The geotexile stiffhess
adopted corresponds to the non woven fabrics (J~W=95
kN/m).

4.1 Effect of geotextile length (L)

The effect of reinforcement length L is examined by
considering different lengths of reinforcement while the
height H of the wall reinforced by eight sheets with a
constant spicing AH=O.58m is kept the same. The range of
L/I-l considered varies from 0.36 to 0.8. As shown in
Figure 6 the influence of increasing length of the geotextile
is no more significative when L reaches 0.5H. The short
reinforcement sheets (L/H=O.36) contribute to the
increasing of the bearing capacity as demonstrated by
comparison with the unreinforced retaining wall (No reinf).
This demonstrates that not only the reinforcement tensile
beyond the failure surface will be considered in the design
methods.

() 50 100 150 200

01

-5
g’lo

z 15
E0 20

~ 25

c% 30

35

Figure 6. Effect of reinforcement length on the slab
settlement under surcharge.
4.2 Effect of wall facing stiffness

The rigidity of the wall facing depends of the construction
mode. The effect of facing stiffiess on the performance of
geosynthetic-reinforced soil retaining wall is not filly
understood and is usually ignored in the design. An
analysis is performed considering a retaining wall
reinforced by Np=8 sheets of geotextile. The sheets are
equally spaced, AH=O.58 m and are 2.6 m long (L / H =
0.5). Different facing stiffhess were examined (E = 5, 10
and 20 MPa). A wrapped facing was also analysed (E = O
MPa). The slab settlement versus surcharge and the lateral
deflections of the facing induced by a top load of Q=60
kN/m for all the cases considered are illustrated
respectively on Figures 7 and 8.

0 50 100 150 200

Q (kNl )m

~ E=IO MPa

35 J “’” I

Figure 7. Effect of facing stiffness (E) on the slab load
settlement.

4.64

4.06

3.48
2.9 ~

2.32 3
1.74 “g

1.16
0.58

0

30 20 10 0

Figure 8. Effect of facing stiffness (E) on the wall facing
horizontal deflection Ax.

In the absence of a facing or with a facing of low
stifl%ess, the wall deformed greatly, particularly at high top
load.

4.3 Effect of the position of top load

To examine the effects of the position of the top load,
considered (d = 1, 1.5 and 2.5 m), The height of the wall,
the number of reinforcement layers and their length were
the same as previously i.e. (H = 4.35 m, Np = 8, L/H =
0.5). The slab settlement curves versus top load are
illustrated in Figure 9 for the three cases. When the rear of
the geotextile is not horizontally beyond the upstream

1998 Sixth International Conference an Geosynthetics -599



i

corner of the slab, the failure occurs roughly as in the case
corresponding to d = 2.5 m. The mean shear strain field (&l-
&j) for the cases d = 1.5 m and d = 2.5 m are shown in
Figures 10 and 11. We notice from these patterns that when
the reinforcement length does not include horizontally the
slab width a shear band develops fi-omdownstream side of
the slab to the bottom of the facing.

o 50 100 150 200

0

g5
w

.qlo

25

Figure 9. Effect of the point application of the top load on
the slab settlement.

5 CONCLUSION

A finite element method has been used to model two
experimental walls reinforced by extensible reinforcement,
Despite the assumption done, the predicted results are quite
satisfactory until large deformations. However some
physical phenomenon observed are not predicted like the
experimental “breakpoint” of the diagram surcharge-
settlement. To simuIate this phenomenon, it would be
necessary to take into account the compaction effect and
the construction stages. However lack of experimental data
on the compaction mode and effect makes such approach
very difficult.
. . . . .. .. .. .. .. .. ... .,, ,-,

Figure 10. shear strain field (G,-c,) induced by a top load
Q=90 kN/m (scale: 1.5).
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Figure 11. shear strain field (&l-sq)induced by a top load
Q=90 kN/m (scale: 1.5)

In addition, numerical simulations have been performed to
investigate the effects of some parameters on the behaviour
of reinforced soil wall loaded on the top. The parameters
considered included the reinforcement length, the facing
stiffness and the point of application of the top load, All of
these parameters influence the behaviour of the structure.
But the most important geometric parameter is the ratio of
the reinforcement length to wall height. For a ratio equal or
greater than 0.5 there is no significant increasing on the
bearing capacity, It is also found that the reinforcement
length has to be extended beyond the potential failure
surface developing from the upstream side of the slab to
cover the width of the slab load.
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ABSTRACT: The purpose of the paper is to evaluate the effects of deformation of geosynthetic reinforced soil wall
backtll on the bearing resistance of the foundation ground using the results of finite element analysis. Here, the reinforced
soil wall constructed on relatively soft sloping ground, which is a real construction site in Japan, is taken into consideration
and a series of parametric study is conducted, in which the effects of the condition of foundation ground and a backcut angle
behind the reinforced bactilll are discussed, and also the effectiveness of soil improvement at the toe of the wall is also
evaluated. The conclusions drawn from this study are (1) the effect of the backcut angle behind the reinforced backfill on
the bearing resistance of foundation ground is less, so that this effect does not have to considered on the design ciilculation
of bearing capacity; and (2) when the foundation ground is relatively soft, the deformation property of the reinforced baclctlll
deeply affects to the reaction at the base of the reinforced backfill. The soil improvement technique at the base of the
reinforcedbackfill is one of the effective method.

KEYWC)RDS: Bearing Capacity, Finite Element Analysis, Reinforcement, Retaining Walls, Steep Slope
1 INTRODUCTION

Applications of geosynthetics to the embankment or
retaining wall have been most popular technique among all
the earth reinforcement practices around the world. This is
because the behavior aad failure mechanism of these
reinforcing structures have been successfully evaluated
under the contributions by many reseamhers. The results of
these researches have been presented in recent international
conferences and symposia (e.g. Proceedings edited by
Yamanouchi et aL,1988, Ochiai et al., 1992, and Ochiai et
al., 1996). But recently, such as in Japan, these
applications have been applied to more severe conditions
such as relatively soft sloping ground or valious backcut
angle behind the backfill. And those conditions have to be
considered on the stability calculation in order to design
these structures safely.

In the current design method, the stress distribution at
the base of the retaining soil wall has been assumed by the
moment equilibrium with assumption of Coulomb earth
pressure theory. However, this distribution is affected by
the deformation and strength properties of the reinforced
backfill and it also depends on the property of foundation
ground. These properties have not been considered in the
current design method so far and besides, in-situ conditions
at the construction site, e.g. the backcut angle, is
variously changed.

The purpose of the paper is to evaluate the effects of
deformation of geosynthetic reinforced soil wall backfill on
the bearing resistance of the foundation ground using the
results of finite element analysis. Here, the reinforced soil
ql

p

q2

~ ~ reinforced backfiii

~
L’

Figure 1. Forces on the reinforced backfii in the design.

wall constructed on relatively soft sloping ground, which
is a real construction site in Japan, is taken into
consideration and a series of parametric study is conducted,
in which the effects of the condition of foundation ground
and a backcut angle behind the reinforced backfd] are
discussed. And also the effectiveness of soil improvement
at the toe of the wall is also evaluated.

2 CALCULATION OF BEARING RESISTANCE ON
CURRENT DESIGN METHOD

Current design calculation of the stability concerning
bearing capacity of foundation ground at the base of the
reinforced backfill is summarized based on the design
1998 Sixth International Conference on Geosynthetics -601



manual by Public Works Research Center(PWRC) in
Japan. This design calculation is based on the equilibrium
of all the loads subjected to the reinforced backfill as
shown in Fig. 1. As shown in this figure, the ground
reaction at the base of the reinforced backfii is always set
to be trapezoidal shape and this is based on the assumption
that the ground under the backfiil is always rigid and the
effect of ground settlement is not evaluated in the design
method. As described above, the application of these
structures is extended to the relatively soft foundation
ground nowadays. When the foundation ground is
relatively soft or the backcut angle behind the reinforced
bactilll is changed, this trapezoidal assumption may not
be true and has to be examined. TMs is a key issue here in
this paper and is discussed based on the results of finite
element analysis.

3 FINITE ELEMENT ANALYSIS

3.1 Probrem to be solved

The finite element analysis is conducted for the real
construction site in Japan and this is shown in Fig.2(a).
The geosynthetic reinfroced soil wall was constructed on

the sloping foundation with its slope angle of 25°. The
ground conditions are also shown in the figure and these
are summarized as follows:

● For natural ground:
a) Ground I: clay with gravel (SPT N-value = 2- 5);
b) Ground II: weathered dacite (SPT N-value = 12- 50);
c) Ground III: dacite (SPT N-value is more than 50).

“ For artificial ground:
d) Reinforced ground: compacted Ground I;
e) Improved ground: improved by cement.

It is noted that the Ground I is a sloping soft ground and
the application of soil improvement technique at the toe of
the wall was taken into consideration. The geogrid type of
reinforcing material was used at the site. As shown in
Fig.2(a), there are 11 layers of geogrid and three different
types were used (Tensar SR55, SR80 and SRI 10), in
which SRI 10 was used for the first four layers from the
bottom, SR80 for fifth to seventh layers and SR55 for top
four layers.

3.2 Method of analysis

In order to evaluate not only 1) the effect of backcut angle
behind the reinforced backfill but also 2) that of soil
improvement in the ground, a series of finite element
analysis is conducted. The method used here is elasto-
plastic finite element method using Drucker-Prager failure
criterion with non-associated flow rule(Otani et aL,1992).
The geogrid type of geosynthetics is modeled by beam
element in the analysis with perfectly elasto-plastic
assumption. The material properties were determined from
material tests in laboratory. The interaction between soil
and geogrid is ignored. The soil testings for both in-situ
and laboratory have been conducted for the soils at this
602-1998 Sixth International Conference on Geosynthetics
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Figure 2. Problems to be analyzed.

construction site, so that the material property of the
ground was determined from these testings and is shown in
Table 1. In the analysis, the case shown in Fig.2(b) is also
analyzed in order to evaluate the effect of backcut angle.
The analysis is conducted with loading condition of step-
by-step constmction of the backfill. [t is also noted that
the joint element is used between natural slope and the
backfiil in order to express the discontinuity phenomenon,
in which this interaction is modeled as a friction property
with setting the shear stiffness of the soil itself in the
joint element. The total cases of the analysis are listed as
follows:

CASE 1: ground condition of natural sloping ground as
shown in Flg.2(a)
CASE 1-1: for rigid foundation ground;
CASE 1-2: without improvement; and
CASE 1-3: with improvement,

CASE 2: ground condition of natural sloping ground as
shown in Fig.2(b)
CASE 2-1: for rigid foundation ground;
CASE 2-2: without improvement; and
CASE 2-3: with improvement.

It is noted that the case of rigid foundation is also analyzed
for the comparative study and this is conducted by
assuming all the natural ground to be Ground III without
improvement technique.



Table 1. List of material property of the ground.

Yomogt4 @mmookratio mbesion fric!ion aogle tit Weight

modldmm

\ E&N/m~ u dkNhi~ 4r ) 7 (kNlm~

@umnd I 4.90”K? 0.30 18.63 29 1.67”10”Z
@rendII 294”10’ 0.25 O.lxl 32 1.77”10Z
groundnl 294*10$ 0.20 0.(s3 41 262”10-2
bmddill 1.47”10” 0.40 10.79 23 1.d3”lo-2

improved S.ss”lrt 0.35 95.12 31 1.73*1W2

(a) CAS

(c) CASE 1-3

4 RESULTS AND DISCUSSION

Figure 3 shows the results of deformation for all the cases,
in which CASE 1-1 is shown in Fig.3(a); Fig.3(b) for
CASE 1-2; Fig.3(c) for CASE 1-3; Fig.3(d) for CASE2-l;
Fig.3(e) for CASE 2-2; and Fig.3(f) for CASE 2-3.
Comparing the results between CASE 1-1 and CASE 1-2
or CASE 2-1 and CASE 2-2, the deformation around the
base of the reinforced backfill for the case of rigid
foundation is much less than that for the case of without
improvement. The lateral deformation is also remarkable
for the case of without improvement. But this is improved
by the application of soil improvement technique as
shown in Fig.3(c) and Fig.3(f). Figure 4 shows the
results of both distributions of settlement and vertical
pressure beneath the reinforced retaining bacld]. Looking
at the shape of stress distribution at the base of the

I

I I I II II

1 1 1 1 1 1 , 1 1 1 1 1 1 I 1 1 1 1 1 1 1 1 1 1 1

Figure 3. Deformation Property horn analysis results.
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backfill, it “isnot always the trapezoidal shape. So that it
affects the calculation of overall stability for the reinforced
soil wall and this depends on the deformation property of
the reinforcedbacldl]. It is also pointed out that not only

400 I 1

-+- CASE 1-1

+ CASE 1.2

-A- CASE 2-1

0

+ CASE 2-2
I

i

5 I I

(a) Effect of rigidity of foundation ground

400 I

+ CASE 1-2

+ CASE 1-3

-A- CASE 2-2

+ CASE 2.3
1 1

1234 6 8
distance from reta~ing wall (m;

(b) Wfect of soil improvement technique

Figure 4. Distributions of earth pressure and settlement at
the base of reinforced backfill.
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the force equilibrium on the reinforced backfiil but also the
local deformation around the toe of the wall have to be
checkedfor its overall stability. For comparing the effect
of slope angle of natural ground behind the reinforced
bacld, it is obviously realized that it is not much
differencebetween two cases (CASE 1 and CASE 2).

5 CONCLUSIONS

Recently, the earth reinforcement practice has been applied
to the cases with more severe conditions such as on
relatively soft sloping ground or valious backcut angle
behind the backtl]l. These conditions on the bearing
capacity of foundation ground were evaluated.

The conclusions drawn from this study are listed as
follows:
(1) The effect of the angle of natural slope behind the
reinforced backfill on the bearing resistance of foundation
ground is less, so that this effect does not have to
consideredon the design calculation of bearing capacity.
(2) When the foundation ground is relatively soft, the
deformation property of the reinforced backfiil deeply
affects to the reaction at the base of the reinforced backfill.
Therefore, this should be considered in the design
calculation.
(3) For overall stability of the reinforced wall on relatively
soft sloping ground, not only the force equilibrium on the
reinforced backfill but also the local deformation around
the toe of the wall should be checked.
(4) The improvement technique around the toe of retaining
wall makes the settlement less and earth pressure
equivalent at the base of the reinforced backfill.

The field measurements such as earth pressure and
deformation of the reinforced backfill at this site are still
on the way at this moment. When the results of this
paper is compared with this in-situ measurement, it is
promised that the analysis results are quantitatively
evaluated.
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Abstract

The Authors propose a newtonian model for the dynamics of geogrid reinforced soil retaining walls,

based on a scheme with lumped masses having elastic, viscous and coulombian interactions. The

moclel allows to evaluate the local amplifications by integrating the elasticity and inherent damping

with the contribution of the geogrid layers. The aim of the present paper is the drawing, for the

different cases analyzed, of design charts which will allow engineers to evaluate the number and

characteristics of the geosynthetic reinforcing layers required to satisfy given safety requirements,

as a function of the characteristic parameters of the earthquake. A trial-and-error procedure for the

seismic analysis of geogrid reinforced walls is outlined.

Keywords: Geogrids, Dynamic Mechanical Analysis, Retaining Walls, Seismic Design, Seismic

Loads.
1. INTRODUCTION

A non-linear multidot’ newtonian model for the seismic

dynamics of slopes and walls on horizontally accelerated

bedrock (Carotti and Rimoldi, 1997),is taken as the basic
mathematical and computational support for a pseudo-
staticdesign procedurefor geosyntheticreinforced walls.

From the multidof model, a series of’ 2-D

response spectra and design charts have been obtained;

from such plots the following kinematic and mechanical

information can be deduced:

maximum values of the seismic response At the top

of the wall;

spectral values of the active coefficient of earth

pressure K,,lEunder seismic condition.

Based on these char[s, a trials-and-errors

procedure for checking the seismic feasibility of statically

designed reinforcements is presented for various peak

accelerations at bedrock md various frequency contents

of the accelerogram.

A first major group of parameters are discussed in the

present paper: successive developments which are under
way, will take into considerali(m other characteristics,

inc]uding the interlaycr stiffness and viscous damping.

19
2. NON-LINEAR NEWTONIAN MODELWITH GEOGRIDS

From laboratory tests (Montanelli and Moraci. 1997),
we assumethe following mechanical actions between the

geogrids and the soil layers on top and bottom, as a

consequence of the soil-geogrid interlocking:

1.

2.

an increase of the interlayer soil stiffness, proportional

to the elastic stiffness of the geogrids. From

monotonic tensile tests on geogrids (Fig. 1) the

load+strain curve has been reduced to a tri-linew

curve and the stiffness value in each linear segment

have been identified. We have focused the attention

on the l“ stage, with strain threshold El c ().()3. If

Llis the geogrid length in the direction of the seismic

acceleration, F is the tensile force applied to the

geogrid and A1 its elongation, we postulate that, in

condition of interlocking between the geogrids and

the soil layers, the con[rlbuted inter-layer stiffness is:

G E

An increase of the interlayer VISCOUSdamPing force..-
equal to the inherent viscous damping of the geogrid.

From sinusoidal cyclic tests (Montanelli and Moruci,

1997) with frequency f = 1.0 Hz (see Fig. 2) and

from the examination 0( an average elliptical cycle,

the avera:e viscous t’orcc F,,,. ( t’orcc in countuphasc
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3.

[o the velocity, when [he displacement Lsnil) has been

obtained, together with the value of the peak velocity

(product of the peak displacement, obtained from the

test plot, and of the circular frequency (II = 2n~of the

test). From the ratio force/velocity the damping
coefficient is immediately obtained. In details :

. & . F,,,,
Cgi

Al(t) E.L~.(s) (2)

where A] is the differential interlayer displacement

(Xi – X,_l ) , when perfect interlocking between soil

and geogrid has been assumed.

An increase of the interlayer damping due to the

friction between the geogrid and the soil layers, under

the weight of the soil. The frictional damping due to

the i-th geogrid (where N is the number of geogrid

layers) is:

,!

(3)
h=!

where the signum function sign(x~ ) introduces the

non linearity in the model, The direction of the

frictional force is determined by the sign of -ik. In

Eq. (3) $,, is the soil-geogrid interface friction angle;

g is the gravity acceleration.

The Newtonian equations of motion for the N-

DOF non-linear model with geogrids (N soil layers with

N geogrid layers) can be obtained taking into account

the elastic stiffness Kl,, the viscous damping CKand the

Coulomb-type friction force FC,induced by the geogrids,

defined in Eq.s ( 1)+(3).

Indicating with fi [he distributed load on top

of the wall, the Newtonian equation of motion for the i-

th layer is:

‘“L “1where a ~ M k + M represents the tOEJ] ~tItVltY

Iotid acting on the i-lb geogrid layer.

3. CONTROL OF DYNAMIC EQUILIBRIUM FOR GEOGRID

REINFORCEDWALLS

The steady dynamic equilibrium for a 1-DOF

(one Degree Of Freedom) linear oscillator under

sinusoidal resonant excitation is described in Fig, 3, where

[he inertia force is balanced - at maximum displacement

606-1998 Sixth International Conference on Geosyntheti
- by the elastic recalls.

In this non-linear model (see Carotti and

Rimoldi, 1997), the contribution of the friction force to
the equilibrium (at maximum displacement) of the i-th

reinforced layer of the wall must be taken into

consideration.

In the present research, a geogrid reinforced

earth wall is assumed, with a cohesionless backfill and

possible permanent surcharge loads on the top surface;

the vertical spacing S, of the geogrids and the overall

length L are taken as constant.

Here the following hypotheses are introduced:

the static earth pressure P~,,is balanced even in seismic

conditions by the friction Fc, and by the tensile strength

Tgi of the geogrids;

in seismic conditions, the forces Fc, furtherly provide

an increase of damping, the forces Tg, provide an increase

in terms of damping and stiffness;

the dynamic earth pressure Pad can be obtained

through the superposition of effects of the static earth

pressure Pa, and the seismic earth pressure Pa,, (suffix

“G” for geogrids and “E” for

earthquake):

Pad = Pa, + Pa~~ (5)

The earth pressures can be described with the Rankine

type equations:

Pad = !4 Kad y H’ (6)

Pa, = !h Ka, y H’ (7)

Pa~~ = Vi Ka~~ y H’ (8)

Therefore :

Pad = % (Ka, + Ka~-) y Hz

and :

Kad = Ka, + Ka~. (10)

due to the previous hypothesis. the dynmnic forces

can be studied independently from the static ones;

therefore now on only the equilibrium of the dynamic

forces will be considered.

The conditions ot’dynamic equilibrium and the

mechanical interaction between the two adjacent layer,

(i-1 )-th and i-th, are described in Fig. 3, which gives un
imagine at maximum displacement (zero velocity) of the

wall. Being in conditions of zero velocity, at this point ot

time the viscous damping force Fv is zero.

As said above, only the dynamic forces :~rc

(9)



considered here, without the static earth pressure Pad.

Let ‘IN. ; ‘e(i_l)
;F

1 ei represent, respectively, the

overall inertia force and the elastic recalls above and

F ; Fc, ; PagE,
under the i-th layer; and let C(]-1) 1 1

represent the upper and lower Coulomb friction force,

and the active earth pressure due to the i-th layer.

With the assumpion that the 1” modal shape is
dominating (Carotti and Rimoldi, 1997), then all the
displacements of the single layers are in phase. Hence

we can assume that there is a balance between the elastic

recall forces of the soil itselfi therefore Fe, is almost equal

to Fe(l -,, and computatiomdly they can be neglected.

Under these hypotheses, in condition of dynamic

equilibrium we h~ve (see Fig. 3):

(11)

F,N = – M, x,>

where T g. M the tensile strength in the g-eogrid under
1

the i-th soil layer (see Fig. 3):

Tg =F
Ci

‘]
(12)

When the expression of Eq, 8 is introduced, a

pseudo-static expression for the coefficient of active earth

pressure K4,~ under seismic excitation can be obtained:

2 PaaE
KagE = “9

y. H-

4. PRELIMINARYPARAMETRIC DISCUSSION

(13)

The following design parameters has been taken into

consideration for discussing the effects of geosynthetic

reinforcement on the seismic response of the wall.

a) Soil:
y=18kN/m~ ; +=25°-40” ; c=O

shear modulus G = 10’ kN/m~ ;

H=3m-6m-9m.

The first three natural frequencies and damping ratios

for the 3 m and 6 m high walls, without

reinforcements. we given in Table 1.
199
Tab. 1- Natural frequency f and dampingratio~ for some

of the walls considered in the parametric study.

H=3m. H=6m.

f ( Hz) c (%) f (Hz) < (%)

1st mode 5.63 4.9 2.95 1.3

2nd mode 14.43 14.3 8.8 3.8

3rd mode 25,89 22.6 14.45 6.3

b) Geogrids:

c)

Wehave considered the geometrical and mechanical
characteristics of the TENAX TT40 I Samp mono-

oriented geogrid, which have the following properties:

Unit weight: w = 0.77 Kg/m~

Polymer density: p = 0.950
Tensile strength: T = 80 kN/m

Elongation at peak: &~J~= Isyo

Strength at 2’ZOstrain: T,,, =26 kN/m
,, “ 5% ‘s ; T;,, =48 kN/m

Taking into consideration the cross sectional

area of the longitudinal stretched rib of the geogrids:

Al = 1.6 mm x 6.5 mm = 10.4 mm?, and a number of

50 ribs/m, the resistant section is: Ar = 5.2 x 10-’ m:/

m:

And therefore,

G~J, = T/Ar = 154 MPa

EPJ, = Ow,,/cp,, = 1185 MPa

o ,(J = T,,i f Ar =50 MPa

E;,{ = a~,~ 10,02 = 2500 MPa-,-

Other data used in tbe model are:

- soii-geogrid interface friction angle:

$,, = arctan (tan $ / f,,)

where the direct shear factor f,,, bas been assumed

equal to 0.80;

- constant vertical spacing: Sv = 0.6 m;

- geogrid length: L= 0.5H - I.OH

where H is the wall height.

bedrock excitation:
the following classes of accelerfition time histories

have been implemented:

cl) a stationary gaussian zero-means white noise,

low-pass filtered with fixed bandwidth
(0,5 Hz) and varitible peak acceleration.

varying between O.1 g [o 1. i g.

C2) as above but wi[h parametrically fixed peak

acceleration a! = 5 ms-~ and variable

bandwidth: Zrll the bandwidths

considered have [he same left cut-oft’

frequency (zero Hz) and different right cut-

8 Sixth International Conference on Geosynthetics -607
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off frequencies, ranging from 1 Hz to 10. By

this way the effects of many historic

hearthquakes can be modelled and simulated:

from very low frequency “near-fault”

earthquakes, to earthquakes with increasingly

wider bandwidths as the San Salvador ( 1986),

Mexico City ( 1985] and El Centro ( 1940)

records.

Using these types of bedrock excitation it is

possible to obtain the following spectra:

1. spectra under excitation cl: spectra of top relative

displacement and top absolute acceleration of active earth

pressure coefficient KJ~~ and the overall active earth

pressure P,l~ for two different geogrid lengths, are given
in Figg. 4, 5, 6. Such spectra are obtained by plotting the

maximum value of the response quantity (extracted from

the time history) vs the peak acceleration of the bedrock.

The family of parabolic curves are

monc,tonically increasing with the base peak acceleration.

Both K~,~and PJg~decrease with increasing geogrid length

L.

2. spectra under excitation c2: spectra as above vs
variablebandwidthof the bedrockacceleration,are given
as well in Fig. 4, 5, 6, respectively for the 3 m, 6m, 9m

high walls. The amplification effect when the seismic

bandwidth includes the naturol frequencies of the wall

(see Tab. 1) is evident: spectra show the possibility of

controlling such amplifications by means of geogrid

reinforcements of variable lengths.

Note 1: the 1“ mode of vibration is dominating in

reinflxced soil structures. Hence resonance occurs

around the frequency of the 1st mode (compare Figg. 4,

5 with Tab.1).

Note 2: For soil without geogrids, in order to stress the
influence of geogrids, the model has taken into account

only the viscous damping and not the Colombian one

(which has been accounted for in the model with

geogrids). As a consequence the model for soil alone is

not sensitive to the parameter @( in favour of safety);

hence in the charts all the curves without geogrids are

the same. This limitation will be eliminated in the future

developments of the model.

5. DESIGNCHARTS FOR GEWRID REINFORCED WALLSIN
SEISMICCONDITIONS

The tinalysis has been extended to the ranges 01

practical interest of the main soil and geogrid parameters.

Design charts are given in Figures 4, 5 and 6. The

following procedure can be used for the seismic analysis
of geogrid reinforced w~lls:

STEP 1:design the reinforced block in static conditions.

Adopting, as example, the “tie-back wedge” method. the

following three parameters shall be determined :

minimum length of gcogrids L!,1,,,’
vertical spacing S,,

overall number of ge(]grids: n~,,,1

608-1998 Sixth International Conference on Geosyntheti
STEP 2: the seismic input is established. At first, a
standard O - 5 Hz bandwidth and variable peak
acceleration are assumed (characteristic statistical
parameters of the time record, including RMS, crest-

factor and variance, can be imposed),

STEP 3: the design charts in Figg. 4-6 are then entered

and the seismic active pressure coefficient K,,[~ is

obtained.

STEP 4: the dynamic earth pressure coefficient Kd~ is

determined with Eq. 10; then the stability analysis of Step

I is re-calculated with reference to K,,~and allowing for

a reduction of the safety factor FS according to each

National Code (usually a 20% reduction of FS is

envisaged in the seismic Codes for earthworks, e.g.: a

reduction from 1.3 to 1.06 of the FS a FSP,II,),,,,,,.CI,UI,,,), ,

reduction from 1.5 to 1.2 etc. )

STEP 5: if any of the before mentioned checks at Step 4

are not satisfied, then by a trials-and-errors procedure

the following corrections may be introduced:

increase the number of geogrids and/or the geogrids

length L,

with these new values, the design procedure starting

from Step 3 is repeated,

as long as all the checkouts are satisfied.

STEP 6: the sequence from Step 2 to Step 5 can be

repeated for a different choice of the seismic input.

If the effects of variable bandwidths and fixed peak-

acceleration must be investigated, spectra at the bottom

in Figures 4-6 will be considered.
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Figure 1:Scheme of the mechanical interaction
between soil layers and geogrids in conditions of

dynamic equilibrium at maximum displacement (from

Carotti and Rimoldi, 1997).
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Figure 2: A cyclic tensile test for a typical HDPE
geogrid (from Carotti and Rimoldi, 1997).
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Influence of Reinforcement Stiffiess, Length and Base Condition on Seismic
Response of Geosynthetic Reinforced Retaining Walls

R.J. Bathurst
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K. Hatami
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ABSTRACT The paper reports selected results tlom a set of numerical experiments that were canied out to investigate the
influence of reinforcement stiffness, length and base boundary condition on the seismic response of a geosynthetic reinforced
full-height panel wall. The two-dimensional explicit finite difference program FLAC was used to carry out the numerical ex-
periments. The paper illustrates how program FLAC maybe a useful research tool to corroborate current empirical guidelines
for the pseudo-static analysis and design of geosynthetic reinforced wall structures or to propose new guidelines. For example,
the numerical results illustrate that the dynamic response of the simulated walls is very sensitive to base foundation condition.

KEYWORDS: Retaining walls, Geosynthetic reinforcement, Seismic analysis, Finite difference, Parametric study.
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1 INTRODUCTION

In North America, geosynthetic reinforced soil walls are rou-
tinely designed using pseudo-static limit-equilibrium meth-
ods for sites with peak horizontal ground accelerations
s 0.29g. A limitation of pseudo-static methods is that they
cannot consider the effect of duration of seismic loading, ac-
celeration amplification through the backfill soil, and
foundation condition on the development of reinforcement
loads and structure deformations (Bathurst and Alfaro 1996;
Bathurst and Cai 1995). The results presented in this paper
are part of an ongoing project directed at understanding the
dynamic response of geosynthetic reinforced wall structures
due to earthquake. The results presented in this paper show
that the two-dimensional explicit finite difference program
FLAC maybe a usefhl tool to investigate the seismic perfor-
mance of reinforced wall structures. Ultimately, numerical
simulation results of the type demonstrated here maybe used
to verify or modi~ currently accepted pseudo-static design
methods.

2 MODEL

The example walls were chosen to have the same height and
number of uniformly spaced reinforcement layers as the base
case example reported by Rowe andHo(1992) (Figure 1). A
preliminary set of static analyses were carried out using the
same geometry, material properties and reinforcement lay-
out as that reported by Rowe and Ho to confirm that FLAC
(version 3.30) analyses for the end of construction loading
case give similar results to their finite element analyses.
However, boundary conditions were then modified for the
current study to accommodate the need for a larger mesh and
other details related to the two different foundation condi-
tions investigated,

Each wall was modeled as a continuous panel with a height
of 6.0 m and a width of 0.14 m. The bulk and shear modulii
of the wall were KW= 20,000 MPa and GW= 10,000 MPa,
respectively. The wall was hinged at its toe using beam ele-
ments. The soil was modeled as a purely fictional elastic-
right edge of numerical grid
free-field transmitting boundary

~— 40m —1 ~

~ 1-““m+
free-;eld transmitting boundary

Figure 1. Numerical grid for example problem with fixed
base condition.

al 2<
El
c
o.= o
~
Q –1
a)oula –2

0123456
time (s)

Figure 2. Base acceleration-time history.

plastic material with a Mohr-Coulomb failure criterion and
non-associated flow rule. The friction angle of the soil was
~= 35°, dilatancy angle ~ = 6° and unit weighty= 20 kNl
ms. The bulk and shear modulii of the soil were KS = 27.5
MPa and G, = 12.7 MPa, respectively.



A uniformly spaced reinforcement was considered in the
model. The reinforcement was modeled using linear elastic
cable elements with negligible compressive strength and an
equivalent cross-sectional area of 0.002 m2. The stifl%essof
the reinforcement (J) was a variable in this set of parametric
analyses. The tensile yield strength of the reinforcement was
TYield= 200”kN/m to ensure that reinforcement IUptUrewas
not a failure mechanism.

The interface between the reinforcement (cable elements)
and the soil was modeled by a grout material of negligible
thickness with interface friction angle bg = 350. The bond
stiffhess and bond strength of the grout model were taken as
kbond= 2 X 106MN/m/m and sb~.d= 103kN/m, respectively.
The interface and grout properties were selected to simulate
a perfect bond between the soil and reinforcement layers.
The soil-wall and soil-foundation interfaces (for the siiding
wall cases) were modeled using a thin soil layer of 0.05 m
thick. However, the fiction angle of the interface layer be-
tween the reinforced soil and the panel wall was set to @int
= 20°and the dilatancy angle to ~int = 0°.

The numerical grid was selected to represent an infinitely
wide region. To achieve this condition the soil region was ex-
tended to 40 m beyond the back of the wall and a free field
boundary condition was applied at the truncated boundaries
at the left and right edges of the grid to allow for the radiation
of elastic waves to the far field.

The soil and reinforcement elements were constructed in
layers while the panel wall was braced horizontally. The
propped panel supports were then released in sequence from
the top of the structure as reported by Rowe and Ho. After,
static equilibrium was achieved, the fill width of the founda-
tion was subjected to the acceleration history illustrated in
Figure 2.

Table 1. Numerical simulation configurations.

Test Base condition L/H J (kN/m)

1
2
3
4
5
6
7
8
9
10
11
12

fixed
fixed
fixed

sliding
sliding
sliding
fixed
fixed
fixed

sliding
sliding
sliding

0.7
0.7
0.7
0.7
0.7
0.7
1.0
1.0
1.0
1.0
1.0
1.0

500
1000
2000
500
1000
2000
500
1000
2000
500
1000
2000

3 PARAMETRIC ANALYSES

The test configurations considered in the current investiga-
tion are summarized in Table 1. The base foundation condi-
614-1998 Sixth International Conference on Geosynthetics
tion was either fixed (i.e. the toe of the wall was slaved to the
foundation but was fi-eeto rotate) or free to slide horizontally
along a thin 0.05 m thick layer of soil and rotate about the toe.
The stifiess (J) and length (L) of the reinforcement were
also varied as shown in the table. The synthetic horizontal ac-
celeration record shown in Figure 2 was applied to nodes
along the entire base of the numerical grid at equal time inter-
vals of At = 0.05s. The accelerogram simulates aground mo-
tion with both increasing and decaying peak acceleration
portions. The peak amplitude of the input acceleration was
0.2g with a dominant frequency of 3 Hz which is typical of
medium to high-frequency content earthquakes. A mass pro-
portional damping of ~ = 0.05 was assumed for the model.
The total duration of the input excitation was limited to 6 se-
conds in order to minimize computational time.

4 RESULTS

4.1 Wall Displacements

Wall displacements predicted at the end of the excitation pe-
riod are shown in Figure 3. For the same base condition, the
total wall deflections diminish with increasing reinforce-
ment stifhess. Similarly, for the same base condition and re-
inforcement stiffness, there is less total wall displacement for
L/H=l.0 compared to configurations with L/H=O.7. Howev-
er, the plots show that for the range of reinforcement stifiess
values used, the base condition (fixed or sliding) has a greater
influence on wall deflection than the magnitude of reinforce-
ment stiffness. In addition, the dative wall deflections taken
with respect to the wall toe are less for the sliding foundation
case than for the fixed toe case.

4.2 Reinforcement Forces

In general, reinforcement forces were observed to accumu-
late with duration of seismic shaking. Figure 4 shows the rel-
ative distribution of axial forces in the reinforcement layers
at the end of the 6 second acceleration record. The reinforce-
ment forces at the connections were almost always greater
than the internal reinforcement forces at all stages of the nu-
merical experiments including end of construction. This
trend can be attributed to the relative downward movement
of the reinforced soil zone relative to the continuous wall
panel.

Figures 5a and 5b show the distribution of maximum total
reinforcement force (typically at the end of the shaking dura-
tion when ground accelerations have returned to static condi-
tions) and the distribution of forces at the end of construction
for each experiment (initial). The largest reinforcement
forces at the end of construction and after dynamic loading
were predicted for the sliding foundation case. The distribu-
tions of maximum total reinforcement forces are very differ-
ent for sliding and fixed foundation cases. The influence of
toe fixity and the structural panel member on reinforcement
forces is clear in the two figures. The maximum reinforce-
ment force occurs at the bottom layer for the sliding cases
while the peak reinforcement layer occurs at the second from
bottom layer for the fixed toe condition. The maximum total
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reinforcement force distributions are relatively insensitive to
reinforcement ratio (L/H) for the two values investigated but
relatively sensitive to the reinforcement stiffness value under
dynamic loading. Reinforcement loads increase with rein-
forcement stiffness. Superimposed on these two figures are
predicted reinforcement forces using Rankine earth pressure
theory and Coulomb earth pressure theory. These curves do
not capture the trend in reinforcement loads at the end of
construction for both foundation conditions and are general-
Iv verv much lower in mamitude than the ueak reinforce-. . .
ment forces generated as a result of shaking.

Figures 6~and 6b show the peak dynam~ increment force
recorded in all simulations. These values are calculated by
subtracting the total dynamic load curves in Figure 5 tlom
the corresponding initial static values. Superimposed on the
figures are the predicted dynamic increment forces using the
current AASHTO (1996) method with a peak ground accel-
eration of 0.2g. In general, the empirical AASHTO method
underestimates the magnitude of additional reinforcement
forces. In addition, the trend in additional reinforcement load
cannot be captured by the empirical AASHTO curves for the
fixed toe condition.

4.3 Other

Figure 7 shows a plot of shear zones in the failed volume of
soiI within the reinforced zone and in the retained fill. This
figure is typical of all numerical simulations reported in this
paper. There was no evidence of a well-defined Ranlcine type
failure surface contained within the reinforced soil zone.
Rather, the reinforced soil zone acted as a parallel sided
monolithic mass. Large shear strains were recorded at the
wall-soil interface and at the reinforced soil-retained soil in-
terface. The failure volume can be approximated by a bili-
near wedge with the orientation of the linear segment in the
retained soil approximately 310 from the horizontal. This
failure surface orientation is consistent with Mononobe-
Okabe earth pressure theory when ground acceleration arn-
plitication is considered (i.e. peak accelerations in the soil
were as great as 2 to 3 times the 0.2g peak input value at the
base of the structure).
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5 CONCLUSIONS

Program FLAC holds promise as a numerical simulation tool
to investigate the seismic response of geosynthetic rein-
forced soil walls. In particular, the numerical results maybe
used to corroborate current empirical guidelines for the pseu-
do-static analysis and design of geosynthetic reinforced wall
structures or to propose new guidelines. More work remains
to investigate a wider range of wall geometries and facing
types before predictions based on program FLAC can be
used as an aid to the development of simplified seismic de-
sign guidelines. However, it is important to note that the seis-
mic response values reported in this paper have not been veri-
fied against laboratory models of any scale. The writers are
currently carrying out reduced-scale shaking table tests of
geosynthetic reinforced soil walls that will be used to cali-
brate numerical simulations and to verifi simulation results.
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The Verrand High Reinforced-Soil Structure
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ABSTRACT The Verrrmd Embankment is a 27.5 m High Reinforced Soil Structure topped by a 10 m high unreinforced
embankment, located at the bottom of a steep V-shaped valley, in the Italian Alps. Scope of the structure, which was
completed by the end of 1996, was threefold: providing a stabilizing weight to the natural slope, providing a disposal for
material from tunnel excavation and providing access beyond the embankment. The reinforced portion mainly consists of
three 9 m high blocks, with face angle about 60° from the horizontal. The reinforcements are non-woven geotextiles. The
Paper describes the project geometry, fill and reinforcing materials as well as the constmction sequence. Monitoring data,
collected since the early construction phases, are also presented and discussed.

KEYWCIRDS: Reinforced slope, Geotextiles, Case study, Construction, Deformations

1 INTRODUCTION The reinforced portion mainly consists of three 9 m
A new highway comecting the Monte Bianco Tunnel with
the city of Aosta, in the Italian Alps, requires the construc-
tion of a bridge, some 600 m long, parallel to a very steep
slope, about 35 to 40° from the horizontal. The slope
forms the left side of a V-shaped valley, created by the
Dora Baltea River.

The geology of the site is quite complex. Originally, the
valley was filled by a very large earth and rock slide.
During the latest glaciation the slide materials were over-
consolidated by the action of a thick layer of ice. Locally,
concretions of carbonate-rich waters had also formed. By
the end (ofWurmian glaciation the increased erosive poten-
tial of the river deeply cut the overconsolidated deposits.
The slope material, which is observed today, can be de-
scribed as a silty sand matrix containing gravel and large
boulders, slightly cemented. The surticial part of the mass
is often decompressed. The natural water table daylights
in the bottom half of the slope.

Presently the slope is close to limit conditions and
repeated slides of limited extent occur, whenever the river
cuts into the toe of the slope. A particularly large slide
took place, in the early years of the century, near the
village of Verrand.

Pier #4 of the bridge is located within the perimeter of
this slide. It was thus decided that the slope had to be
stabilised with a high buttressing embankment.

The steepness of the valley sides imposed the use of
reinforced soil technologies, so that the volume of fill and
thus the stabilizing weight could be maximised. As a side
result of this solution, a large volume of muck from
nearby tunnel jobsites could be disposed in an environ-
mentally acceptable way.

2 PROJECT DESCRIPTION

The Verrand Embankment, shown in plan on Fig. 1, is a
27.5 m High Reinforced Soil Structure overlaid by 10 m
of unreinforced, 1.5H to 1V embankment. The structure is
some 150 m long for a total volume of about 120000 m3,
out of which 50000 m3 are reinforced fill.
high blocks, with face angle of 60° from the horizontal.
The blocks are stepped to create 5 m wide sloping berms,
almost parallel to the riverbed grade. A 5 m wide service
ramp runs on the lower berm and cuts the second and third
blocks. A ramp was necessary for construction and to
provide access beyond the buttress.

The area where the lower block is founded was cleaned
and excavated to reach a competent foundation. Also the
natural slope was cleaned and stepped in order to get a
better interlocking with the new fill. This operation was
carried out as filling progressed.

The toe of the HRSS had to be protected from river
action by a cyclopean wall, about 4 m high. Additional
riverbed training and erosion preventive works are pre-
sently underway.

A deep drainage was located at the contact between fill
and natural slope, in order to keep water away from the
reinforced fill. The drainage system consisted of two
sloping collectors along the sides and one collector at the
toe. All collectors were created backfilling a trench with
selected gravel, wrapped in a geotextile separator. The
drainage system also included geonet bands placed on the
slope at 10 m spacings, across the collectors. Drainage in
form of bands instead of a continuous sheet was selected
in order to avoid creating a low friction contact between
the new fill and existing slope. In addition, a number of
nearly horizontal drain holes heading in the main drainage
collector were drilled to depress the piezometrk level as
far as possible inside the slope. The main collector dis-
charges to the river, on both sides of the embankment.

A surface drainage system was also foreswm. Rain
water is collected and carried to the river by a system of
ditches and collectors, running along the berms and along
the slopes. Collectors along the slopes are included in the
facing system and consist of trapezoidal channels on
galvanised steel.

3 THE REINFORCED SOIL

The first step in designing a reinforced soil structure is
selecting the facing technology, on account that it strongly
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Figure 1. Plan of the Verrand High Reinforced Soil Structure

well graded cmshed rock with a relatively large sand and
influences the construction process and the overall struc-
tural behaviour. Due to environmental constraints, it was
chosen one patented facing systems, resulting in a com-
pletely grassed surface, once construction completed.

The basic element of the selected facing technology are
0.5 or 0.6 m high, L-shaped forms made by a welded wire
steel mesh, left in place. Each form element is to be bent
to an angle which is the one selected for the slope. Short
steel tendons holding the two arms of the forms keep the
section undeformed during lift compaction. A light woven
geotextile is placed inside the form to retain the soil. The
fill material is usually spread and compacted in half form
high lifts, stopped 0.4 m short from the form. A band of
topsoil is placed between the woven geotextile and the lift
edge, in order to create a support for vegetation growth.
The surface is finally hydroseeded so that it becomes
completely and permanently grassed in a short time.

The appearance of the grassed surface at Verrand
HRSS before and atler hydroseeding is shown in Fig, 2.

An heavy vibrating roller is normally used to provide
the necessary compaction effort. The roller actually used
at Vermnd was a DYNAPAC CA35 Class (7 static tons on
drum), instead of the specified CA 25 class (5 static tons
on drum). The roller moves parallel to the slope, covering
the whole spread of both fill and topsoil placed over the
geotextiles, up to the forms.

4 MATERIALS FOR CONSTRUCTION

The fill material placed within the reinforced section was
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silt fractions, obtained by processing tunnel muck, This
material mainly came from tunneling in schists. The
tunnel muck was first crushed in order to reduce its
maximum grain size to 150-200 mm and then mixed with
material obtained from open air excavations. The latter
material was added considering that a relatively high
content in sand and silt fines could reduce the potential for
damaging the reinforcements.

The specifications for till materials could not be exces-
sively tight, on account of the fact that random tumel
muck from different excavations fronts were used to
supply the needed volume.

The backfill was basically the same material with
maximum size in the order of 500 mm. No processing was
required for the backfill.

The reinforcements used at Verrand were anisotropic
nonwoven geotextiles, continuous filament, needle-
punched, Polyester (PET) fibre of three grades, manufac-
tured by Fritz Landolt A.G., Switzerland. The nominal
tensile strengths of the geotextiks were 40, 100 and 120
kN/m and their main characteristics are summarised in
Table 1.

The reinforcements of grade 1000 and 1200 are quite
thick and sometimes the unrolled sheets were undulated.
This required special care during placement, in order to
avoid wrinkles under the lifts, which might reduce the
overall stiffness of the reinforcements. The abcwe defor-
mation were mainly considered to be a consequence of the
production process.



the upper part.

Table 1. Main characteristics of geotextiles FLN-TEXA some additional damage is inevitably produced.

used as reinforcement at Verrand HRSS

Type Mass Machine direction Transverse direction

Strength Elongation Strength Elongation
at failure at failure

Il__b@21 K N/ml [%] [kN/m] [%]

350 350 48.5 36.8 21.8 37.6
1000 900 115.5 38.3 47.8 36.2
1200 1050 132.7 40.1 55.4 39.6

Geotextiles survivability was checked by full scale tests,
under the worst expected condition, i.e. with the coarsest
fill compacted in 0.3 m thick lifts. After placing the
geotextiles sheets on a compacted layer of fill, 3 additional
fill lifts were spread and compacted with the same roller
used in construction. The reinforcements were then care-
fully dug out. Exhuming operations are very difficult and
The most damaged zones of the unearthed sheets were
thoroughly mapped. From those zones, specimens were
taken, described and tested according to UNI-8639 (Ra-
Iian) Standard. This testing procedure requires 100 mm
wide and 200 mm long tubular (folded) specimens (Caz-
zuftl et al., 1986).

Damages were not uniformly distributed over the geo-
textiles, but rather concentrated in patches. This is probab-
ly related to coarse particles segregation processes in the
fill, as shown in Fig. 3. The tendency for damages to
concentrate close to the outer slope was observed. Appar-
ently segregation tends to increase along the edge of a
given lift. Special attention should be devoted to avoid
excessive segregation and hence excessive damages near
the face, considering that here tensile stresses are the
greatest. The extent of the damaged areas was about 50%
of the reinforcements width.

Damage was classified under three main types: tears,
through-going punctures and partial punctures. Tkars were
large damages probably related to the unearthening opera-
tions and were not considered in the analyses. Through-
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going punctures are the most significative damages on

Figure 3. Compacted fill material surface under a reinfor-
cement. Segregation of coarse particles in foreground is
clearly visible

The geotextiles tensile strength values were reduced to
account that they produce an appreciable loss of strength.
They are small cuts, either rounded or linear, randomly
oriented, 10 to 30 mm long. Partial punctures are small
indentations, where the filaments are displaced and not
necessarily cut.

Within the most damaged zones, the number of ob-
served through-going punctures ranged from a minimum
of 40 per square meter (30 per sq. yard) to a maximum of
100 to 120 per square meter (80 to 100 per sq. yard). The
corresponding average strength loss was in the order of 50
to 60%. The above results could be observed on all the
reinforcement examined and are in good agreement with
previously published works (Sembenelli, 1995).

On account that the most damaged zones spread over
about half the width of each reinforcement, it may be
concluded that the actual strength retained by the whole
reinforcement is 70 to 75% of that of the undamaged
material. Correspondingly, the appropriate Factor of
Safety to account for installation damage is Fd = 1.35 to
1.45.

Our observations suggest that the maximum particle size
has more influence on the width of the damaged areas than
on the level of damage itself.

5 DESIGN OF THE REINFORCEMENT DISTRI-
BUTION AND LENGTH

The selection of the reinforcement requirements (force and
length) was based on the limit equilibrium. In the Writers’
opinion, when dealing with complex High Reinforced Soil
Structures, this is still the most suitable design tool avail-
able.

The total horizontal force necessary for equilibrium was
determined on a homogeneous unreinforced cross section.
The required tensile force to be taken by the reinforce-
ments was then computed as the force required for obtain-
ing a minimum Factor of Safety Fs = 1.3 against sliding.
The computations were carried out with the Simplified
Janbu Method, working directly on horizontal forces.

The assumed geotechnical characteristics of the fill
material were: total unit weight TUW = 21 kN/m3,
cohesion c = O kPa and angle of friction ~ = 35°. Tri-
axial CD strength values, obtained from 100 mm dia-
meter, compacted specimens, were larger than the as-
sumed ones. However, a conservative value of the friction
angle was selected to take into account the reduction of
friction at high confining pressures and high strain levels.
With this, the conditions of the lower block and situations
of excess of silty frees were covered.

Several design sections were analysed, in order to cover
all typical configurations. On each section a number of
potential sliding surfaces were selected, so that part of a
single block as well as one or more blocks were cut. The
computed maximum horizontal force needed for equi-
librium a.t each potential sliding surface was hence distri-
buted over its height. Finally, the minimum required
reinforcement was computed as the envelope of the above
values.
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account for installation damage, long term durability and
creep. The Design Strength was finally assumed to be
27% of the Wide-Width (500 mm) strength determined
according with CNR-UNI (Italian) standards (Cazzuffi et
al., 1986).

The length of the reinforcements was selected so that
the computed minimum factor of safety for surfaces pass-
ing just beyond the reinforcements would be Fs = 1.3.

Detailed drawings of each reinforcement level were
provided to the Contractor to ensure a proper distribution
of the overall strength and to minimise wastage. This
required a large number of construction drawing, includ-
ing plans, front views and cross sections. The curved con-
tours of the reinforced embankment surface required de-
tailed drawings to show the exact location in plan of both
the reinforcement sheets and their overlaps.

The heaviest reinforcements were located within the
lower blocks, not only to fulfil strength requirements but
also to provide greater stift%ess. Grade 350 reinforce-
ments were used only locally in the very upper portion of
the upper block. Additional reinforcements at the base of
the top unreinforced till were introduced to reduce the
earth pressure on the reinforced blocks.

A typical reinforcement distribution is shown in Fig. 4.
It is worth noting that the imer side profile of the reinfor-
cements is stepped in order to meet the overall stability
requirement.
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Figure 4. Design cross section 12 with blocks numbering,
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6 CONSTRUCTION

Construction started in summer 1994. The lower block
and about 3 m of the mid block were completed by No-
vember 1994. From winter 1994 through April 1996, con-
struction was stopped, due to non-technical reasons. Fill
could not be placed between late November and early
April anyway, on account of the cold climate.

After resuming construction, the reinforced portion was
completed early in September 1996 and the unreinforced
fill was hence added to final grade. Actual construction
took about 9 months.

The flow of material from neighborhood excavations
was slow so that a standard production, say 300 to 500
mlllday for a crew of 3 men, could not be sustained.

Hydmseeding was carried out early in 1996 for the
lower part, already completed at that time, and at the end
of 1996, for the upper blocks. Some delay between
completion of construction and seeding is usually tolera-
ted, though not beneficial for the facing which remains
unprotected.

A large flood, in the order of 600 m3/s, occurred in the
summer of 1996. The estimated return period of such
flood was 50 years. The water level rose to the top of the
toe wall, but no effects were noted on the reinforced
embankment, though a scour, up to 2 m deep, produced
in the riverbed.

7 BEHAVIOUR

Since early construction, vertical and horizontal displace-
ments were monitored, with topographic surveys of refer-
ence points at cross sections 6 and 12. On the same cross
horizontal average strains. Due to installation problems,
however, no one of the bases gave reliable readings.

The selected reference points were special plates and the
heads of the extensometers. Horizontal displacements were
measured from stations located on the opposite bank of the
river, so that the distance behveen station and measuring
points was in the order of 100 m. The location of the
reference points on cross section 12 are shown in Fig. 4.

Plates and extensometers are similarly located in section 6.
It should be noted that the extensometer 2E in section 6 is
below the service road.

The main data recorded are summarised in the time
histories of Fig. 5 and 6. The shape of all displacement
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Figure 5. Horizontal and vertical displacements measured
on section 6. See Figure 3 for key

curves is hyperbolic and a horizontal asymptote appears to
be reached after 9 months, from completion.

At Section 6, the maximum horizontal displacements is
in the order of 70 mm, on the lower plate of the lowest
block. The upper blocks exhibited lesser horizontal displa-
cements, in the order of 50 mm. Vertical displacements
range between 30 and 45 mm.

At Section 12, the measured horizontal displacements of
the lower block are somehow larger, with maximum in the
order of 100 mm. The horizontal displacements of the
upper blocks were approximately 50 mm. Vertical displa-
cements are about 70 mm, in the lower block, and 40 mm,
above.

The normalised Horizontal Displacements with respect
to the relevant height vary over a wide range, between
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ds/H = 0.25 % to ds/H = 0.56 %. A good correlation
between the normalised height and the average slope
above the reference point, to which displacements are
referred, seems to exist as shown in Fig. 7. Data from
Champagne HRSS, a similar structure built according with
the same facing technology, are also included for refer-
ence (Sembenelli, 1995). The experimental points from
Verrand HRSS fit to a logarithmic curve, with a satisfac-
tory correlation. Only one point from Champagne HRSS
lays close to the above fitting curve while the other ones
lay on an almost parallel curve. This latter points actually
refer to a different condition, which included an arched
facing and geogrids reinforcements (Sembenelli, 1994).

All points, which fall close to the fitting curve, are
related to structures built with well graded (silty) sand and
gravels, reinforced with non-woven geotextiles.

Casagrande Standpipe Piezometers will also be installed
in order to monitor the water table in the long term.

ACKNOWLEDGMENTS

The Owner of the Monte Bianco-Aosta Highway is RAV -
Raccordo Autostradale Vane d’Aosta spa, Roma, Italy.
The permission for publishing the above is deeply acknow-
ledged.

VIAIXYTTI COURMAYEUR a.t. i., a Joint Venture
headed by ASTALDI spa, Roma, Italy, is the Contractor
in charge of construction. Most of the measurements were
carried out by the Contractor’s personnel, whose support
is also acknowledged.

624-1998 Sixth International Conference on Geasynthetics
y = O. 6995Ln(x) -2.3437

R2 = 0.8902
1.00

0.90

0.80

0.70

0.60

0.50

0.40

0.30

0.20

0.10

0.00

0 10 20 30 40 50 60 70 80 90

A VERA GE SLOPE ABOVE PLA TE [01

M Verrand/gtx A Champagne/gtx

e Champagne/grd ‘Log. (Verrand/gtx)

Figure 7. Normalised horizontal displacements vs. average
slope

REFERENCES

Cazzuffi, D., Venesia, E., Rinaldi, M., and Zocca, A.
(1986) “The Mechanical Properties of Geotextiles: Ita-
lian Standard and Interlaboratory Test Comparison”
i%ird International Conference on Geottxtiles,
Geomembranes and Related Products, Vienna, Austria,
Vol. 3, pp. 695-700

Christopher, B.R., Gill, S.A., Giroud, J.P., Juran, I.,
Mitchell, J.K. and Dunnicliff, J. (1989) Design and
Construction Guidelines for Reinforced Soil Structures,
Report No. FHWA-RD-89-043, McLean, VA

Jewell, R.A. (1990) “Strength and Deformations in Rein-
forced Soil Design ”Fourth International Cony%ence on
Geottxtiles, Geomembranes and Related Products, The
Hague, Netherlands, Vol. 3, pp. 913-946

Sembenelli, G. and Sembenelli, P. (1994) “Experiences
with High Reinforced Soil Slopes ”Fljlh International
Conference on Geotextiles, Geomembranes and Related
Products, Singapore, Vol. 1, pp. 479-482

Sembenelli, G. and Sembenelli, P. (1995) “An Approach
to High Reinforced Soil Stmctures”in 2he Practice of
Soil Reinforcing in Europe, Ed. by T.S. Ingold, Thomas
Telford, London, UK, pp. 139-152



GEOGRID REINFORCEMENT OF SLOPES FOR EARTHQUAKE
RESISTANCE AT THE NEW U.S. EMBASSY IN CARACAS,
VENEZUELA

J.R. Lambrechts
Vice President, Haley & Aldrich, Inc., Cambridge, Massachusetts

ABSTRACT: Construction of a new U.S. Embassy building in Caracas, Venezuelaposed a number of site stabilization challenges
that were overcome with extensiveuse of geosynthetics. The new site contained several deep, steep sided valleys that had been
previously filled in an uncontrolled manner. These 15 to 30 m thick fills were stabilized by installing more than 200,000 sq.m.
of geogrid to provide necessary seismic stabtity in what was the largest application of geogrids in South America, and ranks high
in worldwide use at a single building site. Two large walls supported with gee-mechanical stabilization were incorporated into
slope stabilization design. This paper reviews the site conditions, design requirements that prompted the use of geogrid
stabilization, and the unique application for stabilizing long sloping valley fills placed on bedrock.

KEYWORDS: Geogrids, Slope stabilization, Reinforcement, Seismic design.
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The construction of the new U. S.Embassy building in
Caracas, Venezuela required extensive site stabilization
with geogrid to make the long, steep slopes on the site
resistant to the local severe earthquake design conditions.
Stability considerations that were incorporated into slope
reinforcement designs required special construction to
provide resistance to interface sliding of reinforced fill
along the surface of underlying sloping bedrock. Other
applications of geosynthetics included support of retaining
walls and surface slope stabilization using cellular
confinement systems in landscape areas of steep final
ground surface.

1 SITE CONDITIONS

1.1 Local Geology

The site of the new embassy is in the Alameda area of
southeastern Caracas, near the top of a high ridge that rises
more than 150 m above a major southern trending valley
corridor in this city of 5 + million people. At the edge of
the Ctibbean tectonic plate, the region is seismictiy
active, and mountains and hilly terrain are present
throughout. The bedrock in the area of the embassy is a
dark gray micaceous, cdcareous schist, which is a member
of the Las Mercedes Formation.

The locai hilly topography results from erosion of the
bedrock. The tropical environs has produced deep
weathering of the bedrock. A mantle of residual soils that
has developed over the weathered bedrock is typical for
such environs, with gradual transition from weathered
bedrock upward through decomposed bedrock, which
becomes residual soils, and finally topsoil.

1.2 Original Site Preparation for Development

An area of several square miles south and east of the
embassy site was developed in the early 1980’s, with level
building lots being formed on previously steep sloping
hillsides. The initial site development in the early 1980’s
involved considerable earthwork to make level building
lots in the originally hilly terrain. This involved
bulldozing off topogra@ic high ridges to fill in the deep
intervening, incised valleys.

Several building lots were combined to make a site
large enough to accommodate the security needs of a
U. S.Embassy. Most of the ,abassy site had been
transformed from hilly terrain, to a series of relatively
level plateaus by extensive cutting and filling. Figures 1.a
and 1.b present the pre- and postdevelopment site
topographic conditions, with the major fill areas labeled.
The principal building and land uses of the new embassy
are also indicated.

Figure 1.a Pre-Development Site Topography
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Figure 1.b Conditions After Development Grading

Ground surface across the majority of the developed
site area varies El. 945 m to El. 990, but lower levels to
El. 915 occur at the bottom (east end) of FiU 2. Bedrock
was exposed at ground surface after site development in
the flat areas and on slopes between the FiUs., Only about
half of the FiU 4 area, at the southwest side of the site, is
within the site limit, with the remainder continuing across
the road and onto the sites on the other side of the street.
Similarly, Fill 3 continues downhill beyond the site limit
and road, and beneath the lot across the street. The design
of stabilization for each Fill area had to account for these
conditions.

The Fills were found to be 20 m to 35 m thick, with
density being generrdly loose to compact. The fill was a
mixture of the topsoil, the residual soils, and the
decomposed and weathered bedrock. Gradation of fill
genemlly varied from silty coarse to fine sand, to medium
to fine sandy silt, aU with trace clay and rock fragments.
Some organic matter was also randomly present. Since
there had ‘been little clearing and grubbing prior to vaUey
tilling, in many borings topsoil and residual soil were
found below fill. Also, as a result of the bulldozing of
ridges, vegetation was sometimes found buried in bottoms
of fills. Based on results of test boring Standard
Penetration Test N-values, the following strengths were
assigned to the various strata:

S!K@m Friction Amzle Unit Wekht
y (kN/m3]

UncompactedFill 19.6
Residual Soil

(& Topsoil) 25 20.4 (18.8)
Decomposed Rock 35 21.2
Schist Bedrock 40 22.0
Compacted BackfiU 33 20.4
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2 DESIGN CONSIDERATIONS

Site use requirements for the proposed ~bassy
necessitated adding fiUon the slopes of FiUs 2 and 3, and
changes in grading on Fill 4. Also, in certain areas
adjacent to the new building, filling was necessary for
landscaping, with slopes as steep as 45 deg. However, the
calculated stability of the FiU slopes existing before
construction was marginal for even static conditions.
Conditions for Fill 2 we shown on Figure 2, indicating
new fiU necessary. for required final site grading and
cn”ticalstability surfaces. Similar Factors of Safety were
found for Fill 3. Factors of Safety were calculated using
theprogram GEOSLOPE for the Janbu procedure to study
irregular sliding models. The constraining effects of the
buried valleys were considered, and applied by increasing
the calculated Factors of Safety by 10 %, per findings of
Baligh and Azzouz (1975).

980
Elev
(m)

950

F.s.-.
n SISm :Shailow 0.9-1.1
-~--”’” ,Deepl.1 -1.2 i

Figure 2. Stability Conditions of Original FiU 2

_ geotechnicd design considerations stem ffom
the severe regional seismicity, which requires design for
Richtermagnitude 7.0. From earlier site specific
seismicity study, the design earthquake was determined to
produce bedrock horimntal acceleration of 0.30g. This
was used m seismic slope stabilityanalyses, which lowered
calculated factors of safety to considerably below 1.
Major reconstruction of the large site tills was therefore
imperative.

Design for developed site required. static Factor of
Safety of 1.5, and for seismic conditions a FS of at least
1.0, plus the requirement that toe of slope not move
beyond the property line as result of earthquake shaking.
To satisfy these requirements, it was found necessary to
ranove and replace considerable amount of the existing fill
in the three major Fills.

3 DESIGN OF SLOPES USING GEOGIUD

In designing the stabilized fills for surface slopes as steep
as 2 her. to 1 vert., extensive use of geogrid
reinforcement was essential to meet design criteria. Slope
stability Factors of Safety were calculated using friction
angle of reinforced fiUjudgegd to be at least 5 deg. more



than compacted backfill; i.e., 38 deg. Generalized profile
through Fill 2 in Figure 3 shows the extent of reinforced
fill necessary to meet design requirements for both the
resist deep seated and shallow instability. As indicated,
the dynamic conditions were the more severe, and thus
necessitated more geogrid fhan would have only static
considerations.

r Existing fill \

980.
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(m)
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920-

Compscted fill

Reinforced fill
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I
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F.S.,,-–
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Figure 3 Calculated Stability for Reinforced Fill
Buttress in Fill 2

However, design consideration was necessary to
prevent a possible sliding surface from occurring on the
interface between reinforced fill and bedrock, which
would have been at the lower strength of the unreinforced
fill. A means was devised to anchor the geogrid
reinforced fill into the bedrock using “step cuts” into the
weathered rock (below the decomposed rock). The need
to “tie” the reinforced fill into the bedrock illustrated in
Figure 4; the Tg force would have to be developed to
bolster base friction is to prevent sliding along the bedrock
surface.

Bedrock

Figure 4 Sliding Block Model for Slope Stabilization

The necessary tension force from the geogrid was
determined from the slope stability calculations as
increments of load applied to bottoms of slope slices to
hold the slice in place, thus supplementing base friction.
The geogrid force, Tg, provides the increase in fictional
,,
resistance to make up the 5 deg. difference in friction
angle between the compacted unreinforced fill and the
reinforced fill. This force was then converted into
equivalent length of geogrid using reasonable grid
spacings and applying the equation shown in Figure 5.
The equation parameters were derived from FHWA
(1989).

.—

/
,/

--—~—”—_.—.l “=+%
“

/ I .

/ ‘ “-” Step cut

Figure 5 Model for Determining Embedment Length

The key feature to make the geogrid reinforcement
effective was the use of “step cuts” into the top of
bedrock, as shown in Figure 5. The width of the step cuts
had to be long enough to engage the Le of the geogrid.
This was generally accomplished by limiting the height of
cut to 2 m. since fhe slope of bedrock was relatively
gentle, see Figure 3. The upper layers of geogrid in each
step cut were less than fully effective, but this was taken
into account in the overall stabilization design.

Further, the effectivenessof the engagement zone was
‘enhanced by use of coarse to medium sand as a 1 m
minimum thickness “slope drain” layer betsveen the
retiorced till and bedrock. The slope drain contained less
than 5% fines and is used to keep piezometric pressures
from building up in the base of the reinforced till.
Although bedrock was not found to :freely yield
groundwater, infiltration over the life of the project from
surfke imigation, rainfall, or the surface draimge system
were considered possible sources which- the slope drain
would protect against. Leaks in drain pipe lines are
considered possible given the seismic potential, of the area.

The non-uniformity of the valley fills led to intricate
riming of the reinforced tills in design drawings. Typical
sections of the fills m shown on Figures 6a, 6.b and 6.c.
In the Fill 3, the stability of the on-site fill was provided
for with the arrangement shown in Figure 6a. The Fill 3
section proceeded further downslope beyond the property
limit, so the deeper overall stability of the valley fill could
not be fully improved. However, the reinforcement
provided makes the slope within the site secure against
earthquake loadings.

At the sides of the Fill 3 valley, the soil fill was joined
to the bedrock as shown in Figure 6.b, with a series of
step cuts. Also of importance in the design of the geogrid
1998 Sixth Internotionol Conference on Geosynthetics -627



was the retained fill wall at the top of the slope which was
designed as a geogrid supported precast concrete wall. ”
Spacing of geogrid layers is shown on the cross-sections.
At both locations above Fill 3, a retaining wall was
constructed to achieve area needed for parking lots. The
wall was designed to use pre-cast concrete panels
supported by geogrids extended back sufficient distance
for seismic loading conditions.

Figure 6.a Fill 3 Deep Buttress
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Figure 6.b Fill 3 Provisions for Fill over Rock Slope
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Figure 6.c Fill 2 Cross Section of Reinforcement

Fill 2 profile shown on Figure 6.c provides heavy
reinforcement at the toe to create a buttress, with geogrids
anchored in the step cuts. Further up the slope,
reinforcement was provided only to provide stability of the
628-1998 Sitih International Conference on Geosynthetics
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“surficial” slope, since the overall stability was sufficient
with the large buttress formed in the bohom part of the
slope. At the bottom of the Fill 2 slope, another retaining
wall was provided for grade separation at the property
line. It also will act as buttress in the event adjacent
ground suppo~ is removed (by earthquake or excavation).

The contract documents set the following
requirements for geogrid material:

Weight, per square m. 644 g/sq.m
Minimum Opening S%, in. 15.2 mm
Long-Term Allowable Design Load 14.6 kN/m

determined per GRI GG4 (1991)

Material chosen by the Contractor was Mirafi
10 T. In limited areas around the building where small
slopes were reinforced to provide 45 deg. inclinations,
Mirafi 7 T was used, since the LTADL was less. To
maintain landscape slopes adjacent to the building that
we~ at 45 deg. inclinations stable against surface runoff,
Geoweb cellular confinement system was installed and
intercomected with the layers of geogrid.

Stabilization of the three large fills to provide site
slopes, roads and parking areas that would be stable under
the design earthquake conditions involved removal of deep
fill, and reconstructionwith geogrid reinforced backfill. At
the time of installation in 1992-3, the more than 200,000
sq.m of geogrid used was the largest installation in South
America. About 8,500 sq. m of cellular confinement was
also installed.
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The Construction of Steep Reinforced Slopes in Hilly Terrain
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ABSTRACT: The flexibility of reinforced soil makes it an ideal solution for the construction of steep reinforced slopes in
hilly terrain. However, due to the nature of hilly terrain, four major construction constraints can arise. These are the lack of
a firm foundation on which to construct the reinforced slope; excavation instabilityy or the occurrence of bedrock that limits
the width of the base of the reinforced zone; the presence of groundwater emanating into the excavation from behi;nd the
reinforced zone; and the overall instabilityy of the hilly terrain that limits the geometry of the reinforced slope. A parametric
study was performed to evaluate the effect of these constraints on reinforced slope stability. Guidelines for maximizing
reinforced slope geometry, the role of drainage, and the modular approach to design are given for reinforced slopes
constructed in hilly terrain.

KEYWORDS: Reinforced slopes, Hilly terrain, Construction constraints, Slope geometry, Drainage, Instability
1 INTRODUCTION

The use of reinforced soil as a technique to construct steep,
stable slopes is a common practice. Today, much is known
of the performance of reinforced soil slopes designed and
constructed to “standard” geometries. Standard geometries
include the presence of a flat, firm foundation beneath the
reinforced slope; no limitations on the width of the
reinforced zone for stability purposes; and no unusual
loading regimes above the reinforced zone.

Reinforced soil is also an ideal technique for the
constructic,n of steep slopes in hilly, or mountainous,
terrain. The technique results in a retaining structure that is
flexible (i.e. it can undergo deformation without exhibiting
structural distress) and highly cost-effective. This is
important because the topography of hilly terrain dictates
the adoption of significant earthworks structures, in some
cases founded on suspect and unstable foundation
materials. In addition, groundwater is normally present in
this type c,f topography. This is particularly so in tropical
climates where heavy rainfall can result in severe
groundwater conditions. In this environment the
constructic,n of stiff, brittle structures is to be avoided.

In South East Asia, development effort is spreading from
the coastal areas into the hinterland of many countries. For
the majorily of these countries, large areas of the hinterland
consist of hilly and mountainous terrain. The overall
topographical and geomorphological geometry of this
terrain ccmpled with the need to maximise stable
earthworks platforms for infrastructure and other
development purposes results in reinforced slopes of
significant magnitude, Slope heights over 20 m and slope
angles greater than 60 degrees are not uncommon.

An example of such a reinforced slope, whose final
height will be over 40 m, is shown in Figure 1 (it is
currently at a height of 30 m). It should be emphasised that
slopes of this magnitude require good construction quality.
Two examples of good construction quality shown in this
example is the use of grass-impregnated soil bags for the
slope facing and the use of tiered catchment drains for the
collection of surface and subsurface water run-off. The use
of grass-impregnated soil bags enables a stable slope face
to be developed while at the same time promotes quick
vegetation growth. The use of tiered catchment drains
enables the quick removal of surface water run-off as well
as being the exit drains for the subsurface drainage galleries
within the reinforced slope,

Figure 1. Example of a high, reinforced slope constructed
in hilly terrain.

2 REINFORCED SLOPE CONSTRAINTS IN HILLY
TERRAIN

The geomorphological and topographical nature of hilly, or
mountainous, terrain poses considerable constraints on the
design and construction of steep reinforced slopes. The
general geomorphology is similar to that shown in .Figure
2a where the terrain consists of a soil-filled slope overlying
a dipping bedrock stratum. The soil-filled slope either has
formed naturally or is the result of the dumping of earthfill
1998 Sixth International Conference on Geosynthetics -629



“.
K
/“”Soil-filled

/ slope 1

a) General geomorphology

Platform for,development

d

Reinforced
slope

/ slope

b) Required solution

Required extent of
excavation

Instability at rear
of excavation

4

<“unc~so,idatedf :gjg~terenterin9

foundation

c) Construction constraints

Platform for,development
/

w’
\

Bedrock

/
Soil-filled
slope

d) “Revised slope

Figure 2. Constraints on construction of reinforced slopes
in hilly terrain.

from nearby construction sites. In South East Asia these
soils are normally saprolytic, residual or colluvial deposits.
In many instances these soils are not compacted and
630-1998 Sixth International Conference on Geosynthetics
consequent y exhibit relatively high hydraulic
conductivities enabling easy penetration by groundwater.

When a reinforced slope of standard geometry is
proposed for construction in this type of terrain (Figure 2b)
a number of constraints may exist that considerably affects
the final design geometry. These are (Figure 2c):

. The ability to excavate the soil-tilled slope in order to
provide an adequate base width for the reinforced
slope. Slope instability at the rear of the excavation
may limit the base width possible.

. The foundation at the base of the reinforced slope may
be uncompacted and soft. This may constrain the
geometry of the reinforced slope.

. The presence of groundwater during excavation of the
soil-filled slope can promote slope instability at the
rear of the excavation and can prevent the formation of
a firm foundation beneath the proposed reinforced
slope.

While each of the above constraints has a marked effect
on the design geometry of the final reinforced slope it is
impossible to foresee these events with any degree of
certainty until construction is in progress. Consequently, in
many instances it is necessary to carry out a revised
reinforced slope design once the construction constraints
are known. To accommodate these construction con~,traints
the final design geometry of the reinforced slope may
resemble that shown in Figure 2d.

The revised reinforced slope geometry shown in Figure
2d is not what one would consider a “standard” reinforced
slope geometry inasmuch as:

●

●

●

●

The foundation surface dips down from the toe of the
reinforced slope and is not horizontal.

The foundation may not be firm but may be sclft and
compressible.

Instability at the back of the excavation limits the
width of the reinforced zone at the base of the
reinforced slope.

The presence of the bedrock stratum may limit the
extent of the reinforced zone and may concentrate
shear stresses behind the reinforced zone.

Because of the above features, the use of design
procedures based on “standard” geometries is only of
limited use. When establishing an appropriate, safe
geometry for the required reinforced slope all of the above
features need to be considered. Because of some of the
unusual topographical and geomorphological features
involved in hilly terrain it is important to have an
understanding of their effect on the resulting geometry of
the reinforced slope. This is especially the case where
required reinforced slope heights are to be maximised.



Table 1. C,eotechnical parameters used in the parametric study,
Reinforced Foundation soil Backfill soil Bedrock

soil Firm Moderate soft
Bulk density (kN/m3) 18 18 16 15 18 22
Friction angle (0) 35 35 32 30 35 45
Cohesion (kPa) 150 150 20 10 10 5,000
Bulk modulus (MPa) 115 115 65 15 85 20,000
Shear modulus (MPa) 70 70 40 10 50 15,000
3 PARAMETRIC STUDY

To evaluate the effect of various geometric and material
parameters on the stability of reinforced slopes in hilly
terrain a parametric study was performed. It was considered
that the boundaries of external stability were important
aspects that required assessment for reinforced slopes
constructed in hilly terrain. In addition, stresses and
deformations were also considered important parameters
for investigation. Because of the specific nature of this type
of terrain and the need to evaluate the effect of foundation
compressibility as one of the aspects of reinforced slope
stability, it was concluded that a sophisticated modelling
procedure would be required. Consequently, the parametric
study was performed using a continuum method approach
(FLAC 1995).

3.1 Slope Geometry Analysed

A slope geometry indicative of that encountered in hilly, or
mountainous, terrain was used as a basis for the parametric
study. This is shown in Figure 3. The reinforced zone has
variables IT,L and ~.

Reinforced slope Soil backfill
\/

/

H

1

/ Soil foundation

Figure 3. Reinforced slope geometry used in the parametric
study.

A bedrock stratum, on a 1:1 dipping plane, is present
near the heel of the reinforced zone. The presence of this
bedrock stratum concentrates shear stresses within the
backfill zone behind the reinforced zone, thus accelerating
a potential global failure mode. The location of the bedrock
stratum also restricts large vertical deformations at the heel
of the reinforced zone. This condition is considered
common in hilly terrain.

The reinforced zone is seated on a soil foundation with a
surface slope of 3:2 (34° to the horizontal). This slope angle
is close to the natural angle of repose for various soil types
and is considered common in hilly terrain.

3.2 Material Parameters Used

The various geotechnical parameters used in the study are
listed in Table 1. The soil in the reinforced zorle was
assumed a compacted cohesive-frictional fill indicative of
the saprolytic, residual and colluvial soils found in South
East Asia. In the reinforced zone, the reinforcement was
modelled by means of an additional apparent cohesion
within the compacted soil. To ensure the maintenance of
internal stability within the reinforced zone the layers of
reinforcement would have to impart an apparent cohesion
of 130 to 140 kpa according to the method proposed by
Hausmann (1976). Consequently, a total cohesion of 150
kpa was assumed for the reinforced zone.

Three different foundation soil conditions were adopted
for the parametric study – firm, moderate and soft (see
Table 1). Standard design methods for reinforced slopes
always assume a firm foundation beneath the reinforced
slope. While never specifically stated. a firm foundation
can be assumed to be one where it is impossible for a
bearing failure to occur, or where another type of external
instability occurs before the onset of bearing failure. IForthe
parametric study, the firm foundation has been given the
same properties as the reinforced zone. This was done to
ensure that foundation failures beneath the reinforced zone
could not occur, given the specific geometry of the
problem. With a foundation having these properties the
only external failure modes are global, sliding, compound
or overturning instability.

The soil foundation soil parameters listed in Table 1 may
be considered indicative of loosely placed soil or fill. While
not implicit, groundwater may be also present within the
loose fill.

The moderate foundation soil parameters are considered
indicative of naturally deposited soil without any form of
densification carried out. This is considered to be the most
prevalent tWe of foundation condition encountered in hilly
terrain in South East Asia.

It has been assumed that the soil backfill consists of
compacted local soil taken from the excavation of the
1998 Sixth International Conference on Geosynthetics -631
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reinforced slope. The bedrock is an incompressible stratum
that cannot fail internally.

For the parametric study, a reinforcement layer was
included at the base of the reinforced slope. The inclusion
of this layer was not to enhance the internal stability of the
reinforced zone but to determine what additional tensile
loads are exerted on the base reinforcement layer, given the
different foundation conditions and potential failure modes
occurring. In addition to the base reinforcement layer a
horizontal interface was included between the
reinforcement layer and the surface of the soil foundation.
This interface layer was given a bond coefficient a’ = 0.7
which, while being lower than expected for modem
geosynthetic reinforcements, would be considered to
provide conservative (i.e. safe) stability solutions.

A second interface was included between the compacted
backfill and the rear of the reinforced zone. For this
interface a bond coefficient of a’ = 1.0 was used for all
cases.

3.3 External Stability Boundaries for Reinforced Slopes

From the parametric study it was possible to determine the
boundaries of acceptable external stability for reinforced
slopes analysed according to the geometry shown in Figure
3. Figure 4 contains plots of regions depicting stable and
unstable behaviour for the cases of reinforcement length L
632-1998 Sixth International Conference on Geosynthetics
= 10 m and L = 20 m and for firm. moderate and soft
foundation conditions.

For the firm foundation case, Figure 4a, and for
reinforcement length L = 20 m global instability begins at
around 40 m height for the reinforced slope. Global
instability occurs along the boundary of the bedrock
stratum (see Figure 3). “Standard” design methods such as
the chart method proposed by Jewell (1990) would indicate
that significantly higher slopes were possible for L = 20 m,
however, these methods cannot take into account the
geomorphological featares shown in Figure 3. For the
reinforcement length L = 10 m case shown in Figure 4a
external instability can be induced by overturning,
compound or sliding depending on the reinforced zone
geometry. The calculated upper limit according to Jewell
(1990) has also been plotted. The results show that an
additional slope height of 8 to 10 m can be adopted
compared to that calculated using “standard” design

methods.
For the moderate foundation case, Figure 4b, and for

reinforcement length L = 20 m the onset of external
instability occurs around 25 to 30 m in height depending on
the slope angle. The onset of global and bearing instability
occurs before other forms of instability, e.g. sliding, etc.
Comparison with the firm foundation case shown in Figure
4a shows the effect of the change in foundation properties
on the achievable reinforced slope geometry. For the



reinforcement length L = 10 m case shown in Figure 4b
external instability is also induced by global and bearing
but (as expected) at a lower slope height than for L = 20 m.
The calculated upper limit according to the design charts of
Jewell (1990) has also been plotted. The results show that
there is fair agreement, however, this is considered to be by
chance as “standard” design methods cannot account for
bearing instability, which is the major mode of instability in
this case.

For the soft foundation case, Figure 4c, and for
reinforcement length L = 20 m the onset of external
instability occurs around 8 to 10 m in height depending on
the slope angle. As to be expected the dominant mode of
instability is bearing failure. For the reinforcement length L
= 10 m case shown in Figure 4C external instability is also
induced by bearing failure at comparable slope heights to
the L = 20 m case.

3.4 Vertical Stress at Base of Reinforced Slope

The vertical stress acting across the base of the reinforced
slope was also recorded from the parametric study. This
stress was derived in the form of a vertical stress ratio
(VSR), being:

(1)

where: cr’.,b= vertical stress along the base of the reinforced
slope; y = bulk density of the soil in the reinforced slope;
and H = height of the reinforced slope.

While the vertical stress at the base of the reinforced
slope varies across the width of the reinforced zone, for
simplicity, the vertical stress ratio at the toe of the slope
(KSRIOe)and at the heel of the slope (l’SRh,,l) were the only
two locations recorded.

Figure 5 shows the results obtained for the firm
foundation case. At the toe of the reinforced slope (Figure
5a) VSR,O,ranges from 1,2 to 0.35 according to slope angle
and H/L ratio. For slope angles greater than 75° VSRtO, >

1.0. This is consistent with retaining wall theory. For slope
angles less than 75° VSR~O.< 1.0, the value reducing as the
slope angle reduces. At ~ = 75°, VSR~O~= 1.0.

At the heel of the reinforced slope (Figure 5b) the
magnitude of Y~Rhe~]is greatly dependent on the H/L ratio
of the slolpe. Relatively high values of VSRhc,lare obtained
for H/L ~=0.5. The reason for this is the effect of the
development of full friction between the reinforced zone
and the soil backfill. This effect reduces as the slope angle
reduces. For H/’ = 1.0 there is still some effect of backfill
friction giving VSRhc,l> 1.0 for slope angles greater than
55°. For H/L > 1.5 the effect of backfill friction is
negligible and consequently, VSRh,,l = 1.0 for slope angles
greater than 65°.

Figure 6 shows the results obtained for the moderate
foundation case. In general, the results are similar to those
Reinforced slope,,
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Figure 5. Vertical stress ratio at the base of the reinforced
slope for the firm foundation case.

presented in Figure 5 for the firm foundation case.
However, the moderate foundation, being more
compressible than the firm foundation, enables al more
uniform stress distribution to develop across the base of the
reinforced zone than is the case with the fii foundation.
Consequently, the curves plotted in Figure 6 show more
agreement between the VSR~O.and VSRh..l values than is the
case for the firm foundation.

3.5 Additional Load in Reinforcement at B:~se of
Reinforced Slope

Standard design methods that assume the presence of a firm
foundation calculate reinforcement loads according to
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Fiwre 6. Vertical stress ratio at the base of the reinforce
S1OPCfor the moderate foundation case.

internal stability requirements only. However, in situations
where the foundation is compressible additional tensile
loads may be imparted to the reinforcements as the
reinforced slope deforms. These additional tensile loads
would be a maximum at the base of the reinforced slope.
The parametric study was also used to calculate the
magnitude of these additional tensile loads imparted to the
reinforcement layer at the base of the reinforced slope.

Table ;! contains a summary of the results obtained. It is
noted that for stable conditions the additional loads
imparted to the base reinforcement layer are relatively
small and may be neglected for all cases except the soft
foundation case. For the soft foundation case the additional
loads are greatest, at around 10 kN/m. For most reinforced
634-1998 Sixth International Conference on Geosynthetics
slope applications the design loads carried by the
reinforcements are between 30 and 60 kN/m. Thus, only for
SOft foundation conditions would the additional
reinforcement load be significant.

Table 2. Additional reinforcement load at base of
reinforced slope due to different foundation conditions.

Additional reinforcement load
Foundation Stable conditions Onset of instability
Firm = 1 kN/m >20 kN/m
Moderate = 3 kN/m > 3(I kN/m
soft = 10kN/m >40 kN/m

However, at the onset of instability the additional load
applied to the base layer reinforcement increases
significantly, even for the firm foundation case. This
increase in reinforcement load should provide added
incentive to ensure that reinforced soil slopes do not
approach external instability as the additional loads applied
to the base layer reinforcements could lead tc, their
premature rupture with subsequent collapse of the structure.

4 THE ROLE OF DRAINAGE

The influence of good drainage on the performance of
reinforced slopes constructed in hilly terrain should not be
underestimated. This is especially the case in wet, tropical
climates where significant flows of surface and subsurface
water can occur. In these environments well- designed and
constructed drainage systems are essential and should be
considered an integral part of reinforced slope design and
construction.

Water may penetrate the constructed slopes in two ways
— as groundwater flow from the existing undisturbed
deposits behind the slopes, and as surface water run-off due
to rainfall. To accommodate these events a recommended
drainage layout is shown in Figure 7,
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Figure 7. Recommended layout of drainage system within
high, reinforced slopes.
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To ensure the effective removal of groundwater from
behind the constructed slope subsurface drainage galleries
should be constructed within the fill zone, preferably at
every tier level in the reinforced slope. Since the compacted
backfill material is normally the same material as that
excavated at site, when replaced and compacted it exhibits
significantly less hydraulic conductivity than the adjacent
undisturbed deposits. Consequently, to remove the
groundwater effectively it is essential that the subsurface
drainage galleries be extended beyond the compacted
backfill zone to interface with the existing undisturbed
deposits. The subsurface drainage galleries can be of the
form of drainage blankets or feeder drains. The materials
used for the drains are normally small aggregates (for
drainage) with geotextile filters. The outlets of the
subsurface drainage galleries extend beneath the reinforced
soil zones, and exit within the surface catchment drains at
the toes of the reinforced slope tiers.

If the excavated soil is suitable it is normally used with
the geosynthetic reinforcement to construct the reinforced
soil zones, This is common practice in South East Asia
where the saprolytic, residual and colluvial soils exhibit
good shear resistance when combined with geosynthetic
reinforcement. The use of the locally available soil also
provides the most economical solution. When these soils
are compacted to form the reinforced zones it is difficult for
surface water to penetrate these fills especially when one
considers the nature of the surface geometry of steep
slopes. Consequently, surface water damage is normally
confined to surface erosion. To protect against surface
erosion, open catchment drains should be constructed at the
toe of each reinforced zone tier to prevent excess surface
run-off, Figure 7, To prevent surface soil loss it is normal
practice either to use an erosion control mat on the surface
of the slope or to use grass-filled soil bags. Grass-filled soil
bags are normaIly used for the steeper reinforced soil
slopes.

5 MODULAR APPROACH TO DESIGN

The design of steep reinforced slopes in hilly, or
mountainous, terrain lends itself to a modular approach
inasmuch as the reinforced slope can be divided into similar
regions, or modules, within the height of the reinforced
slope, Each module can be assessed for internal stability as
well as sized appropriately to ensure external stability of
the whole reinforced slope. A modular approach to design
also enables added flexibility in the sizing of the individual
modules, standardisation and simplification of the
reinforced soil components within each module, and the
ability to readily re-size specific modules if construction
conditions are not the same as assumed during the design
phase.

Figure 8 shows the general basis for the modular design
approach. The reinforced slope is designed as a series of
reinforced soil modules. Each module consists of its
reinforced soil zone along with its associated integral
drainage system. Each reinforced soil module can be 6 to
10 m in height, but is more commonly 6 to 8 m. During
construction, it is common practice to step-back the face of
each succeeding module between 1 to 1.5 m. This enables
enough space for the construction of the surface catchment
drain.
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The length of each module, L. in Figure 8, needs to be
assessed with regard to the maintenance of internal and
external stability. The results shown in Figure 4 may be
used as a basis for the assessment of external stability.

The internal stability of each module is assessed by
plotting the horizontal stress distribution through the
module and ensuring that there is adequate reinforcement
capacity 10 resist the horizontal stresses. The procedure
used to determine the horizontal stress distribution through
each module is shown in Figure 8. First, the vertical stress
distribution at the top and the base of each module is
determined, e.g. by using the results in Figures 5 and 6.
Second, the vertical stress distribution through each module
can then be determined using the vertical stress at the toe of
each moclule as the basis. Third, the horizontal stress
distribution can then be determined by adopting an
appropriate value of K, the ratio of horizontal to vertical
stress. Values of K as proposed by Jewell (1990) may be
used. Checks for adequate reinforcement bond capacity can
be performed by deriving a vertical stress distribution
through each module based on the vertical stress at the toe
and the heel of each module.

6 CONCLUSIONS

The paper has concentrated on a specific, but important,
aspect of reinforced slopes – that of their construction in
hilly, or mountainous, terrain.

While the use of “standard” design methods may be
appropriate for assessing the internal stability of reinforced
slopes constructed in this type of terrain, their use for
assessing the overall dimensions of the reinforced zone for
external :stability purposes is not appropriate. Specific
aspects such as local topography and geomorphology, as
well as foundation conditions need to be considered, and
these can result in significantly different solutions
compared with those solutions provided using standard
design methods and charts.

Good drainage should form an integral part of any
reinforced slope design in hilly terrain, especially in
tropical climates where high rainfall is prevalent. Attention
to the controlled removal of both surface and subsurface
water is crucial for good performance.

A modular approach to the design of steep reinforced
slopes offers a number of advantages over the conventional
approach of considering the reinforced zone as one single
mass. Its major benefit lies in the flexibility of being able to
consider the reinforced slope as separate regions (modules)
that can be sized according to their location in the slope,
and reinforced according to the magnitude of the vertical
stresses acting at the top and the bottom of each module.
The modular approach enables a number of the components
of reinforced slope design to be standardised, and allows
the slope geometry to be easily adjusted according to local
construction conditions.
636-1998 Sixth International Conference on Geosynthetics
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Case Study. Bluewater Retail & Leisure Destination-
Major reinforced soil slopes to form steep sided new lakes.

J.H. Dixon
Tensar International Ltd, New Wellington Street, Blackburn, UK

ABSTRACP Bluewater is a new f360M ($580M) retail and leisure destination located in a former chalk quarry in
England. Enabling Works involved bulk filling and the formation of a number of lakes. Two of these lakes were formed
with slopes at 70° to the horizontal, about 10m high, and which in places were surcharged with highway embankments.
Lakes 1 and 2 were constructed with several hundred linear metres of reinforced soil slopes, incorporating high density
polyethylene uni-axially oriented geogrids. Lake 1 was also lined with a geomembrane which, to avoid damage could not
be placed on or near the slope face. The geomembrane was therefore located underneath and behind the rear face of the
reinforced soil block. This detail posed unusual design considerations involving sliding stability and the analysis of a
number of load cases for different combinations of water level, The design and construction of these lakes including
three innovative facing details are discussed.

KEYWORDS: Geogrid, Steep slope, Reinforced embankment, Geomembrane lake liner.

1 INTRODUCTION 2.1 Outline Design Brief
Bluewater, developed by Lend Lease is located
approximately 30km east of London. On completion, in
March 1999, it is intended to be the largest and most
prestigious retail development in Europe, containing
140,000m2 of retail space, 13,000 car parking spaces,
nearly 12,0C~Om2of leisure space and with a million trees
and shrubs landscaping the area.

The site is located in a former deep chalk quarry. The
construction of several lakes was included within an
Enabling Works contract which principally involved bulk
filling with approximately 3M m3 of a local silty sand.
Two of the lakes, Lakes 1 and 2, were formed with steep
sides in order to maximise their water volume and depth
for environmental reasons.

Lake sides sloping at 70° to the horizontal and
approximately 10m high were selected. In places these
slopes were to be surcharged by highway embankments
and landscaping fill under a later contract. The Client’s
Consulting Engineer, Waterman Partnership, recognised
at an early stage the economic and practical advantages
of reinforced soil techniques.

As the ground water level was known to vary
significantly it was decided to line Lake 1 with a
geomembrane in order to retain a constant lake water
level. There were concerns about the long-term
durability of the geomembrane and in particular its
vulnerability to potential damage from burrowing
wildlife or boat impact if it were placed on, or close to,
the slope surface. It was therefore decided to locate it
underneath and up the rear face of the reinforced soil
block.

2 REINFORCED SOIL DESIGN
The Engineer invited Tensar International Ltd to assist
with specialist design support in developing the
reinforced soil design beyond the concept stage.
Lake 1, with the geomembrane lining located below the

reinforced soil block, presented two unusual reinforced
soil design challenges:
a) The potential for sliding of the reinforced soil block

over the geomembrane.
b) The combination of the large number of possible

water levels (within both the lake and the external
ground) and various imposed loadings conditions,
phased with the subsequent highway and landscaping
contracts.

Furthermore, the design brief called for a lowcost
durable face with a 120 year life and high security
against wash out of the fill.

2.1.2 Basic Design Parameters

The till which was to be sourced from an adjacent quarry
was a silty fine sand (Thanet Sand). Its design
parameters were:

4W = 31°, c’ =0, YOP,= 19.3kN/m3 and y,., = 20.2kN/m3

A series of 30cm x 30cm laboratory shear box tests was
commissioned to measure the frictional shearing
resistance between the various specified geosynthetic
materials and this fill.

The selected lining system was lmm thick modified low
density polyethylene (LDPE) geomembrane protected by
a 700g/m2 polypropylene needle punched geotextile. The
critical interface shearing angle (41,)for this combination
was measured at 20°.
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Two strengths of high density polyethylene (HDPE)
geogrid reinforcement were selected; Tensar 40RE (Type

Note: the net mobilizing force (P) is assumed to act on
1) and Tensar 80RE (Type 2). These are manufactured
from extruded sheets and orientated (stretched) in the
machine direction, Their Index QC strength in the
longitudinal direction is 40kN/m and 80kN/m
respectively and rib thicknesses (tf) O.7mm and 1.3mm
and (tb) 1.!hnm and 3.6mm respectively (Figure 1).
Shear tests on these two grid types with the chosen fill
material indicated friction angles in excess of 26° (i.e. a
coefficient of soil interaction p > 0.8).

Roll width Roll R

Figure 1 Geomehy of the grid reinforcement

2.2 External Stability

The shear box testing contlrmed that a critical potential
failure mechanism for Lake 1 was sliding over the
geomembrane lining system. It was therefore decided to
incline the lining at an angle a of approximately 5°
below the reinforced soil block (This equated to a fall of
1.5m from toe to heel over the width of the block).
The basal reinforcement layer remained horizontal and

was positioned a minimum distance of 100mm above the
lining system at the face. This ensured that the critical
interface frictional value would not be further reduced.

The factor of safety against sliding over the inclined
geomembrane was calculated by resolving forces about
the gcomembrane (Figure 2).

Reinforced SOIIblock

Incllned /
geornernbrane

F

Figure 2 Force resolution on reinforced soil block.
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an angle to the rear of the reinforced soil wall = 1Ax +’l,.
W = weight of the reinforced soil block and F and N are
the frictional and normal forces acting on the inclined
geomembrane.
By resolving forces perpendicular to the geomembrane:

Wcosct+ Psin(lOO+a)=N (1)

By resolving forces parallel with the geomembrane:

F = N tan 20° (2)

FoS =
F+ Wsina

Pcos(lo’’+a)
(3)

FoS = [ ‘Co’a+’sin(’oo+ a)lhn’o”+wsina

()

—
Pcos 10°+a

(4)

Where FoS = Factor of Safety against sliding over the
lining system. (i.e. the resisting force divided by the
sliding force).
FoS for design was specitied as 1.5 for the temporary

condition and 2.0 for the completed works. Figure 3
shows the cross section through the north side of Lake 1
and the particular loading condition which was found to
be critical for sliding stability i.e. the condition prior to
the placement of landscaping fill and with the lake water
level lower than its final design level.

The width of the reinforced soil block is dimensioned to
provide sntllcient weight (W) to satisfy FoS.

Lakes 1 and 2 were also checked for other external
stability conditions, including sliding over the
reinforcement.

2.3 Internal Stability

The specialist designer’s experience of other reinforced
soil structures with a similar geometry was that design
principles based on the German Institut fiir Bautechnik
(DIBt) would produce a stable and economical solution.
Internal stability calculations take the form of a two-part
wedge analysis through the reinforced soil block. A
series of two-part wedges are examined with the lower
part of the wedge originating at the structure face and
passing through the block, and the upper part of the
wedge passing up the back face of the reinforced soil
block. The active pressure, above that point where the
lower part of the wedge cuts the back face of the
reinforced soil block, is added to the disturbing forces
acting on the two-part wedge to give the total disturbing
force. In the case of internal stability, the resultant active



force is taken to act on angle equal to the friction angle of
the soil block rear face.

For Lake 1, the critical condition for internal stability
was identit3ed as the completed structure fully landscaped
Traffic load of 10kNlm2

Landscape
zone mlsslng ~

+3.0

water level + I.0
~

—

—

—- 4.5 —–~;;,,j:;.. .........,,..,,,,

Geornembrane Ilner’

Figure 3

Reinforcement must be provided to resist the disturbing
force on each two-part wedge by intercepting the wedge
being considered. The two-part wedge stability
calculation should be carried out from the toe of the
structure, the bottom grid layer, at all levels where the
grid spacing alters and at every level where the grid type
alters.

The reinforcement design strength is obtained from the
creep-limited strength appropriate to the design life and
in-soil temperature. Specific partial factors are then
applied to take account of such factors as installation
damage. Finally, an overall FoS = 1.75 is applied to the
strength.

The reinforcement layout was derived by analysis with
lower part wedge angles @) set at 3° intervals (Figure 4)
using the specialist designer’s computer program -
Winwall. (Tensar International, 1995)

surcharge
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Figure 4 Two-part wedge analysis.
under the rapid ‘draw-down’ condition with the lake
empty (perhaps during a future maintenance operation)
and the bactilll behind the reinforced soil block filly
saturated, A typical reinforcement layout for the north
side of Lake 1 is shown in Figure 5. The maximum
vertical reinforcement spacing was set at 60cm.

/ I?oadembankment ,~

final design lake level
—— ——~

06m L

“-f----

New lake
bad level

I Gaamembrana her I
l— 2orn —1

Figure 5 Typical reinforcement layout.

Note: The road embankment (part of a later contract)
was constructed using reinforced soil.

2.4 Face Detail

The face of the reinforced slopes had to be relatively
inexpensive while possessing high durability and damage
resistance. The Engineer ruled out a proprietary
segmental concrete block face on the grounds of cost, and
instead selected a geogrid wrap-around face. With this
detail, the horizontal reinforcement layers are extended
up the temporarily supported face of the fill and then
returned back horizontally and connected with a fhll-
strength joint to the next layer of reinforcement. There
was stilcient information on the durability of the
specified grids to sati@ long-term serviceability
questions (Wrigley, 1987).

The face also had to remain permeable and retain the
silty sand fill. Attention was therefore focused on the
selection of a geotextile filter to line the wrap-around
face. It was recognised that any damage or malfimction
of this geotextile could lead to a steady wash out of tines
and ultimately to collapse.

Netlon 1004R geotextile was specified. It has
independent certification from the German Federal
Waterways Authority (BAW) based on rigc~rous
performance testing with a range of soils including silty
sand. These tests assess:
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filter performance by filtering a real soil in turbulent
conditions and also examining the resultant

permeability after impregnation with soil particles.
residual tensile strength following exposure to
abrasion (16 x 5000 revolutions of a rotating drum
containing gravel and water).
puncture resistance in a test replicating rock armour
units being dropped on a soil supported-wmple.

This non-woven geotextile is manufactured by needle
punching two separate geotextiles, one containing staple
(short) fibres of polypropylene and the other, a polyester,
to create an integrated 800g/m2 duplex material. This
efficient double layer arrangement provides a coarse fibre
pre-filter which, additionally, interacts with the soil to
achieve a degree of mechanical stabilisation of soil
particles which may otherwise be prone to migration.

Despite this certified evidence of the geotextile’s
robustness i~d field experience with similar products
under extremely severe test conditions (Dixon et. al,
1990), the Engineer was concerned about its vulnerability
to damage e.g. from accidental impact, burrowing
animals, nesting birds and long term exposure to ultra
violet (UV) radiation.

The Engineer, therefore, specified an outer grid wrap-
around face retaining a 15cm wide layer of 5 - 10cm
sized hard durable fill as cover protection to a geotextile
wrap-around local to the face of the silty sand fill (Figure
6).

With the specified grids it is possible to create a iidl-
strength connection between adjacent lengths using an
HDPE bodkin (Figure 7). In a wrap-around detail this
bodkin provides a more positive joint than simply relying
on a frictional anchorage. Furthermore, when the higher
grid length is tensioned during installation this helps pull
the lower wrap-around face tight.

/:
Hard, durable granular fill
[50mm paruck sizel

Chalk fill *

1 I
Geomembrane’ 300mm I 00mm 4

/ /
As-dug Thanet sand Thanet sand screened to 5mm max
compacted in accordance Pm* *e compa-d aaordln9 ~
with spadflcatlon specltlcatlon

Figure 6 Cross-section showing face detail.
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Figure 7

3 CONSTRUCTION

3.1 Contract Award

The Enabling Works contract was let by Bluewater
Construction Management Team (BCMT) to O’Rourke
Civil Engineering Limited in early 1996 following a
competitive tendering process. O’Rourke chose to use
the specified geosynthetics. They appointed a specialist
sub-contractor to supply and install the lining system for
Lake 1 and opted to construct the reinforced soil slopes
themselves.

3.2 Lake 1

Lake 1 is oval in plan with a perimeter slope length of
approximately 500m. Reinforced soil installation began
in April 1996. The Contractor selected a 2.4m high
timber formwork system, supported by scatlold tube and
fittings, for temporary support to the grid wraparound
face (Figures 8 & 9), A 60cm high inner plywood former
with lifting holes, tapering in cross section from 20cm at
the top to 15cm at the bottom, was used to form the inner
geotextile wrap-around.

The grids were cut to design length on site. Bodkin
joints were used to avoid wastage from end of roll off-
cuts. These lengths were abutted against the inside face
of the shutter and nominally joined by cable ties to avoid
any gaps opening during installation. The internal
former was then placed against the grid face and the
geotextile was wrapped around the internal face of the
former. A geotextile overlap of 50cm was specified. The
silty sand fill was placed and compacted in lifts to a
depth of 60cm. This fill was found to have sutllcient
short-term cohesion that the former could be carefilly
raised and the resulting void filled, by hand, with coarse
material without any slumping of the geotextile face.



Figures 8 & 9

The grid wrap-around face was next returned over the
coarse fill and connected to the next grid layer using a
bodkin. The free end of the upper grid was then hand
tensioned using a steel beam.

The face of Lake 1 was slightly reprofiled by local
steepening to accommodate 20cm horizontal ledges at the
top of each 2.4m lift on which the shutter could be
seated. The overall slope remained at 70°. (The
geomembrane which extended up the rear of the
reinforced soil block also required its own temporary
shattering).
These details resulted in relatively slow outputs of

around 40 - 50m2 of completed face area per day using
two gangs. In order to improve this, the Contractor
developed a face detail which replaced the shutter and
plywood former with an internal steel mesh former. This
was produced by site cutting 5mm diameter steel mesh
sheets and bending them into ‘U’ shaped units 60cm
high x 28cm wide. These units were positioned to act as
a permanent face former (Figure 10) and then filled with
the coarse fill. Since the steel mesh aperture was 20cm x
20cm, the vertical face of the unit was lined with geogrid
Type 1 before filling. The top of the unit was cross
braced using steel tie wire.
Figure 10

The geotextile was then wrapped up the rear face of the
filled unit and the bulk fill placed behind. The main grid
length was then wrapped up the front face of the unit and
bodkined and tensioned as normal.

This alternative method proved a little quicker,
particularly for the higher levels, although the alignment,
while acceptable, was less consistent.

The reinforced soil slopes of the Lake are constructed
with approximately 60,000m2 and 80,000m2 of geogrids
Types 1 and 2 respectively supplied in 50m x 1.3m rolls.
They were constructed in approximately 3 months.

3.3 Lake 2

The water level of Lake 2 was designed to fluctuate with
that of the surrounding chalk aquifer and so no
geomembrane lining was necessary. About half of the
sIope length of Lake 2 was formed from the existing
chalk quarry face.

Reinforced soil construction took place in the Winter
and Spring of 1997. In order to simpl@ and accelerate
installation the Contractor, with assistance from the grid
manufacturer, proposed a radically different face
comprising site-cast, ordina~-Portland-cement concrete
blocks (with 50MPa 28 day compressive strength).
These blocks were 2.7m long, 0.6m high and 0.3m wide
and contained either one or two layers of’ starter’ lengths
of cast in Type 2 geogrid (Figure 11). The deeply
embedded thick transverse bar of the grid has been
shown to provide an anchorage in excess of the design
strength of the reinforcement.
HDPE grids have been shown to be untiected by the

highly alkaline environment associated with concrete
embedment. (Wrigley, 1987)

This solution was attractive to the Contractor who had
already established a batching plant on site and estimated
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that he could produce blocks at about a third the cost of
typical propriety segmental units.

4 CONCLUSIONS
For simplicity, the blocks were produced with a stepped
vertical face and so the slope profile was amended
(Figure 12).

Complete
transverse bar
of geogrld

\
\ I Gaogrid lype 2

20mm dla ‘
/

r

Level tolerence
semi-drcular void *1 Omm per
pa protect grid I .3m stip
from concrete anls]

Y-
Figure 11 Cross-section of typical block.

These blocks overcame the need for both the shattering
and the cc~arse fill. The main grid lengths were
connected to the starters using bodkins and the geotextile
was used to prevent wash out of fines through any small
gaps between blocks.

The blocks were cast at a rate of up to 36 per day. Over
1,000 block:s each weighing approximately 1 tonne were
required. Installation was much less labour intensive
when compared to Lake 1.

In-situ concrete pad ,

Figure 12
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This paper explains the design approach used to address
the unusual situation of a reinforced soil lake slope
overlying a geomembrane lining system.

The construction details of the three reinforced steep
slope facings on this major UK project are also described.

Although the retail park is not scheduled to open until
early 1999, Lake 1 (lined) had been substantially
completed by the end of 1996 and Lake 2 by the Spring
of 1997. There has been no sign of any movement or
instability in the reinforced soil structures.
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ABSTRACT This paper describes the basic principles of steep slope stabilization using soil bioengineering to reconstruct and
stabilize a section of slope along Massachusetts Turnpike at Mile 79.3 E.B. Discussions will focus on the principles of soil bio-
engineering and reinforced soil slope (RSS) designs, benefits of this interdisciplinary environmentally sound approach, and case
study details: vegetation harvesting and storage, design, installation and project status as of October 1997. Design of a fill mate-
rial, satisfying both agronomic needs of vegetative components and engineering requirements for slope stability, is described.
Meeting environmental and aesthetic goals was paramount.

Use of tensile inclusions made from live branches and polymeric geogrids made it possible to construct a highly steepened
4V 1H vegetated earthen buttress slope.

RSS is useful in constructing steepened slopes, improving stability and reducing required fill volumes. Soil bioengineering
uses woody vegetation installed perpendicular to the slope face on constructed illl terraces. The installed branches offer imme-
diate reinforcement as supplemental tensile inclusions.

KEYWORDS: Soil Bioengineering, Bioted-mical, Slope, Stabilization, Vegetation.
1 INTRODUCTION

Mechanically stabilized earth (MSE), or reinforced soil slope
(RSS) embankment systems are commonly used for the
widening and reconstruction of existing roads and highways.
This paper focuses on the benefits achieved by combining the
principles of soil bioengineering and reinforced soil slope
design to reconstruct a failed slope on the Massachusetts
Turnpike.

2 SYSTEM OVERVIEW

2.1 Soil Bioengineering and Biotechnical Slope
Stabilization Techniques

Soil bicengineering techniques have been used around the
world for centuries and were used in the United States by the
Department of Agriculture’s Soil Conservation Service in the
1930s. They have since been incorporated into the USDAS
National Resources Conservation Service Engineering Field
Handbook as Chapter 18, “Soil Bioengineering for Upland
Slope and Erosion Control.” Soil bioengineering uses
mechanical, hydrological, biological, and ecological principles
to develop living structures for the stabilization and revegeta-
tion of cut and fill slopes. Living woody plant material forms
the main structural component. Soil bioengineering is typical-
ly used in conjunction with sound engineering data and design,
a fact that is especially evident on this project.

In this case, live cuttings from woody plrints were installed
in the ground in specific contlgurations and served immedi-
ately as soil reinforcements, horizontal drains, barriers to earth
movement and hydraulic pumps or wicks. Much the same as
with geogrids, additional stabilization occurs when the roots
develop along the length of the embedded stems. Woody veg-
etation when properly designed and installed in these speciilc
contlgurations, can create stable, composite earth masses. Its
functional value has been well established. These cuttings can
be used alone or in combination with geosynthetic materials.

When living vegetation is combined with inert components
such as geogrids, the approach is referred to as biotechnical
stabilization. Essential y the vegetated geogrid is a composite
of soil bioengineering and an RSS system in which the slope
will always be dependent upon the RSS structural measures
for stability. This case study project represents an excellent
example of how to combine technologies.

2.2 Engineering a Reinforced Soil Slope

The design approach to engineering an RSS is a generic
process that is typical from slope to slope.

2.3 Anticipated Benefits

The combination of RSS and soil bioengineering systems typ-
ically provides the following benefits:
. Immediate slope stabilization and erosion control
● ~limination of the need to purchase additional rights-of-
way since slopes can be nxonstructed at very steep angles
. Reduction of maintenance costs, as there is no need to
return to the site to add soil or gravel, or to hydroseed
. Moditlcation of soil moisture regimes using backslope
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drainage systems and/or the
brushlayer branches which
act as wick drains
. Enhancement of
opportunities for wildlife
habitat and ecological
diversity
. Improved aesthetic
quality and scenic beauty
through revegetation and
naturalization of the slope.

3 CASE STUDY

3.1 Project Site

The project site is located
immediately adjacent to the
eastbound lane of the
Massachusetts Turnpike at
Mile 79.3 in Charlton,
Massachusetts. The slope
was approximately 144.87
meters (475 feet) in length,
ranged from 3.05 meters
(10 feet) to 15.25 meters
(50 feet) in height and had a

vation and slope reconstruction

slope angle of approximately lV 1.5H. Stabilization was
needed to remediate ongoing stilcial sloughing failures.
These failures ultimately formed a large expose~ unvegetated
area that was increasingly vulnerable to progressive surface
erosion and further failure. Groundwater seepage, saturated
surtlcial soils, and seasonal freeze-thaw cycles exacerbated the
instability of this north-facing slope. On both sides of the
failed area the slope was well vegetated and appeared stable;
however, it was apparent that the failure was expanding on
both sides, as shown in Figure 1.

Subsurface conditions at the site include widely gradecL
slightly cohesive, dense to very dense glacial till overlain by
shallow surticial topsoil and forest mat. Bedrock is typically
located within 3.05 meters (10 feet) of the base elevation of the
slope. However, during construction an outcrop of poor rock
was discovered along a 7.62 meter-long (25 feet) section of
slope. The rock sloped unfavorably toward the roadway and
required controlled blasting to cut it to a stable surface on
which the slope could be ~constructed.

3.2 Project Background

Due to the nature and extent of the failure conditions, the
Massachusetts Turnpike Authority (MTA) decided it was
imperative to correct this situation by reconstructing the slope.
See Figure 1. If not treated, these conditions would inevitably
lead to further slope failures, additional maintemnce costs and
an expanding, unsightly, unvegetated slope along a scenic
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stretch of the Turnpike. A concrete barrier was installed along
the base of the slope to contain the failed soil mass and prevent
it from moving onto the roadway.

The aim of the project was to design and construct a 4V lH
earthen buttress immedmtely in front of the cut slope to pro-
vide internal, external, and compound stability. The soil bio-
engineering approach was adopted to meet the requirement of
an aesthetically pleasing and environ-mentally sound recon-
struction and to assist in controlling internal drainage. This
combined approach uses vegetated geogrids to provide the
much-needed surflcial stability and to suppmt long-texm veg-
etative growth with almost no maintenance requirements. The
geogrid is a hybrid design that incorporates brushlayers in the
frontal, wrapped portion of the RSS. Over time the live
branches take root and increase the internal stability of the
reinforced slope.

3.3 Remedial Design

The remedial design called for excavating the failed slope
back approximately 6.1 meters (20 feet) to the same slope
angle (4V lH) as the proposed slope and constructing a steep-
ened, biotechnically stabilized earthen buttress. The slope was
stabilized with layers of primary and secondary geogrids,
burlap, vegetated geogrids at the face, and live fascines over
the top of the finished slope. Figure 2 shows a cross section
depicting the existing slope (dashed line) and the remedial
design.
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the slope. They will also
provide some measure of
internal stability initially and
over the long term. The
alternating sequence of con-
structed earthen terraces and
live branch brushiayers is
shown in Figure 5.

Drainage panels (1.52
meters (5 feet) wide, spaced
4.57 meters (15 feet) on cen-
ter) that extend vertically
along the back side of the

~“”A”’R-”BO”ow
Figwe 2. Cross section of remedial slope design

The primary geogrid was designed to provide global, inter-
nal, and compound stability to the slope. This grid extends
approximately 6.1 meters (20 feet) from the face to the back of
the slope. The vertical spacing of the primary geogrid is .61
meter (2 feet) over the lower half of the slope and 1.22 meters
(4 feet) over the upper.

As shown in Figure 3, the secondary geogri~ burlap, and
brushlayers (which together constitute the vegetated geognd)
were primarily designed to provide facial stability to the slope.
As shown in Figure 2, the secondary geogrid and burlap
“wrap” the face of each vertical lift between each row of
brushlayer branches. The burlap temporarily prevents soil
from sloughing out of the face through the grid openings until
the plant materials produce leaves and
roots. The face wrap extends .91
meters (3 feet) into the slope at the bot-
tom of each vertical lift and five feet at
the top. All lifts were constructed
using a continuous batter board to con-
tIol the slope of the face. A front view
of the vertical and lateral limits of the
vegetated geogrid lifts and brushlayers
is provided in Figure 4.

Brushlayers consisting of 2.44 to
3.05 meter (8 to 10 feet) long willow
(@ix sp.) and dogwood (comus sp.)
branches were placed on the construct-
ed earthen terraces between each .91
meter (3 feet) vertical lift. These
brush-layem, which are installed in
layers with the growing ends exposed
extend from the face approximately
3.05 meters (10 feet) back to the mid-
point of the slope. During the growing
season, these brushlayers will root and
produce leaves, stabilizing the face of

slope were designed to
accommodate the migration
of groundwater into the rein-
forced portion of the slope,
preventing the buildup of
hydrostatic pressures in that
area. These panels connect

into a .305 meter (1-foot) thick crushed-stone drainage layer at
the base of the slope, which extends the full length and width
of the slope.

As shown on Figure 1, four types of backfill were used to
reconstruct the slope in addition to the crushed-stone drainage
layer at the base. These bacldls are granular borrow, ordi-
nary borrow, 50/50 mix, and specified fill. The first three con-
stitute the structurally competent “core” while the specified fill
at the face provides a media amenable to plant growth. The
specified Fdl used in the front 3.05 meters (10 feet) of each lift
is a blended material consisting of four parts ordinary borrow
to one part organic loam by volume. It should be noted that
the lifts were constructed to slope away from the face (-2tT)
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Figure 4. Front view of as-built slope illustrating limits of slope remediation aetivites.

and that fertilizers were added to each lift to further optimize
the growing conditions for the installed brushlayers.

A 1V3H cut was made above the steep slope and live
fascine bundles were installed to prevent surface erosion and
to rapidly revegetate the slope with woody plant materials. As
illustrated in Figure 6, a live fascine is a collection of live cut
branches grouped together in a bundle and secured with twine.
The bundle was placed in trenches and anchored with dead
stout stakes and live stakes. These structures provide immedi-
ate mechanical stabilization and erosion control and will even-
tually grow and reinforce the surface soil mantle. In this par-
ticular application,
they also act as a
drain, collecting
water and trans-
porting it laterally
to both ends of the
site.

3.4 Stability
Analyses

A series of slope
stability analyses
were conducted to
design the RSS
and assess the sta-
bility of the slope
under temporary
construction con-
ditions (i.e., the
cut slope condi-
tion). These
analyses were
conducted using
the University of

Texas at Austin
UTEXAS3 program.

For design of

the slope, stability
analyses were con-
ducted to determine:
(1) the width of the
reinforced zone
required to provide a
minimum safety fac-
tor of 1.5 for deep-
seated failure sur-
faces, and (2) the
vertical spacing and
design strength of
soil reinforcement
elements required to
provide a minimum
factor of safety of
1.3 for both inter@

and compound failure surfaces. For temporary construction
conditions, stability analyses were conducted to cordlgure the
cut so that a minimum factor of safety of 1.2 was maintained
during the construction process. The computer output for the
global stability analysis used to determine the lateral extent of
the reinforced zone is provided in Figure 7. The failure sur-
face yielding a minimum factor of safety of 1.5 generally
defines the extent of the reinforced zone.

3.5 Agronomic and Geotechnical Considerations

The design and construction of this slope presented several
646-1998 Sixth International Conference on Geosynthetics
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cial soils. However, since it was desir-
able to allow some water to migrate to
the willow and dogwood branches in
the slope, the design was moditled to
utilize 1.52 meter (5 feet) wide p~fab-
ricated drainage strips spaced 4.57
meters (15 feet) on center in place of
the continuous crushed-stone backslope
layer. That allows some groundwater to
migrate into the reinforced zone with-
OUtPt2rmitting hydrostatic preSslllW to
develop on the back side of this zone.
The brushlayem also function as hori-
zontal drains, Educing the possibility
Ofhydrostatic plWS~S.
“ O-c material - To provide favor-
able conditions for plant grew@ it was
desirable from an agronomic standpoint

“1 .“”’”w to incorpomte orgtic material & the

Figm 6. Establishing live fascine.

challenges involving the need to balance agronomic and geot-
echnical requirements. The factors to be balanced were these:
(1) the need for water and nutrients in the slope to sustain and
promote vegetative growth versus the desk to remove water
so as to eliminate hydrostatic pressunx; (2) the need to use
organic matter in the slope to provide nourishment for plant
growth and development versus the desire to construct the
slope with freedraining, inorganic, granular soils and (3) the
need to construct the slope during the
fall and winter months while the vege-
tative plant materials we~ in a dormant
state versus the desire to construct the
slope during warmer weather to prevent
soil freezing problems and weather
delays. A fti agronomic considemtion
was that the plant materials needed to
be properly stmed following hmvesting
to protect them from shock. A brief
discussion of each of these topics fol-
lows.

backtlll. To accommodate this, the
outer 3.05 meters (10 feet) of slope,
starting approximately 1.52 mete~ (5
feet) up from the base of the slope, was
bacldled with a blended material con-

sisting of four parts of ordinary borrow to one part loam by
volume. By carefully seleeting the mixture and the location
within the slope and checking the global stability and location
of faihue planes, it was possible to satisfy both the agronomic
and geotechnical design requirements.
“ Construction time fmme - The freezing of subgmde soils that
contain high organic material and water was a daily conce~
since the construction was done mostly during the winter

TOPSOILJFORESTMAT

TILLUPPER

1
r-

● Drainage - The original design ea.lled
4

for a continuous backslope drainage T3LLLOWER

system to intemept groundwater before
it enters the reinforced portion of the FS=I.S3

slope and divert it to the gravel subbase
and drainage system beneath the slope. BEDROCK
The backslope dminage system was 20’
originally designed to consist of free-
draining cmshed stone, with filter fab-
ric against the natumlly deposited gla- Figm 7. Factor of safety for deep-seated global failure surface.
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Figure 8. The condition of the project site, July 1996.

months. To minimize the impact of freezing, the lifts were
adequately compacted at the end of each workday, and were
inspected the following day for the occurrence of heave or for-
mation of ice lensew in additiom unsuitable frozen subgrade
soils were removed when needed. Furthermore, frequent
snow-storms limited the number of workdays on the project’s
already tight schedule. Accumulating snow, which had to be
plowed from the previously constructed lifta before work
could continue, shrunk staging and storage areas significantly.
It should be noted that a near record snowfall in excess of 254
centimeters (100 inches) occurred during the winter this slope
was constructed, following an unseasonably warm fall.
“ Harvesting, handling and storage of cuttings - The barvesting
of suitable, biotechnically capable plant material and installa-
tion of the soil bioengineering systems needed were carefully
plannecL coordinated and maintained. Numerous potential
harvest sites were located before the project started. Sites
were then selected based on the quality of material, site acces-
sibility, and proximity to the project site. These harvesting
sites contained large stands of willow (Salix sp.), a species
well-suited for soil bioengineering construction. Refrigerated
trucks were used to transport and store the live cut branches,
which allowed the cuttings to be stored for long periods of
time, such as a month or more. Proper temperate. and
humidity controls were maintained to keep the branches in
dormancy and prevent the cuttings from dying out. The use of
refrigerated trailers allowed the contractor to transport larger
quantities of material to the site, providing installation CEWS
with immediate access to live cuttings when needed and
improving overall operations and eftlciency.
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Finite Element Analysis of instrumented geogrid reinforced slope
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ABSTRACT: A 15 m high green faced reinforced slope was built in 1996 to consolidate a landslide situated on the
Montone hill in the province of Perugia (Italy). The reinforced slope was built using as fill material locally available soils
and as reinforcement HDPE mono-oriented extruded geogrids. A section of the slope has been fully instrumented in order
to ver@ its long term behavior. To evaluate the field stress and deformation behavior of the Montone reinforced slope a
finite element analysis has been carried out. The paper describe the model technique developed to evaluate the filed stress
and deformation of steep reinforced slope using special interface elements The results of finite element analysis are in
good agreement with the field measured results.

KEYWORDS: Steep slope, Geogrids, Fieldtest, Finite Element analysis

1 INTRODUCTION
The Montone hill located in the province of Perugia
(Italy), was interested in the past by several instability and
erosive phenomena along its slopes, which caused great
damage at historical buildings and at road network.

During the last decades important landslides concerned
the North-East slope of Montone hill, particularly along
the Montone-Pietralunga main road. These phenomena
that involved an area of about 15.0 m high and 200.0 m
long, produced in proximity of the Fosso Fornaci a road
interruption.

In one of the sub-project for the consolidation of the
Montone hill, near the Fosso Fornaci, was foreseen to
restore the interrupted main road and to stabilize the
natural slope by rebuilding it with the local soils
reinforced with HDPE geogrids. The reinforced slope
presents a maximum height of 15.5 m and a length of
about 53.0 m (see Figure 1). Due to the importance of the
project, a section of the slope has been instrumented in
order to ver@ its long-term behavior,

The paper deals with the stress and deformation
analysis of the Montone reinforced slope by finite element
analysis. A procedure to model the fill soil, the
reinforcements and the soil-reinforcement interaction
using discrete finite elements are described. The
properties of the soil till and of the reinforcement geogrids
are also presented.

Field measurement taken over two months period tier
construction are reported and compared with numerical
analysis results.

The paper shows a good agreement between compared
results. This fact highlights the possibility to use element
finite methods to predict filed behavior of reinforced
slopes without rigid face and with a complex geometry.
Figure 1. Reinforced slope location

2 REINFORCED SLOPE DESCRIPTION

In the last decades the North-East slope of Montone hill
was interested by important landslides and erosive
phenomena that produced in proximity of the Fosso
Fornaci an interruption of the Montone-Pietralunga main
road.

For better understanding the reasons of slope instability
an intensive geophysical and geotechnical test campaign
and aback-analysis study on the old landslide bodies were
carried out (Coluzzi et al., 1997).

To restore the interrupted main road and to stabilize the
natural slope a green faced reinforced slope was built. The
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construction commenced in the summer of 1996 after the adopted to design are reported in Table 1.

landslide body has completely been removed from the
main road and after the existing ground surface has been
remodeled.

The reinforced slope shows a running length of 53.0 m
and a maximum height of 15.5 m, split up in three bodies
respectively of 5.3, 5.6 and 4.6 m of height, with 1:1.73
side slope, separated by two horizontal berms of 4.1 m and
3.1 m length (see Figure 2).

As above mentioned the reinforced slope was built
using as fill material locally available soils and as
reinforcement HDPE mono-oriented extruded geogrids. In
particular the entire slope was supplied of 23
reinforcement layers, 0.65 m vertically spaced, with
length variable between 4.5 m and 3.15 m.

The green faced reinforced slope was built using the
TENAX RIVEL system (Rimoldi et al., 1996), which
consist in the use of sacrificial steel mesh form-works that
help in the face construction and permit to obtain a very
uniform geometry of the slope. A thick drainage system
was placed beneath the reinforced bodies.

The Jewell method (Jewell, 1990) was used to design
the reinforced slope, whereas global stability analysis was
carried out using the STABGM, a code based on the
Bishop’s rnoditied method (Coluzzi et al., 1997).

The main geothecnical properties of the fill soil and
mechanical properties of the reinforcement geogrids
Table 1. Geothecnical properties of the fill soil and
mechanical properties of the reinforcement geogrids
adopted to limit equilibrium design

Design
unit value

FILL SOIL

Unit weight [kN/m’] 19.7

Friction angle [01 26

Effective cohesion

Interstitial uressure ratio r-1 o

REINFORCEMENT

Peak tensile strength ~/m] 60

Strength at 2’?4.strain [kN/m] 17

Long term design strength &N/m] 25

2 INSTRUMENTATION

Due to the importance of the project, a stction of the was
provided with extensive instrumentation.

The main purpose of the instruments installkd is to

/
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Figure 2. Cross section of the instrumented geogrid reinforced slope
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check the overall deformation of the slope and to indicate reinforcement geogrids. In this pattern the use of “SLF

the long-term behavior of the reinforcements under field
stress conditions. Moreover, field measurements are very
valuable input data for subsequent numerical analysis
with finite element method.

The instrumented section was equipped with 40 strain
gauges (electrical wire resistance type) positioned on
geogrid ribs of the first and second reinforced block; 3
total vertical pressure cells positioned at the bottom of the
first reinforced block 2 vertical inclinometers installed on
the first block and on the top of the third block; 1 pore
pressure cdl and 1 acquisition system installed on the
first block (see Figure 2). Descriptions of instrumentation
types and installation procedure are detailed in Coluzzi et
al. (1997).

The strain gauges and total pressure cells has been
activated after construction, whereas inclinometers and
pore pressure cell are not yet active. After about one
month measurements 9 strain gauges are “dead.

3 FINITE ELEMENT ANALYSIS

For reinforced slopes, deformation and stability are the
two main concerns. Nevertheless an accurate assessment
of deformations in field condition can only be achieved
through a stressdeformation analysis, such as a finite
element analysis.

To evaluate the field stress and deformation behavior of
the Montone reinforced slope a finite element model of
the entire structure has been developed. The numerical
simulation has been performed using the CRISP90
computer code (Britto et al., 1990), developed at
Cambridge University in the eighties, which uses many
soil constitutive models, and capable to simulate drained
and undrained gotechnical problems with static load
conditions. In particular to simulate the field behavior of
steep reinforced slope, without rigid facing, a modeling
technique has specifically been developed. This technique
foresee to use the following elements:
● “BAR” elements, with linear<lastic or linear elasto-

plastic behavior, for reinforcements.
● “LSQ (Linear Strain Quadrilateral) and “LST”

(Linear Strain Triangle) elements, with linear elastic-
plastic behavior, for fill soil.

● “SLIP” elements, with behavior based on the
Goodman & Taylor (1968), for soil-reinforcement
interface.

● “LSQ and “LST’ elements, with linear-elastic
behavior, for foundation soil.

To obtain a true and correct forecast of the stress and
deformation behavior of reinforced slope by numerical
finite element analysis it is necessary to define and
subsequently to simulate the very complex interaction
mechanisms establishing between the fill soil and the
elements with frictional and adhesive behavior, which
permits relative displacements, seems to be able to
simulate the above mentioned interaction mechanics.

The finite element model created consist of 2107 nodes
and 872 elements (16 1 reinforcement elements, 322
interface elements and 389 soil elements) (see Figure 3).
Computational problems connected with the dimension of
the overall stiffness matrix imposed heavy limitations on
the elements number of soil foundations. Therefore we
decided upon to model a little portion of natural slope
with very simple linear-elastic elements having adequate
resistance and-stiffness to support the reinforced body.

Reinforcement

=

Part. A

Fill soil-reinforcement interface

Fill soil

Foundationsoil-reinforcement
interface

Foundation wil /r— “.. I

/

Figure 3. Finite element model

4 MATERIAL PROPERTIES

With the final purpose to obtain a more realistic
numerical simulation a series of field tests on the
reinforced slope and laboratory tests on materials taken
from reinforced bodies were carried out. From these tests
were assessed the most important mechanical parameters
to introduce into numerical model. The tests undertaken
are:
. Field density tests, carried out on all three reinforced

bodies, that supplied the unit weight of the fill soil.
. Field pull-out tests, performed on geogrid layers, about

0.50 m wide with different anchorage length,
purposely embedded into the bottom reinforced body,
that given the pull-out factor of reinforcement.

● Rigid plate load tests, carried out on the first
reinforced body using circular plates with 30Clmm and
600 mm diameter, that supplied the principal
deformation parameters of the fill soil.

● Classification tests, performed on several samples of
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fill soil taken from reinforced slope, that supplied the
,,--”
●

●

limit indexes and the particle size distributions.
Direct shear tests with standard box of 60x60 mm,
pefiormed on samples of fill taken from reinforcxxl
slope, that given the shear resistance of fill with
particle size finer than ASTM1O sieve.
Tensile creep tests, carried out on geogrids samples,
using different tensile loads and temperatures
(CazzutK et al,, 1997), taken from the reinforced slope
after end construction, that given the long-term tensile
stiffhess of reinforcement.

The most important test results achieved are summarized
in Table 2.

Table 2, Geothecnical properties of fill soil and mechani-
cal properties of reinforcement geogrids adopted to finite
element analysis

unit Desitzn value

FILL SOIL

Unit weight @cN/m~ 18.4

Friction angle r] 33

Effective cohesion .

Initial elastic modulus ma] 35.2

Poisson ratio [-1 0.2

REINFORCEMENT

Tensile stiffness [kN/m] 500

FOUNDATION SOIL

Unit weight @J/m’] 20.0

Friction angle [01 23

Effective cohesion &a] 100

Elastic modulus [MPa] 10

Poisson ratio [-1 0.4

INTERFACE

Pull-out coefficient [-1 1

5 FINITE ELEMENT ANALISYS RESULTS

The state of deformation at end construction of the
Monotone reinforced slope, achieved with numerical
analysis, is showed in Figure 4.

Figure 5 shows the comparison between the
distribution of reinforcement strains achieved with
numerical analysis (light dots and dashes) and achieved
fmm field measurement (dark dots) after two months of
the end construction, relating to the first reinforced body
(layers A to H). Figure 6 shows the same comparison
relating to the second reinforced body (layers I to R).

With reference to numerical analysis results, all layers
presents the same shape strain distributions, excepting the
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Figure 4. Deformation state of entire reinforced slope

layers G and H on the first body and Q and R on the
second body. In particular the second layer of each body
(respectively B and L) has the largest strain whereas the
top layer (respectively F and P) has the smallest. The peak
reinforcement strains occurred in the bottom layers closer
to the slope surface than the top layers. The very
particular strain profiles of layers G and H on the bottom
body and Q and R on the second body are mainly related
to their spectilc border conditions.

From Figures 5 and 6 it is also possible to highlight a
close tilnity between measured values and calculated
values, excepting the at layers A and G. The reasons of
this disagreement may be attributable to specitlc border
conditions. In fact for layer A the distribution of strains
along its length depends also from foundation soil-geogrid
interface characteristics, while for layer G the distribution
of strains is influenced by different confinement pressure
conditions and different support soils along its length.
The presence of a second peak in the strains profile in
proximity of different contour condition confirm the
above mentioned consideration.

At the last Figure 7 shows a ve~ good agreement
between numerical and measured distribution of total
vertical pressure at the bottom of the first reinforced body.
In the same figure the total vertical pressure has been
compared also with “static” pressure due at the weight of
reinforced slope. The different envelope is obviously due
to thrust of backfdl.

6 CONCLUSION

To evaluate the field stress and deformation behavior of
the Montone green faced reinforced slope a finite element
model of the entire structure has been carried out. A
modeling technique has specifically been developed to
simulate the field behavior of reinforced slope without
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rigid facing which foresee the use of “SLIP” elements
with frictional and adhesive behavior, which permits
relative displacements, to simulate the complex
interaction mechanisms establishing between the soil fill
and the reinforcement geogrids.

A series of field and laboratory tests was carried out to
asses the most important mechanical parameters to
introduce into numerical model.

The performance of the Montone reinforced slope was
monitored by a SPCCMCinstrumentation installed in a
section of the slope during its construction. Field
measurement showed the mobilization of tensile
resistance on the geogrids and the distribution of total
vertical pressure at the base.

The strain distribution results of finite element
analysis are in good agreement with field measurement
results taken after two months of the end construction.
Nevertheless the border conditions have a remarkable
influence on the base reinforcement layer and on the
layers disposed between each reinforced body. This
influence is negligible in the others reinforcement layers.

The good agreement achieved confirm the validity of
modeling technique developed and highlights the concrete
possibility to use of element finite methods to obtain
detailed information about stress and deformations under
field condition.
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The Assurance Of Durability

John H Greenwood
ERA Technology Ltd, Cleeve Road, LeatherheadKT227SA, UK

ABSTRACT: The design engineer requires assurance that the geosynthetics he uses will function over a particular service
lifetime. This paper introduces the CEN Guide to Durability which provides guidance to the user of geotextiles for
non-reinforcing and, to a limited extent, reinforcing applications on the resistance to weathering, chemical and biological
effects. “Normal service conditions” are defined for which testing is restricted to a minimum and there is exemption for
materials where there is sufficient field experience. The designer of reinforced soil will require in addition information on
potential reductions in strength, expressed as partial safety factors, and methods are described for deriving these factors
expressed as in BS 8006.

KEYWORDS: Degradation, Polymeric ageing, Predictions, Reinforcement, Safety factors
1 INTRODUCTION

The design engineer requires assurance that the
geosynthetics he uses will fiction over a particular service
lifetime. In the absence of long-term experience, it is
necessary to make predictions, which of necessity are based
on changes in properties measured over shorter periods, or
under more severe or accelerated conditions. For most
applications an assurance of a minimum level durability is
sufficient, and standards committees on both sides of the
Atlantic have defined practical tests intended to assure a
minimum durability.

Reinforced soil design requires additional calculation of
the reduction in strength due to environmental or other
factors and the calculation of a corresponding partial factor
for use in design.

2 NON-REINFORCING APPLICATIONS

2.1 “Normal Service Conditions” and When to Test

The CEN Guide to Durability of Geotextiles and
Geotextile-Related Products (CEN 1998) has been written
by members of Working Group 5 (Durability) of CEN
Technical Committee TC189, Geotextiles, to guide the user
and to provide the background to the recommendations it
makes. Starting with definitions of durability, “required”
and “available” properties, design life and end of life, it then
describes the polymer structure, polymer types and
manufacturing processes relating to the principal types of
geotextile. The environments above and below ground are
noted, with particular reference to the temperature,
humidity, organic and chemical content of soils and of their
potential effects on the polymer. In addition mechanical
load will cause creep or rupture, particularly of soil
reinforcements, while transverse load in coarse soils can
lead to mechanical damage and to compressive creep of
drainage composites. Under some circumstances
mechanical load can accelerate chemical attack (or vice
versa), although this is not seen as a major problem in the
highly oriented polymers used in fibres and geognids.

The final chapter of the Guide provides guidance on what
testing is necessary and when, introducing the concept of a
window of “normal service conditions” for which only very
limited testing is necessary. Recognizing that the
geotextiles have been used for upwards of 25 years after
which, with few exceptions, the only significant
degradation found has been that caused by mechanical
damage, the normal service conditions are defined as:

fictional design lifetime less than 25 years

pH value between 4 and 9

soil temperature not greater than 25°C

natural soil, excluding landfills and contaminated land.

It is recognised that the soil maybe dry, partially or filly
saturated, aerobic or anaerobic, and may contain common
transition metals in ionic form such as Fe*+and Fe’+.

For non-reinforcing applications in natural soil where the
geotextile has a functional design life of less than five
years, even when the soil structure itself has a longer
lifetime, the only tests required are for mechanical damage
and weathering. For all other applications with design lives
of up to 25 years, screening tests for the hydk-olysis of
polyester and for the oxidation resistance of polypropylene
and polyethylene will be required in addition. A soil burial
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test for biological resistance is not required for these
polymers, but should be performed on new materials,
vegetable based products, geocomposites, coated materials
and any others of doubtfid quality (such as materials
recycled after consumer use). Other polymers require
separate assessment, including polyamides which can be
subject to both hydrolysis and oxidation.

An important feature of the Guide is the inclusion of a
clause iallowing manufacturers to use a demonstration of
satisfactory long-term service as an alternative to screening
tests. The user will decide whether the site conditions
experienced were sufficiently similar to the new design
conditicms for the field evidence of good durability to be
accepted, and whether the new product is sufficiently
similar to the old. So far, most studies on exhumed samples
have shown little evidence of degradation other than
mechanical damage due to compaction in coarse fills on
installation. The assessment of field experience is
mentioned fin-ther in Section 3.8.

2.2 Mechanical Damage

A simulated site test for mechanical damage has been
described by Watts and Brady (1990) and a database of
measurements has been compiled by Allen and Bathurst
(1994). The results are generally expressed as a reduction
in tensile strength (see below, Section 3.4), but for visual
observation holes and tears may be more significant for
applications in filtration and separation.

2.3 Weathering Tests

The screening test for weathering test, ENV 12224, will be
a fluorescent tube test based on current practice in artificial
weathering and is described further in Greenwood et al.
(1996). Drawing on the results of intercomparison tests on
a range of stabilised and specially prepared unstabilised
geotextiles, the Guide recommends that, unless they are to
be covered on the day of installation, all materials should be
subjected to accelerated weathering for a UV radiant
exposure (total ultraviolet light below 400 nm wavelength
receiveci per unit area) of 50 MJ/m2. This corresponds to
approximately 250 hours in a weatherometer and to one
summer month’s exposure on site in southern Europe. As
with mechanical damage, loss of strength is taken as the
indicator of degradation for all applications, since it can be
measured quantitatively and more accurately than, for
example, hydraulic permeability.
For applications in soil reinforcement or otherwise
dependent on long-term strength, geotextiles which retain
over 80’%0of their strength in the weathering test should be
covered within one to four months, while those which retain
60% to 80 % of their strength should be covered within 2
weeks. For non-reinforcing applications the acceptable
bands of retained strength are over 60?Z0and 20% to 60’%0
respectively. The time to cover depends on the season and
location in Europe, it being unreasonable to apply the same
658-1998 Sixth International Conference on Geosynthetics
rule on a hot summer’s day by the Mediterranean as on a
short winter’s day in Scandinavia. If the materi:~l fails the
test it has to be covered on the day of installation.

Correlation between the reduction in strength and the
time to cover on site is believed to be a usefid and practical
concept. Extended artificial weathering tests using similar
methods are required for materials which are to be exposed
for longer durations.

2.4 Hydrolysis and oxidation

Apart from the soil burial test for biological resistance
(ENV 12225), which was described by Greenwood et al
(1996), the only tests required for non-reinforcing
applications with service lives from 5 to 25 years are the
screening of polyester geotextiles for resistance to internal
hydrolysis and of polypropylene, polyethylene and
polyamide for resistance to oxidation. It is well established
that normal textile grade polyester degrades slowly under
moist conditions, and high tenacity polyesters even more
slowly. Based on current quality control practice in
polyester manufacture, ENV 12447 proposes immersing the
geosynthetic in water at 95°C for 8 weeks and determining
the percentage reduction in strength. This is a simple and
directly relevant screening test that avoids the problems of
determining carboxyl end-group count and molecular
weight. The screening test for oxidation of polyethylene
and polypropylene is an oven ageing test at 11O°C for
polypropylene and at 10O°C for polyethylene. The
passmark is so~o of tensile strength and the durations are
longer for reinforcing than for non-reinforcing applications.

2.5 Beyond Normal Service Conditions

Outside the “window” of normal service conditions the
Guide recommends the designer to consider fbrther tests.
For example, for pH values below 4 and above 9, screening
tests in concentrated alkali and in acid under aerobic
conditions have been developed. For landflll sites,
contaminated land, or for very long duraticms under
hydrolyzing or oxidising conditions, Arrhenius type
accelerated testing should be considered.

3 REINFORCING APPLICATIONS

3.1 General

The design of reinforced soil is not covered in detail by the
CEN Guide to Durability but is governed by codes such as
BS 8006 which specify a safety factor f. for the durability
of the material which is applied to the design. strength.
Design lives are long, typically 50 to 120 years. Deftition
of f~ requires a numerical estimate of the reduction in
strength that will occur by the end of the design life. f~ is
the product of several partial safety factors (>1) m listed in
Table 1 but for only some of them does the code specify the



means of calculation. Methods for deriving these factors
from the properties of the reinforcement are not included in
the Guide, but some have been drafted elsewhere (for
example WSDOT 1997). The following Sections are
intended to point out some of the items which should be
addressed.

Table 1. Partial safety factors as defined by BS 8006:1995.

fmill

fmi12

fm121

fm122

fM211

fm212

fm22

applied where the base tensile strength statistical*
is not the characteristic strength

= 1.0 for polymers

statistical scatter of long-term data statistical

uncertainty of extrapolation uncertainty

mechanical damage reduction

long-term effect of mechanical damage uncertainty

chemical effect of the soil environment reduction
uncertainty

—
*For the use of these definitions see Section 3.9

3.2 ;Speciflcations

The general service environment including the soil types,
temperatures and gradations, the expected loads and the
design life must first be defined. The information required
includes:

-tensile properties including characteristic strength

-creep and rupture tests

.darnage tests

-chemical description of the material

chemical durability tests

.fleld experience (if any)

-quality assurance statement.

The range of loads, temperatures, times and soil gradations
used, in particular those for the creep and rupture tests,
must correspond to the service environment. Without a
complete set of data it is necessary to resort to default and
uncertainty factors which too often turn out to be
controversial. The ultimate goal must be to define a
procedure which is independent of the operator and
excludes all uncertainty factors.

3.3 Separation of Long-Term Strength from Long-Term
Strain

Until there is an integrated theory of creep and
stress-rupture the calculation of partial safety factors for
strength and strain should be kept separate. While strength
is sensitive to mechanical darnage and to environmental
influences such as weathering and possible long-term
chemical degradation, creep strain at lower loads is affected
by little except load and temperature.

3.4 Mechanical Damage

As mentioned in Section 2.2, the effect of mechanical
damage is generally expressed as the ratio in strengths of an
damaged material compared with the undamaged material
and expressed as a percentage. The partial safety factor
f~l, will then be the inverse of the ratio. Methods are being
developed for performing damage tests in the laboratory
using standard fills. The reduction in strength for the fills
on the site being considered can be interpolated by plotting
the reductions in strength against a soil parameter such as
d,O(WSDOT 1997).
Very little information exists on the effect of mechanical
damage on long-term strength, if any, and in this situation
the method of Allen and Bathurst (1996) could be used to
define f~212.

3.5 Environmental effects

The principal potential degradation mechanisms for
commonly available geotextiles are those which are the
subject of screening tests (Section 2.1). Internal hydrolysis,
the slow degradation of polyester fibres in water
irrespective of pH, has been studied by a number of authors
and the reduction in strength of high tenacity fibres has
been predicted. From measurements of both retained
strength and molecular weight after immersion in water
(pH7) at elevated temperatures the rate of bond breakage
can be derived as a function of temperature. The strength
of the polyester at long times and lower temperatures can
then be derived by extrapolation using Arrhenius’ formula.
The predictions in Table 2 use the calculations of Burgoyne
and Merii (1993) for the two fibres they used, PET1 and
PET2, while the results of Schmidt et al (1994) ior tests at
50 to 70°C have been extrapolated assuming that the rate of
loss of strength is linearly proportional to the rate constant.
All refer to high tenacity fibres with number-average
molecular weight ~ > 25000. A similar calculation has
been made by Sahnan et al (1997) for a polyester with Mn =
18200.

Table 2. Percentage retained strength following internal
hydrolysis.

50 years 120years

20”C 30”C 20”C 30”C

Burgoyne(PET1) 98 92 96 87

Burgoyne(PET2) 96 85 92 74

Schmidtet al. 95 89 85 64

Salmanet al. 84 54 62 0

These predicted reductions in strength can be used to derive
the reduction factor ftiz . It should be noted that the data
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refer to saturated conditions and that internal hydrolysis will
take place more slowly in unsaturated soils. Alkaline
hydrolysis, which reduces the strength due to surface attack,
should be considered in addition for soils with a pH of 9-10
or above.
There is no generally accepted method for predicting the
reducticm in strength of polyolefins due to oxidation, but
that of Salrnan et al (1997) provides an example.
Extrapcdations based on logarithmic scales as in Arrhenius’
method can have wide confidence limits and an estimate
should be made of the sensitivity of any prediction to
changes in the input data. It may therefore be necessary to
set an additional factor to account for the uncertainty of the
extrapolation, but this factor should be handled separately
as described in Section 3.9.
Weathering is discussed in Section 2.3. If a reduction in
strength is anticipated due to weathering during installation,
then this must be included in the calculation of f~22.

3.6 Stress-Rupture

As with all extrapolations, stress-rupture results must be
examined for any evidence of a change of behaviour,
whether in the shape of the curve, the elongation at break or
the appearance of the broken specimen. Any change in the
mechanism of failure will invalidate the extrapolation.

Long-term design strength is currently predicted by
fitting a curve to the stress-rupture data, conventionally
plotted as in Fig. 1, and extrapolating it from shorter times
at high loads to longer times at lower loads. The most
commonly used fit is:

T=~-blogt (1)

where T is applied tension (load) expressed as a percentage
of the tensile strength of the same batch of material, t is
time and TOand b are constants. With x = log t, y = o, and
the subscript,, indicating a mean,

S~~= Z (Xi- X,”)’ (2)
SW= Z ~i - y~,)’ (3)
S., = Z (X,- X,V)@i- y,,) (4)
b= SXXISW (5)

and the straight line fit is:

TO=y,v-x,v/b (6)

The regression line is then extrapolated to the design
lifetime to give the unfactored design strength Tc~, again as
a percentage of the batch tensile strength. The regression
line is expected to cross the line T = 100’% at a time
comparable with the duration of a tensile test.
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Table 3: Example of stress-rupture results (fictitious).

load as% tensile strength time to rupture (h)

85 1.2

85 7

85 21

80 19

80 61

80 225

75 345

75 716

75 2,014

70 3,970

70 9,836

70 =-18340

xav 2.351 b -0.214

Ya, 77.5 n 12

sx., 19.06 K 0.0442

Sfl 375 t 1.812

sXY -80.27 s 0.4340

predicted stress rupture load for 1000000 h 60.5%

lower confidence limit for 1000000 h sA.T~o

f~,z, based on statistical procedure 1.11
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Statistically, the lower confidence limit is given by a
formula which combines the variance of the data with the
variance of the gradient of the line:

y =y=v+-b(x - xav)/K- (ts/K)[K(l + l/n) + (x - x,v)USw]’~(7)

where n is the number of measurements, t is the value of
Student’s t corresponding to (n - 2) and the appropriate
(one-sicled) probability level, and

s = [(sxx -$.. 2/Sw)/(n - 2)] “2; K = bz - t2s2/Sn . (8)

This curve forms the lower branch of a hyperbola that
draws away from the stress-rupture line on extrapolation
and meets the design life at T~ such that Tc~I T~ = f~lzl(see
example with numerical data in Table 3 and stress-rupture
diagram in Fig. 1). WSDOT (1997) defines the reduction
factor as equalling 100/Tc, and applying it to the MARV
strength., which in the BS 8006 system is equivalent of
applying f~l,, and then setting f~121= 1. In either case it is
important not to double-count the variability due to scatter.
The question of whether design should more correctly be
based on residual strength has been raised elsewhere
(Greenwood 1997).

Methods for deftig f.122, the uncertainty factor which
reflects the considerable step of predicting 50 to 120 year
performance from rupture data over much shorter periods,
are based on the duration of the longest test result. The
methods allow extrapolation up to ten times without further
penalty and then increase f~Lzzprogressively to reach values
of 2 for extrapolation by a factor of 100 based on T~ (BS
8006), or 1.2 or 1.4, depending on the likelihood of a knee,
based on the confidence limit as defined by WSDOT
(1997). Following current practice in the calculation of
stress-rupture characteristics, it is proposed that the duration
of an incomplete rupture test should be acceptable for this
procedure provided that it lies to the right of the curve as in
Fig. 1,

Any such procedure should include measurements made
at different temperatures, firstly to allow design strengths to
be defined for different design temperatures and secondly to
accommodate predictions made by time-temperature
shifting, If this is done, the longest duration used to define
f~,zz may be redefined as the longest test after
time-ternperature shifting (WSDOT 1997). A maximum
temperature shift of 20”C below the lowest test temperature
is proposed.

Measurement of stress-rupture data is laborious,
expensive and can give similar results on similar products.
Small and Greenwood (199 1) combined results from a
range of polyethylene geogrids to produce a general
stress-rupture curve for the range. Such measurements on
products from the same range of products are generally
acceptable but the rules for acceptance require definition
(WSDOT 1997).
3.7 Combination of Partial Safety Factors

Following Greenwood and Yeo (1996) partial safety factors
should correctly be classified and combined as follows:

reduction factors multiply

statistical factors combine statistically to give the
correct final probability level

uncertainty factors choose an appropriate overall factor
not less than the largest partial factor

The resultant factors defined by the three classes should
then be multiplied.

3.8 Creep Strain

In the absence of a satisfactory method for predicting the
creep of the soil-reinforcement composite, current practice
is to measure the unrestrained creep of geosynthetics for
soil reinforcement in air. This yields maximum and thus
conservative values for strain.

The comments made at the start of Section 3.6 concerning
the extrapolation of stress-rupture apply equally well to
creep. Again, there is no fundamental materials based
equation for curve fitting. The equation

E= EO+E,lOgt (9)
is normally sufficient for polyester and a power law

&=&o+ &,t” (lo)

is a useful model for the primary creep of polyethylene with
E = strain. CO,&land &z(below) are all functions of applied
load, the shape of which is reflected in the isochronous
curves. For polyethylene it is necessary to predict the onset
of secondary (constant strain rate) creep. This can be done
by adding a constant strain rate term EZtand curve fitting to
tests at higher values of load which exhibit secondary creep.
If a relation is established between E,, T and applied load,
for example by using Sherby-Dom diagrams, then the onset
of secondary creep can be predicted at lower values of T.

As for stress-rupture, creep strain curves can be
time-temperature shifted, offering the possibility of
abbreviated testing (see for example Thornton et al 1997).
It should be noted, however, that since the elongation at
break is itself a Iimction of time and temperature the shift
factor for creep strain may differ from that for stress-rupture
of the same material.

The accuracy of the prediction of creep strain has been
examined by Muller-Rochholz and Koslowski (1996) and
found to lie within 0.7’%. strain for polyesters and
polyethylene at 7% strain, predicted horn 24 h to 24000 h.
These levels of accuracy are comparable with the variability
in short term creep modulus, suggesting that a partial safety
factor for uncertainty of strain extrapolation is superfluous.
As 10 year creep strain measurements on polyester based
products are become available, the only partial safety factor
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required for creep strain extrapolated to 100 years, given
that temperature has already been taken into account,
should be to reflect the variability in the initial strain or
modulus of the material. This argument will not apply to
creep rupture data until corresponding 10 year data are
available.

3.9 Field Experience

The above predictions will increasingly be complemented,
and eventually replaced, by experience from site.
Statements that no degradation took place should always be
accompanied by an estimate of what degradation might
have been predicted given the site conditions. A conclusion
that “no degradation occurred, and none was expected”
serves only as a demonstration that no unexpected
phenomena are present.

4 CONCLUSIONS

A document on the durability of geotextiles is in place for
the guidance of civil engineers. Further details are
necessary to cover the definition of partial safety factors
used in the design of reinforced soil.
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Long-Term Experience with Reinforced Embankments on Soft Subsoil:
Mechanical Behavior and Durability

K.-H. Blume

Dipl.-lng., Federal Highway Research Institute, Bergisch-Gladbach, Germany
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Dr.-lng., HUESKER Synthetic GmbH & Co., Gescher, Germany

ABSTRACT: Two projects of embankments on soft ground with high-strength basement reinforcement are shortly de-
scribed. Started in 1981 and 1986, respectively they belong to the first one’s using preloading plus reinforcement for auto-
bahns and highways in Germany. Site conditions, construction stages, measurement data and evaluation are presented, in-
cluding long-term reinforcement strain measurements. The geotextiles are still under tension. In 1995 high-tenacity polyester
woven was exhumed from underneath the first embankment and analyzed for evaluation of durability. Important preliminary
results are reported, showing negligible loss of strength in 14 years. [n conclusion, findings and recommendations for focal
points of design, long-term reinforcement behavior and durability are summarized.

KEYWORDS: Embankments, Reinforcement, Long-term-measurements, Soft soils, Durability
I INTRODUCTION

In Germany, in the construction of highways on soft satu-
rated subsoils, increased use is being made of the preload-
ing method. The advantages compared to soil replacement
are not only the high cost savings but also countryside,
envircmmental and ground water protection. The develop-
ment of the preloading method is closely connected with the
development of geosynthetics. The reinforcement fhnction
is of particular importance as it can be required not only to
ensure the short-term stability during construction, but also
the final long-term stability.

Since around 1970, the Federal Highway Research insti-
tute (Bundesanstalt fur Stra13enwesen-BASt) has been in-
volved in such projects on federal highways and autobahns.
Investigation and measuring programs have been performed
on large-scale test embankments. The aim was to ascertain
the behavior of the soft subsoil and the long-term behavior
of high-strength geosynthetic reinforcement. Some of the
experimental embankments were just loaded up to ground
failure to veri~ the assumptions and results of the stability
calculations.

Fc,r the Federal autobahn project BAB A 26, connecting
the cities of Hamburg and Stade, a test embankment was
built near the town of Rubke (designated as ‘Ritbke-
embankment’ here) by the BASt in 1981, simulating a real
autobahn-section on saturated peat with high-strength
basement reinforcement. The project, materials used and
deformation behavior until now are reported below.

Based on this experience the entire highwayB211 at the
town of Grossenmeer was built in 1986 under similar con-
ditions using a reinforcement of even higher strength
(designated as ‘Grossenmeer-embankment’ here). The meas-
urements in this case were extended by direct strain meas-
urements on the high-strength woven used, which are con-
tinued up to now. The project, materials and most important
measurement results including the long-term strains are
shortly described.
In autumn 1995, after a 14-years-service period, parts of
the high-tenacity polyester woven ffom underneath the
‘Rttbke-embankment’ were exhumed. Tests and analyses
were carried out for evaluation of durability. Tlhe most im-
portant findings are also presented.

2 TEST EMBANKMENT AT RUBKE

2.1 Description Of The Full-Scale Test

The dimensions of the embankment were in compliance
with the standard cross section RQ 26 planned lor the auto-
bahn. Geometry and essential characteristic values of the
peat subsoil are shown in Figure 1. The consolidation calcu-
lations resulted in a required preloading height of 3.6 m. A
part of preloading had to be removed after ccmsolidation.
The stability calculations were performed according to DIN
4084 (Bishop’s method) modified by reinforcement retain-
ing force. Only low short- and long-term strains were al-
lowed. The calculations resulted in a reinforcement mobi-
lizing at least 90 kN/m at maximum 5% short-term strain,
with an ultimate tensile strength (UTS) of at least 200 kN/m
and ultimate strain < 10O/O.Only 1‘Zocreep strain in two
years was allowed under 90 kN/m tension force. A high-
strength polyester woven geotextile (Stabilenka@200) was
selected. The test comprises preloading with a subsequent
consolidation period of just under two years, removal of
preload, a reloading and the long-term measurements of the
deformation behavior.

The test embankment was constructed directly on the
terrain without any soil replacement. First of al1the woven
was laid on the grass in July 1981.

Loads, heights and settlements to date are shown in
Figure 2.
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Figure 1.Full-scale test embankment at Riibke (not to scale).

2.2 Course Of The Test And Measurement Results

Measurements of settlement, pore water pressure, base
pressure, inclination and groundwater level were performed.

In this test, it was not possible to perform strain meas-
urements directly on the fabric. Because, at this time, a
measuring system with robust, precise and water-proof
strain gauges was not available. Four years later, long-term
resistant strain gauges were developed and applied for the
‘Grossenmeer-embankment’ (see section 3).

The development of the settlement shows a significant
drop in the settlement rate, which was below
1 cm/year in the first year after the reloading. Nowadays the
settlement rate is less than 0.5 cm/year with a decreasing
tendency. The BASt is continuing the measurements.

::~rn.<PRELOADth4G

:: EMBANKMENT LOAD

2.6m
/

( PLANNED GRADIENT)

; : :---------------------- ---- ------------------------------.,

!
::
.-~ RELOADING

2.2m

JULY 1;81 JULY 1983 JULY 1986 JULY 1891 JULY 1997

Figure 2. Load and settlement at Rtibke from July 1981
until .July I997.

The high permeability of the peat in the unconsolidated
state has made a rapid consolidation settlement easier.

For an embankment thickness of 2.3 m, the degree of
consolidation was already 80°Aatler two-months. Very high
primary settlements of around 1.1 m were measured. The
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transition primary / secondary settlements at ia degree of
consolidation of gOO/o occurred afier 5.5 months. The total
settlement of the peat mounted to around 1.6 m. The peat
was compressed by around 40°/0.

The average strain of reinforcement derived from the
settlement profiles (not shown) amounted up to 3°/0.
Maxima and minima could not be registered due to absence
of strain gauges (compare with section 3, ‘Grossmrneer’).

During filling and consolidation relatively 1(3whorizon-
tal displacements occurred at the toe of embankment:
maximum 18 cm in the peat and 12 cm on the ground sur-
face. In a distance of 10 m from the toe of the embankment
horizontal displacements of 1 cm to 3 cm were registered.
The increase of undrained shear strength is shown in
Figure 1.

2.3 Assessment Of The Measurement Results

The measurement results confirmed the feasibility of con-
trolled construction of reinforced embankments on very
weak subsoil (peat) by preloading, removing of preload and
partial reloading to justifi the final gradient. Due to the
controlled preloading and the reinforcement, no failure-type
deformations occurred, neither in the embankment nor in
the foundation soil. The high-modulus geotextiile (see sec-
tion 2.1) allowed only small lateral spreading,lsqueezing
deformations. Based on the average strain only the rein-
forcement looked understressed compared to design as-
sumptions and calculations. But note, that strain (and tensile
force) could had been higher e.g. in the usually critical zone
(from the point of view of stability) under the slope and
near the toe (see section 3.3). Summarizing the simplified
design calculations according to DIN 4084 agreed well
enough for engineering purposes with the measured behav-
ior. Nevertheless, continuos measurements are an important
tool to control the construction progress.

The measurement results and the collected experience
from July 1981 until March 1985 were adequate to recom-
mend the preloading method with high-strength reinforce-
ment for the entire new autobahn route BAB A 26.

3 HIGHWAY EMBANKMENT AT GROSSEN-
MEER: TEST AND REFERENCE SECTIONS

3.1 Description Of The Project

Due to the positive results from the ‘Riibke-embankment’,
the BASt recommended the preloading method with
geotextile reinforcement for the construction of the new
federal interstate highway B 211 at the town of Grossen-
meer.

The BASt performed measurements on two sections.
The first one with steeper slopes, called here ‘test em-
bankment’, had to be integrated later after reshaping in the
standard highway embankment. The second one, called here
‘reference section’, was already from the beginning a stan-
dard highway embankment. The test program was extended
here by direct short- and long-term strain memurements of



the high-strength basement reinforcement.
The highway embankment at Grossenmeer has a length

of around 2 km. The weak subsoil consists of layers of peat
and organic silts in all 3 m to 5 m thick, undedayered by
dense sand. According to pre-design calculations, typically
an embankment thickness of 4.5 m height was selected for
the stage of consolidation (reloading). The consolidation
period was expected to be about two years. After that layers
of different adequate thickness had to be removed to tit the
planned final gradient.

The following design soil parameters were assumed for
the stability calculations according to DIN 4084:

Soft subsoil: Undrained shear strength Cu = 8 kN/m2
Unit weight Y. = 11 to 13kN/m3

Sand: Angle of internal friction+’ = 32.5°
Unit weight yn = 18 kN/m3

The calculation resulted in an allowable embankment
height of only 2.6 m without reinforcement. To achieve the
aimed preloading height of 4.5 m and the required FOS
= 1.2 (global stability, temporary stage) according to DIN
4084, a reinforcement tensile force of about 200 kN/m was
required (Blume 1995, Blume 1996). For reasons of defor-
mation compatibility the corresponding short-term strain
was limited to 5°/0, and the total strain (short-term plus
creep) was not allowed to exceed 6°/0 for several years.
Based on the stress-strain and creep curves a high-tenacity
polyester woven with an UTS = 400 kN/m and 10% ulti-
mate strain was selected (Stabilenka” 400).

The earthwork for the entire 2 km-stretch was carried
out from June 1986 until June 1987, followed by a consoli-
dation period of 15 months. Afier then in some sections the
embankment thickness had to be increased additionally
from 4.5 m up to 6.5 m (including the ‘reference section’,
see below) to compensate the unexpected high settlements.
After a new consolidation period of 17 months, parts of the

preloading thickness were removed in March 1990 for
fitting the final gradient. The highway was opened to traflic
in October 1990.

Since October 1990, after the end of the measurements
direct Iy accompanying construction, measurements have
been and are being performed on the long-term deformation
behavior of the subsoil, of the completed highway and on
the strain behavior of the basal reinforcement.

3.2 Description Of The Tests

The main aim of both the ‘test embankment’ and the ‘refer-
ence section’ was to provoke the highest possible stress in
the woven, selecting sections of the highway having particu-
larly unfavorable subsoil conditions. Knowledge was to be
gained of the long-term behavior of the reinforcement.

Under the ‘test embankment’, which was planned as a
‘crashl test’, extremely high reinforcement stress had to be
generated by rapid construction (4.5 m in four days), and by
a steep slope of 1 V :2 H. Nevertheless, ground failure had
to be avoided because of the later integration in the stan-
dard highway embankment, after reshaping. Around
40 m away, in the ‘reference section’ with a standhrd (flatter)
slope of 1 V :3 H, the loading process lasted around a year.

For the direct geotextile strain measurements, the BASt
developed a suitable strain measuring system which does
not influence the strain of the fabric. Robustness, precision
and water-resistance were proved in advance in contact with
soil and under water also.

Settlements, pore water pressure, inclination and
groundwater level of the subsoil were measured. The strain
measurements were performed on, in total three cross sec-
tions, two of them in the ‘test embankment’ and one in the
‘reference section’. In each case 9 strain gauges were in-
stalled at 2 m space. Additionally, settlement gauges were
placed near the strain gauges (Figure 3 a, d).

3.3 Measurement Results And Assessment

The most important results are depicted in Figure 3 a, b, c
for the ‘test embankment’ and in Figure 3 d, e, f for the ‘ref-
erence section’. Note, that embankment material, single
layer thickness, height (4.5 m) and reinforcement are the
same.

The construction periods and slope inclinaticms are quite
different, as mentioned above.

In Figure 3 b, c the graphs show the development only
within the first 4 days (height from zero to 4.5 m). After that
the increase in strain became less and, after 2 months, came
almost to a halt (not shown). In the subsequent 25 months
the strains asymptomatically came up to a maximum final
strain of about 7°/0below the slope and 60/0below the center
of the embankment (not shown).

In Figure 3 e, f the graphs show the processes within
around one year (height from zero to 4.5 m stepwise). The
line with the number 1 corresponds to the 4* day (1,5 m
sand), and with the numbers 2 to 5 to the 3Cltiday afler
placing of the respective sand layer, at nearly constant time
intervals.

Although the distance between the ‘test embankment’
and the ‘reference section’ is only around 40 m,, the subsoil
conditions seem to be considerably different, resulting in
unexpected high settlements of the latter. In both cases a
weak zone below the slopes was identified. Nevertheless,
slope failure was not observed in the embankment body
itself, neither for the ‘test embankment’, nor for the ‘refer-
ence section’. On the contrary, the horizontal displacement
of the subsoil near the toes became large, for the ‘test em-
bankment’ up to 40 cm, destroying the inclinometer tubes.
The ground tended to a ‘squeezing-out’, but a real failure did
not occur. Note, that the typical subsoil-squeezing-mode
cannot be checked by Bishop’s method (DIN 4084) used for
design calculations. Nowadays this mode shoulclbe checked
e.g. according to Michalowski and Lei Shi (1993).

The reasons for the surprisingly high reinforcement-
strains (and corresponding stresses) below thle slopes in
both cases are apparently both the weak zones and the
squeezing-out tendency.
1998 Sixth International Conference on Geosynthetics -665
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Figure 3. Grossenmeer: construction stages, settlements and strains
.

The strain increase and the horizontal deformations
came to a halt shortly after completion of the construction.
Based on the observation, h can be concluded that the rein-
forcement prevented both slope failure of the embankment
and ground failure due to squeezing of the soft layers.

The reinforcement strains exceeded at some locations
the values of 5V0 (short-term) and 6V0 (long-term) assumed
in design. The real mobilized tensile forces were higher
than expected according to the stability calculations (DIN
4084, Bishop’s method). The stress ratio (tensile force/
UTS) exceeded 50% clearly.

In 1993, the strain measurements in the ‘test embank-
ment’ were terminated due to adjacent building activities.
Only the results of the continued long-term measurements
from the ‘reference section’ are reported below.

Note, that in Figure 3 d, e, f only the period from June
1987 to June 1988 is depicted. After that in Autumn 1988
the height of the ‘reference section’ was increased to 6.5 m
to compensate the high settlements, and was reduced again
just in Spring i990 (Figure 4).

So far, at the center of the embankment, maximum
strains between 6.8°/0 and 7.6°/0and maximum settlements
of the soft subsoil of between 190 cm and 205 cm have
been measured. The strains presented in Figure 4 from
commencement of construction in July 1986 until July 1997
remained practical Iy unchanged afler removal of the pre-
Ioading height and opening of the highway to traffic in
October 1990.
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The constant strain level indicates that the reinforcement
is still under tension atler 10 years. It is difficult to evaluate
the effective tensile forces from the registered strains with
high precision now. In comparison with the short-term be-
havior a reduction in the effective tensile stress could be
expected theoretically due to some factors. Relaxation could



play a (negligible) role; for the high-tenacity polyester used
relaxation due to creep is very low. Furthermore, installa-
tion/compaction damage and environmental effects could
have reduced the really available mobilized tensile force.

For the evaluation of relaxation the isochrones could be
used, and the percentage of installation damage in sands is
known in good confidence, being in the range of 5% to 10%
for the reinforcement used. For evaluation of environmental
effects the best way is to exhume and analyze an analogous
reinforcement material, which has been embedded under
similar conditions for a long time. For this purpose the
Rubke-embankment offered a good possibility (see
section 2).

4. INVESTIGATION OF A HIGH-STRENGTH
POLYESTER WOVEN AFTER 14 YEARS
EMBEDDED IN SOIL

4. i Description Of Exhumation And Tests

In 1995, the BASt initiated the investigation of exhumed
fabric samples. Since it is not possible to take samples from
Groswnmeer, the BASt proposed, samples to be taken at
Rttbke (see section 2).

In September 1995, around 120 m’ of the high-strength
woven were exhumed from the embankment base afier 14
years in use. The entire geotextile was lying below the ter-
rain in the peat and groundwater due to settlements. By an
excavator, embankment parts were removed down to the
woven, from the slope to the center of embankment. At the
beginning, it was possible to remove the remaining sand by
hand. lDue to the rapid rising of water, it was unavoidable to
pull out and up most of the woven directly by the excavator.
Thus, abrasion and damage of the fabric could not be fully
avoided.

It was observed during uncovering, that the woven was
sti11under tension before cutting. A considerable effort was
necessary to Iifl up the edge of the woven by a shovel
(Figure 5). This observation corresponds to the strains un-
der the Grossenmeer ‘reference section’, which indicate
considerable tensile forces until today also (Figure 4). Dis-
coloration of the fabric due to contact with the rotted grass
and the peat were clearly visible. In some places, grains of
sand had penetrated its structure.

Samples for the testing institutes, participating in the in-
vestigations, were taken from four different geotextile areas
atler exhumation, corresponding to defined different posi-
tions in the base.

For each of the four areas the following tests were per-
formed:
(1) Yam tensile tests according to DIN 53834, T 1 with

15 individual tests per each area
(2) Analyses for determination of the carboxyl end groups

(CEG) and of the molecular weights of the high-
tenacity polyester

(3) Scanning electron microscopy (SEM) of filaments
(4) Chemical analysis of the groundwater (pH-values).
4.2 Evaluation Of The Results Available To Date

The evaluation of the investigations regarding durability are
almost completed. The most important results to date are
presented here. The final evaluation and details will be
reported separately.

The results of yarn tensile tests form a better criterion
for evaluation of strength loss due to environmental effects
than the wide-width strip tests. Damage caused by installa-
tion, compaction and (in this case) removal and exhuma-
tion, and sand-grain inclusions in the woven structure has a
less pronounced influence on the cleaned single yarn
(although it can not be eliminated). The graphs in Figure 6
show the stress-strain behavior of the exhumed :yarns. Each
curve represents the average of 15 tests per area.

Figure 5. Rubke: the woven being still under tension aller
14 years.

The specific yarn strength of the ‘virgin’ (Ibrand new)
high-tenacity polyester used (Diolen ‘: CEG <27 meq/kg;
number average molecular weight M. > 25000; further
exact data are known also) is shown in Figure 6, too. To
perform a durability evaluation on the safer side, an in-
creased possible average value of ‘virgin’ strength of 86
cN/tex (instead of 84.6 cN/tex) could be assumed. Thus, the
residual strength is around 83°/0of the ‘virgin’strength. The
ultimate strain is practically unchanged. Note, that the yarn-
strength-loss of around 17°/0 includes (in chronological
order) the effects of weaving of the yarns prc}ducing the
fabric, of installation and compaction damage, of biological
and chemical degradation (chemical attack plus hydrolysis)
and of exhumation process.
1998 Sixth International Conference on Geosynthetics -667
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Figure 6. Specific yarn strength after 14 years in soil under
groundwater level for the four different sampled areas ac-
cording to DIN 53834, T 1.

The loss of yam-strength due to the manufacturing proc-
ess is 7°/0 to 12°/0, on the average 9°/0 (HUESKER Synthetic
1996]. Further, for the woven mentioned loss of strength
during compaction in sands of 5’%.to 10’%has been ob-
served. The loss of strength due to exhumation process is
hardly to be identified exactly, but it can be set to 1% to 5%
in this case. (Note, that a gentle exhumation was not possi-
ble, as mentioned above.)

The comparison of the percentage terms described
above (weaving, compaction and exhumation) with the
registered total loss of yam-strength of about 17°/0results in
O’?40to 3% loss of strength due to environmental effects in
this case.

Fullher, the SEM-photomicrographs performed indicate
no chemical damage of the filament surface; it is completely
smooth.

Thle comparison of molecular weights and number of
CEG of ‘virgin’ and exhumed material leads so far to the
conclusion, that I‘%0 to 2% of strength-loss could be caused
by changes in the polymer itself.

These latter evaluations of the microscopic and chemical
investigations correspond well to the evaluation of loss in
strength based on mechanical yam-tests as mentioned ear-
lier.

The pH-value of the groundwater is 6.6 on the average.
This fact together with the SEM leads to the conclusion,
that no chemical attack (’external’ hydrolysis) has taken
place.

The loss of strength of about 1.5”A per 10 years, evalu-
ated by different methods in this case, may be explained by
‘internal’ hydrolysis (’aging’) in the groundwater and
(unlikely) by biological effects (rotted grass, peat).

5 SUMMARY AND CONCLUSIONS

Two projects of embankments on soft subsoil with high-
strength basement reinforcement have been started in
Germany in 198I (’Rubke’) and 1986 (’Grossenrneer’)
668-1998 Sixth International Conference on Geosynthetics
respectively.
The ‘Riibke-embankment’ is a pure test-embankment for

the autobahn BAB A 26. The ‘Grossenmeer-embankment’ is
an integral part of the federal highway B 211. In both cases
high-modulus polyester woven is used with 200 kN/m and
400 kN/m UTS, respectively, and 10°%ultimate strain. For
stability calculations DIN 4084 (Bishop’s method) has been
used, modified by reinforcement force. Measurement pro-
grams are performed up to now, including direct strain
measurements at ‘Grossemneer’.

Woven from ‘Ritbke’was exhumed afier 14 years under
tension below groundwater to evaluate durability.

1.

2.

3.

4.

5.

6.

7.

Stability calculations according to DIN 4084 are correct
enough to prevent failure of embankment and/or sub-
soil, at least when high tensile force at low strain is
mobilized to restrain deformations.
High-moduli for a long period (low creep) are impor-
tant, because the reinforcement works after consolida-
tion also. In the projects described it is still under ten-
sion after 15 and 11 years, respectively.
The high-strength reinforcement used prow:d to resist
overstressing successfully for a long period.
Local weaker subsoil zones can easily result in rein-
forcement overstressing and/or failure tendency; it
should be kept in mind when selecting safety factors.
Subsoil squeezing-out is recommended to be checked
additionally to DIN 4084-calculations by other methods.
The analyses of durability and operation conditions
indicate in this case, that (internal) hydrolysis under
stress in groundwater is the main reason for the regis-
tered negligible loss of strength.
The loss of strength due to ‘aging’ (environmental ef-
fects) is 1.5V0to 2% in 14 years for the high-tenacity
polyester woven used.
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Durability of Polyester and Polypropylene Geotextiles Buried in a Tropical
Environment for 14 Years
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ABSTRACT: The demolition of a 14 year old embankment on soft clay provided the opportunity to exhume samples
of the geotextiles that had been used to reinforce the base. Specimens of these woven polyester itnd woven
polypropylene geotextiles were then tested to assess their durability. From tensile and hydrolysis tests it was found that
the polypropylene geotextile largely retained its strength, and the polyester geotextile lost about 15% of its strength.

shells, The fill material, essentially a brown gravelly silty
A portion of the polyester strength loss was attributed to hy

KEYWORDS: Durability, Polyester, Polypropylene, Geotex

1. INTRODUCTION

In 1982, a 3.5 km long coastal road embankment was
constructed on soft clays in a tidal area of Hong Kong.
The base of this embankment was reinforced with woven
polyester and woven polypropylene geotextiles. Figure 1
shows a typical cross-section of the embankment.

In 1996, part of this embankment was demolished to
make way for a river improvement scheme, which
provided the opportunity to exhume some of these
materials. Large pieces of both the polyester and the
polypropylene geotextiles were carefislly removed from
the embankment by hand, and tests were carried out to
detem~ine their durability.

Tensile tests were carried out to determine the
strengths of the recovered geotextiles, and they were also
examined under a scanning electron microscope to
detemline the extent of site damage, Carboxyl end group
counts, and molecular weight determinations, were
performed on the polyester geotextile to evaluate the
extent of hydrolysis. This paper presents the results of
these durability tests.

2. GEOTEXTILES

A single layer of reinforcing geotextile was used beneath
the embankment. Rolls 5 m wide were placed on the
intertidal mud flats and stitched together. The project

commenced with a polyester geotextile, which was
substituted in places by a polypropylene geotextile. The
exhumation encountered areas of both materials.
drolysis.

tiles, Tropical Environment.

2.1 Polyester

The woven polyester geotextile was a multifilament
material, with a weight of 450 g/m2. Quality control tests
at the time of construction demonstrated a characteristic
tensile strength of 200 kN/m in the warp. The maximum
tensile strength was often 220 kN/m, at a strain of 80A,
with a 10°/0strain at break. In the weft the characteristic
tensile strength was 45 kN/m, with a 20°A strain at break.

Ten strain gauges were attached to one roll of the
polyester geotextile during laying, and a 9’% extension
was recorded after the placing of the fill material.

2.2 Polypropylene

The woven polypropylene geotextile was a fibrillated tape
material, with a weight of 570 g/mz. Quality control tests
demonstrated a characteristic tensile strength of 200 kN/m
in the warp, with a strain of 12°/0at the maximum tensile
strength, arsd 40 kN/m in the weft.

3. ENVIRONMENT

The coastal road embankment was constructed in the
intertidal zone of a mangrove swamp. The geotextiles
were placed by hand directly onto the very soft dark grey
organic silty clay, which contained a large number of
sand of granitic origin, was mechanically placed on top in
0,5 m layers.
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Figure 1. Cross-Section of the Embankment

During exhumation, pieces of pH indicator paper were
placed in the water surrounding each geotextile, and they
all indicated a pH of 7. It should be noted, though, that
the portion of the exhumed embankment where the
polyester geotextile was located was adjacent to the
estuary of the Shari Pui River, which flows through the
Yuen Long Industrial Estate, and is polluted.

The Hong Kong Observatory has been measuring soil
temperature, for agricultural purposes, for over 25 years.
At a depth of 3 m below ground level, the average soil
temperature has consistently been found to be 26”C.

4. EXHUMATION AND SAMPLE SELECTION

The polypropylene geotextile was encountered during the
initial stage of demolition of the embankment. With the
full cooperation of the site staff, carefid hand excavations
were then made to recover large pieces of both the
polyester and the polypropylene geotextiles. These large
pieces were then washed with a hose of water to remove
some of the adhering soil, their appearance carefully
observed and recorded, before being transported to the
laboratory.

The appearance of the black polypropylene geotextile
was relatively uniform, and appropriate samples were
taken for tensile testing, and examination for site damage.

The white polyester geotextile had more marked
differences in appearance, especially in colour. One area
was greyish white, and showed some signs of installation

damage, whilst another area was stained brown and grey.
Samples for testing were selected from areas that were
visually undamaged (to the human eye), although stained.
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5. DURABILITY TESTING

5.1 Tensile Tests

Ten specimens of the polyester geotextile, and ten
specimens of the polypropylene geotextile, were subjected
to wide width tensile tests, in accordance with BS 6906:
Part 1 (1987), except that individual specimens were
tested at different rates of strain. Two specimens of each
geotextile were tested in the warp direction at 100, 10, 1,
0.1 and 0.01 per cent/minute strain. The specimens were
gripped with roller clamps, and their extensions measured
using a non-contacting video extensometer.

The results are shown in Table 1. Examples of the
load strain curves for both the polyester and the
polypropylene geotextiles, at a constant strain rate of
10OA/min,are shown in Figure 2. None of the polyester
specimens showed any visible signs of damage before
testing, although some staining was evident on all
specimens. Specimen F of the polypropylene material
showed visible fraying of some of the warp fibres, and
this probably accounts for the low value of tensile
strength.

The results are summarised in Figure 3.

5.2 Scanning Electron Microscope Examinaticm

Three specimens of the polypropylene geotextile were
examined in a scanning electron microscope, one on both
sides. Their appearance, as shown in Plate 1, was typical

of a fibrillated tape geotextile. Most of the damage was
confined to the surface. Both warp and weft were
damaged equally. Soil residue had penetrated the textile.



rable 1. Tensile Test Results
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Plate 1. Scanning Electron Micrograph of Polypropylene Plate 2. Scanning Electron Micrograph of Polyester
Geotextile Geotextile
Plate 3. Scanning Electron Micrograph of Polyester Plate 4. Scanning Electron Micrograph of Polyester

Geotextile Geotextile
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Table 2, Hydrolysis Test Results

Viscosity
Specimen

Intrinsic
Staining

Carboxyl end group (CEG) Mean CEG
molecular

viscosity (meq.lpg) (meq.l~g)weight

1 Greyish white 1.08 38,200 28.9 25.9 29.8 28.2
2 Grey I brown 0.61 19,200 30.4 30.1 29.8 30.1
3 Grey I brown 0.64 20,300

Two specimens of the polyester geotextile, one from the
area stained brown and grey, and the other from the area
stained greyish white, were examined in the scanning
electron microscope. There was no darnage visible to the
unaided eye in either specimen. Examples of the
micro,graphs are shown in Plates 2, 3 & 4; in which the
warp direction is horizontal.

Locally there was damage to the fibres in the form of
splits, indentations or openings in the fibre surface parallel
to the axis, In places the surface of the fibres appeared
flaky. This was sometimes, but not always accompanied
by local distortion, as shown in Plate 3. Individual soil
particles and smeared areas were present, primarily
attached to the warp fibres,

X-ray analysis of an area stained brown and grey
showed that the smeared areas contained aluminium,
silicon and some iron, and were therefore likely to be
from an iron containing clay. Analysis of the discrete
particles showed that some were clay, but others consisted
mostly of sulphur. Analysis of an area stained greyish
white found similar distributions of sulphur containing
particles. The clay was found to contain silicon and
aluminium as before, but no iron.

5.3 Hydrolysis Tests

Nine carboxyl end group tests were carried out on the
polyester geotextile, using the non-aqueous titration
method of Pohl (1954), but with bromocresol green as the
indicator. Three tests were performed on a specimen of
the material stained greyish white and six were performed
on two specimens of the material stained brown and grey.
The results are shown in Table 2.

Three intrinsic viscosity measurements were made, in
accordance with 1S0 1628-1 (1984), using o-chlorophenol
as the solution medium; from which the viscosity

molecular weight, which approximates to the weight
average molecular weight, was then calculated. These
results are also shown in Table 2.
29,6 30.2 29,4 29.7

6. DISCUSSION OF RESULTS

6.1 Polypropylene

The loss of strength of the polypropylene geotextile after
burial for 14 years was relatively insignificant. Also, as
shown by comparison of a test at 10O%/minute strain
(Figure 2) and the original properties, there was little
change to the strain characteristics.

In addition, examination in the scanning electron
microscope found only surticial surface darnage to the
material. Thus, it is concluded that tlhis woven
polypropylene geotextile has survived installation, and
burial in the ground for 14 years at 26”C., with little
change.

6.2 Polyester

The polyester geotextile lost about 15% of its strength
atler installation and burial for 14 years in a saturated
ground at 26”C.

From Table 1 it can be seen the strain at maximum
strength was less than that measured before installation.
Figure 2 shows that the strain at break was also less. The
relatively flat gradient of the polyester change of strength
with strain rate plot, shown in Figure 3, indicates that it
is not particularly strain rate sensiiive.

The carboxyl end group test results ranged from 26 to
30 equivalent ends/microgram, which when compared
with the range of 25 to 50 normally required for the
production of high tenacity polyester fibres, indicates little
hydrolytic degradation. The results for the material
stained brown and grey were slightly higher than for the
greyish white material.

The weight and number average molecular weights of
the original geotextile are believed to have been at least
33,000 and 12,400 respectively. The intrinsic viscosity

measurements and molecular weight determinations
showed that material from the areas stained brown and
grey was only two thirds of the original molecukir weight.
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the 5th International Conference on Geotextiles,
Geomembranes and Related Products, Singapore,
Volume 3, pp. 1153-1158.
Taking all these measurements into account, especially
the loss of molecular weight, it is concluded that a portion
of the 1So/o loss of strength of this woven polyester
geotextile was due to hydrolysis. The rest may be due to
installation damage (Brady et al, 1994).

The analysis of Burgoyne and Merii (1993) and the
Arrhenius diagram of Schmidt et al (1994) both predict a
loss of less than s~o due to hydrolysis after 14 years in
saturated soil at 26°C. Salman et al (1997) predict a
larger loss, and Schmidt et al indicate that a 30% loss of
molecular weight would be associated with a 14°/0loss of
strength.

The relationship between a change of carboxyl end
group count and the change in the molecular weight
depends on the distribution of molecular weights. Local
hydrolysis may be associated with the presence of metal
ions in the degraded areas.

This loss of strength does not preclude the use of
similar polyester geotextiles for the basal reinforcement of
embankments on soft clay, as the strength of the
reinforcement is only required for a few months, until the
clay has consolidated. It is suggested, though, that similar
durability studies be carried out on polyester geotextiles
and geogrids exhumed from permanent reinforced fill.
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Study on Creep-Rupture of Polyester Tendons: Full Scale Tests
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ABSTRACT: The behaviour under creep of polymeric materials used to reinforce soil structures is an essential criterion in
the study of the durability of structures. The report presents the results of fill-scale tests carried out to study the behaviour
under creep of polyester tendons. Loading tests to rupture were performed on tendons for assumed life periods of 2, 10, 30,
100, 300 and 1000 days. Samples taken before rupture at different ages allow determination of the residual strength
characteristics of the tendons. The results obtained confirm the law of the linear behaviour of creep rupture versus the
logarithm of time. It also shows that the residual strength of tendons subjected to creep tests remains greater than that
calculated from the stress rupture curve and very close to the initial test strength of polymeric materials.

KEYWORDS: Polyester, creep rupture, residual strength, creep.

1 INTRODUCTION

The results of creep rupture tests on polyester fibres are
generally expressed in the form of creep rupture curves of

The report presents the results of a study carried out in
order to establish the characteristics of creep rupture of
polyester cables used as tendons in reinforced fill and to
evaluate their residual strength before rupture (Linear
the type: load in relation to log (time) as shown in Figure 1.
The admissible tension load at time “t” is determined by
extrapolation of the tensile strength data obtained from
creep tests at time ~. Safety coet%cients are applied to the
tensile strength to allow for uncertainty due to
extrapolation. Knowing the true strength of the material
under the effect of creep related to time is of major interest
when defiiing these safety coefficients.

It is important, therefore, to establish the residual
strength of tendons used i.e. what is their actual breaking
load Tfl at time “tl”, under a given load applied Tfz,
whenoff loading takes place some time before creep
rupture, as per the creep rupture line at time “tz”(Figure 2).

I
I I

b

to
Time

t (logstate)

Figure 1. Creep rupture curve.
Composites Ltd 1995).

Load

~

Tf 1

I Time

tl t2
‘(log scale)

Figure 2. Residual strength.

2 TESTS

The loading test was performed to full scale in a covered
test pit under ambient atmospheric conditions. A device
allowed maintenance and monitoring of the temperature in
the pit at about 18°C. Tendon test pieces were loaded to a
constant value calculated for different rupture times. For
each series, the tests were continued on the one hand up to
creep rupture of the test pieces, and on the other hand by
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taking samples at different times before rupture for
determination of their residual strength in a laboratory
tensile test.

2.4 Determination of Creep Rupture Loads

The calculation of the creep rupture loads for each phase of
the tests was determined ffom the experimental results
2.1 Tested Material

For this study and for experimental purposes, the tests were
performed on Parafil polyester tendons of the same nature
as polyester reinforced strips used in the reinforced till.
These were composed of polyester fibres covered with a
polyethylene sheath. The test pieces, prepared specially for
these tests, were 550 mm long and comprised two
termination devices at their extremities.

2.2 Loading Weights

These tendons are characterised by:
their Nominal Breaking Load “N.B.L.” defined as 10 kN,
their actual breaking load i.e. the mean of 20 samples
tested as initial reference. However, this value can vary
between various series of samples tested due to
termination dimension as pre-tensioning conditions
during samples preparation.
The weights consist of concrete blocks which are

adjusted by adding additional weights before loading the
samples.

2.3 Table 1

This table gives the plan of the experiments carried out.
The set of samples was prepared successively for the tests.
In general, 16 samples were loaded for each creep rupture
point and 6 samples for each strength retention point,

Table 1. Plan of experiments performed.
Phase Reference Loadingfor TestperformedType

Sample Test RuptureTest Time Test
pieees at(days)piers (day) pieces

o 2 52 5 Creep
11 20 2 12 2 12 CreeQ

10 16 10 16 Creep
20 30 14 30 14 Creep

22 20 100 40 2.10 4x6=2Resi.
3060 4 strength-----
100 16 Creep
30 6 R&id.

300 34 100 6 strength
200 6

33 5 300 16 Creep
30 6

1000 24 100 6 Resid,
200 6 strength

300 6
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obtained during a previous study and readjusted by a series
of rupture tests under creep. This relationship subsequently
recalculated after each test phase, was used for calculating
the weights for the following phase. The weights were
calculated with reference to the tensile strength of the test
samples.

2.5 Determination of the Reference Tensile Strength

Characterisation of the 550 mm long tendons due to be
tested was established using tensile tests at a strain rate of
100 mm/min. Table 2 gives the results for the tendons for
the three series of samples tested.

Table 2. Reference tensile strength.
Series 1 2 3
Samples 20 20 5

Loads ExtensionatLoads ExtensionatLoad Ea-
kN rupture (Yo) kN rupture (%) kN at rupture

Mean 15.85 10.09 14,72 9.7 15.57 10.3

S.D.’ 20 0.31 56 0.5 71 0.7
V.C.%0 1.3 2.9 3.8 4.8 4.5 7’.0
‘Standard Deviation -‘ Variation Coefficient

All tendons tested came from the same batch of cable.
However, slight changes were introduced in the termination
conditions (dimension and pre-stressing rate during
preparation stage). This can explain the slight changes
observed for reference tensile strength measurement
between phases,

3 TEST RESULTS

Table 3 gives the creep test results. The graph in Figure 2
shows an adjustment by linear regression of the relation
load - f(log(time)) with very good correlation.
The creep rupture equation line obtained is:

Tf(%) = 88.8-2.38 log(~i~) (1)

where: Tf(%) = actual breaking load (in 0/0 of original
breaking load) at time t ; and t = time in minutes.

This equation has been established using creep rupture
results at 2, 10, 30 and 100 days. It will be confirmed by
300 days tests which are still on going.



Table 3. Rupture time under creep.
Phase Weight Rupture time Rupture under observed

values undercalculated creep(day)
(kN) creep(day) Mean S.D.’ V.C.2Y0

For phase 2, the variations observed, as well as the fall in
measured residual strength, may result from problems
related to the termination devices on the tendons, which
o 13.40 2 0.05 0.05 I00
12.62 2 1.21 0.91 74.9

1 12.41 10 10.34 7.47 72.2
I2.20 30 15.51 10.81 69.7

2 11.95 100 81.87 62.61 76.5
3 11.75 300 * * *

*Test under wav

1StandardDevi;tion-2 VariationCoefficient

Table 4 gives the results of the determination of residual
strength for tendons subjected to creep tests. These show
that, for different loads and before termination of their
foreseeable life span, the residual strength is not affected by
the load (Cf. Figure 3).

120 ➤-

I
.g 40 + I I— I_._.— ——— L .—.—

~ ‘Cmmmp’”r”m-1+ Residual strength (m %) ~ 100 days load rate
. Residual strength (in %) wth S00 days load rate
. Residual strangth (In %) with 1000 days Ibsd mle

o L- 1

t 10 100 Iom 1CHXH

Number of days pog scale]

Figure 3. Creep rupture curve and residual strength.

Table 4. Residual strength of tendons subjected to
creep test.

Timeof Measureresidualstreneth
Phase Refe.3 rupture Ageof 0/0 of the referencetension

(kN) calculated thetest
creep4(day)(day) Mean S.D.l V.C.2%

2 95.2 4.6 4.9

2 14.72 100 10 92.5 3.5 3.7

(81,2%) 30 99.0 4.8 4,8

60 90.4 1.7 1.9
30 102.8 3.1 3.0

300 100 100.8 5.3 5.2
3 15.57 (75,5%) 200 99.5 1.9 1.9

30 100.9 8.8 8.7
1000 100 100.7 6.2 6.2
(74,2VO) 200 101.4 2.3 2.3

300 94.5 7.1 7.5
‘StandardDeviation-‘ VariationCoefficients- ‘ Reference
4Rateofloadinginrelationto reference
2

were improved for phase 3.

4 DISCUSSION

The objective of this project was to firmly establish the
long-term tensile behaviour of Prtraweb soil reinforcing
products, However, the creep and creep rupture behaviour
of webbing is difficult to study because slip-free methods
of holding the web are complex and expensive and
prechtde the multi-sample approach. Polyester cable was
used in this work to simulate webbing because it performs
in an identical manner to the equivalent web and is easier to
hold in standard terminations. The breaking load of the
cable was limited to about 15 kN so that the concrete
weights could be restricted to a maximum of 14 kN.

The test results for creep rupture and strength retention
are shown in Tables 3 and 4 and graphically in Figure 3.
The anticipated creep rupture performance was confirmed
and the regression equation established.

Evidence of retention of strength under load approaching
100% is clearly demonstrated for three different loads (it is
clear that the phase 2 results were slightly lower than
anticipated. This was due to minor termination difficulties
which were resolved for phase 3).

Evidence is also presented confirming the retention of
initial strength until close to the creep rupture point.

This strength retention phenomenon brings into question
the current techniques (based on creep rupture) used to
establish safety factors for design loads. The following
example demonstrates the anomaly:

-
takhg the Characteristic Breaking Load (CBL mean -
1.64 SD) of series 2 as 13.8 kN,

- assume a typical factor of safety (which includes the
effects of creep rupture) of 3 on CBL,

- the design load for the tendons becomes:

DL = CBL 13.8
— = 4.6 kN

3=3

- using the creep rupture equation, if we calculated
time to rupture for a load of 4.6 kN from:

Iog(tmin) = 88”82-3;”25

this results in t = 2.3 x 101syears.

the
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The evidence presented in this paper suggests that if this
tendon was off-loaded after “only” 120 years its breaking

1

)

load would still be close to 100’%..
It is believed, therefore, that the phenomenon of strength

retention should be a major consideration when calculating
design loads. Clearly, providing the final design load i
below the predicted creep rupture load for 120 years, safety
factors should be applied to the retained load i.e. the initia
strength of the geotextile. In addition any factors for
transient load increases during the life of the structure
should be based on the retained, i.e. initial strength.

5.

1.

2.

3.

CONCLUSION

This work has confined the linear nature of the creep
rupture performance of polyester tendons on a load
versus log time basis.
The residual strength of the tendons when subjected to
the creep tests remains far above the creep rupture curve
and is unaffected by time under load until close to the
creep rupture life.
A new approach to design load safety factors should be
considered which take into account residual strength (as
opposed to the current BNSR 1991).

Figure 3. Close view of sample under testing
678-1998 Sixth International Conference on Geosynthetics
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Figure 5. A pit view with all the samples under testing.
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ABSTRACT: The load/deformation behavior of geogrids is the dominant characteristic for the bearing behaviour of the
composite soil-geogrid. As deformations of soil shall be small during implementation of geogrid and very small afler

p are the aims. As polyester normally has a orientation
construction high modulus at low deformations and low cree
phase at low deformations the attempt was made to use other
show significantly better behavior in initial load bearing cap

KEY WORDS: Creep, Design deformation, Polyester, Geogr

1 INTRODUCTION

The coaction of reinforcing geosynthetic and soil is the
basis of design methods. Examples are given by OECD
Expert Group 18 (1991). The following figures are taken
from the OECD report.

t
,

T(w) (geatextde) ~ 1=0

S,Y3J

<I geolexlile)
Figure 1 a. Calculation of slope stability and
compatibility of soil and geotextile reinforcement
polyester yarns for geogrids. Short-time and creep tests
acity and creep behavior.
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Figure 1 b. Calculation of slope stability and
compatibility of soil and geotextile reinforcement

The curves show loadlextension curves for the
geosynthetic (,,isochronous stress-strain curves) and the
soil curve. Independent from the design approach, it is to
be seen that a steeper curve fort= t] (for example t, = 106
h = 114 years) leads to structures with low movement. A
big difference between t = Oand t = t] leads to movement
in a post construction phase i.e. service period For the
post construction deformation values are given between
.5 % for rigid structures and 1 % for not sensitive

structures by the OECD Expert Group 18 (1991).

So a reinforcing material should have a curve with
low deformation in the design-relevant area
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,,clamp failure”. If stress level is very C1OSOto the
bearable load, any lateral stress may cause rupture.
(deformations of s 3 %) and the smallest difference
possible between t = Oand t = tl.

As some polymers have orientation phases of the
macro molecules at relativ low deformation, this
orientation should be eliminated by stretching during
production or other thermo-mechanical pretreatment.

This investigation deals with two types of polyester
(PES-) yarns and grids woven tlom these yams.

2 GENERAL DEFORMATION BEHAVIOR

Geosynthetics deformation behavior is influenced by
- deformation in the textile structure
– polymer type
–thermo-mechanical treatment of tapes, yams, fibres

etc.
The deformation in the textile structure of woven
materials may be influenced by kind of weaving and
warp tension. Knitwear may have straight load bearing
elements, thus having no construction deformation. The
same is valid for extruded and stretched grids.

Polyester materials are characterized by a orientation
phase between 20 and 30 % of short-time strength. The
phenomenon is visualized in Figure 2 (C. Koslowski,
1996) versus time, as this orientation occurs under
sustained load at lower stresses.

1
I

Bruh

CTIII
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~
“ Prlmor - $ekunddr. Tert! or-

bereich bereich I berelch I I

ET= tertiary creep deformation
~, = Secoodary creep deformation
~P= primary creep deformation

EO = initial deformation

Figure 2. Creep deformation and creep rate

3 TARGET OF THE INVESTIGATION
The tests reported here should show, whether a different
yam [called New Technology (NT) in this report] gives
better performance at low deformation values than a

680-1998 Sixth International Conference on Geasynthetics
standard PES-yam. Short-time tensile, tensile creep and
creep rupture tests were conducted, this report deals with
short-time tensile and creep tests.

3.1 Short-time Tests

The short-time tests were carried out with two grids of
identical nominal maximum force. All tests were
performed on identical equipment by same staff
according to 1S0 10319 i. e. 1 0/0 preload, 2’0 O/O/rein
strain rate, videoextensometer. Figure 3 shows the stress-
strain curves, which (best to be seen for the product with
150 kN/m) miss the typical orientation phase,
characterized by a depressive gradient fi-om ablout 1 0/0

strain up to 4 ‘%o. Also the ultimate deformation is about 9
0/0 for the NT-materials compared with about 12 0/0for
the standard material.

Figure 3. Stress-strain curves - woven polyester-geogrid

3.2 Creep Tests

For the creep comparison we took old values for the
standard materials [published by J. Mtiller-Rochholz and
R. Kirschner at the 4ti International Conference on
Geotextiles, Geomembranes and Related Products, The
Hague, Netherlands (1990)], therefore sometimes
stress/strength values and temperatures are close but not
identical.

Creep curves for yam and geogrids of different
strength woven of this yarn are shown in Figures 4 a and
b. The problem in testing is to be seen by the remark



strain level of 2 YOto stress levels from 5 YO(standard) to
15 Yo(NT).
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Figure 4a. Creep curves - woven polyester-geogrid ,,new
technology” (35 kN/m)

LosofTlwm,ho.ra)

Figure 4 b. Creep curves - woven polyester-geogrid ,~ew
technology” (150 kN/m)

Figure 5 shows 1 year NT-values at 30 % stress level
and 3 years lines of standard PES of lower (= 25 ‘%0)
stress level, showing ca. 1 0/0higher strains for the lower
stress level of standard yarns.

nOnlhnlwIh

,,0! t, ! to lm W4 - ,~
L4.adnmmwrsl
Figure 5. Creep curves - woven polyester-geogrid
In Figure 6 identical stress levels (50 %) of products
are compared at differing temperatures showing the low
influence of temperature for PES and ca. 2 0/0less strain
for the NT-materials. In this figure results of yarn creep
tests supplied by the producer are plotted additionally.
There is a different stress level for the standard yarn. The
coincidence of yarn and product strains shows low
construction influence.
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Figure 6. Creep curves – woven polyester-geogrid (80
kN/m)
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Figure 7. Isochronous curves - woven polyester-geogrid
,,new technology”

From these creep curves isochronous stress-strain
curves were derived, showing in Figure 7 the close lines
for 1 h up to 10000 hrs. Two lines of Figure 7 are
transferred to Figure 8 to see the difference between the
products with different yarns; which leads to strain
differences f. e. at 20 % stress-level of> 3,5 VOstrain at
10000 hrs for standard to <1,5 % for NT-products or at
1998 Sixth International Conference on Geosynthetics -681
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Figure 8. Isochronous curves – woven polyester-geogrid

4 CONCLUSION

It can be shown that the thermo-mechanical treatment of
yarns (here: Polyester) may lead to significant changes in
the load deformation behavior especially in the
application relevant area of admissible deformations/
stresses. So the load bearing capacity at 2 0/0strain is
tripled.
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ABSTRACT: To quali~ geosynthetics for in ground reinforcement use, it becomes mandatory to assess their durability
within a short time with respect to environmental parameters to which they will likely be subjected for 75 tc~100 years.
This requires the development of accelerated tests permitting prediction of potential degradation under actual use
conditions. It is known that polyolefin may oxidize resulting in polymeric molecular chain breaks directly resulting in
strength loss of the material. The available studies of polyolefms oxidation indicate that rates of oxidation are very low at
ambient temperatures, however in the context of the lifetime of civil engineering applications, may not be negligible.
Comprehensive studies of polyolefin oxidation indicated that the rate of reaction among other factors, depends on the
oxygen partial pressure in the system as well as on temperature. Complex antioxidant mixtures are commonly used to
reduce the rate of oxidation for commercial polyolefin products during processing and in end use.

KEY WORDS: Geosynthetics, durability testing, oxidation, life prediction, antioxidant consumption
1. RESEARCH OBJECTIVES

This study was focused on considering the prime factors
affecting the rate of degradation which are temperature,
oxygen partial pressure, manufacturing process and effec-
tiveness of antioxidants.

The scope of this reported research was limited to the
laborato~ investigation of thermooxidative degradation of
a few typical commercial products selected to represent
geos~thetic materials potentially used in highway
applications. It is only a part of a larger FHWA study to
develop durability testing protocols for geosynthetics.

The scope of the study is limited in that:
. a small number of commercial geosynthetic products are

considered;
● only “severe” conditions of treatment, as compared to

the in-service conditions, are used to accelerate degra-
dation to achieve measurable chemical and mechanical
changes during 2 to 3 years of laboratory incubation
time.

2. LABORATORY ASSESSMENT PROCEDURES

The basic principles of thermooxidative degradation of
polyolefin polymers indicate that environmental condi-
tions such as oxygen partial pressure may have a signifi-
cant impact on the rate of mechanical deterioration caused
by oxidation. In order to assess the influence of oxygen
partial pressure on the rate of mechanical degradation for
polyolefin geosynthetics, the following initial conditions
have been selected for accelerated laboratory testing:
1. Oven aging in circulating air (21% Oz) to represent

surface and near surface conditions
2. Oven aging in stagnant atmosphere containing 8’%0Oz

balanced by Nz to represent reduced oxygen found in
reinforced fills (Yanful, 1993).

The overall effect of antioxidant additives is assessed by
testing a specially manufactured polypropylene textile P-
3a. This material is identical to the commercial products
P-3 in terms of polymeric composition and
manufacturing, except that it was manufactured with a
rninimurn amount of additives required for production
purposes.

3. GEOSYNTHETIC MATERL4LS TESTED

Results tlom 2 commercial and 1 research grade geotex-
tiles are reported in this study. The materials are differen-
tiated by manufacturing process, composition and antioxi-
dant additives. The main characteristicsare shownin Table 1.

3.1 Testing procedures

The testing procedure consists ofi (i) sample preparation;
(ii) oven aging of prepared samples at different levels of
oxygen concentration (iii) mechanical testing to determine
tensile strength using a Wide Width Strip Test (ASTM D-
4595); (iv) chemical testing to determine Oxygen Induc-
tion Time (OIT) by Differential Scanning Calorimetry
1998 Sixth International Conference on Geosynthetics -683



Table 1. Major characteristics of selected commercial polyolefin geosynthetic products.
Product code Type Unit weight (g/mz) Tensile strength (kN/m) Antioxidant type

P-3 PP Needlepunched-con- 440 1.20t0.06 Hindered Amine
tinuous filament non- (HALS),with trace
woven geotextile carbon additive for color

P-3a PP Needlepunched- 200 0.35*0.03 Research grade
continuous filament manufactured with a
nonwoven textile minimum amount of

additives

P-4 PP Needlepunched 370 1.50+0.05 Phenolic and phosphite
staple nonwoven
geotextile
(DSC) at 175”C; and (v) analysis of surface morphology
by SEM and/or optical microscopy. The major features of
the testing procedure are outlined below.

To perform accelerated thermodegradation of poly-
olefin geosynthetics in air (210/0OJ, forced-draft ovens
with a temperature uniformity of +10/0 and substantial
fi-eshair intake are used in a compliance with ASTM D-
3045, “Heat aging of plastics without load”. To conduct
aging in a stagnant atmosphere containing 80/002, a spe-
cial chamber was designed and manufactured. This appa-
ratus provides a temperature uniformity oft 1‘C, and al-
lows control of oxygen concentration in the chamber. The
specimens are suspended in the oven or in the chamber
without pretension and without touching each other,

The temperature of exposure varied from 50° to 90°C.
At least 5 consecutive retrievals were made over the pe-
riod of aging at each specific condition with each retrieval
represented by a minimum of 5 specimens.

The study further indicated that Oxidative Induction
Time (OIT) measurements for these geotextiles appeared
to be ineffective in monitoring strength degradation for
the products tested.

Measurements of remaining OIT for the geotextiles
reported did not correlate with remaining strength or
antioxidant consumption as measured by induction time.

4. LABORATORY ACCELERATED
DEGRADATION RESULTS

Each of the selected geosynthetic products tested exhibits
a unique pattern of degradation under the tested environ-
mental conditions. Surface morphology studies are dis-
cussed in the context of measurable deterioration of me-
chanical properties observed for the aged geosynthetics.

4.1 Nonwoven continuous filament geotextiles, P-3
and P-3a

The monitoring of weight changes during exposure to
elevated temperatures in different atmospheres, indicated
684-1998 Sixth International Conference on Geosynthetics
no statistically significant variation of weight for the P-3
and P-3a geotextiles.

SEM study of the fiber surface morphology indicated
that there are no apparent changes on the fiber surface on
a microlevel, for either geotextile, aged in different at-
mospheric environments and at temperatures varying fi-om
50° to 90”C.

The progressive strength loss versus time jor the P-3
and P-3a geotextiles, are shown on Figure 1, indicates a
non linear strength 10SSand the presence of an induction
period. The induction period is defined as the initial pe-
riod of oven aging, when no statistically significant
changes of a tensile strength is observed. The P-3a
geotextile exhibits no induction period for the flamerange
of test temperatures.

One of the properties which affects the rate of ther-
mooxidation processes is the composition and concentra-
tion of antioxidant additives in commercial products. The
effect of antioxidant additives on the rate of mechanical
degradation of polyolefin geosynthetic products is clearly
illustrated by the relative performance of two products, P-
3 and P-3a. The P-3 product contains a HAM type of
antioxidant additive, and P-3a is a specially manufactured
textile with only a minimum amount of antioxidant re-
quired for production purposes. The beneficial effect of
antioxidants is clearly demonstrated by the summarized
comparisons between degradation rates for these two
products which is shown in Figure 1. There is an indica-
tion that at the lowest temperature tested of 50‘C, the ef-
fect of the antioxidants is more pronounced {km at the
highest temperature of exposure of 80°C which is closer
to the upper limit of effectiveness of about 135”C, for
HALS type antioxidants (Fay, King, 1994).

Samples of the P-3 commercial geotextil,: were ex-
posed to elevated temperatures of 70°, 80° anc[90”C in a
stagnant atmosphere of 8’%0oxygen balanced by nitrogen.
The summary of results is shown on Figure 2.

Results indicate that the rate of mechanical degrada-
tion in stagnant diluted air is much slower than the rate of
degradation in circulating air ovens. It can b~ observed
that in stagnant diluted air (8’%0 02) P-3 exhibil:s an initial
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Figure 1. Effect of antioxidant additives on the rate of thermooxidation
for the P-3 commercial product and P-3a research grade textile.

140) 1 1

be smooth and clean, however, there are
traces of initial cracks on the surface of
virgin fibers transverse to the fiber
length. The SEM study further indicates
a progressive development of
circumferential cracks on the fiber
surface during exposure tc) elevated
temperatures in circulating air.

The SEM study of fiber surface
morphology for this geotextile aged in
stagnant diluted air (8Y0 Oz) at 70 “C,
indicated no development of
circumferential cracks on the surface of
fibers after the 473-day thermal
treatment. No changes of the fiber
diameters have been observed.
Weight changes for P-4 measured over
the period of exposure tcl elevated
temperatures in different atmospheric
conditions are minimal. The weight
changes measured vary within the range
of Oto 2 percent.

The observed development of fiber

H

cracking explains the rapid loss of tensile
strength during thermooxidation in
intense circulating air. It appears that this

d
o Im zo3m4’mmm m~~

Expawre (days)

Figure 2. Tensile strength for continuous filament geotextile P-3 during
oven aging in stagnantdiluted air at 8’%Oaand in circulatingair at 210/002.

tensile strength increase when tested at 70°C. However,
tensile strength decreases with exposure time.

4.2 P-4, nonwoven staple geotextile

Commercial geosynthetic P-4 does not exhibit shrinkage
or swelling over the period of aging in circulating air and
stagnant diluted air ovens.

Analysis for microscopic changes on fiber surface
morphology has been conducted by SEM of fibers “as re-
ceived” and fibers taken from the specimens aged in
circulating air oven at 50”C. The virgin fibers appear to

material loses 50% or more of its initial
strength during the first 50 days of
exposure in temperatures varying tiom
50° to 80”C as shown on Figure 3.

The results of mechanical testing for
P-4 aged in a stagnant atmosphere of
diluted air (8% 02, 92% Na) are at first
quite unexpected. The specimens aged at
70° and 80”C in stagnant diluted air
exhibit a strength increase by factor of
1.8 after first 80 days of exposure
followed by statistically insignificant
changes of tensile strength. However, no
tensile strength increase is observed at
90°C. The summarized experimental
results for mechanical degradation in
these conditions are also shown on
Figure 3.

4.3 Summary of laboratory data on the rate of me-
chanical deterioration caused by thermoofidation

Results of tensile strength monitoring for these two poly-
propylene geosynthetics, indicate that each of the
products studied, exhibits a unique pattern of tensile
strength changes during exposure to elevated temperatures
under differing environment conditions (oxygen partial
pressure). However, the common features are as follows:
1. Oven aging in stagnant diluted air at 8 percent

oxygen results in the decrease of the rate of tensile
1998 Sixth International Conference on Geosynthetics -685



air at 21YO01 (solid line) and at 8% Oz (dashed line).

2.

3.

4.

5.

strength loss as compared to the rate observed in
circulating air (21‘Yo02) at the same temperature.
The two commercial products tested, exhibit a differ-
ent morphology in their virgin state. SEM micropho-
tograph at a magnification of 3000x reveal the pres-
ence of initial crazes/cracks on the surface of virgin
fibers for nonwoven staple geotextile P-4. There is
no indication of surface imperfections under the same
magnification, for the virgin fibers of the nonwoven
continuous filament product, P-3. This difference in
fiber morphology is one of the causes for the differ-
ences in degradation patterns for P-3 and P-4
product.
Staple product P-4 exhibits very low resistance to
oxidation in circulating air (21YO 02) at elevated tem-
peratures which results fi-omintensive surface cracks
growth over the period of aging. By contrast, the
continuous filament product P-3 exhibits no fiber sur-
face crack development during oxidation under the
same conditions, and a much lower rate of me-
chanical deterioration.
Aging in stagnant diluted air (8% OJ results in the
healing of the initial crazes on the fiber surface of the
P-4 product. This may explain the tensile strength
increases by a factor of about 1.5-1.6, observed in
stagnant diluted air. Product P-3 exhibits the increase
of tensile strength by a factor of 1.2-1.3, under the
same conditions of aging.
It appears that the effectiveness of antioxidant pack-
age can be measured by the developed induction time
for products with no cracks or crazes in their as
manufactured state.

Intensive surface crack growth in circulating air as
well as crack healing in stagnant diluted air, indicate that
there may be other or additional mechanisms to ther-

data lends

mooxidation, which contribute to me-
chanical degradation for staple product P-4
under accelerated temperature testing. The
crack disappearance phenomena may occur
due to an increase of molecular diffusion
rate in the polymer leading to crack
healing, analogous to the cold welding of
metals. When the rate of diffhsion and
crack healing prevails over the rate of
oxidation, a strength gain effect is
observed. This adds to the complexity of
the degradation process at high
temperatures and brings to question the
validity of oven aging as the appropriate
accelerator for thennooxidative
degradation studies especially for products
which exhibit initial cracks/crazes in their
as manufactured state.

The nonwoven continuous i-lament
product, P-3, exhibits a met-e classic
behavior and the temperature accelerated

itself to analysis within a framework of
polymer chemistry.

5. A NUMERICAL MODEL FOR DEGRADATION
RATE AND LIFE EXPECTANCY

The main objective of durability studies for commercial
geosynthetic products is to estimate a degradation rate and
corresponding life expectancy for in-service conditions.

The results of tensile strength losses for P-3 during
oven aging in circulating air (21YO02) at elevated tem-
peratures up to 70”C exhibit a substantial period of time
with no changes of mechanical strength followed by a
nonlinear decay of strength. Experimental data obtained
in stagnant diluted air (8’%002), show a significant
decrease in the rate of mechanical degradation as
compared to the rate in circulating air (Figure 1). These
patterns of degradation indicate that ccmventional
“Arrhenius modeling” as suggested in the literature
(Wisse and Berketileld, 1982; Koemer, Lord and Hsuan,
1992) may be too simplistic to describe the clegradation
behavior of geosynthetic products. Therefore., the basic
principles of kinetics of chemical reactions in general, and
kinetics of thermooxidation in particular, such as the
Basic Autoxidation Scheme (BAS) (Bolland, 1948;
Kelen, 1982) must be considered in formulating an
appropriate numerical model for materials which in their
virgin state are completely intact and exhibit no
crackslcrazes.

An interpretation procedure using BAS has been re-
cently developed by the authors (Salman, Elias et al.,
1997) and is used to interpret the laboratory results for P-
3, which exhibits a more classic behavior.
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5.1 Interpretation Procedure

In chemical kinetics (Adamson, 1973) the rate R of a re-
action A+B+ C+... -+Products at constant temperature is
expressed as a fiction of composition of the system, ac-
cording to mass action law as:

—y= R=k[A]x[B]’[c]z (1)

where [A], [B], and [Cl are the concentrations of
reactants, and k is the rate constant being independent of
the concentration of the reactants but dependent on
temperature.
The order of the rate law is the sum of the exponents
(x+y+... ). The important cases are zero, fwst and second-
order reactions. The rate should be determined
experimentally (Atkins, 1986).

The rates k of most reactions increase with tempera-
ture according to the Arrhenius law as:

k==Ae-Eu1R7 (2)

with A - the pre-exponential factor, usually considered as
a constant which is independent of temperature; E. - the
activation energy; R - the ideal gas constant; and T - the
temperature in ‘K.

The kinetics of autoxidation for the general case of
antioxidant presence, consist of two phases. The first
phase (induction period) describes the consumption of
antioxidants, with the reaction constant for consumption
defined by an Arrhenius-type dependency. During the
second phase, the oxidation and corresponding mechani-
cal degradation is described by the kinetics of the BAS.

The data usually obtained in the laboratory, does not
provide sufficient information on the kinetics of antioxi-
dant depletion during aging. Therefore, the order of reac-
tion for antioxidant consumption cannot be determined
directly h-em experimental data. Analysis of integrated
rate laws for kinetics of chemical reactions (Adamson,
1973) yield a general expression for induction time versus
temperature at any given level of antioxidant depletion
[A]/[Ao]=c. Assuming that the reaction constant for anti-
oxidant consumption obeys the Arrhenius law, the follow-
ing relationship is indicated:

1
in — =c, +c2&. (3)

L md nl

where Cl and C2 are the constants for a particular antioxi-
dant and given level of depletion c.

This relationship (3) suggests a procedure for estimat-
ing induction time at a given temperature To “K as follows:
1. The induction period t,ti is determined at each tempera-
ture of exposure, defined as the period of no statistically
significant changes in mechanical strength. It is
determined by extending a tangent line to the slope of the
post induction degradation curve until it intersects the no
strength loss line. With limited data it requires some
judgment.
2. A linear regression analysis is conducted for the func-
tion ln(l/i,J versus the reciprocal temperature (l/T°K).
The obtained linear equation in (1/t,~ = a(l/~~ +b is used
to find the value of the induction period at any given tem-
perature, To ‘K as follows:

tlnd‘1/{ exp[a(l/To) +b]] (4]

The determination of induction period at elevated tem-
peratures is shown in Figure 4 for P-3 commercial
geosynthetic, aged in circulating air at 21 percent oxygen
and reduced oxygen at 8 percent.

40 50 60 70 80 90

Temperature, “C

Figure 4. Induction period for P-3 aged in circulating air
at 21VO (solid line) and 8% (dashed line) 02.

3. The solution of the equation for linear regression of
ln(l/t,J versus reciprocal temperature at 20”C (Figure 5),
yields a value for P-3 of anticipated induction period tlnd=
51 years at 21Y. O? and 240 years at 8% 02. For P-3a
which does not exhibit an induction period at the
temperature tested, no prediction at ambient temperature
can be made from the data.

Interpretation of data for mechanical degradation ob-
served in the post induction period, requires the determi-
nation of the order of reaction for the product tested, with
a subsequent estimate of anticipated rate of clegradation
(strength loss per 100 years) or time to 50 percent strength
loss at any given temperature. In this study zero-, first-
and second-order reactions are considered. The procedure
of determining the order of reaction and degradation rate
estimates are as follows:
1.Functions representing the kinetics of zero-, first- and

second-order are used to fit the experimental data for
the measured mechanical degradation, after the
induction period for each temperature of aging.
1998 Sixth International Conference on Geosynthetics -687
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Figure 5. Linear regression analysis of ln(l/tl~ versus
l/T”K for P-3.

2.The obtained values of the logarithm of reaction con-
stant in(k) for the chosen type of kinetics, are plotted
versus reciprocal temperature of aging (Arrhenius plot).

3.A linear regression analysis is used to find the equation
for In(k) as a function of reciprocal temperature l/~
in(k) = a(l/T) +b. This equation yields the value of k for
the temperature of interest, TO:k(T~ = exp[a(l/TO) +b].

4.The obtained k(TO) value of the rate constant is used to
calculate a normalized retained strength at a given time
x(t) =F(ij/FO or to calculate time t,to reach certain level
of retained strength c= F~Fo at a given temperature
T~“Kfor a specific reaction:

l–c
—- for zero-order reactions; (5)~(q=l-k(TO)< t, = ~(4 ~

x(t) = exp(-k(TO)t); t, =ln(I/c)/k(TO) (6)
- for first-order reactions; and

1 l–c
x(t) = ;f, =

l+k, (q)l k,(~)c
(7)

- for second order reactions law.

The results of exponential curve fitting corresponding
to a first-order reaction which has the greatest likelihood
(Rz) for approximating the experimental data, are shown
in Figure 6.

A first-order reaction is predicted by the BAS model
for kinetics of mechanical degradation of polyolefins
without antioxidants at a constant oxygen pressure. There-
fore, the priority in the selection of the reaction order, is
given to the exponential law (first-order).

Figure 6 summarizes the result of a linear regression
analysis for the reaction constant k corresponding to a
first-order reaction for mechanical degradation for P-3 in
circulating air at 21 percent oxygen.
688-1998 Sixth International Conference on Geosynthetics
1

0.8R:’
..............................-.—..........

\ ~=e.ocx05xj
. . . . . . . . . . . . . . . . . . . . . . . . . . ..!.... . . . . . . . <

~ ---b~ ~ ~.0cKN3x ❑ T=50C
. . . . . . . . .. . . . . . . . ,-- . . . . . . . . ... . . . ..+T~C

,= :m, ~= ~.OOO1h ■ T=70C
. . . . . . . . ... . . . . ..* T’=80C

-0 Ct28.~=e
x T=90 C

I ~=e-om76x : : ,

04 , (

o 200 4LXl 600 8(X)

Exposure tim after induction period,days

Figure 6. Exponential curve fitting corresponding to a
first-order reaction, after an induction period, for P-3 at
21%o~.

The solution of a linear regression line equation and
sequential substitution of the obtained value of the reac-
tion constant k into a first-order reaction, yields an esti-
mate of 50 percent strength loss at 20°C of 38 years after
the induction period of51 years at 21YO 02 ancl 240 years
at 8’%002. The obtained estimates of anticipated strength
is valid only for the conditions of testing, e.g. circulating
air at 21 ‘XO 02 and in stagnant diluted air at 8’%(~,

It appears, that the estimate for the induction period of
51 to 240 years with no strength loss, suggests that anti-
oxidant consumption rate and ambient regime primarily
determine the practical durability of this commercial
product.

For the research grade textile P-3a, the interpretation
of data in circulating air at 210/0Oz, yields an {estimateof
anticipated time to 50 percent strength loss at 20°C as of
29 years. This result is in a good agreement with the esti-
mate of degradation rate aller the depletion of antioxi-
dant, for the P-3 geotextile. The interpretation of data in
stagnant diluted air at 80/002 yields an estimate of antici-
pated time to 50% strength loss at 20° C as of 47 years for
the P-3a textile which is a decrease by a factor of 1.6
when compared to the degradation rate in air at 21‘ZoOZ
(FHWA, 1997). This result is in general agreement with
an estimate of the reduction of the degradation rate in di-
luted air at 8%02 based on the integrated law c~fchemical
kinetics (Equation 1).

Arrhenius equation for reaction rate constant could be
rewritten as: in(k) = C - U/RT, where U is apparent acti-
vation energy, and R = 8.31 J/mol. Solving tlis equation
with respect to U, one obtains value of U = 61 kJ/mol,
which is in a reasonable agreement with the value of 65
kJ/mol, reported by Wisse and Birkenfeld (1982) for PP
geosynthetic with extracted antioxidants tested at21% ~.

Tests for P-4 in stagnant diluted air indicate that some
process other than oxidation, controls the behavior of this



material at elevated temperatures. Therefore, both ele-
vated temperature aging results and the numerical model
developed within the hrnework of BAS, cannot be di-
rectly applied to laboratory data obtained for the P-4
product or other products with initial cracks or circumfer-
ential cracks developed during aging at elevated tempera-
tures. For these geosynthetics, alternate testing methods at
ambient temperature and elevated oxygen pressure (50 to
100 atm) as indicated by the BAS, result in mechanical
degradation rates in for shorter time and may be more
applicable,

6. ALTERNATE TESTING PROTOCOL AT
ELEVATED OXYGEN PRESSURE

In a simplified process of polyolefin oxidation, it is as-
sumed that the rate of reaction at constant temperature
depends on the concentration of original polymer [A] and
the concentration of oxygen [B], in equation (1). Data
reported in the literature (Kelen, 1982) indicate that the
rate of oxidation may be proportional to the concentration
of oxygen in the system, which corresponds to a first
order reaction. Therefore, an increase in oxygen pressure
should result in the proportional increase of the rate of
mechanical degradation for polyolefins. For example, the
exposure of polyolefin based geosynthetics to an
atmosphere of pure oxygen may result in the acceleration
of the degradation rate by a factor of 5 as compared to the
rate anticipated in air (210/0 oxygen) at ambient
temperature. The fhrther increase of oxygen pressure to
50 atm should result in an acceleration of the reaction by a
factor of 250, as compared to the rate of oxidation under
ambient conditions.

6.1 Testing conditions and experimental results

An atmosphere of pure oxygen at a pressure of 50 and
100 atm has been selected for an initial feasibility
assessment of high oxygen pressure accelerated
degradation for polyolefin geosynthetics. It is anticipated
that this condition may accelerate the degradation rate by
a factor of 250 in 50 atm and by a factor of 500 in 100
atm as compared to the rate under ambient (1 atm, 21 ‘Yo

02, 20°C) conditions. Strip size specimens of three
geosynthetics previously tested (P-3, P-3a and P-4), were
placed in high pressure chamber filled with pure oxygen
at 50 and 100 atm at 20”-22”C. The chamber was
ventilated and refilled with oxygen once a day.

Tensile strength tests were conducted on strip-size
specimens for materials as received and after the
incubation. Relative changes of tensile strength are pre-
sented in Table 2.

6.2 Interpretation of test results
The simplified and preliminary kinetics for oxidation
under oxygen pressure yields an acceleration factor of 250
for oxygen pressure of 50 atm and factor of 500 for
oxygen pressure of 100 atm. Strength losses fi-om oven
aging in circulating air at 21YOoxygen and under high
pressure oxygen incubation at ambient temperature were
calculated within the framework of the Basic
Autoxidation Scheme and are shown on Table 3. The
comparison is based on strength losses in equivalent
periods of time.

Table 2. Tensile strength loss for geosynthetics aged in
pure oxygen at 50 and 100 atm and 20”C.

Equivalent Strength loss, %
Condition time at ambient

condition*,
years

M3terial
Oxygen Incubation P-3 P-3a P-4
pressure, time, days
atm
50 60 40 0 4:! 10
100 30 40 0 N/A N/A
100 90 120 16 NIA N/A

*21% o*, 20”-22°C

Table 3. Comparison between oven aging and high oxy-
gen pressure strength loss estimates.
Equivalent time at High pressure oxygen strength loss, 7.

ambient (oven aging strength loss estimate, %)
conditions, years

Material = P-3 P-3a p-4

40 0/(0) 42/(63) 10/(100)
80 N/A/(50) N/A N/A
120 16/(100) N/A NIA

N/A - not available

Results of this limited study indicate that oxygen pres-
sure can be used as an accelerator and that a preliminary
acceleration factor can be predicted by the simplified
kinetics of oxidation for polyolefins. The estimates of
strength loss over 40 years based on data developed under
high oxygen pressure conditions are within the range of
estimates obtained in oven aging in circulating air for
some products or yield more reasonable results as
indicated by actual performance. As expected, the P-3
product with an estimated 50 years induction period,
exhibits no tensile strength loss over a period equivalent
to 40 years. The research grade textile P-3a yields a
strength loss of 42°/0 tested under high oxygen pressure
condition which is in reasonable agreement with the 63°/0
strength loss over 40 years, obtained for oven aging in
circulating air. The difference may be attributed to the
1998 Sixth International Conference on Geosyntlnetics -689



intrinsic variability of mechanical properties for the P-3a
product, nonuniformity of the degradation process at
different temperatures and in high oxygen pressure etc.

Furthermore and of significant importance is the pre-
liminary finding that the estimated strength loss in 40
years measured for the P-4 nonwoven staple fiber
geotextile is more consistent with the anticipated and re-
ported performance for this geosynthetic. Interpretation of
P-4 losses horn oven aging protocols suggests a 50%
strength loss in 6.5 years, which is unreasonable in light
of the actual performance of this material over 10 years as
measured from retrieved sites. Examination of P-4 sam-
ples incubated under high oxygen pressure indicates no
changes in surface morphology.

7. suMMARY

Interpretation of experimental data suggests the following:
1.

2.

3.

4.

5.

Kinetic models developed within the fi-arnework of
the Basic Autoxidation Scheme (BAS) appear to
provide a satisfactory analysis of the experimental
data and permit conservative estimates of time
against strength loss at ambient temperature to be
made for products which exhibit no cracking/crazes
in their as produced state.
The rate of antioxidant depletion and the rate of me-
chanical degradation in stagnant diluted air appears to
be lower than in circulating air and may provide bet-
ter model of in-ground conditions.
Products with effective antioxidants may exhibit in-
duction times well in excess of their useful life in
civil engineering applications. Oven aging tempera-
tures must be low enough to permit measurements of
induction time, which is a method to quantify the ef-
fectiveness of the antioxidant package.
High oxygen pressure appears to be a viable accelera-
tor for oxidative strength loss measurements and
appears to be a viable testing protocol for products
where high temperature changes the surface
morphology. However more development is
necessary to establish more exact relationships.
Estimates of strength loss versus time under ambient
conditions based on high oxygen pressure
degradation are in a satisfactory agreement with
estimates obtained from oven aging in circulating air
for the monofilament product tested.
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ABSTRACT: Conventional methods of time-temperature superposition (TTS) are compared to a new procedure for time-
temperature superposition called the stepped isothermal method (SIM). Creep and creep rupture properties of two polyester
geogrid products are investigated. The conventional TTS approaches studied consumed a total of 18,000 hours of test time.
In addition with both polyester products it was found difficult to separate temperature dependence of creep strain response fi-om
specimen to specimen variation in elastic strain response to loading events. Using the new SIM method, over 15 load specific
master creep modulus curves were generated, some of which extended to over 100 year design lifetimes, each from a single
specimen in a test that was completed in less than 18 hours. The results of the conventional and SIM procedures were found
to be equivalent for the polyester products examined.

KEYWORDS: Time-temperature superposition, shift factors, unconfined creep tests, creep strain, creep modulus, creep rupture,
polyester fibers, geogrid, accelerated testing.
1 INTRODUCTION

The Stepped Isothermal Method (SIM) for time-temperature
superposition (TTS) has been formally introduced at this
symposium in a companion paper [Thornton, et, al. (1998)]
emphasizing the theoretical aspects of the procedure develop-
ment and giving examples selected from tests on a polyester
(PET) y,arn. Thornton, et.al (1997) described SIM for a
single temperature step on a wide width PET geogrid sample.

The present paper introduces the application of SIM to two
PET fiber based geogrid products designated Product A and
Product B from two different geosynthetic material
manufacturers in the USA.

Utilization of TTS principles have been applied often to
polypropylene and polyethylene products. However,
extensive use of TTS for polyester products has been
inhibited by three factors. First the creep rates for PET,
which are generally linear (or nearly so) in semilog plots, are
relatively low, in the range of 0.1 to 0.20/0strain per time
decade. Secondly, the specimen to specimen variation in the
load vs. strain relationship is relatively high, given the small
resultant creep strains. A 1‘/ouncertainty in strain level for a
given load is not atypical. The third factor is that the
temperature dependence of creep curves under the same
applied load is comparatively small. Differences in exposure
temperatures of200 C cause less than 1V. difference in creep
strain at the same exposure time. The above factors conspire
to make the TTS process for PET so uncertain that many
replicate samples are needed to establish the shift factors and
the proper strain level locations for shifled creep curves.

SIM overcomes these difficulties because a master curve is
generated on a single sample which is maintained under load
as it is exposed to a series of isothermal dwells separated by
increasing temperature steps. Because recovery is prevented
by this procedure, the master curve is made up of juxtaposed
segments in contrast to the overlapped segments that comprise
a conventional master curve. When specimens are taken to
rupture, the shifted times to rupture obtained horn the SIM
procedure can be used to construct creep rupture curves. The
experimental efficiencies that result from SIM lead to large
cost and time savings.

2 OBJECTIVE

The objective of this paper is to introduce the application of
the SIM to the characterization of long term creep and creep-
rupture of two PET based geogrid products. The results of
conventional time-temperature superposition are provided for
comparison purposes.

3 MATERIALS AND METHODS

Products A and B are from two different manufacturers in the
U.S.A. The methods of construction differ significantly,
Product A is manufactured by the weft insertion weaving
process and Product B is manufactured by a knitting process.
Both products are coated to protect the fibers from abrasion.
Comparative load vs. strain and secant modulus vs. strain
curves for the two materials are given in Figure 1. Both
products are made tlom high tenacity, high molecular weight
(>25,000), alkali tolerant (max. 30 carboxyl end group)
fibers. The double hump in both load vs. strain curves is
1998 Sixth International Conference on Geosynthetics -691
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Figure 1. Load and secant modulus vs. strain curves for
Products A and B.

characteristic of drawn PET fibers. The initial modulus of
Product A is higher than that of Product B due to construction
differences. Both products exhibit gradual peaks in secant
modulus at strains corresponding to about 750/o of the ultimate
tensile strength (UTS).

The stepped isothermal creep and creep rupture tests were
performed by TRI/Environmental, Inc. of the U.S.A. These
tests were all performed in a Model 3111 Instron
environmental chamber modified with a Watlow Series 982
temperature controller at a series of temperatures 14°C apart
beginning at 26 i 0.5 ‘C. The 26°C starting temperature was
sufficiently above laboratory ambient temperature that
adequate temperature control could be achieved by heating
only. The tests were performed in an Instron 4505 Load
Frame under computer control. Strain was monitored using
an extensometer (typically Instron 2620-T24) with a nominal
gage length of 2 in. The load cell used was Instron with a
rated load capacity of2248 pounds.

The conventional creep tests on Product A and creep-
rupture tests on Product B were performed by ERA
Technology, Ltd. of the U.K. Test conditions were 20f
20C/65t 2% RH, 40t 2°0C and 60t 2°C for both test
programs. Two ribs were utilized in the creep tests and a
single rib in the creep rupture tests. The gage lengths were
60mm and 75mm. Roller grips and dead weight loading
fi-ameswere used in both tests and the strain transducers used
were LVDTS.

The Product A and B materials used in SIM tests by TRI
and conventional tests by ERA were from different
manufacturing lots.

4 RESULTS AND DISCUSSION

4.1 Creep of Product A

4.1.1 Conventional Time-Temperature Superposition

Figure 2 shows the results of eleven long term creep tests of
Product A. The tests were conductedat21, 31 and 56% of
692-1998 Sixth International Conference on Geosynthetics
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Figure 2. Creep strain vs. log time for ProductAat21%,
31% and 56% of UTS and 20”C, 30°C and 40°C.

the ultimate tensile load of the material and at 20,40 and 60
degrees Celsius. Two of the testsat200 C were of 8000 hour
duration (one at 21VO UTS and one at 56% UTS) and the
balance of the tests were 1000 hour duration. Replicate tests
were performed at 56% UTS at 20, 40 and 60° C.

These data illustrate one of the major problems with
conventional time-temperature superposition of PET
products: specimen-to-specimen variation tends to mask the
effect of temperature on test results. In Figure 2 at 210/0of
UTS, the creep strain curve for 60”C lies on top of Ihe creep
strain curve for 400C. At 56°/0of UTS, one creep strain
curve at 200C lies over another at 400C. Also at 56% of
UTS, the separation between the two 40”C curves is nearly as
great as between the higher200 C curve and the lower600 C
curve. Clearly, it can be concluded from Figure 2.that the
specimen-to-specimen variation exhibited is of the same
magnitude as a 200C change in test temperature.

Figure 3 presents the averages of the two creep strain
results at each temperature for 56°/0of UTS. The average
curves display reasonable separation despite variability of the
individual curves.

Figure 4 shows the creep data of Figure 3 in terms of creep
modulus, which is the quotient of the creep stress by the creep
strain. As discussed in the companion paper [Thornton, et.al
(1998)] creep modulus, as a more fundamental quantity, is
preferred over creep strain when comparing the properties of
different materials or even different lots of the same material.

Conventional time-temperature superposition was applied
to the creep modulus data of Figure 4 to obtain the master
curve of Figure 5. The 400C and 60” C curves were shifted
horizontally to the right (representing an acceleration ) until
they overlapped the 20 ‘C curve in a reasonable fashion. The
horizontal shifi of creep strain vs. log time data on a semi log
plot is equivalent to multiplying the time for each data point
of the curve by the same shitl factor. The logarithm of the
shift factor is the horizontal distance along the log time scale
that the curve is moved. The logarithm of the shifl factor
used on the 40” C data was about 2.5 and that for lhe 60° C
data was about 5. This means that the 40”C curve WISshifted
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Figure 5. Master creep modulus vs. log time for Product A
at 56’70UTS for a reference temperature of 200C.
To the right by two and one-half decades and the 60(’C curve
was shitled to the right by five decades to achieve the master
curve. Since the 20” C curve was fixed in this procedure,
20 “C became the reference temperature.

4.1.2 Stepped Isothermal Method (Product A)

Four tests which represent replicate specimens tested at 40%
and 56°/0of UTS were completed on Product A. Since the
SIM procedure is described in some detail in the companion
paper, only a brief description of the procedure as applied to
one of the 40°/0UTS tests (1801) is given here. The stepped
temperature profile for test 1801 is shown in Figure 6, where
thermocouple readings representative of the temperatures of
the specimen and the grips are displayed. Note that there is

“
. .

a brief exposure to 990C, which is well above the glass
transition temperature (often quoted as 820C) of PET. -
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Figure 6. Stepped temperature profile for SIM test 1801
(40% UTS).

The first four isothermal steps are each about 10,800 sec.
long, the fifth step about 7000 sec. long and the final step is
about 1700 sec. in length. The creep response under the
influence of the constant applied load and the temperature
profile is presented in Figure 7. The first strain response at
26° C is a normal and complete creep curve, while the
subsequent responses at 42 ‘C, 570C and so on, appear
normal, only lacking the initial ramp up portions. Thus, each
new temperature exposure sets off a fresh creep response
under the constant applied load. Additional interesting
features of this graph are the thermal contractions that
accompany the increases in temperature. A negative
coefficient of expansion is a characteristic of PET fibers. The
one shown here is about 35 parts per million per degree
Celsius. The load and strain data of this figure were
converted to creep modulus and plotted in Figure 8.

Figure 9 contains the creep modulus information (ofFigure
8 plotted against log time. In addition, the creep modulus
responses for the second through the sixth temperature steps
1998 Sixth International Conference on Geosyntheitics -693
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Figure 9. Creep modulus vs. log time for SIM test 1801 (40’?40
UTS) with effect of resealed start times.

are resealed to new starting times between 100 and 300
seconds, increasing 2 to 2.5 on the log scale. The next figure,
Figure 10 shows the intermediate result of vertical shifts to
remove the thermal contractions from the creep data.

Finally, the master creep modulus curve is obtained by
horizontal shifts of the segments stacked up in Figure 10 to
achieve the result shown in Figure 11 for the reference
temperature given by the first step, 260C. The duration
depicted by this master curve is 9.596665 log seconds which
converts to over 100 years. Without the 99° C segment of
1700 sec. The shifted time would have been about 32 years.

Master creep modulus curves for the other three tests were
created using the method just described.

4.1.3 Comparison of Conventional and SIM Results

Master creep modulus curves for the tests described in the
previous two sections are shown in Figure 12. The agreement
694-1998 Sixth International Conference on Geosynthetics
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Figure 12. Master creep modulus vs. log time curves by con-
ventional and SIM for Product A at 56°/0and 40°/OofUTS.

is quite good especially considering the data were generated
several years apart on two different lots of material at separate
laboratories.

The separation between the two 56% and the two 40% SIM
curves are indicative of specimen to specimen variation.
Since data from six specimens were combined to give the
conventional (56°/0)curve, the individual effect of specimen-
to specimen variation is somewhat suppressed, but the overall
scatter in the data for the conventional curve reflects
uncertainty in both specimen-to-specimen variations and
selections of the factors used for the time-temperature shit%.
A set of creep strain curves, were computed ffom the master
creep modulus curves and are presented in Figure 13.
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Figure 13. Strain response to long term loading at 40%
and 56°10of UTS for Product A.

Figure 14 consists of curves relating the cumulative shift
factors used in the time-temperature superposition procedures
to create the master curves. The single curve of the factors
used to generate the conventional master curve is the one on
the left of this figure. A family of four curves to the right
define the shift factors for the four SIM master curves. The
SIM shift factor curves are essentially the same, appearing not
to depend on load level. The slopes of the conventional and
SIM curves differ somewhat as do the origins of the curves.
The difference in the origins is arbitrary, depending only on
the selection of reference temperature. The difference in
slopes is not so arbitrary, but given the sample to sample
variation problems inherent in the conventional master curves
may not be significant. Note that the shift factor curve that
extends to 990C maintains linearity and cohstant slope
beyond the reach of the other curves.

7, t

-% ti 4b 5Q & io ah k 160

TEMPERATURE (C)

Figure 14. Shift factors used to construct the Product A
master creep modulus curves.

4.2 Creep-Rupture of Product B

4.2.1 Conventional Time-Temperature Superposition

There are several ways to do conventional TTS for creep
rupture data. The first starts with separate linear regression
plots of the rupture strengths vs. log times to rupture for each
test temperature. The regression lines for each plot are then
shifted horizontally along the log time axis to achieve the
optimum fit of a combined regression line through all the
data. If, in addition to the rupture strength and time-to-
rupture data there are creep strain measurements available, as
in the present case, then it is possible to obtain additional
estimates of the shifl factors using the creep modulus curves
at the different test temperatures, in a manner similar to that
illustrated in Section 4.1.1. The two ways just described
should give similar creep rupture regression lines. However,
if at the same rupture stress the creep strains at rupture vary
with temperature then the factors for shifting rupture
regression lines will differ from those for shifting creep
modulus curves.

Figure 15 presents the separate linear regression plots of
rupture load as 0/0 of UTS vs. log time to rupture for tests
performed at 20”C, 40°C and 60”C. The regression lines are
not parallel, which makes the TTS uncertain. Horizontal
shifts to make the regression lines colinear resulted in several
visually acceptable curves, using shift factors between 1.91
and 2.3 for the 40” C to 20” C shift and 3.8 and 46 for the
60° C to 20”C shift.
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Figure 15. Conventional Load vs. time to rupture data with
regression Lines for Product B at exposure temperature of
20”C, 40”C and60°C.

Creep strain data taken during the creep rupture tests are
presented in Figure 16, and the creep modulus curves derived
therefrom are shown in Figure 17. Notice that the creep
modulus data tend to be separated by test temperature, more
so than the creep strain data. The natural groupings of the
creep modulus data suggest they can be shifted en mass,
despite the slightly different load levels applied at the three
test temperatures. This is a consequence of the fact that as a
quotient, modulus does not change as much as load with
strain in the 65 to 800/0load range (see Figure 1). More exact
estimates of the log shift factors might be obtained by
examining smaller groups of individual curves arranged by
applied load. However, this would work only to the extent
that sample to sample variation effects were controlled by
testing numerous replicates. Figure 18 presents the modulus
data of Figure 17 shifted by factors of 1.95 (40”C to 20”C)
and 3.90 (60”C to 20° C). Using these factors, the data of
Figure 15 are shifted to give the master curve of Figure 19.

1 2 3 4 5 6 7
LOG TIME (see)

Figure 16. Creep strain vs. log time curves for the
conventional Product B rupture tests.
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Figure 17. Creep modulus vs. log time curves for the
conventional Product B rupture tests.
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Figure 18. Shifted creep modulus curves for the conventional
Product B rupture tests.
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Figure 19. Conventional master load vs. log time to rupture
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4.2.2 Stepped Isothermal Method (Product B)

Creep modulus master curves for each specimen were
generated using the same procedure described in Section
4.1.2. These are displayed in Figure 20. Note that 5 of the
curves terminated in rupture, and the balance did not. We use
the term runout to describe the result of a test where rupture
did not occur before the test was terminated. Runouts that are
close to the loads resulting in rupture can be used in the
statistical analysis to help locate the regression line.

Figure 21 presents the creep strain curves derived from the
creep modulus master curves.

An expanded set of creep-rupture loads vs. log times to
rupture for the SIM tests are shown in Figure 22. The runout
loads and log times, included for information, were not
included in the regression calculation. The 75 year rupture
load at a reference temperature of 26° C is 65.6% of UTS.
Less than one decade of extrapolation beyond the temperature
shifted results was needed to return this result.
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Figure 20. Master creep modulus vs. log time curves for
SIM tests on Product B. Load levels and rupture events
are noted.

Table 1 provides a guide to the shifted rupture times of
Figures 20-22. The log shift factors used to construct this
table are based on 0.093 decades per “C. Thus a 140C
temperature step creates a time shift of about 1.3 decades.

Table 1. Logarithm of the shifted times at the reference
temperature (26 0C) corresponding to the unshifted times at
the ex~osure tem~eratures.

-_Ea!XE Maximum value
_Shiftedtime Exposure Unshifted
Log AJt-t’) Temperature, “C cumulative time, sec
0.0-4.0 26 1 x 104
4.0-5.3 40 1 x 104
5.3-6.7 54 1 x 104
6.7-8.0 68 1 x 104
8.0-9.3 82 1 x 104
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Figure 21. Creep strain curves computed fi-omthe data of
Figure 20.
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Figure 22. SIM master load vs. log time-to-rupture data
and regression line for Product B.

4.2.3 Comparisons

Regression lines for the conventional and SIM creep rupture
results are compared in Figure 23, and shift factors used to
accomplish TTS, in Figure 24. Rupture loads at 75 years for
a reference temperature of200 C are 67.7°/0for conventional
and 66.5% for SIM TTS. Despite an apparent small
difference in shift factors for the conventional and SIM
approaches, results for the regression lines and the projected
rupture loads at 75 years are very close. Figure 25 compares
all shift factors for Products A and B,

5 CONCLUSIONS

● The use of SIM as a special application of TTS for
polyester geogrids appears to be validated by the results
presented herein. Differences, if any, in the shift factors
obtained in SIM and conventional approaches are not large.
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Figure 23. Comparison of conventional and SIM regression
lines for Product B.
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Figure 25. Comparison ofallshift factors forcreepmd
creep rupture for Products A and B.
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An advantage of SIM in this regard is that it recluces the
uncertainty of shift factors used to construct master curves.
Since a SIM master curve is generated tiom a single
specimen, the precise location of the completed curve is
uncertain, due to specimen-to-specimen variation. This is
not a great disadvantage if several SIM tests are to be done,
as in developing a creep rupture curve. Alternatively, if
only a single SIM test is done and its location is important,
the location can be determined fi-omthe results of a few
very short term conventional creep experiments.
The apparent insensitivity of SIM master curves toabrupt
transition behavior for tests at 40% of ultimate and higher
at and above the glass transition temperature is consistent
with a creep mechanism associated with they crystalline
regions of the polymer.
The slopes of SIM generated creep strain curves increase
significantly with increase in applied load, but the shift
factors are not greatly sensitive to applied load for the
range of loads studied here. Thus the increases in slopes
are not caused by decreases in shift factors.
The shift factors for Products A and B (Figure 25) are
similar despite differences in construction and load vs.
strain behavior confirming the notion that the shift
functions are manifestations of basic material properties.
Obtaining creep strain data in conjunction with performing
creep rupture tests is recommended where TTS is to be
done. If rupture times at elevated temperatures are shifted
based on the basis of achieving superposition of creep
strain or modulus curves then the shift factors for creep and
those fro rupture will be the same. Rupture times fkom
SIM tests can be obtained no other way.
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ABSTRACT: The stepped isothermal method (SIM) is a new procedure for assessing the long term viscoelastic behavior of
polymeric materials. SIM is a special case of time-temperature superposition (TTS) that is convenient for characterizing
viscoelastic materials. It utilizes a single specimen which is loaded continuously through a sequence of timed isothermal
exposures at increasing temperature in stair step fashion. Generating master curves involves resealing the times for the elevated
temperature and utilizing horizontal shifts in such a way that smooth curves are achieved. Relationships between the resealing
times and the resulting horizontal shift factors as well as the relative magnitudes of the temperature and time steps are
investigated to demonstrate that the SIM can tolerate reasonable variations in these parameters and provide master curves and
shifl factors comparable to those obtained by conventional time temperature superposition. Conventional and SIM results are
obtained on a 3 ply, 1000 denier polyethylene terephthalate) yam. PET is an ideal object for study because its creep properties
are well behaved. Also, as the basic ingredient for a number of commercially viable geosynthetic fabrics and g~ids, the
properties of PET yarn are of special interest on their own.

KEYWORDS: Stepped isothermal method, time-temperature superposition, shifi factors, unconfined creep tests, creep strain,
creep modulus, creep rupture, polyester yam, accelerated testing.
1 INTRODUCTION

Polymer scientists have been using time-temperature
superposition techniques for at least 4 decades to describe
long term viscous or viscoelastic properties of polymers [see,
for example, Feny (1980)]. The fhndmnental notion is that
elevating temperature accelerates the response to mechanical
load. Deformations, such as creep strain, occur relatively
rapidly when load is first applied, but the rate of increase
decreases with time. Consequently, graphs produced with log
time as the abscissa are indispensable for describing
viscoelastic behavior.

The precise way that increasing temperature accelerates
these physical processes, governs how creep response can be
“shifted” along a log time scale. Ferry (1980) refers to TTS
as the method of reduced variables for corresponding states.
A temperature dependent time factor, a,, relates the ratio of
the time, t~, for a viscoelastic process to proceed a given
amount at an arbitrary temperature to the time, t~, for the
same process at a reference temperature.
At temperatures greater than the reference temperature ar is
less than 1. For this reason, some in the accelerated testing
business refer to aT,as an attenuation factor and A,, defined
as its reciprocal, as an acceleration factor. Both, collectively,
are referred to as shift factors.

Early master creep (or relaxation) curves using TTS were
specialized to small strain linear viscoelastic situations.
Single specimens were used (to reduce specimen to specimen
variation) and these were permitted to recover between creep
exposures by removing the load (without removing the
specimen from the apparatus to avoid problems of repeatable
clamping stress transfers) for a time period that was long
compared to the loading time between creep tests (10 times
the loading time would generally effect 99+?4.recovery of the
creep strain of the prior creep test).

Most engineering applications that engage time-d:pendent
behavior of polymeric materials deal with rim-linear
viscoelastic behavior. For such situations, creep master
curves are generated using several specimens to reduce the
uncertainties of non-identical specimens, and each is only
tested one time because recovery is generally too complex to
consider doing. Hence, the corresponding states must come
ffom averaging a range of states from the several specimens
tested at each exposure temperature. Despite the preoccu-
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pation of this paper with large strain nonlinear viscoelastic
effects we believe it will be helpfhl preparation to review the
Boltzrnan Superposition Principle, which is the first
mathematical statement of linear viscoelasticity.

From this brief review we will see that tracking the creep
response to a series of loading steps includes starting a new
clock with each new step. Boltzman (1876) proposed that, a)
the creep response of a material is a function of the entire
loading history, and b) each loading step is treated as an
independent event, and c) the total creep response is the sum
of the individual responses to those independent events. In
mathematical notation the time dependent strain e(t) is

J
do(t ~dt ,

e(t)= ‘ D(t-t&——
—- dt ‘

The integral is overall time to the present hence the limits are

from -CO to t. The first factor D(t-t’) is the compliance
fimction where t’ symbolizes the times at which increments of
stress dt are applied; so that t-t’ starts a new clock that
activates the compliance timction at the application of each
stress increment. The second factor do(t’)/dt’ represents the
loading program which is summed by the integration process.
The response of a linear viscoelastic material to a two-step
loading program is illustrated in Figure 1. As illustrated in
this figure, each loading event begins anew clock and evokes
an independent creep response. The new creep response is on
top of (added to) the background of continuing responses to
the history of loading events. The idea of a series of loading
events activating new responses and starting new clocks at t-t’
will be utilized for explaining the SIM as we shall see shortly.

LOADING

STRAIN /

t; t
TIME, t

Figure 1. Boltzman Superposition Principle applied to the
case of two loading steps

2 THE SIM PROCEDURE

The stepped isothermal method (SIM) procedure for creep
consists of a series of timed isothermal creep tests performed
700-1998 Sixth International Conference on Geosynthetics
at a sequence of increasing temperatures. These are
somewhat analogous to the loading steps of the previous
section. As in an ordinary creep test, the load is held constant
and the creep strain is measured for the duration of the test.
The number, heights and the durations of the temperature
steps are designed to produce a master curve of creep
compliance (or preferably its reciprocal, the creep modulus)
over a long term period defined by the test objective. For the
geosynthetics community, long term generally means 75 years
or sometimes 1,000,000 hours, which is 114 years. For our
work on PET, we‘ve found that 140C temperature steps and
10,000 second isothermal step durations are convenient and
workable for most tests on PET base products, Five 10,000
second isothermal exposures between 26° C and 82“C will
usually achieve the desired long term objective. “rhe time
step of 10,000 seconds has been used frequently in the
literature [see, for example, Murayamaet.al(1968)]. Also, in
previous work, Thornton, et.al (1997) showed thiit as the
basis for long term extrapolations creep and relaxation
modulus curves at 3 hours were as well developed as curves
at 24 hours for that purpose. The typical starting temperature
of 260C comes from desiring a temperature above our
maximum summer laboratory ambient temperature of230 C
that could be controlled by heating only. The typical ceiling
temperature of 82“C came from the temperature usually
assigned as the glass transition temperature for PET, Above
82“C one would ordinarily expect to encounter glass
transition behavior with PET. However, as we’ll see later, at
high loads the creep mechanism engages crystalline regions
of the polymer which do not participate in the glass transition.
Our study of shorter and longer times and higher and lower
temperature steps has confirmed that our standard SIM
temperature steps of 14“C and time steps of 10,000 see, while
aggressive, are usually acceptable.

Preparation for the SIM test involves mounting the
specimen in the grips, achieving temperature equilibrium, and
applying a small (< 1‘A)preload on the specimen. Ramping
the load to the predetermined stress level begins the test. This
is done rapidly (typically 600/0/minutestrain rate) to minimize
the creep deformation that occurs during the ramp-up process.
We’ve gotten into the habit of “starting the clock” for the fwst
leg of the creep test at the start rather than the end of the
ramp. This preserves the ramp-up process for the record.
With generally less than 20 seconds involved in the ramp-up
and 75 or 114 years the long term objective, a starting time
correction from the start to the peak of the ramp has no
measurable impact on the final master curves.

The f~st creep exposure of the SIM procedure is a normal
creep test in the sense that the specimen does not have a
history of creep loading. The second and subsequent creep
exposures are complicated slightly by having the thermal
histories of the previous steps. This slight complication
however, represents the essence of the SIM method. Since
recovery is not permitted during the time that the temperature
step takes place, and since the temperature step is
accomplished rapidly, within 1 to 2 minutes, the mechanical



state of the sample is nearly the same after the temperature
step as it was before the temperature step took place. Inherent
in the SINI is the necessity that the corresponding states at
both the lower and the higher temperature are stable ones that
would be readily achievable under, say a conventional TTS
approach. That condition would not be achieved if, for
example, the temperature step was so large that the sample
had to undergo a rapid change to achieve a steady state creep
rate.

Just as each loading step is treated as an independent event
for Boltzman’s Principle, we assign a starting time, t’ on the
old clock to each temperature step. The time on the new
clock starts at Owhich is obtained by setting t-t’ = O. The
response history for the thermal steps is easier to account for
than with the loading steps because the load has not changed.
The assumption is that with the temperature step only the rate
of creep has been changed, not the mechanism. Based on the
notion that for a pair of corresponding states obtainable at two
temperatures, the one at the higher temperature must have
occurred at an earlier time than the one at the lower
temperature, we begin the resealing procedure by finding that
earlier time, t’, that represents the virtual starting time of the
higher temperature step. Exactly how we choose t’ is
illustrated in Figure 2.

rr
TIME, t

Figure 2. Strain response for two temperature steps

Here, we see the strain response for two temperature steps.
In Figure 2 the precise time of the application of temperature
step n + 1 is t“. In the SIM at t“, the effect of history has
been to bring the strain response to e“ . In a hypothetical
independent creep test at the temperature of step n + I the
creep strain e“ would have been achieved at a time ti afler the
start time. Overlaid on Figure 2, the starting point of that
hypothetical creep curve would beat t’. Thus, t, = t’- t“. We
refer to the value of (t-t’) at the beginning of the step (i.e. at
t = t“) as the initial value oft-t’. We know that we have the
best value for t’ if the slopes of the creep curves in semi
logarithmic representations are the same before and after the
temperature change.
In the SIM procedure it is necessary to remove the effects
of thermal expansion to insure that the strain response is due
to loading effects only. This is accomplished by i?simple
vertical shift for each temperature change.

The final SIM procedural step is the horizontal shifts to
achieve juxtaposition of the creep modulus segments. If the
resealing step has achieved the slope matching boundary
condition, then there will be little if any effort needed to
determine the horizontal shifts needed. In practice, we
generally do the resealing and the horizontal shifting steps
together in an iterative fashion to achieve a smooth creep
modulus master curve.

The SIM procedure just described for processing creep
modulus data is summarized in bullet form in Table 1.

Table 1. SIM urocedure for processing creep modulus data

●

●

●

●

s

Plot the creep strain and creep modulus data as
function of linear time to identify the times for the
temperature step changes.
Using creep modulus as the parameter of interest, plot
this parameter vs. log time.
Rescale the times for the individual creep modulus
segments by plotting them vs. the logarithm of the
initial value of (t-t’) where t’ is adjusted to account for
history. This will be achieved when the slope of the
beginning of a new segment is exactly the same as the
ending slope of the previous segment. *
Remove thermal expansion effects by vertical shifts.
Shill horizontally to achieve exact iuxtapositim of the
resealed and vertically shitled individual creep
modulus segments.*

*the resealing and shifiing steps may require some iteration

3 OBJECTIVE

The objective of this paper is to introduce the SIM and a
standard protocol for its use. This will be accomplished by
first comparing SIM results using the standard protocol to
conventional TTS results and next by examining the (effectsof
variations tlom the standard protocol. Finally, demonstrating
the effectiveness of SIM by using it to characterize the long
term creep and creep rupture properties of a polyester yarn,
completes this introduction.

4 MATERIALS AND METHODS

Figure 3 represents stress vs. strain and secant modulus vs.
strain curves for a 3 ply polyester yam chosen for the current
investigation on the basis of its well behaved creep properties
and commercial importance. The rapid loading secant
modulus is included in this illustration because the creep
modulus is a secant modulus. When the loading path up a
stress-strain curve is interrupted at a particular stress for a
creep test, the beginning creep modulus for the creep test will
1998 Sixth International Conference on Geosynthettics -701
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Figure 3. Stress and secant modulus vs. strain for the 3 ply,
1000d polyester yarn under rapid loading conditions.

be the same as the rapid loading secant modulus at that stress.
Most of the tests reported in this paper were conducted in the
vicinity of the second modulus peak at stresses between 5 and
7 g/d. Note that the secant modulus varies only within a
range of about 30/0around 70 g/d, in that stress range. The
creep mechanism probably involves some straightening and
breaking of tie molecules between crystalline regions in
vicinity of the second modulus peak. Even for creep tests at
stresses as low as 3 g/d the mechanism is probably similar to
that of the higher stresses. At stresses below about 1.5 g/d the
creep mechanism is associated more with the initial modulus
peak and involves confirmational changes involving the
breakdown of the entanglement network as well as molecular
uncoiling [Van den Heuvel et.al. (1993)], This figure shows
that initial creep modulus for tests at less than 1.5 g/d applied
stress will be substantially higher than tests at above 3 g/d
applied stress.

The creep tests were all performed in a Model 3111 Instron
environmental chamber modified with a Watlow Series 982
temperature controller at a series of temperatures 14°C apart
~ 0.50C, The 260C starting temperature was sufficiently
above laboratory ambient temperature that adequate
temperature control could be achieved by heating only. The
tests were performed in an Instron 4505 Load Frame under
computer control. Strain was computed from cross head
travel and a 10 inch gage length. Instron Model 2111 “horn”
grips were used along with an Instron load cell with a rated
load capacity of 224 pounds. The specimen and the grips
were completely enclosed in the environmental chamber.

5 RESULTS AND DISCUSSION

5.1 Conventional TTS

As a special case of TTS, SIM should provide master curves
as good as and potentially better than the conventional
procedure. Thus, the ability of SIM results to match exactly
those of conventional TTS is not the goal; to show they give
702-1998 Sixth International Conference on Geosynthetics
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Figure 4. Conventional master creep modulus curve.

comparable results, builds confidence in both procedures.
A total of 15polyester yarn specimens, consisting of 3 each

at the temperatures of 26, 40, 54, 68, and 82° C were tested
for creep at an average stress of 62’% of UTL over time
periods of 10,000 to 60,000 sec. The resulting creep modulus
curves were shifted to obtain a good visual representation by
a conventional master creep modulus curve. These results are
shown in Figure 4. Note the range of the individual modulus
values is 3 to 5°/0 of the master curve values. The
conventional master curve appears in some of the subsequent
figures to provide a comparison with SIM master curves.

5.2 Standard SIM Steps

Figures 5 through 9 illustrate the SIM applied to a yarn
specimen subjected to a constant stress of 5.21 g/d, which is
about 62V0 of the ultimate tensile strength (UTS) of this
material. Figure 5 shows the measured creep strain and the
computed creep modulus as a fimction of linear time. Each
time step is approximately 10,000 sec and each temperature
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Figure 5. Creep strain and creep modulus vs. linear time
for a specimen tested at 62% of UTS.
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Figure 6. Enlargement of a portion of Figure 5 showing a
thermal contraction after a 13.9°C temperature step.

step approximately 14“C beginning at 25.9 ‘C and ending
with 81.5“C as shown along the bottom of the figure. There
are tiny cusps at the temperature step change points which are
manifestations of a negative thermal expansion coefficient
(cc.). One of them is shown in enlarged scale in Figure 6.
The magnitude of a, for this example is about 7pprn/°C.
Such negative thermal expansions are easy to identifi because
they produce length changes opposite to the creep strains.
Positive thermal expansions may require separate experiments
to quanti~. Next, Figure 7 presents the creep modulus data
as a fimct.ionof log time. The effect of the time resealing step
is illustrated in Figure 8. Resealing has a dramatic effect on
the shapes of the curve segments. Part of this is due to the
nature of logarithmic scales, but as indicated earlier, the
initial slopes of the resealed curves are influenced by the new
starting times. Figure 9 gives the master creep modulus
curve resulting ffom the horizontal shifts. The abscissa is
now labeled LOG AT[t-t’] to indicate the data has been both
resealed and shifted.

.o~
1 2 3 4 5

LOG TIME (SW)

Figure 7. Creep modulus data from Figure 5 plotted vs. log
time.
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Figure 8. Creep modulus data from Figure 7 resealed for
new starting times vs. log [t-t’]

5.3 Effect of the Choice oft-t’ on AT

The purpose of this section is to explore the effect on AT
of non optimum selections of resealing times t-t’, when
generating master curves.

Figure 10 displays the influence of three chclices for
resealed times t-t’ on the shapes of the resulting creep
modulus master curves. The middle curve, labeled ~500s,for
the initial value oft-t’, is near optimum, and this is the same
curve displayed in Figure 9. The other two do not show
slope continuity at the points of juxtaposition. One of these
shows concave features for t-t’ considerably larger than
optimum, in this case 1500s, the other convex features for t-t’
considerably smaller than optimum, here 300s. The reach of
the master curves is governed by the horizontal shift factors,
and by inspection we observe that a smaller value for t-t’
requires a larger log AT to achieve juxtaposition, and visa
versa. A quantitative relationship between the initial value of
t-t’ and the average log shitl factor per degree of temperature

40~7
lD 1

LOG ~ (t-t’) (SW)

Figure 9. Creep modulus data from Figure 8 horizontally
shifted to achieve the master curve shown.
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Figure 10. Effect of choice of resealing times on the shape of
the creep modulus master curve.

step, is given in Figure 11.
Figures 10 and 11 show that while it is possible to generate

master curves that achieve juxtaposition with a wide
combination oft-t’ and AT selections, there will be a much
limited selection of combinations (perhaps only one optimum
combination) where the slopes of the adjscent curve segments
will match at the points where they meet. For clarity, we have
exaggerated the effects on ATand the resulting master curves
by illustrating the effects of large deviations from optimum
selections oft-t’. Near optimum selections oft-t’ are easy to
achieve, however, and uncertainties in the reach of resulting
master curves are not expected to be above 0.1 log cycle.

5.4 Effect of Time and Temperature Step Magnitudes

When designing a SIM test it is important to pick the times at
each temperature increment and the size of the temperature
changes imposed to achieve the desired results. One of the
important requirements is that the temperature step bridges

0,06 J-- ~ ~60 e~o ,~oo ,;OO ,& ,Jm
200

t-t’ (Ssc)

Figure 11. Effect of resealing times on the horizontal shift
factors used to construct master curves.
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two corresponding states. The only way we know to effect
this is to insure that both states be very nearly steady states,
by which we mean that the creep rates are not changing (at
least not rapidly) with time. Thus, the creep rate, de/dlog t,
before a temperature step would be ideally, exactly the same
as after the step. This situation we desire will be more
achievable for small temperature steps and large time steps,
but that is the direction of higher cost.

The matrix of SIM tests we conducted to explore the effect
of time and temperature step magnitudes is given in Table 2.
The conditions studied were A through G. The two not
studied were cases Y and Z, the conditions for which were
considered too extreme to be instructive. The A through G
tests were conducted on yarn specimens loaded to 612?40of
UTS. The number of steps and the maximum temperature

Table 2. Matrix of SIM tests on variable time and
temperature stem
Step times, sec 7°C stem 14°C Steps 28 “C Steps

1000 A(9)[82] B(5)[82] Y
10,000 C(7)[68] D(5)[82] E(3)[82]

100,000 z F(4)[68] G(3)[82]

achieved in the SIM tests are given in parentheses and
brackets respectively. All tests were started at 26”C. The
results of the SIM tests are presented in Figure 12. The SIM
results have been normalized to a creep modulus of 62.4 g/d
at log time 2 and are presented with a creep modulus curve
developed by conventional TTS which was also normalized
to 62.4 at log time 2. We note that three of the SIM results
compare favorably with the conventional results, these are
conditions C, D and F. Conditions A and B result in smooth

k = CONVENTIONAL MASTER CURVE

A-G SIM MASTER CURVES

0

E

304
1 2345678 910’

LOG &(t-t’) (see)

Figure 12. Resulting creep modulus master curves tiom the
variable time and temperature steps of the Table 1Matrix,
compared to the conventional master curve of Figure 4, All
curves have been normalized to a modulus of 6:!.4 g/d at
log time 2 (see).
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Figure 13. Characteristic curve shapes for an excessive
temperature step (condition E of Table 2).

master curves, but the short reach of these curves indicate
clearly that the time steps are inadequate for stable creep
conditions to have been achieved. Conditions E and G do not
result in smooth master curves despite achieving both the
slope matching and juxtaposition boundary conditions.
Condition E is examined in more detail in Figure 13.

Slopes are matched at the points of juxtaposition in curve
E of Figure 13, yet a convex curvature followed by a concave
curvature indicates that the creep rate accelerated immediately
after the temperature step change. A larger shift factor would
bring the steady state regions of the curves into a better
alignment with the conventional TTS data as shown in curve
E’ but at the expense of slope matching at the points of
juxtaposition.

SIM tests conducted with inadequate temperature or time
steps will result in master curves of shorter reach than those
with adequate steps. The exaggerated examples investigated
here would be easy to identifi and recti~ by substituting tests
utilizing smaller temperature and/or longer time steps. More
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Figure 14. Creep modulus master curves as a function of
stress level.
subtle inadequacies might go undetected, but would result in
master curves that would err on the conservative side.

Conditions C, D, and F yield satisfactory SIM master
curves. Condition D, as the most economical is
recommended as a standard protocol for PET.

5.5 Effect of Stress Levels

To assess the effect of stress levels on the master creep
modulus curves and the associated shift functions, over
twenty-five creep tests were preformed at stress levels
between 6% and 85% of the 26 “C UTS. Nine of the
specimens were taken to rupture. These nine were among the
ones tested at above 67Y’oof UTS. Following the SIM
procedure, the raw creep data was converted to master creep
modulus curves, and the resulting family of curves is
presented in Figure 14. Note that at the very lowest stress
(6%) the beginning creep modulus values are higher than
those at the higher stresses. Also, note that the modulus curve
of 20°/0 falk below the one at 40°/0. These are natural
consequences of the trend in the secant modulus curve in
Figure 3. The shift factors for those master curves are
graphed against the step temperatures in Figure ‘15. The
results presented in Figure 15 indicate that the shift factors
for the low stress master curves are higher than those
generated at higher stress levels. This maybe understood in
terms of the differences in the creep mechanisms operative at
the different stress levels. Refined creep strain curves,
computed fkomthe master creep modulus curves of Figure 14
are presented in 16.

The several creep ruptures indicated in Figure 16 are
associated with creep strain curves that display higher creep
rates but otherwise appear as reasonable creep curves. The
shift factors used to generate the curves leading to nrpture are
not distinguishable from those at lower stresses down to 610/0
of UTS, most of which do not lead to rupture (see F imre 15,
Stress >61 %).
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Figure 15. Shifi factors vs. temperature for the master curves
of Figure 14.
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Figure 16. Creep strain vs log time curves computed from
the master curves of Figure 14

The plot of creep rupture stress vs. log time to rupture is
presented in Figure 17. Nine rupture points are indicated
along with three run out points. Significantly, one data point
goes well beyond the 75 year time line, so that the 75 year
intercept is a conservative interpolation rather than an
extrapolation. The 75 year intercept of the regression line is
at 68’Moof the 26° C UTS. Table 3 provides a guide to the
shified rupture times of Figure 17.

Table 3. Logarithm of the shifted times at the reference
temperature (26 0C) vs the unshifled times at the exposure
temperatures.
Shified time Maximum values (approximate)

Range Exposure Unshifted
Log AJt-t’] Temperature, “C cumulative time. sec

0.0-4.0 26 lxld
4.0-5.3 40 2X104
5.3-6.7 54 3X104
6.7-8.0 68 4X104
8.0-9.3 82 5X104

6

●

●

●

●

●

CONCLUSIONS

Utilization of SIM for TTS reduces the uncertainty of the
shill factors used to construct master curves.
Both the conventional and the stepped isothermal methods
of time-temperature superposition can produce master
curves that extend well beyond 100 years.
Utilization of SIM reduces greatly the test time needed for
characterizing long term creep properties over
conventional TTS or extrapolation methods.
The time and temperature steps of 10,000 sec and 14°C
appear to be acceptable for SIM creep testing pf PET yam
under most conditions.
Inadequate temperature and or time steps result in master
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Figure 17. Creep rupture data and regression line for the
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polyester yam.

curves with shorter reach than curves generated ftom tests
with adequate steps, but such inadequacies will be
conservative.
The shift factors for creep display a linear direct
dependence on temperature and an inverse dependence on
stress, the latter may be caused by a difference in creep
mechanism between low and high applied stress levels.
Since creep rupture is merely an event that takes rdace at
the end of a creep strain curve, the shift factors used to
generate the creep strain vs. shifted time c~es are the
factors that determine the shifted time of the rupture event.
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Modeling and Extrapolation of Creep Behavior of Geosynthetics
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ABSTRACT: The creep behavior of geosynthetic materials can be described by a rheologic model consisting cf a finite
number of Kelvin units connected in series, i.e., the so-called Kelvin-chain model. With properly selected spring moduli
and dashpot viscosities, the combined effect of all Kelvin units in the model can be used to describe the ]results of
experimental creep data. Once such a model is established, it can then be used to extrapolate the creep behavior of the tested
material beyond the laboratory measured time frame. This paper presents a systematic procedure for obtaining the optimum
model based on relatively short-term creep data. The long-term predicting capability of the model is then justified by
supplemental experimental data.

KEYWORDS: Creep, Modeling, Geotextile, Geogrid, Geomembrane, Geosynthetic Clay liner, Geocomposite Edge Drain
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1 INTRODUCTION

Whenever stresses are imposed on a viscoelastic material
like geosynthetics (via tension, compression, shear, torsion,
bending, etc.), they must somehow be internally sustained
by the material’s molecular structure. If the stresses remain
constant over a sufficiently long period of time, the
molecular structure will attempt to accommodate them via
some type of deformation, e.g., the creep phenomenon.
Examples of applications where creep is of concern are the
following:

● Tensile creep of geotextiles in mechanically
earth structures,

● Tensile creep of geogrids in mechanically
earth structures,

● Compressive creep of geonets and

stabilized

stabilized

drainage
geocornposites in the liner systems of landfills,

● Out-of-plane deformation of geomembranes in landfill
and waste pile covers due to differential settlement and
up-lifting gases,

● Internal creep shear of geosynthetic clay liners on steep
side slopes

● Compressive deformation (creep) of geopipes in various
situations.

In actual designs, creep is generally included via reducing
the allowable stress by a proper creep reduction factor,
Koemer (1998). In an ideal situation, the creep reduction
factors are determined experimentally, e.g., conducting
10,000-hour (or longer) creep test at several stress levels.

Unfortunately, creep tests are by their nature time-
consuming and thus expensive. Furthermore, accurate creep
tests are difficult to perform owing to the difficulty in
maintaining the desired environment over a long period of
time. In this study, a rheologic model which provides long-
term prediction capability is presented. It is hoped that via
careful interpretation and extrapolation of short-term creep
data, accurate long-term creep behavior can be predicted.
2 THE KELWN-CHAIN MODEL

It has been shown that the creep behavior of a wide range of
materials can be described by a Kelvin-chain mode] which
consists of a finite number of Kelvin units in series,
Roscoe (1950). In addition, a spring can be added to the
original Kelvin-chain model. This provides to the model
the capability of simulating the initial instantaneous
(elastic) strain which is typically seen in creep
measurements. Figure 1 shows the modified Kelvin-chain
model used in this study.

~cr

9

EO where:

E.= spring modulus of
E, n, the single spring unit

El = spring modulus of
E2 V2 the ith Kelvin unit

q j = dashpot viscosity of
E3 L-# ~, the jth Kelvin unit

I I

En
@

v“

40

Figure 1. The Kelvin-chain model

A Kelvin unit consists of a spring and a dashpot in
parallel. In the Kelvin-chain model, each Kelvin unit is
identified by the letter “i” and characterized by a retardation
time, Ti, where ‘ri = q i / Ei. Experiences show that in an
ideal Kelvin-chain model, the spring modulus in each
Kelvin unit is generally inversely proportional to its
corresponding dashpot viscosity. In other words, Kelvin
units consisting of high-modulus springs possess dashpots
with low viscosities. The relative degrees vary. When such



a model is subjected to an external stress, o, as seen in
Figure 1, an instantaneous deformation is created in the
single spring. Note that this deformation stays constant
regardless of the time scale as long as the applied stress
remains. Subsequently, the Kelvin units with higher spring
moduli and lower dashpot viscosities will be deformed.
Note that such deformations will also be Etarded more
rapidly. Succeedingly, the units with lower spring moduli
will respond to the external stress owing to the higher
resistance from the dashpots. However, continuous
deformations will be observed in these units over a longer
period of time, until their corresponding retardation times
are reached.

Figure 2 illustrates the above concept by plotting a set of
creep data along with the calculated curve corresponding to a
Kelvin-chain model consists of four Kelvin units and a
single spring. It is seen that the calculated curve (a
superposition of five individual curves) accurately modeled
the experimental data. The individual behavior of each
component in the model is also shown in the figure where
the concept of “retardation time” is clearly demonstrated.

3 THE MODELING PROCEDURE

To utilize a Kelvin-chain model, the creep behavior is
viewed as a so-called strain function:

(1)

where: CO= l/EO = the elastic strain (i.e., strain induced
immediately after the stress is applied) caused by a unit
stress (i.e., c = 1), Note that the end of the elastic
deformation portion of the experimental data, i.e., CO, is
defined herein as the point of which the second derivative
first changes its sign, generally from negative to positive.
In Equation 1, the retardation times, Zi’s, are values which
can be arbitrarily chosen providing some restrictions are
satisfied, Bazant (1988), Bazant and Prasannan (1989).
However, any two adjacent Kelvin units having a
relationship of A(log~i) =1 generally gives sufficiently
smooth creep curves; Bazant and Xi (1995).
That is to say, if the smallest retardation time is chosen as
10-3hour, the subsequent retardation times will generally be
selected as 10”2hr., 10”1hr., 10° hr., 101hr., etc.

Furthermore, an “N’-unit Kelvin-chain model can
generally simulate creep data of “N’ orders of magnitude on
the time. scale. Note, however, if extrapolation of the
experimental data is desirable, more Kelvin units m
necessary. For example, if a extrapolation out to 104 hours
is desirable using a 1000-hour creep data (i.e., one-order
extrapolation), one additional Kelvin unit with retardation
time of 104is necessary.
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Figure 2. Creep data simulated by a Kelvin-chain model
consisting of four Kelvin units and one single spring.

As to the selection of Ei’s, it is determined by optimum
fitting of the creep data under the constraints of the pre-
selected retardation times.

It is clear that a regression analysis (optimum fitting) for
determining six or more unknowns (numbers of E‘s, in this
case) can be extremely time consuming. A procedure which
reduces the numbers of the independent variable, to only
two, regardless the actual number of Ei’s, is recc,mmended
herein.

The following expression is proposed to serve the
aforementioned purposes [see Bazant and Xi (II995) for
detailed mathematical derivations]:

~= 1.151(a)(3~i)3 [
-2n2(3~i)2n-3(n-l-(37i)”)

Ei (l+(3~i)”)3

+
n(n-2X3~l~-3(n-l-(3Zi)”)- n2(3&)2”-3

(1+(3’t])”~ 1
(2)



In Equation 2, “a” and “n” m the new targeted unknowns
(instead of E,’s) associated with the modeled creep data.
Note that the new fitting involves only two variables and is
obviously much simpler.

By varying the two independent variables “a” and “n” in
Equation 2, different combinations of E,’s with respect to
the pre-selected retardation times, ~i’s, can be obtained.
This allows a comparison of each calculated result of
Equation 1 to the actual experimental data. The calculated
result is then optimized using the least-squares
approximation (weighting by “time” is recommended) and
iteration of this process will eventually converge on the
actual experimental data. The resulting optimum model can
then be used to predict experimental creep behavior beyond
the actual measured data.

4 EXAMPLES

Six sets of very different geosynthetic materials creep data
were used to verify both the simulating and the long-term
predicting capabilities of the proposed Kelvin-chain model.
They are the following geosynthetic materials:

(a) 1500-hr tensile creep of a nonwoven needle-punched PP
geotextile at 50% of its wide-width tensile strength at a
temperature of 22°C [Allen et al (1982)],

(b) 10,000-hr tensile creep of a PET geogrid at 70% of its
short-term tensile strength at a temperature of 23°C (data
courtesy of Strata Systems, Inc.],

(c) 1000-hr confined tensile creep of a stiff, unitized HDPE
geogrid at 60% of its ultimate tensile strength under a
normal stress of 28 kPa at approximately 23°C [Wilson-
Fahmy et al (1995)],

(d) 20,000-hr biaxial tensile creep of a HDPE geo-
membrane under a constant stress (= 60% of its ultimate
strength) at approximately 23°C [Duvall (1993)],

(e) 1,000-hr internal shear creep of a geosynthetic clay liner
(GCL) at 40% of its short-term shear strength at
approximately 23”C,

(f) 1,00()-hr compressive creep of a edge-drain geo-
composite at 45% of its short-term compressive strength
at approximately 23°C (data courtesy of Monsanto
Company).

The results are shown in Figures 3 to 8 corresponding to
each of the above tests, respectively. Note that the results
shown in Figure 4 are plotted on a logarithmic scale to give
a different perspective. Seen in each of the figures are (1)
initial portion of the data (one order of magnitude shorter in
time than the entire data), as solid circles, for establishing
the Kelvin-chain model; (2) the optimum Kelvin-chain
model calculated creep behavior, as solid curves; (3) one
order of magnitude extrapolation using the established
model, as dashed curves and (4) the rest of the creep data, as
open circles, for verifying the predicting capability
model.
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Figure 3. Experimental and modeled data of material (a)
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Figure 8. Experimental and modeled data of material (f)
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5 SUMMARY AND CONCLUSIONS

Geosynthetics, being viscoelastic materials, must be
evaluated for their creep sensitivity under a variety of
constant stress situations. Laboratory tests can be per-
formed for relatively long time periods, yet extrapolation to
site specific lifetimes is usually necessary and the technique
used is obviously critical. The Kelvin-chain model
presented in this paper, and its application to a wide variety
of geosynthetic materials, is shown to result in an accurate
prediction of the data and is recommended for general use.
This model is shown to be viable for at least one order of
magnitude based on the results presented herein.
Analytically it is possible to extrapolate beyond one order
of magnitude, but substantiate data is sparse and further
corroboration is required in this regard.
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Slow Strain Rate Modulus Assessment Via Stress Relaxation Experiments
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ABSTRACT: Geosynthetics are usually deformed very slowly in actual applications. Conversely, most mechanical
properties (e.g., modulus) are determined in the laboratory under relatively fast strain rates. The use of such experimental
values in engineering design is felt to give an inaccurate assessment of actual behavior. This paper presents a procedure to
simulate laboratory generated stress relaxation test results by the Maxwell-Weichert rheologic model. Once such a model is
established and calibrated, it can be used to determine the more realistic, “design-oriented”, modulus of the tested material. In
this paper, the 0.3% secant modulus of a 1.5 mm HDPE geomembrane tested at various strain rates was successfully
predicted using the Maxwell-Weichert model. It is felt that the same approach can be applied to other geosynthetic materials
for determining realistic moduli values for use in engineering design.

KEYWORDS: Modeling, Geomembranes, Modulus, Stress relaxation

1 INTRODUCTION
Geosynthetics are usually deformed very slowly (i.e., on the
order of weeks, months or years) in actual applications.
Conversely, most mechanical properties (e.g., modulus) =
experimentally determined in the laboratory under relatively
fast strain rates (i.e., on the order of seconds, minutes or
hours). Since it is well known that the mechanical
properties of viscoelastic materials like geosynthetics rne
strongly strain-rate dependent, the use of such experimental
values in actual engineering design is a concern in that
changing in the polymer structure, e.g., stress relaxation,
cannot occur as it likely does in the field.

In this paper, a Maxwell-Weichert rheologic model
established using laboratory generated stress relaxation test
results at,fast strain rates, is presented. Once such a model
is established and calibrated, it can be used to calculate
values of modulus at slow strain rates. It is hoped that via
the above procedure, more suitable initial moduli values for
the use of engineering design can be determined.

2 BACKGROUND

The strong dependence of mechanical properties on how fast
the material is deformed (time scale) is a result of the
viscoelastic nature of geosynthetics. Two well-known
examples of such dependence are the stress relaxation
behavior and the strain-rate dependent modulus. Both
phenomena are illustrated graphically in Figure 1.
Conceptually, two replicate specimens are deformed to a
specific strain level, 8., under two different strain rates, i.e.,
k, andkl. This strain level is then held constant for both

cases and the stresses are monitored over time. Eventually,
after considerable time, the curves come to the same
equilibrium residual stress level. It is seen, in the left-hand
I

Figure 1. Viscoelastic nature of geosynthetics illustrated by
the strain-rate dependent secant modulus and Ihe stress
relaxation behavior.

portion of the curves, that the modulus (in this case, a
secant modulus) of the tested material is proportional to the
strain rate. Regarding the right-hand portion of the curves,
the trend of decreasing stresses with time demonstrates the
concept of stress relaxation.

It is reasonable to assume that the above two phenomena
are inter-related since both of them are results of the unique
viscoelastic nature of the tested material. It is also
reasonable to assume that using the result of one experiment
(e.g., a stress relaxation test) one should be able to predict
the result of a related test (e.g., the strain-rate depndent
modulus). The objective of this study is to develop the
above concepts.

3 THE MAXWELL-WEICHERT MODEL
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Figure 2 shows the Maxwell-Weichert rheologic model used
in this study, Aklonis et al (1972). A typical model
consists of “N’ Maxwell units, which are springs and
dashpots in series, placed in a parallel combination with a
single spring at the end. The springs represent the elastic
properties (E is the elastic modulus) and the dashpots
represenl. the viscous properties (q is the dashpot viscosity)
of the modeled material. In this study, the units become
less strong and more viscous as one moves to the right in
the parallel combination. Each Maxwell unit is
characterized by a spring modulus, Ei, and a corresponding
retardation time, Zi, where ~i = q i/Ei . The final spring,
with an elastic modulus of E~, represents the totally relaxed
or residual modulus value.

El

+ ()at T

Figure 2. A Maxwell-Weichert model subjected to a
constant strain.

In a typical stress relaxation test, it takes an initial stress
to deform a Maxwell-Weichert model to reach the desired
strain because of the resistance of all Maxwell units has to
be overcome. In stress relaxation tests, this is the
maximum stress. Once the desired strain is reached, the
dashpots start to flow and therefore release the stresses in the
springs. As a result, the stress required to maintain a
constant strain decreases with time. Since the units in a
Maxwell-Weichert model consist of dashpots with
viscosities over a wide range, i.e., some dashpots can be
easily s@etched and others rue more difficult, they can be
used to simulate stress relaxation of geosynthetics at
different stages. Ultimately, when the stresses in all
Maxwell units are fully dissipated, the residual stress is
modeled by the final spring.

When a Maxwell-Weichert model is subjected to a
constant strain, as in a stress relaxation test, the following
expression can be used to describe the stress/strain
relationship in each of the Maxwell units:

d8i_dc–ld~,+~=0
dtdt Eidt ~i (1)

where &i= strain in unit “i”, & = the constant strain applied
and ~i = stress in unit “i”.
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The solution of Equation 1, which represents the stress in
unit “i” at any time “t”, is as follows:

C,(t)= CJi~e+ (2)

where criO= the initial stress in unit “i”,

The total stress at any time “t” in the entire Maxwell-
Weichert model, is the sum of the stresses in all of the
elements, i.e.,

@t)=O1Oe~+ cr20e~+. ..+cr+)+)e~+OR (3)

where OR= the stress in the final single spring.

Alternatively, the stress relaxation process can be
described by a time-dependent relaxation modulus, E(t),
where

or

E(t)= ~ (13ie~)+ER
i=]

(4)

(5)

Equation 5 can then be used to simulate Ihe stress
relaxation test results. Figure 3 illustrates the modeling
concept by plotting a set of stress relaxation data along with
the calculated curve corresponding to a Maxwell-Weichert
model. This example consists of four Maxwell units and a
single spring, It is seen that the calculated curve (a
superposition of five underlying individual curves)
accurately modeled the laborato~ data. The individual
behavior of each unit in the model is also shown in the
figure.

In Equation 5, the retardation times, ~i’s, are values which
can be arbitrarily chosen. If we choose adjacent Maxwell
units to have a relationship of A(log~l) =1, it generally
gives satisfactory simulation. That is to say, if the smallest
retardation time is chosen as 10-3 hour, the subsequent
retardation times will generally be selected as 10-2hr., 10-)
hr., 1 hr., 101hr., etc. As to the selection of El’s, they m
determined by optimum fitting of the stress relaxation data
under the constraints of the pre-selected retardation times.

4 MAXWELL-WEICHERT MODELING OF IHDPE
GEOMEMBRANES USED IN THIS STUDY

Large-scale stress relaxation test results on a commercially
available 1.5 mm thick HDPE geomembrane were used to
illustrate the use of Maxwell-Weichert model. See Soong,
et al (1994) for a detailed description of the laboratory test
setup and conditions. The tests were conducted at five
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Figure 3. Stress relaxation data simulated by a Maxwell-
Weichert model consisting of four Maxwell units and one
single spring.

different temperatures under a constant tensile strain of 3%.
Seven Maxwell units with retardation times varying from
10-4to 102hours and one additional spring were used in each
of the five models for five different temperatures. The
values of Ei’s in all of the models were determined by
applying a least-squares regression procedure, under the
restraints of the pre-selected retardation times, until the
calculated behavior converged to the laboratory results. The
laboratory data along with the calculated relaxation behavior
are shown in Figure 4 by plotting the relaxation modulus
against time on a log-log scale. There is excellent
agreement between the laboratory and the calculated results.

Once a Maxwell-Weichert model is established, it can be
used to calculate the modulus of the modeled material at
different values of strain rate. The following section
presents the detailed procedure.

5

When

CALCULATING THE STRESS UNDER
VARIOUS STRAIN RATES

the modeled material, e.g., a geomembrane, is
deformed under a constant strain rate “C”, the following
expression can be used to describe the stress/strrtin
relationship in each of the Maxwell unit:

dE]_dE–ld~l+~=C—— —— ——
dtdt Eidt ~i (6)
3
L
~

lo2_

‘ -4 ‘ -3 ‘ -2 ‘ -1
10 10 10 10 lJ J 1/ 103

Time (hours)

Figure 4. Laboratory generated (open circles) and calculated
stress relaxation behavior (solid lines) of a 1.5 mm thick
HDPE geomembrane at various temperatures.

Equation 6 can be solved as:

~i(t) = C~iEi ( 1- e< ) (7)

Consequently, the expression for the entire model can be
written as:

‘(t)=c[$’iEi[l-e;ll+c(ER)t

(8)

Since the experimental data was developed at 3% strain,
we must modify Equation 8 if it is to work for general
values of strain (e.g., 0.3% strain).

Popelar, et al (1990) presented an empirical relationship
to incorporate the strain depadence in the estab Iishing of
viscoelastic models for HDPE pipes. The relationship was
interpolated and extended for this study and the following
expression, a modification of Equation 8, results:

@t)=c[i$lzi(a+fiCt~) (l-e;)] +(a&Ct))ct (9)

where Ct = &= strain at time “t”.
Table 1 lists values of the constants “a” and “b”

corresponding to various strain levels used for conducting
the stress relaxation tests. Note that when the desired strain
level is equal to that used in the stress relaxation test, no
modification is necessary.

Table 1. Constants in Eq. 9 as a function of strain level
Strain level used in the Constants’ in Equation 10
stress relaxation test, &O a b

1.0% 0.70 30,5

2.0% 0.53 23,3

3.0% 0.43’ 18.92

5.0% 0.31 13.7

7.5% 0.23 10.2

10.0% 0.19 8,1
1. Values are for modulus in units ofMPa.
2.Appropriateconstantsforthisstudy.
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6 JUSTIFICATION OF CALCULATED INITIAL
MODULUS VALUES

The 0.3% secant modulus of the tested HDPE geomembrane
can be determined as follows:

1.
2.
3.

4.

A strain rate, i.e., a value of “C”, is assumed.
The relation “0.3% = Ct” gives the value of “t”.
The time “t” is inserted into Equation 9 to obtain the
corresponding stress, c(t), at 0.370 strain.
The relation “cr(t)/O.003” gives the 0.370 secant
modulus of the modeled mate~al.

The above procedure was applied to five separate
Maxwell-Weichert models corresponding to five different
temperatures over a range of strain rates from 0.0001% to
100% per minute. The results are shown in Figure 5 by
plotting the 0.3% secant modulus against strain rate on a
log-log scale. The experimental values of some
supplementary tensile tests conducted at 30°C under various
strain rates are also shown, in open circles, to exam the
validity of the aforementioned prediction procedure. As seen
in the figure, the agreement between the experimental data
and the calculated values is quite satisfactory.
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Strain-rate dependent 0.3% secant moduli of the
1.5 mm HDPE geomembrane used in this study.

Also seen in Figure 5 is that at a given temperature, the
values of 0.3’% secant modulus of the tested HDPE
geomembrane remain practically unchanged when strain
rates are slower than 0.01Yoper minute. Such values ate
considered more suitable in engineering design than those
obtained routinely in the laboratow. Such recommended
design moduli of the tested HDPE geomembrane ate
collected and re-plotted against temperature in Figure 6. It
is felt that this type of data, shown here for modulus, is the
type of data that should be used in design to simulate field
conditions.
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Figure 6. Design modulus of the HDPE geomembrane used
in this study (corresponding to a very slow strain rate, i.e.,
< l@270/minsimulating a situation of stress relaxation).

8 CONCLUSIONS

This paper presents a recommended procedure to simulate
stress relaxation test results by the Maxwell-Weichert
rheologic model. Once such models are established and
calibrated, they can be used to determine realistic, “’design-
oriented”, moduli of the modeled material and thereby assess
the stress relaxation phenomenon. To verify the procedure,
the 0.390 secant moduli of a 1.5 mm HDPE geomernbrane
at various strain rates were successfully predicted.
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Long term behavior characterization of soft composite under biaxial loalding
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ABSTRACTS: Amongst the many composite materials, soft composites containing a thermo-plastic matrix with textile
reinforcement are used in civil engineering and building construction in the form of tensile membranes.
To justify permanent use of these structures, it is necessary to know their stiffness and failure behavior, and to predict their
long term behavior under combined loading. So we must develop experimental characterization techniques and theological
models taking into account the specific properties of these materials and their long term behavior.
The material studied is a polyvinylchloride reinforced with high tenacity polyester plain weave fabric and is used for tensile
or inflatable structures.

KEYWORDS: Durability, Soft composite, Biaxial loading, Creep, Theological behavior

1 INTRODUCTION 3 VISCOELASTIC MEASUREMENT
The aging of reinforced PVC fabrics is caused mainly by
superilcial cracks of the matrix. The exposed fibers are then
attacked by U.V.. The main characteristics affected are the
tensile strength and the tear strength. These characteristics
can fall by up to 60°+’0.So it is necessary to characterize, to
predict and to model this aging to take it into account in the
time of building conception.
This paper presents a theorico experimental method for the
characterization of long term behavior of soft composites.
The study is made on a coated fabric but the method can
easily be apply to every kind of soft composites
As it is shown on figure 1 this characterization can be done
by accelerated tests at the scale of the constituents (fiber,
matrix) or at the scale of the textile architecture. The
prediction must be validated by real time tests.

tiunmrh~kti bd)wimmmlydi
1 1I

1 accelermed
[ I ITtitkne

I

I I
1 rhml~k.1 models II tin,tmperat”mSupmpostiiml

Figure 1: Study organigrarn

2 MATERIAL STUDIED

The material studied is a high tenacity plain weave
polyester (ref. ENKA 174 S) coated with PVC. The weight
of the coated fabric is 800 g/m2 for a thickness of 0.6 mm
and a fiber content of 24°10.The PVC has no mechanical
properties, is only used to protect the polyester horn U.V.
attack. The material is orthotropic on the scale of the textile
architecture and behaves as a membrane.
3.1 Elaboration of theological model

Simple viscoelastic tests were performed at different
frequencies with a DMTA (Dynamic Mechanical Thermal
Analysis).. To choose a well suited model, we draw with
the experimental results Cole-Cole diagrams (Cole et al.
1941) and we compare those diagrams with model ones.
The results are shown on figure 2. The complex modulus
E* can be written

E* = ~ + iE~l (1)

Cole-Cole diagrams are made by plotting E“ modlulus as a
function of E’ modulus.

E“ (I%)

L
E’ &a)

Figure 2: Evolution of E and tangent 8 with temperature

Our experimental results can be approached by a Zener
biparabolic model (Huet et al. 1984). This model can be
done either with an assembly in series or/and parallel of
springs and dashpots or with an assembly in series orland
parallel of fractional elements. The basic fractional is a
model of one mechanism (spring pot) which ccmstitutive
law satisfies : (Keller 1984)

K.D: .X(t)= F(t) (2)
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where ct is the order of the fractional derivation ( O< ct < 1). Table 1 gives the values of the parameters of the model for
the polyester fibers.
After several mathematical operations we obtain the equation

of the model. (equation 3 and figure 3)

E*(i(o)=EO+
E. – EO

1+ (im)-k + 5(i0T)-h

I
I I

Figure 3: Limited biparabolic Zener

(3)

The values of the parameters h, k, EO are determined by
enlarging the external parts of Cole-Cole diagrams. In order
to determinate the value of Em, we divide every part of Cole-

Cole diagram in two zones. The first one corresponding to
high frequencies is approximated to an arc of a circle whose
center is under the real axis, the second corresponding to low
frequencies is approximated to an arc of a circle whose center
is under the real axis and cuts it in Em .

k2b+L.L
Eo EmE,

Figure 4: Determination of the different parameters

To determinate the value of 6, we give arbitrary values of the
term w and we adjust the value of 8 until the experimental
and calculated values are matched. (figure 5)
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Figure 5: Experimental/theoretical Cole-Cole
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From equation (3) of Zener model it is possible to find
temporal expressions (relaxation modulus E(t) and creep
modulus J(t)). Operational relaxation and creep modulus
can be expressed with the help of Carlson Laplace
transforms’. (Boufera et al. 1990), (Cost 1964)
Equations 4 and 5 give us the temporal expression of the
relaxation (E(t)) and creep (J(t)) timctions.

E. – EO
E(t) = EO +

l+(:)k+~(:)h

J(t) =
l+(:)k+t)h

‘O[l+(:)k+~(:)h) +E-EO

3.2 Time temperature superposition

(4)

(5)

In the second part of this investigation, we determine the
time variation of E(t) by application time temperature
superposition. The tests are made on the DMTA between -
150 “C and 200 ‘C at five frequencies (0.3 to 30 Hz).
Superposition of the data curves permits us to obtain a
master curve for a reference temperature of 25 ‘C.

9 l-.__~-.. w— ‘mir~
-L

temperature <-C>

Figure 6: Test at several frequencies on polyester tiber

I9 1=-24 IL-16 IL-8 0 1ES
t,rne <,econde>
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Figure 7: Master curve at 25 ‘C for polyester fiber



This master curve can be fitted with an exponential function The displacements are measured in the central part of the
specimen with an optical method. Using a CCD camera, we
(Kabir 1984).

E= EO. ta (6)

where log EO=10.09 Pa anda=-0.013 Pals.
In this part we have determined the creep curves of polyester
fibers either by applying the time temperature superposition
principle or by mechanical spectrometry and definition of a
theological model.

4 THERMOSTIMULATED CREEP ON LARGE
DIMEMSION SPECIMENS

The Institut Textile de France in collaboration with the
Laboratoire Mecanique et Materiaux University Lyon 1 (with
the support of the Region RM3ne Alpes) have developed a
biaxial testing apparatus to carry out tests on large dimension
specimens on soft or stiff composites. (Mailler 1996)

cCD camera

-f

\
\

.
\

- step by step
~{~JJ motor

~ Ioadcell

Pc

~

Figure 8: Biaxial testing apparatus

The mains characteristics of this apparatus are given below.

- maximum load of 15000 daN,
- sample of 1x 1 m2 with a maxima] deformation of sOO/o,

- four step by step motors permit to drive the apparatus either
in displacement or load with several load or displacement
ratio between the two axes,
- a thermal enclosure permits us to realize test between -40 “C
to 200 “c.

We made a series of creep test in the following conditions:

- 1/1 320 daNJ30 cm in warp and 320 daN/30 cm in weft,
- 2/1 320 daN/30 cm in warp and 160 daN/30 cm in weft,
- 1/2 160 daN/30 cm in warp and 320 daN/30 cm in weft.
follow the displacement of the barycentre of marks drawn
on the surface of specimem.

Figure 9: Biaxial specimen (marks on surface)

The strains are then calculated using a pseudo finite element
made with four points. These strains are calculated in the
center of these elements and take into account the large
deformations of this kind of material.
Figure 10 illustrates biaxial creep curves at 25 “C for a load

ratio of 1:1.

o~
o 200 400 6c0 600 1000

time (Secondes)

Figure 10: Biaxial creep curve at 25°C (1/1)

With similar curves at several temperature we costruct a
master curve taking into account the stresses applied in the
central part of the specimen and using an inverse method to
calculate the E modulus. The basis of this method is given
below.

At a given time we have,

(7)

where criare the stress, Cijare the coefficients of the rigidity
matrix and Sithe strain.
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If we consider two different times on two different tests (for In a general point of view this results are similar to the
literature (Toyada et al 1990,1992,1994) and give a residual
example two load ratios) we have,

:

E; E; o

_o &;&;—
E; E; o

0 E; E;

x

3000

1

(1 -i .

100 10’ 102 103 104 105 106 107 108 log 10’0

Mm,(,emnd,s)

Figure 11: Biaxial master curve at 25° C

These curves can be fitted by a logarithmic fimction:

(8)

E(t) = E() + alogt (9)

where a warp = -170 MPds, a weft = -165 MPals , EOwarp =
2400 MPa, EOwefl = 2060 MPa

In an attempt to validate this predicted creep curves, we
carried out real time tests on specimens exposed during 380
days in situ at Lyon. We measured the displacement under a
constant load and we defined the creep curves (Figure 12).
The knee indicates an augmentation of deformation du to
higher temperatures in summer time.

“,.O
101

“210 ‘310
the(days]

Figure 12: Creep curves obtained by real time tests

5 CONCLUSION

All those results can be compared with real time tests (Figure
12). The three different approaches (at the scale of the
constituents, at the scale of the textile architecture and the
real time tests) give us similar results.
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tension stress of 50’%.in 3 years with a little evolution in 7
years. This is in accordance with our results which show us
an asymptotic stabilization of creep.
This work permits the designers to take the durability into
account during the design process.
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Figure 13 : Comparison of real time test and accelerated
tests
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A Model for the Ultimate Pull-out Resistance of Geogrids
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ABSTRACT:A three-parameter model is proposed to predict the ultimate pull-out resistance of geogrids. Twenty-seven
pull-out tests were performed using three types of geogrids embedded in Ottawa Sand and kaolinite clay. The proposed
model can take into account the nonlinear relation of the ultimate resistance with the normal stress. Using this model and
analyzing the test results, the above mentioned phenomenon can be described and the ultimate resistance can be predicted
very well.

KEYWORDS: Pull-out test, Ultimate pull-out resistance, Geogrid.

1 INTRODUCTION as follows:
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In the design of reinforcements, laboratory pull-out tests are
performed to understand the pull-out resistance of
reinforcements in soils. The parameters needed in the limit
equilibrium methods, such as apparent cohesion c and
frictional angle $ are obtained. It is a common practice to
employ the Mohr-Coulomb criterion for the design.
However, this criterion does not usually predict the ultimate
pUkOUt reSktanCe very Well. Hence, a thee-pmameter
model for predicting the ultimate pull-out resistance is
presented in this study to take into account the deformation
modulus of geogrids and applied normal stress. This model
was verified by twenty-seven pull-out tests. According to the
results verified, this model can describe the relation between
the ultimate pull-out resistance and the applied stress, and
predicts the ultimate pull-out resistance of other geogrids.

2 THE PROPOSED MODEL

In design practice, the assumptions on the pull-out
resistance of geogrids in soils are: (a) the shear stress at the
interface behveen geogrid and soil is constant, (b) the shear
stress at the interface follows the Mohr-Coulomb criterion.
Hence the pull-out resistance is presented as:

T=c+otan$ (1)
P=2A~ (2)

where:
~: the shear stress at the interface
c: apparent cohesion intercept
w applied normal stress
~: frictional angle
P: ultimate pull-out resistance
A: embedded area of geogrids

On the other hand, the proposed three-parameter model is
for sandy soils (3)~ = a [al+az exp(-aq ~ )1

% for cohesive soil (4)~ = al + csazexp(-as~

TE= – (5)
E

where:

al ,a2,a3: p~ametersto be dete~ined-
E: deformation modulus of geogrid, which can be

determined by Eq.(5).
T: the tensile force of geogrid in the tensile strength

test.
s: the strain of geogrid in the tensile strength test.

In this model, the al , az and aq parameters are obtained

by pull-out tests. Eq.(3) is suitable to sandy soils,,and Eq.(4)
is suitable to cohesive soils. This proposed model compared
with the Mohr-Coulomb criterion has the following
characteristics:
1.The model uses the applied normal stress a and the

geogrid deformation modulus E to describe the ultimate
pull-out resistance.

2. If the modulus of geogrid is infinite, the pattern of the
simplified proposed model is similar to the ordinary shear
strength model such as Mohr-Coulomb criterion.

3. The expansion of the exponential function in Eq.(3) or
Eq.(4) has infinite terms. For this reason, the proposed
model is convenient to describe test results smoothly,
compared to the Mohr-Coulomb criterion th~t has only
two parameters.



Table 1. Fundamental properties of geogrids. Table 2. The ultimate pull-out resistance.
Item (kN/m) Grid A Grid B Grid C

Ultimate tensile strength 110 80 55

~~f~~fl ‘Odulus at 1320 960 660

~;:~y ‘odu’us at 880 640 440

I Mohr-Coulmnb witermn

o!, ,- ~ -=—~—–---,

o 40 80 120 160 200

Normal stress (kNlm’ )

Figure 1. Normal stress versus ultimate pull-out resistance
for grid A embedded in Ottawa Sand (D~85’Xo).

3 TEST EQUIPMENT AND TEST MATERIAL

The dimension of the pull-out box is 60cm x 35cm x 20cm
( length x width x height). The range of pulling rate is from
0,0006 to 107 mdmin. The capacity of pulling force is 12.5
tons applied by electric motor. The vertical load system
consists of a rubber air bag and a jack. Load cells and LVDT
are used to measure the pulling force and the displacement. A
data acquisition device, an AD card, and a personal computer
are used for test controlling and recording. Test materials
include geogrid, sand, and clay. The material properties of
three types of Tensar geogrid used in the tests are
summarized in Table 1.The sand is Ottawa sand (No. C 109)
that has specific gravity 2.65, maximum void ratio 0.732,
and minimum void ratio 0.387. The strength parameters are

c = 0.7 kN/m2, @= 360, for relative density Dr = 850A;and

c = 5 kN/m2, 1$= 320, for Dr = 50°/0.The clay is kaolinite
that has specific gravity 2.62, maximum dry density 12.8

kN/m3, the optimum water content 31.5%. The strength
parameters from the consolidated undrained test are c = 18
kN/m2, $ = 15.6”, for dry unit weight ‘y~= 12.4 kN/m3 and
water content (II= 29°/0.

The dimension of geogrid specimen is 45 cm x 10 cm
(length x width), there are three apertures in the longitudinal
direction and five apertures in the transverse direction. The
distance between the first transverse rib and the tiont wall of
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(a) Ottawa Sand (Dr=85°/0)
Normal stress Grid A Grid B Grid C

(kN/m2) (kN/m) (kN/m) (kN/m)

50 33.8 30.9 28.2
100 61.8 57.2 47.9
150 56.2
200 98.1 74.7

(b) Ottawa Sand (Dr50%)
Normal stress Grid A Grid B Grid C
(kN/m2) (kN/m) (kN/m) (kN/m)

50 25.3 22.0 18.5

100 48.2 42.1 33.5
150 53.0 51.2

(c) Clay
Normal stress Grid A Grid B Grid C

(kN/m2) (kN/m) (kN/m) (kN/m)

50 18,2 15.1
100 26.5 24.5 17,5
200 35.9 30.7 235
300 43.0

the pull-out box is 12 cm. The pulling rate is 1 mm/min.

4 TEST RESULTS AND ANALYSIS

The ultimate pull-out resistance of test results is summarized
in Table 2. According to the test results, the ultimate
resistance increases with the normal stress but the relation is
not proportional. The example using the Mohr-Coulomb
criterion together with the pull-out test result is shown in
Figure 1. From the figure, the Mohr-Coulomb criterion does
not appear to be very accurate in regression result, but also
the cohesion intercept is greater than zero in sands.
Considering the aforementioned phenomenon, a three-
parameter model is therefore proposed. The procedure used
to analyze the test result is described in the following:
1. Determine the deformation modulus.

Geogrid is a flexible material, and its modulus varies with
strain. Hence a predictive model must take this behavior
into consideration, For simplicity, the proposed model
adopts the deformation modulus as the secant modulus at
5“Astrain when the strain is less that 5’%o,and the secant
modulus at 10°/0strain for strain more than 5°/0

2. Determine al ,a2 and a3 parameters.

The three parameters are to be determined by using Eq.(3)
for sands, and using Eq.(4) for clays.

3. Compute the ultimate pull-out resistance.
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Figure 2. The comparison of the proposed model and Mohr-
Coulomb criterion for pull-out tests in Ottawa Sand
(Dr=85%).

The ultimate pull-out resistance is computed considering
various modulus and normal stress using Eq.(3) for sands
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Figure 3. The comparison of the proposed model and Mohr
-Coulomb criterion for pull-out tests in clay.

shown in Figure 3. Analyzing and comparing the result, the
result flom this model is similar to that of the Mohr-
and Eq.(4) for clays.
The parameters for computation are summarized in

Table 3. The comparison of the proposed model and the
Mohr-Coulomb criterion for the ultimate pull-out
resistance of geogrids in sands are shown in Figure 2.

It is obvious that the proposed model is better than the
Mohr-Coulomb criterion. For instance, the proposed model
describes the relation of the ultimate pull-out resistance and
the normal stress very well and the apparent cohesion
intercept is zero. The model also describes non-proportional
relation of the ultimate pull-out resistance with the normal
stress. In the other case for kaolinite clay, the comparison is
Coulomb criterion. Besides, this model predicts the ultimate
pull-out resistance well.

From the above mentioned results, the propowd model is
a good application to predict the ultimate resistance for
alternating normal stress.

Furthermore, the proposed model seems also be able to
predict the ultimate pull-out resistance of other geogrids.
For instance, it predicts the ultimate resistance of geogrid B
by using the parameters of geogrid A or C. The results of
this prediction are shown in Figure 4. It is found that the
predictions are within 10%-20°26 error. In engineering
practice, it seems acceptable.
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Figure 4. The result of the proposed model predicting the
ultimate pull-out resistance.

5 CONCLUSIONS

Summarizing from the
discussion, the advantages
follows:
1.The dimensionless term

mentioned explanation and
of the proposed model are as

d13 is used to describe the
ultimate pull-out resistance, and its application on
studying test result shows good.

2.Although there are three parameters in this model, more
than two parameters in the Mohr-Coulomb criterion, the
convenience and power of this model is justified.

3.As the modulus E approaches infinity, the model can be
simplified to become a special case of the Mohr-Coulomb
criterion.

4.The model predicts the ultimate pull-out resistance of
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(a) Ottawa Sand (Dr85°/0)

Item al a~ a3

Grid A 0.46 0.37 6.2

Grid B 0.23 0.47 3.0

Grid C 0.25 0.45 3.0

(b) Ottawa Sand (Dr50%)

Item al a2 a3

Grid A 0.42 0.17 5.5

Grid B 0.14 0.55 5.0

Grid C 0.37 0.065 6.0

(c) Clay

Item al a~ a3

Grid A 4.0 0.22 2.2

Grid B 9.0 0.22 3.4

Grid C 11.7 0.07 0.7

geogrids more well than the Mohr-Coulomb criterion. It
also can be used to predict the ultimate pull-out resistance
of other geogrids within acceptable error.

5.Using this model, the non-proportional relation of the
ultimate resistance with the normal stress can be
described.
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ABSTRACT: The pull-out resistance of geotextiles is generally the result of complex phenomena occurring at the soil-
geotextile interface. In this study, an attempt is made to analyze the pull-out resistance by considering that soil shearing
and soil-geotextile friction at the interface are liable to develop the resistance. The usefulness of this approach is pointed
out in terms of the prediction of pull-out resistances of soil-geotextile system, For illustration, the pull-out resistances of
two woven geotextiles with Toyoura sand are predicted, and compared with those of experimental values. The surface
asperity of geotextile is identified as an important factor influencing shearing and friction components at the interface.

KEYWORDS: Friction, Geotextiles, Pull-out Resistance, Shear Strength, Woven Fabrics
1 INTRODUCTION

The operational circumstances of many soil structures
reinforced with geotextiles reveaJ that the geotextile is at
least partly subjected to a pull-out force. This is leading to
the pull-out method which is used for the evacuation of
soil-geotextile interracial interaction, The results of a pull-
out test are, however. diftlcult to interpret because of
complex interactions at the interface, Nevertheless, a few
attempts at a numerical approach have been made to
analyze the behavior involved in the pull-out operation of
a geogrid (Wilson-Fahmy and Koerner 1993; Yogarajah
and Yeo 1994), but hardly any attempts have ever been
made for a geotextile. This is probably because of the
structural complexities that a geotextile presents compared
with a geogrid. In this study, a semi-empirical approach is
adopted to analyze the pull-out resistance developed by the
woven geotextiles with sand. The structural parameters of
the geotextiles and their interactions with the sand are well
accounted for in this approach.

2 ANALYTICAL PROPOSITION

The pull-out resistance is assumed to be developed due to
interactions comprising soil shearing and soil-geotextile
friction. Therefore, pull-out resistance (P) could written as

P= S+-F (1)

where. S = shearing force, F = frictional force. Let the
total area at the interface be A, out of which the areas
responsible for soil shearing and soil-geotextile friction are
Al and A2, respectively. Thus. Equation (1) become
P = ~.Al +f.A2 (2)
where, ~ = soil shear stress, f = soil-geotextile frictional
force per unit area. The relationship for the determination
of frictional force is

f= p~.N (3)

where, ~r = coefficient of friction between soil and raw
material of geotextile (hereafter the raw material frictional
behavior is termed as ‘skin-friction’), N = normal stress,

To predict pull-out resistance, therefore. we need the
values of ~, Wfiand shearing/friction area at the interface,

3 MODEL ILLUSTRATION

For illustration, two plain woven geotextile samples were
considered, and their interactions with Toyoura sand were
taken into account. A few details of the geotextile samples
and sand are given in Table 1 and Figure 1, respectively.

A prototype apparatus (Kabeya et al. 1993) was used for
conducting the pull-out experiments. Four levels of normal
pressure, e.g., 2.5, 5.0, 7.5, and 10.0 kpa, were maintained
on the soil-geotextile-soil system during experiments (low
pressures were to avoid fabric deformation inside soil).

Table 1 Specifications of woven geotextile samples.*

Descriptions Sample (S1) Sample (S2)

Polymer type Polypropylene Polyester
Yarn type Flat tape Multi-~ilament

Yarn count (Tex) 130 x 120 530 x 530

Yarn crimp (VO) 4.3 X 1.6 5.5 x 3.7
No. of yarns (/cm) 6.3 X6.3 5,6 X5.6
Thickness (mm) 0.60 1.00
Area density (g/m2) 170 600

*Samples were obtained from Taisei Corporation, Japan
1998 Sixth International Conference on Geosynthetics -725
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Properties of Toyoura sand

a
Moisture content (0%) 0.19

$ 80 Specific gravity 2.62

Min. dry unit weigh( (kN/m3) 14.91

2 Max. dry unit weight (kN/m3) 15.50
L 60
w Void ratio at loose form 0.72
c Void ratio at densesl state.-
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40 Angle of internal friction (deg) 31
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Figwre 1 Grain size distribution of Toyoura sand.

3,1 Frictional Experiments

The polymer types of the two selected geotextiles were
polypropylene (sample S1) and polyester (sample S2),
Consequently, the pull-out tests on polypropylene (PP) and
polyester (PET) films with sand were carried out for
determining the sand-geotextile skin-friction coefficients,
By this method, however, the frictional representation may
not be truly possible, as finishes in the geotextile and the
film are necessarily different. Thus, to find out the actual
frictional coefficients, the following approach was used.

The individual yarn was unraveled horn the geotextile
sample and heat-set under decrimped-taut condition. The
decrimped yarn was then used in the pull-out experiments
with Toyoura sand, In pull-out experiments, therefore, the
occurrence of soil shearing at the interface which may be
initiated by the crimps was very unlikely, as the yarn was
decrimped and merely tape or filament (with marginal
twists) in kind. Consequently, the yarn-sand pull-out
resistance development was thought to be solely due to
friction. The sand-film (geotextile) skin-friction coefficient
is obtained by using the following empirical relationship

p~= F / (A’.N) (4)

where, ~f = coefficient of skin-friction, F’= frictional force,
A’ = interfacing area, N = normal stress.

The results are shown in Figure 2 where it may be seen
that the set of values obtained by the above approach are
higher than those obtained with the respective films. These
differences in values could be attributed to their different
surface textures. However, the coefllcients of skin-friction
obtained here could reasonably be taken as actual values.

3.2 Shearing Experiments

For characterizing the shear behavior of sand, generally,
we conduct direct shear box tests in laboratory. However.
possibly a different state occurs due to different shearing
726-1998 Sixth International Conference on Geosynthetics
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Figure 2 Skin-frictional coefficient vvithToycura sand.

situations at the soil-geotextile interface in the pull-out
method, and at the interface of the two boxes in the direct
shear box method. At the soil-geotextile interface. the soil
shear behavior is believed to be infhrenced by the presence
of the surface concavities of the geotextile. The concavity
wall may put up passive bearing resistance to the soil shear
stress. As concavities are numerous, so the contribution of
passive bearing resistance to soil shear stress is also
significant. In the direct shear box test, such resistance
comes only from the back wall of the shear box for total
interface area, and consequently, the shear stress occurring
with this method is lower in value. Thus, it is important to
conduct shear tests under simulated pull-out interfacing
conditions. so that the passive bearing resistance of soil
brought by cross elements could be taken into account.

For this, channel-like parallel serrations were engraved
on acrylic plates (Table 2). Each plate was then used as
the reinforcing element in the pull-out experiments. The
conditions maintained in the experiments were similar to
those during soil-geotextile pull-out testing. The engraved
area on the plate (channel) is believed to be responsible for
soil shearing, and the flat area to be responsible for
friction in the pull-out operation. With defined areas for
shearing and friction on the plate, it was possible to
distinguish the soil shearing and soil-acrylic plate friction
components, provided the sand-acrylic plate frictional
coefficient was known. For the sand-acrylic plate frictional
coefficient, the pull-out tests on smooth acrylic plates with
Toyoura sand were conducted,

Figure 3 was drawn to show the trend of soil shear stress
against serration width in the acrylic plate for different
levels of normal pressure. The shear stress corresponding
to the pitch of respective geotextile samples could now be
obtained from this figure by extrapolating the respective
trends. It is noteworthy to mention at this stage that as the
shear area in the acrylic plate decreases, the variability in
pull-out resistance (i.e., soil shear stress) increases. This is
one of the reasons why we did not use acrylic plates with
serration widths of less than 5 mm in this study.
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Table 2 Specifications of serrated acrylic plates,
Ridgf ,

Designation of plates P20 P15 Plo P5
Number of serration 23 4 5
Serration length (mm) 48 48 48 48
Serrat.ion width (mm) 20 15 10 5
Serrat ion depth (mm) 55 5 5
Shearing area (cm*) 23.2 26.1 23,2 14.5
Ridge width (mm) 10 10 10 10
Friction area in 10 cm 92.8 89,9 92.8 101.5
embedded length (cmz)

3,3 Interracial Shearing and/or Friction Area

Evaluating the shearing/friction area at the soil-geotextile
interface is a two stage process, namely, the measurement
of the surface roughness of geotextile samples, and the
correlation between surface roughness and soil properties
involved in the interface interaction process. The brief
description for each of the stages is given below.

3,3.1 Evaluation of surface roughness

An empirical approach was followed for measuring the
surface roughness of geotextile samples because the two
other commonly used methods e.g., mechanical scanning
and laser scanning methods, were tried, but they failed to
give definite outcomes. due to procedural limitations. In
this method, replicas of the two geotextile samples were
reinforced with a contrasting color matrix to form a solid
block. The block was then milled gradually (in cross-plane
direction) at regular intervals. For milling, a precision
end-milling machine was used in our laborato~. The
milling was done for a cut-out thickness of 0.1 mm in each
step. Therefore, it may be said that the technique used here
characterizes the surface as a combination of undulating
lines, as may be obtained in other scanning methods. The
photograph of each milled surface (i.e., at steps of 0.1 mm
milled thickness) was taken with a camera fixed to the
milling machine. As a next process, each photographic
negatives was enlarged by a projector and imaged over the
sensitive screen of a digitizer. The digitizer was interfaced
with a computer, by which undulating lines were digitized
into corresponding numerical values of X,, as the distance
along the fabric plane, and Y,, as the distance of surface
contours from the top fabric plane (see inset of Figure 4).
15.0
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Figure 3 Effect of serration width on shear stress.

Consequently, two dimensional arrays (X,, Y,) for each
undulating line were obtained. The reassembling of these
undulating lines by a computer program gives i~view of
the surface of the geotextile sample, as shown in Figure 4.

3,3.2 Correlation of surface roughness with soil properties

The two parameters, namely, the depth, and the slope of
surface concavities were used for expressing th~esurface
roughnesses of geotextile samples, These two parameters
were then weighed, as stated below, against the two soil
parameters, viz., the average soil particle diameter (DSO),
and the soil shear angle (+) of Toyoura sand, respectively,
for determining interracial shearing/friction area.

The measurements of concavity depths at different points
at distances 0.1 mm apart yield a frequency distribution for
each of the geotextile samples. It is assumed that when the
absolute concavity depth at any point (element) is more
than the size of soil particle employed, then that element
will be responsible for soil shearing at the interface, On
the other hand. if the concavity depth is less than the size
of the soil particle, the element will be responsible for
friction at the interface. Thus, corresponding to the value
of concavity depth equals to average soil particle diameter
(Dso) of Toyoura sand, the percentage of elements causing
shearing and friction at the interface may be found out. By
knowing the total embedded area maintained during
experiments (both faces of the geotextile), we were able to
calculate the interracial shearing and friction area.

Similarly, the concavity slopes calculated between any
two consecutive measuring points (O.1 mm apart) give a
frequency distribution for each geotextile sample. It is our
assumption that when the calculated slope is less than the
angle of soil shearing (~), that slope will be respcmsible for
soil-geotextile friction, and when the slope is more than
the angle of soil shearing, that slope will be respcmsible for
soil shearing at the interface. Using the same line of action
stated above, therefore, we were able to draw a partition in
the population of concavity slope distribution.
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However, it is a common perception that the interracial
interactions between soil and geotextile are quite complex
phenomena, and the ways we tried to correlate concavity
depth and concavity slope with soil properties individually
may not be totally justitled. This is because, even if there is
stilcient concavity depth (greater than particle diameter),
inter-facial soil shearing may not occur when the slope at
that point is less than the shear angle of the soil. Similarly,
it may be argued that, even if the concavity slope is higher
than the soil shear angle, the inter-facial shearing may not
occur when the concavity depth is less than the particle
diameter, For this reason, therefore, an attempt was also
made to introduce the interaction between concavity depth
and concavity slope, for tinding the correct shearing
and/or friction area at the interface.

3,4 Calculated Pull-out Resistance

Using the three sets of shearinglfriction areas, obtained
from the concavity depth distribution, the concavity slope
distribution, and the interaction of the two, the pull-out
resistances were calculated. It were observed that the pull-
out resistances calculated using the areas corresponding to
depth distribution and slope distribution were in poor
agreement with those obtained experimentally, although
the general trends were found the same. In contrast, the
pull-oui resistances calculated using the interaction
induced shearing/friction areas were in good agreement
with the experimental pull-out resistances (Figure 5). As
stated before, the reason for this may be the interactive
effects due to both the depth and the slope of surface
concavities of geotextiles, rather than individual actions.

4 SUMMARY

With the multiplicity of structural parameters of
geotextiles and complexities in the design procedure for
geotechnical applications, we very often encounter the
728-1998 Sixth International Conference on Geosynthetics
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Figure 5 Experimental/calculated pull-out resistance.

need to know the pull-out force that a geotextile will exert
with the soil type. Using the proposition described before,
we may have the option of dealing with the problem of
determining pull-out resistance. By knowing the soil-
geotextile skin-friction behaviors, the soil shearing
properties, and the interracial shearing or friction areas for
the soil-geotextile system, we could proceed to calculate
the constituents shearing and friction at first, ancl then the
pull-out resistance,

The illustration reported in this study indicates that
depending on the surface asperities of the geotextile. and
their interactions with the soil, the contributions of
shearing and friction in the pull-out resistance will vary. It
is identified that the effect of the surface asperity of the
geotextile is merely to influence the shearing and friction
area at the interface, Comparisons of experimental and
calculated values of the pull-out resistance show that the
correlation between surface asperities and soil properties
for evaluating the interracial shearing and/or friction area
is an interactive process of factors such as depth and slope
of surface concavity of geotextiles,
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A NEW APPROACH IN MODELING OF SOIL-GEOTEXTILE
INTERFACE BEHAVIOR IN PULLOUT TESTS
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ABSTR4CT: A nonlinear elastic finite element model was developed using GAP elements to investigate the failure
criteria and the separation behavior at the soil-geotextile interface during pullout tests. Pullout resistance calculated from
this model was compared to that obtained from laboratory pullout tests reported earlier in the literature. The data showed
the pullout resistance obtained from the finite element model was approximately equal to that obtained from the
laboratory pullout tests. Results from the model also indicated the existence of material nonlinearity close to pullout load
application point.

KEY WORDS: Finite element, Numerical modeling, Interface-element Geotextile, Pullout
1. INTRODUCTION

When a geotextile is used as reinforcement material in
a slope, one of the predominant causes of failure is the
slippage or pullout of geotextile from the soil mass.
Such a behavior can be modeled by the pullout tests in
a laboratory. A simple experimental set-up was
designed and pullout tests were carried out in the
laboratory (Mallick et. al, 1997). In conjunction with
experimental study a theoretical model is required to
visualize the pullout mechanism. Such a model can be
validated against the results obtained from the
laboratory pullout tests.

Finite element analysis conducted by Katagiri et. al
(1990) has shown a linear relationship between normal
pressure and shear stiflhess of the soil-geotextile
interface. A joint element technique was used to
connect the upper and lower surface of the geogrid
with the soil particles. The results showed that the
analyzed strain suftlciently agreed with the measured
strain. Floss and Gold (1990) conducted a finite
element analysis on the efficiency of a single geotextile
reinforced two-layer system. Soil continuum was
modeled by an eight node isopararnetric element with
quadratic shape functions. The geotextile was modeled
with isopararnetric bar elements. To model the soil-
geotextile interaction, thin-layer elements were used at
the interface. An elastoplastic nature of analysis with
Mohr-Coulomb yield criterion was adopted to knit the
transfer of load horn the soil to the geotextile.

Wu ( 1987) also developed a finite element model to
predict the stress-deformation behavior of a soil-fabric
system. The interface region was modeled by connecting
the nodes with unilateral normal and tangential springs.
The fabric was represented by a special element which
could only withstand tension. No resistance to bending and
compression was allowed in this element. To simulate the
viscoelastic behavior of the polymeric geogrid, varying
elastic modulii was used for different sections of the
geogrid in a finite element analysis. The residual shear
modulus at the interface was selected on the basis of the
assumption that the partial slippage would occur once the
shear strength was reached.
A review of literature shows that the behavior of the soil-

geotextile interface depends on the successtid modeling of
load transfer mechanism from geotextile to soil. This
mechanism is again dependent on the choice of a proper
element to model the soil-geotextile interface. This study
was carried out to investigate the applicability of a new
type of interface element in modeling a pullout test with
geotextiles.

2. MODELING OF INTERFACE WITH GAP
ELEMENTS
In the numerical model developed in this study a new type
of element was used to model the soil-geotextile interface.
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Ten isotropic GAP elements were used to model the
load transfer mechanism at the soil-geotextile interface.
Slip-separation behavior of the interface is governed by
the status of the GAP elements. The GAP or fkiction
element (available in the element library of
MSC/NASTR4N) has several advantages over the
thin-layer or spring elements previously used to model
the soil-geotextile interface. This is because GAP
elements can simulate several situations which are
observed in a pullout test. l%ese situations are:
Open GAP: Simulates no contact at the interface
Closed GAP: Simulates the contact between soil and

geotextile at the interface under vertical loading
GAP sticking with static friction: Simulates the

building of pullout resistance at the interface.
Resistance increases until the pullout load overcomes

the static fiction at the interlace. After the static
fliction is overcome, GAP elements start slipping with
kinetic friction and pullout resistance drops as the
reinforcement is pulled out of the soil layers. A
horizontal shear stifiess for the gap element was used
to simulate the fiktional force at the interface. As the
load was applied, the stick-slip behavior of the
interface was examined with the behavior of GAP
elements under the specified loading condition.

3. NUMERICAL MODELING OF PULLOUT
MECHANISM

A two dimensional plane strain nonlinear model was
developed to simulate the stress-strain behavior of a
geotextile subjected to a pullout load (Figure 1). A
large scale general purpose computer program,
MSC/NASTRAN, was used to analyze the model. The
above model was tested for initial pullout displacement
of 40 mm. For this displacement, stress-strain
relationship for soil and geotextile materials were
considered to be linearly elastic. For the correct
simulation of stick-slip behavior of the interface,
geometric nonlinearity was incorporated in the model.

4. ELEMENTS AND PAWUWETERS USED
FOR THE MODEL

Soil: Cover material was modeled using a elastic, four
node, isotropic, quadrilateral element. The following
material properties were used for the quadrilateral
elements:

Modulus: 100 Mpa
Poisson’s ratio: 0.3

a: 32 degrees
c: O(dry sand)
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Interface Element: The following parameters were
selected as the properties of the GAP elements.

axial stiflless: 80.E+7 N/mz
transverse stifl%ess: 9.E+7 N/m2
coefilcient of static friction: 3.0
coeftlcient of kinetic friction: 0.1

Reinforcement: Reinforcement was modeled with four
one dimensional linear rod elements with no bending
stifiess. The following parameters were selected as the
properties of the rod elements.

thickness: 0.001m
modulus: 5250 kN/m

Loading: The above model was tested for a 7 kPa normal
pressure and 40 mm pullout displacement at the tension
end of the geotextile. Ten iterations were used in the model
to reach 40 mm forced displacement.

5. EXPERIMENTAL

Details of the experimental study can be found from
MalIick et. al (1997). A simple pullout box was designed
and pullout tests were conducted with different types of
geotextiles and sands. Figure 2 shows the details of the
experimental set-up. A pullout load was applied at the rate
of 1 mrn/min at the tension end of the geotextile. Pullout
load and the corresponding front end displacement were
measured during a pullout test.

6. RESULTS

Figure 3 shows the calculated (tlom finite element model)
and measured load-displacement behavior at the front end
of the geotextile. From the output it was observed that the
calculated load response of the geotextile at different
displacement levels are very close to the load measured
during the experiment. Calculated loads are slightly higher
than the measured loads at all displacement levels.

Figure 4 shows the calculated pullout resistance along the
length of the geotextile. From the results it can be noted
that the pullout resistance obtained from element number
two is smaller than that obtained for element number one.
This discrepancy in the output shows the need for a
varying modulus input for the different sections of the
geotextile. As the pullout resistance sharply increases tlom
element 3 to element 4, nature of the load response graph
shows a need for nonlinear modeling for the geotextile
material close to the load application point.
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From the force-displacement output of GAP elements
it was observed that up to 15 mm displacement, all ten
GAP elements were sticking to the rod elements and no
slip was calculated at the interface. At 15 mm
displacemen~ GAP elements 5 and 10 (both at the load
application point) started slipping with kinetic fkiction.
No sliding was observed from the analysis.

7. SUMMARY AND CONCLUSION

A finite element model was developed to simulate the
behavior of a geotextile under pullout load. GAP or
friction elements were used to simulate the contact
problem at the soil-geotextile interface. Data showed
that the model can accurately predict the pullout
resistance developed at the front end of the geotextile.
Analysis results show that the pullout resistance in the
reinforcement increased sharply from element three to
element four (at the load application point). This sharp
increase in the load response indicate that a nonuniform
stress distribution due to a nonlinear stress-strain
behavior exists close to tension end of the geotextile.
This particular stress-strain behavior can be modeled
with localized nonlinear-elastic stress-strain
relationship.

From the results of the analysis it can be concluded
tha~ even for the small displacement of 40 mm at the
front end of the geotextile, local material non-linearity
should be incorporated into the model. GAP element
properties should be selected with extreme caution
because the performance of the model depends on the
correct stick-slip behavior of the gap elements.
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ABSTRACT: Despite the increased use of geogrkls in modem engineering practice, there is a lack of information on
their in-situ performance. The performance of geogrids vary based on manufacturing and design conditions. Each
type of .gcogrid has a different grid configuration or aperture sizes. To assure a sufficient design one should learn
ahmt ihc basic mechanism of soil/gcogrid interaction and influence of their configuration on their performance. This
paper presctus the results of a study of the influence of grid configuration on the direct shear strength of geogrid-soil
interfaces. The results dcmonstmte that there is an optimum configuration which offers the optimum interaction
bctwcxm soillgcogrid. The results of this study have been ihe basis of development of a new soil/geogrid interface
finite clcmcnt.
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1 1NTRODUCTION

Over the last two dccadcs. inclusion of geosynthetics
in soil rcinforccmcnt has great Iy increased. Their
materiid propcrt ics allow for an increased stability of
foundation soils. rcuiiaing walls. and many other earth
structures. Praclical experience coupled with field
performance has demonstrated the positive impact of
geosynthctic inclusions in regard to economics and
stability of the rcinforcwl continuum.

Structures arc increasingly built on difficult soils and
larger and higher walls are being built; the need for
rcinforccmcnt nwchanisms such as gcosynthetics
becomes more apparent.

Inclusion of this nwdia in design introduces a tensile
strength factor to a soil mm which previously was
I,argely only able to support compressive stresses.

Duc to their ability to carry large tensile stresses,
geogrids are being used more frequently especially in
the design of retaining walls. However, their behavior
in shear and pullout conditions is complex and still
not clearly understood.

In addition to [he adhesion and friction components
acting on the interface surfiaces of the geogrids with
soil. other shear slrcss components can also affect the
interaction behavior of geogrids. Passive stresses due
to the interlocking of soil particles along the cross ribs
would definitely influence the measured resistance.

In general, the geogrids offer a three-fold advantage
as a reinforcement:

1. offers tensile strength to soil;
2. offers shear resistance due to the friction between

the transverse and longitudinal ribs of the grid;
3. offers additional pull-out resistance due to the

bearing resistance of the soil interlocked within the
grid holes.

When employing a geogrid into a design, there are
two potential failure mechanisms:

1, “Bond Resistance Mechanism”. The geogrid must
be properly anchored into the soil. If there are no
provisions made for this, the geogrid would have
the potential to “slide out”. Then. failure will occur
above and below the soil reinforcement interface.

2. “Direct sliding”’. If the reinforcement interface does
not have a large enough interface frictional
strength, the soil either above or be]ow the



rcinforcerncn( would have the potential to slide
along the reinforcement. This occurs when the
soil/reinffJrcelncllt strength is less than that of the
actual soil by itself.

Design of gcogrids changes according to their
function and manufacturing process. Each geogrid
may differ in aperture size. configurateion, and tensile
strength. Gcogrids available today have uniaxial or
biaxial configurations.

Configurateion of the gcogrid openings plays an
important role in their performance. The ratio of the
open spaw arcii to the total surface area, dimensions
of the openings. and orientation of the openings are
some factors that would affect a geogrid performance.

In order to have optimum benefit of geogrids, the
designer must have a gcncml knowledge of the
characteristics of both Ihc “pullout”’ and “direct shear”
capabilities ol the specific gcogrid. At the present
time. there is little information to k found concerning
these capabiliiics for a general type of gcogrid. In
addition, there is not enough information on in-situ
behavior of gcogrids.

To provide ii slcp towards understanding basic
understanding of soil-gcogrid interaction, this research
conccntmtcd on the effects of varying the grid
configuriilion itnd hole size in a swim of direct shear
tests while keeping the iiperture ratio fairly constant.
Thus, any variance seen in the shear strength
ciipahility would bc a direct result of the configuration
alone and is. thcrcforc. indicative of the passive
resistance during shearing. Due to time limitation,
pullout resistance was not investigated.

As mcntionul eiirlkr. h would be impossible to test
every possible configuration of geogrids. Currently,
work is in progress to create a finite element model
which would simuliltc the various types of
soil/gcosynthct ic intcrfacc react ions (Abdel-Rehman
1997). The cxpcrimcntal data presented in this paper
has been used to verify the finite clement.

The results rcportwl in this paper will be used to
verify a numerical intcrfacc model and clement with
more appl icablc poshdates to accurately describe the
gcogrid performance in a finite element analysis.
Once the model has been proven. it can be used to
simula[c llliUlyconfigurations and situations.

2 LITERATURE REVIEW

Rowe and Fisher ( 1985) conducted tests concerning
both the pullout iind shear strength characteristics of
gcotcxtilcs iuld geogrids. For testing purposes, a
geogrid with openings representing approximately 55
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percent of the gross area of the material was used.
Thus. the ribs represented 45 percent of the gross area.

In shearing of geogrid/soil, Rowe and Fisher (1985)
observed that “the soil adjacent to the geogrid moves
relative to both the ribs of the geogrid and the soil in
the openings of the ribs’”. In their research,
“recognizing that the rib-soil interface represents
approximately 45 percent of the gross area, the
apparent friction angle can be determined from:

tan ‘ (o.45tan$nb.wfi+ o.55tan$d)” (1)

where: $ = interfaee friction angle. They observed that
in direct shear tests the interface friction angles were
similar whether the grid was sheared in the
longitudinal direction or the transverse directicm ($~.=fl
= 31.50). Also, the angle was similar to that of the soil
itself ($w,= 3 I-32”).
Reasoning presented for such behavior was that “in
direct shear. the entire rib-soil interface and soil-soil
interface between ribs is mobilized and hence the
apparent friction angle is close to that of the soil”.
The work by Rowe and Fisher was one of the first to
focus on geogrid/soil interaction. However, Ihey did
not focus on different configurations of the geogrid.
Ber.gado et al. (1993) also conducted resemch on
geogrid/soil interaction. With geogrids. “the direct
shear interaction mode is controlled not only by the
friction between the soil and the grid surface but also
by the friction of the soil itself” (Bergado et al. 1993).
The resistance due to direct shear has two components
including the shear resistance between the soil and the
reinforcement-plane surface area. and the soil-to-soil
shear resistance at the grid opening (Jewell et al.
1984). Jewell et al (1984) and Bergado et al. (1993)
also provided understanding on the interaction of
soil/geogrids mechanics during shearing. The direct
shear resistance can be quantified as:

P,= CJnA[rX..tan (5 + (1- @ tan k)] (2)

where: s$,,= friction angle of soil in direct shem, 8 =

skin-friction angle between soil and reinforcement
shear surface; ad, = ratio between reinforcement shear
area and total shear area; an = normal stress at the
shear planq and A = total shear area.

From this research, Bergado et al. concluded that
depending on the apertures of the grid, the shear
resistance between the grid and soil can be equal to or
larger than the shear resistance of the sc~il itself
(1993).

This added resistance would come from the passive
resistance created along the rib interfaee.



3 SCOPE OF RESEARCH

3.1 Tcsl Apparatus

The dcvicc used t’or direct shear testing was built
spcuifically to test the interface properties of
geosynlhctics. including gcogrids. The equipment
consis[s of a compulcr. a control p,anel. and a split
shear tmx. The machine is fully automated and
computer controlled and built according to ASTM
D5321 standards for direct shear testing.

The control pad is used to operate the split shear
box. It displays the normal load being applied by a set
of pneumatic pistons Iocatcd below the shear box. It
also displays the horizontal and vertical displacement
occurring during the testing. LVDTS are placed in
contact with the upper shear box for horizontal
displacement mcmwrcmcnt and in contact with the
loading yoke for vcrlical displacement measurement.
The control pane] also controls the rate of shear
displacement via a worm gear connected to the lower
box.

The split shear box consists of top and bottom parts.
The top part. which remains stationary at all times,
has the dimensions of 30.5 by 30.5 by 5.1 cm. The
bottom p,art. which is displaced. has dimensions of
40.6 by 30.5 by 5. I cm. The bottom part is longer
than the lop part to allow for a larger displacement
area. The top and hot tom parts are slight Iy separated
to eliminate added friction.

3.2 Soil Properties

Soil used for the testing is a mostly fine grained sand.
Propcrt ics arc as follows: C,,= 0.4S; CL= 1.23, d,, =
().52 mm; d,. = [).29 mm: dW= 0.15 mm; $Wfl= 32.3°.

3.3 Gcogrid Configurations

Simulated gcogrid sheets were using in [he tests. The
geogrids arc made from samples of high density
polyethylene (HDPE) solid sheets (geomembrane).
The HDPE is a 60 roil. HDPE sheets were cut to the
dimensions of 33 by 47 cm. The different geogrid
patterns arc then designed and cut into the sheet

Nine patterns were tested. The patterns were
determined such that constant opening areas are
maintained as much as possible. In doing so, any
differences in the results among the different
configurations would hc a result of additional passive
stresses of the ncw configuration.

Each hole. independent of the pattern. was cut to be
25 cm’. Three different holes sizes are used: Series A
(5 by 5 cm). Series B (2.5 by 10 cm). and Series C (4
by 6.4 cm). Each sample of a particular hole size has
an increasing number of rows of holes.

The nine samples were as follows: 5 by 5 cm holes
with 1, 3, and 5 rows (Figure 1); 2.5 by 10 cm holes
with 1,2. and 3 rows oriented longitudinally; and 4 by
6.4 cm holes with 2, 4, and 6 rows oriented
transversely.

Pattern 1

Pattern 2

Pattern 3

Figure 1. Typical configuration
A).

4 TESTING PROGRAM

of geogrids (Series

Several tests were performed to ensure the
repeatability of the tests. For the geogrids/soil tests
the bottom part of the direct shear machine was filled
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with sand and tampcci hy hand for compaction. The
gcogrid was secured (o the bottom part of the
machine. Only the cnd of the geogrid being pulled
(CIOSCSIto the control panel) was sccurcly clamped.
This is done to limit stretching of the sample. The
opposite end is Icft free. The IOppart is then placed on
Iop ml filled wi[h saml. Again the sand is tamped by
hand. The top part is slighlly raised after the addition
of the sand to c1iminat c added friction between the
two metal surfaces of the top and bottom parts of the
dirccl shear machine. The loading apparatus is then
added to apply [he normal load.

Tests were conduc[cd in the dry state. Each test was
run at a normal load of 69.64 kpa. representing an
average normal slrcss.

During shearing. the bottom part of the machine is
pulled at a displacement rate of one mm/min. Total
testing time was approximately one hour with the data
acquisition recording performance every minute.

Several cxpcrimcnts were conducted on a pure sheet
of HDPE gocmcmbranc (60 roil) to provide a
rcfcrcncc for tests on the gcogrids. The interface
friction angle of the HDPE geomembrane with the
same sand used in the rest of the testing was measured
to be i$,,wi,= 23.5°.

Each geogrid is tested al least three times while
attempting to keep all conditions the same. Figure 2
shows the full set of results of three tests under the
same conditions. The subsequent figures represent
average va]ucs of three identical tests.

;IG., .
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10I + Test1
-T. $12
+T.,, >
--- e“lwmhaw

Oi I
,, III >11 u, 40 in m 70

Ikspkrlrelu (ml

Figure 2. Shear stress vs. displacement (5 by 5 cm
holes and 5 rows) (See Figure I).

As can be seen in Figure 2. results of the three tests
are fairly consistent. The slight variations can be
attributed to minor differences in normal loading
application or w up of the test. For example, the
degree of compaction may vary since it is performed
manually.
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5 TEST RESULTS

The results are presented in Figures 3,4, and 5, and in
these figures each curve represents and average of
three tests. Results for the geomembrane are also the
average of three tests.

5.1 Geogrid Sample A: 5 by 5 cm Holes

As can be seen below, the holes in the geogrid
provided an added component of resistance over the
geomembrane (Figure 3). However, it is not until five
rows of squares in the geogrid are used that a
substantial increase is evident. There is a slight
increase in resistance on the membrane for gengrids
with one and three holes. The first two patterns did
not show a peak in shear strength. This could be due
to the thin width of the grid between holes which may
have resulted in some stretching during the tesl,ing.

f
s20- + 1,,.
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f
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Figure 3. Results of sample A: shear stress vs.
displacement (See Figure 1).

5.2 Geo.grid Sample B: 2.5 by 10 cm Holes

For this sample, there was a steady increase in the
added component of resistance over the geomembrane
(Ftgure 4). However, in all geogrids with one row,
there was no real added resistance. It should be noted
that as the shearing continued the patterns showed a
distinct peak and increase in resilience, however, the
residual shear strength for both were very similar. The
third pattern with five rows of holes reached and
maintained a much larger shear resistance over the
membrane.
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Figure 4. Rcstrlts of sample B: shear stress vs.
displacement.

5.3 Gcmgrid Sample C: 4 by 6.4 cm Holes

This test showed similar results as for Sample B.
However, shear resistance was slightly larger than for
Sample B.
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Figure 5. Results ot’ sample C: shear stress vs.

displaccmcnl.

6 DISCUSS1ON

All samples (A. B. and C) were prepared such that the
aperture ratio stayed approximately similar for the
different patterns (Table 1). The aperture ratio is the
ratio of the area of rhc holes to the total area of the
sample before cutting.

For the first mst of each series (aperture ratio in the
range of 8 to 13 pcrccnt ). there is no noticeable
amount of addul resistance.

For Series B and C. Ihcrc is someadded resistance as
the ratio incrcascd to approximately 25 percent.
However. in Series A there was not much of an

a(lvanlagc to increasing the aperaturc ratio to 25
pcrccnt.

Once the ratio incrcascd to 40 percent. there is a
sign ificant rcsis{ancc added by the grid.
The results given in Table 1 demonstrate that the
configuration of the grid does have an effect on the
shear resistanceof the continuum.

Table 1. Calculated Data for the various grid
configurations.

Series Pattern AperturehiO

“A” 1row 8% 24.3 31.7
5by5cm 3 rows 24% 25.7 31.4

holes I 5 rows [ 40~o 27.2

I l-i

38.6

“B” 1 row 13% 24.7 27.3

2.5 by 10 cm 2 rows 26% 25.9 31.5

holes 3 rows 39% 27.1 37.5

“c” 2 rows 13% 24.7 29.2

4 by 6.4 cm 4 rows 23% 25.7 33.6

holes 6 rows 34% 26.7 37.8

Notes: *See equation (1). **See equation (3).

Values for the “apparent” friction angle (8) were
determined using the equation provided by Rowe and
Fisher (1985) and given in Table 1. To determine the
“measured’ friction angle from the test results, the
maximum shear stress was obtained for each
configuration. assuming cohesion equal to zero:

where: a = normal stress.

1,7~

~ 1,6

j 1.5

~:4

+ Appa~m Serks A

a Measwed Ser& A
~ 1.4

i

- APpareN Seris B

# 1.3 + Apparent Serix C

~~: - ~ ‘==:
1

0 10 20 30 40

Aperanm Sati (%)

Figure 6. Apparent versus measured friction angles.

Figure 6 shows that the apparent friction angle was
always less than the measured friction angle
(calculated using equations 1 and 3 respectively). At
times, these values may even exceed the interface
friction angle of the soil alone. This can be attributed
to many factors.

After conducting a test. it was often observed that
the sand particles have moved up and long the
surfaces of the ribs. This may cause the friction angle
1998 Sixth International Conference on Geosynthetics -737



to incrcasc as it would if the mcmhrane were textured
in that area.

Also. is was no(cd that the sand had to move up and
then along the ribs before the shm.ring could occur.
This created an almost wave-like pattern on the
membrane which offered an extra resistance surface.
As the number of holes in a pattern increases, the
resismncc nmgnifics creating the large measured
friction angle.

Jt was also observed that holes new the edge of the
pallcm did not contribute as much resistance as did
the holes in the ccntcr. Thus. when patterns were
tested with holes only in the ccntcr there is a large
hcttiwc in measured resistance. To verify this. a
pattern was cut in which one row of square holes (50
by 50 cm) was placwl only in the ccntcr of the grid
(see results in Figure 7).

04 I
(, 1lb 20 <(! 40 Sn 60 70

I)kplwlmnl (m)

Figure 7. Testing with one row of squares in center of
grid: shear stress versus displacement.

As can be seen when comparing results of Figures 3
and 7. the maximum resistance obtained was greater
when the holes were in the center. This indicates that
more rcsisuincc is gcncratcd by the center holes.

In the case of Series A (Figure 1), the ribs between
the holes were relatively thin. Some stretching or
twis[ing may have occurred during shearing. This may
explain the lack of a defined peak shear strength in
the first two patterns in the series (Figure 3). Because
of the lack of a definite peak value, it is difficult to
evaluate the measured friction angle accurately.

This being [hc CWC.it appears that Series C offered
the most benefit. since the apparent friction angles
versus n-wa..urcd,arc the most similar.

This research provides a basic study on the
mechanisms of gcogrids/soil, The results are being
used by Tulane University to test and verify a finite
clcmcnt model being dcvclopcd (Abdel-Rehman.
1997). In order to develop such a model. basic test
results such as this onc are necessary for verification.
Ongoing research is being conducted in this field by
738-1998 Sixth International Conference on Geosynthetics
the two universities involved in this research. It is
promising that the model will allow for even more
definite results of a most suitable configuration of
geogrid based on actual design criteria.

7 CONCLUSION

The results presented show that grid patterns, location,
and aperature ratio significantly influence interface
frictional resistance. The following general
conclusions can be determined:

1. Grid configuration plays a vital role on the shear
strength capability of a geogrid. Certain
configurations provide larger amounts of passive
resistance over other patterns.

2. The results of this study has been used as a basis of
a finite element program being developed for
modeling soil-structures reinforced with
geosynthetics.
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ABSTRACT: Geosynthetic design in soil reinforcement applications reqtire that the soil interaction characteristics of the
reinforcement product be ev~wted, The soil interaction ch~ctefistics me detetined by performing direct shear and
pullout tests under a specific soil condtion and range of no~l pressures. polymefic reinforcement products used in soil
reinforcement applications consist of geote~les and geo~ds wfich vw in text~e, flexibility and open area. This paper
presents soil interaction dab of geotextiles and geo~~ in both cohesio~ess ad cohesive soil types. The data is used to
compare soil interaction properties for various geosynthetic reinforcement pr~ucts in both cohesioxdess and cohesive
soils, Results indicate that geogrids and geotextiles offer similar soil interaction v~ues. Interaction coefficients range
from 0.9 to 1,0 in sands and from 0,6 to 0.9 in clays depen~ng on geosynthetic surface texture, stiffness and applied
normal stress.

KEYWORDS: Friction. Geogrids, Geotexliles, R1l-out resis~nce, ~1-out test, Reinforcement, Shear strength, Woven
fabrics
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1 INTRODUCTION

Geogrids and geotextiles are often used to construct
reinforced retaining walls, steepened slopes, embankments
on soft foundations, vertical landfill expansions, and soil
veneer covers of kmdfdls. However, a generally accepted but
incorrect belief exists among Civil engineering professionals
that geogrids interact or interlock with the soil being
reinforced better than do geotextiles such as woven polyester
fabrics. As a result, geogrids are often chosen over equally
well-suited geotew-iles.In order to curtail such mis-selection
of materials and encourage accurate selection of design
parameters, the interaction between the soil and the
geosynthetic reinforcement must be evaluated.

Today, soil reinforced structures are designed with a
variety of geosynthetics and soil types. The soil interaction
characteristics between various geosynthetics and tine
grained (clay) soils becomes increasingly important as more
and more reinforced soil structures are designed with
marginal (cohesive) fill materiais and various types of
geotextiles and geogrids. As a result, quantizing the soil
interaction characteristics between these materials and
developing design values for various soil and geosynthetic
combinations is essential.

In keeping with current state+f-practice design references
(AASHTO (1992), Christopher et. al. (1990), Simac (1993)),
minimum anchorage lengths (1,) may vruy from 0.3 to 1
meter (1 to 3 ft). The actual required embedment length is
a function of the amount of effective overburden (i.e. depth
of reinforcement), soil type above and below the
geosynthetic,and the interaction properties between the soil
and geosynthetic.

Many researchers (Batt (1991), Cowell (1993)
Geosetices (1990), Ingold (1983), Jewell (1980), Juran
(1988), Koemer (1986), ODowda (1987), Palmeira (1990),
Rowe (1985), Swan (1987)) have investigated the soil
interaction characteristics between geosynthetics and sand.
Cowell and Sprague (1993) presents a comparative study of
pullout data and soil interaction values between woven
polyester geogrids and high-strength, high-modulus
polyester geotextiles in a uniform fine sand. The results
presented by Cowell and Sprague (1993) and of previously
published research show that geogrids and geotextiles
provide similar soil interaction coefficients in sand between
0.90 and 1.0.

To supplement the research documented by Cowell and
Sprague (1993) and others, direct shear testing of various
high-strength polyester and polypropylene geotextiles in
sand was conducted as well as both direct shear and pullout
testing of pciyester geogrids and high-strength polyester and
polypropylene geotextiles in a lean clay. The data can be
used to compare the results obtained by direct shear and
pullout testing for determination of the coefficient of
interaction. The data can also be used to compare the soil
interaction properties of various geosynthetic reinforcement
products and to develop recommended design soil interaction
properties in different soil conditions.
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2 TESTING CONCEPTS, AND TYPICAL RESULTS

2.1 Purpose

The direct shear and pullout tests measure the total
resistance to sliding and pullout of a geosynthetic with a soil
substratum and superstratum. Total sliding and pullout
resistance may be a combination of sliding, rolling,
interlocking of soil particles and geosynthetic sufiaces, and
shear strain within the geosynthetic specimen. The data
developed can be used in the design of geosynthetic-
reinforced retaining walls, steepened slopes, and
embankments constructed on weak foundation soils. The
data is also useti.dfor applications in which the geosynthetic
is subject to sliding such as applications which require the
geosyntheticto be placed on a slope and for determination of
geosynthetic overlap requirements.

The interaction developed between the soil and the
geosynthetic is determined by performing direct shear and
pullout tests under various soil types and a range of normal
pressures. The data obtained is used to determine the
coefficient of shear-stress-interaction, C,, which measures a
reinforcement product’s eftlciency in transferring stresses
from adjacent soil particles to the geosynthetic
reinforcement. The coefficients are simply the percentage of
the interml shear strength of the soil that can be mobilized
at the soil/geosynthetic interface as shown by equation (1),

C,= rj~, = (Cti+ 0,, tan 8)/(c + u,, tan $) (1)

where:
T, = shear stress at interface
T, = shear stress of soil
6 = interface friction angle
@ = internal friction angle of soil
c. = interface adhesion
c = soil cohesion
a,, = normal soil pressure

The coeftlcient of interaction is used in reinforced soil
structure design to determine required reinforcement
embedment lengths beyond the anticipated failure plane to
prevent pullout of the reinforcement. A commonly accepted
method of calculating this embedment length beyond the
failure plane, 1,. is indicated by equation (2).

1.= (P x FSPo)/(2C, (c + u,, tan ~)) (2)

where:
P = Pullout force per unit length of reinforcement
FSPO = Design factor-of-safety with respect to pullout

The coefficientof soil and geosynthetic interaction can be
expressed only in terms of the soil used in testing and is a
function of the applied normal stress, soil gradation,
plasticity, in-place density, and moisture content, as well as
the unique physical and mechanical characteristics of the
gecxynthetic. However, it is usefid for design guidance to be
able to characbize Civalues by geosynthetic and soil “type”.

2,2 Direct Shear

The direct shear test used to determine the shear resistance
of a soil/geosynthetic combination is ASTM D532 1-92,
“Standard Test Method for Determining the Coefficient of
Soil and Geosynthetic or Geosynthetic and Geosynthetic
Friction by the Direct Shear Method”. The coefficient of
friction between a geosynthetic and soil is determined by
placing the geosynthetic and one or more contact surfaces,
such as soil, within a direct shear box. A constant normal
stress is applied and a tangential (shear)load is imposed on
the apparatus such that one section of the box moves in
relation to the other. Shear loading is applied via a 10
crrdmin (0.04 inhnin) constant rate device capable of
measuring load.

The shear force is recorded as a function of the horizontal
displacement of the moving section of the shear box. The
test is performed for a minimum of three different normal
stresses. The peak and/or residual shear stress is plotted
against the applied normal stresses with the test data
represented by a “best fit” straight line whose slope is the
coeftlcient of friction between the two materials where the
shearing occurred. The y-intercept of the straight line
provides the ‘adhesion’ as measured by the test.

2.3 Pullout

The general test method used to determine the pullout
resistance of a geosynthetic in soil is GRI GG-5/GT-6 -
“Geogrid/GeotextilePullout”. The pullout test is performed
by compacting soil in the lower half of the pullout box with
subsequentplacement of the geosynthetic specimen on top of
the compacted soil and attached to a loading harness. The
soil is then compacted in the upper half of the pullout box.
The specific normal stress is applied to the upper layer of
compacted soil through the use of a rigid loading platen and
dead weight for the normrd stress or through the use of an air
bladder loading system. After application of the normal
stms, the pullout specimen is immediately subjected to a 10
crdmin (0.04 inchhninute) constant rate of extension
“pullout” force. Pullout displacement continues until a
constant or decreasing load is recorded or the geosynthetic
sample fails in rupture. Tests which fail in rupture would
require redoing at lower normal stresses in order to induce
slippage and hence measurement of resistance to sliding.

The pullout force is recorded as a function of the
horizontal displacement of the pullout specimen. The testis
performed for a minimum of two different normal stresses.
The peak pullout force is plotted against the applied normal
stresses used for testing. The coefficient of interaction, Ci,
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is back-calculated using equation 3.

C,= (P)/(21, (c+ u. tan $)) (3)

3 TEST PROGRAM

3.1 Geosynthetic Types

The reinforcement products chosen for this research consist
of a woven polypropylene geotextile (W, PP, GT), woven
polyester geotextiles (W, PET, GT) and polyester geogrids
(W, PET, GG). Table 1 summarizes the geosynthetic types
investigated.

Table 1. Summary of Geosynthetic Materials Investigated

P Type] Weight, Ultimate Weave
r g/m~ strength,
o (Osy) kN/m
d (lbs/ft)

A W, PP, GT 420 (12) 70 (4800) twill

B W, PET, GT 440 (13] 105 (7200) plain

C W, PET, GT 680 (20) 200 (13800) twill

D W, PET, GT 950 (28) 300 (20580) basket

E W, PET, GG 186 (5.5) 39 (2700) knitted

F W, PET, GG 390 (12) 109 (7460) knitted

‘W = woven, PET = polyester, PP = polypropylene, GT =
geotextile, GG = geogrid

The products were chosen based on their different
structure, weave pattern and polymer type. This range of
products also compliments the matrix of products tested and
presented by Cowell and Sprague (1993). They ranged in
ultimate tensile strength from 73 kN/m (5000 lbsht) to 364
kN/m (25000 lbs/ft).

The woven polypropylene geotextile evaluated in the
program is characterized as being relatively stiff, having a
rough surface texture and exhibiting a low percent open area
(< S0’%.) The woven polyester geotextiles evaluated are
characterized as being flexible, having a smooth surface
texture and exhibiting a low percent open area. The coated
polyester geogrids evaluated are characterized as being
flexible with a high percent open area (>30?4.). The samples
tested cover a range of weights, tensile strengths and weave
patterns as noted in Table 1 for detailed evaluation and
comparison.
3.2 Soil Types

The two soil types tested in conjunction with the
geosynthetic products referenced above include a uniform
fine sand (SP) and a lean clay with sand (CL). Figure 5
illustrates the gradations of the two soil types.

L—

Figure 5. Soil Gradation Curves

3.3 As-tested soil properties

A modified proctor was performed on the sand in accordance
with ASTM D 1557. The maximum dry density was
determined to be approximately 18.4 N/m3(117 pco at an
optimum moisture content of 8.8°/0.Post test evaluations
indicated an average 94°/0of maximum dry density at an
average moisture content of 17.4°Ahad been achieved.

The clay soil used for direct shear and pullout testing had
a liquid limit (LL) = 24.8; plastic limit (PL) = 12.1;
plasticity index (PI) = 12.7; maximum dry unit weight of
18.6 N/m3 (118,5 pcf); and optimum moisture content of
12.5%. The clay was moisture conditioned for compaction
to 95’ZOof the maximum d~ unit weight and 1’%0dry of the
optimum moisture content based on ASTM D698.

3.4 Matrix of Test Conditions

Tables 2 and 3 summarize the program matrix and
conditions for direct shear and pullout testing, respectively.
All direct shear samples were 30.5 cm wide by 30.5 cm long.

Samples used in pullout testing are noted below. pullout
samples had dimensions of 45.7 (wide) by 91.5 (long) cm.
An exception to the above was in test number 1 where the
sample was 46.5 cm by 92.7 cm.
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Table 2. Summary of Direct Shear Test Conditions

Test Soil P Initial soil conditional Normal
no. type r stress (Pa)

0 y~,kN/m3
d

~, (?~)

1 Smd A 17.2 17.4 34,69, 103

2 Sand B 17.2 17.4 34, 69, 103

3 sad C 17.2 17.4 34,69.103

4 Clay A 17.5 11.5 14, 28, 55

5 Clay B 17.5 11.5 14,28>55

6 Clay D 17.5 11.5 14, 28, 55

7 Clay E 17.5 11.5 14,28, 55

8 Clav F 17.5 11.5 14.28.55

1‘y~= Dry unit weight, m = water content

Table 3. Summary of Pullout Test Conditions

Test Soil P Initial soil conditions Normal
no. type r stress

0 y~, kN/m3 @(%) (Pa)
d

1 Clay A 117.5 11,5 14,28

2 Clay B 117,5 11.5 14,28, 55

3 Clay c 117.5 11.5 28, 55

4 Clay D 117.5 11.7 7, 14

5 Clay E 117.5 11.4 28, 55

1 y~ = Dry unit weight. m = water content

4 RESULTS

A summary of the direct shear results in sand (TRI, 1995) is
shown in Table 4. Soil interaction coefficients via direct
shear testing range between 0.92 and 1.0.

A summary of the direct shear and pullout test results in
clay (GeoSyntec, 1996) are shown in Tables 5 and 6,
respectively,

The soil interaction coefflcieuts for the flexible polyester
geotextiles and geogrids range from 0.71 to 0.93 in direct
shear and from 0.82 to 0.91 in pullout under the full range
of normal stresses tested The soil interaction coefficients for
the woven polypropylene geotextile range from 0.58 to 0.64
in direct shear and 0.66 to O.71 in pullout.
Table 4. Summary of direct shear results in sand - peak
sliding resistance (N/mz) vs normal stress

Test Soil P Normal Stress, Friction Ci
No. Pa angle, 6

:
34 69 103

c/s’ - 26 44 65 320 -----

1 Sand A 25 44 61 300 0,9

2 Sand B 38 65 92 320 1.0

3 Sand C 35 55 78 320 1.0

‘ CA = Control Sand

4.1 Interpretation of results

The results demonstrate that direct shear and pullout testing
in sand will yield similar soil interaction coefficients for all
geosynthetic types tested. These values are typically in
excess of 0.90 and provide good agreement with results of
pullout testing presented by Cowell and Sprague (1993) on
similar products.

Similar muhs which demonstrate high sand-geosynthetic
action values are abundant in the literature. No significant
correlation appears to exist between percent open area,
retiorcement geosynthetic texture, its stiffness or other such
properties. All reinforcement geosynthetics seem to do well
in sand.

Results of direct shear testing in clay provide interaction
values ranging from 0.71 to 0.93 for polyester products and
somewhat lower values of 0.58 to 0.64 for polypropylene
product A. The results demonstrate a lack of correlation
between interaction behavior and percent open area or
geosynthetic structure. However, the data suggests superior
polyester performance when compared to polypropylene. In
fa@ the high-strength polyester geotextiles provide interface
shear strengths as great as the internal shear strength of the
soil itself. Further, the peak interface shear strengths were
all mobilized at approximately the same displacement (5 cm)
as was the peak strength of the soil itself. Good

compatibility exists between each geosynthetic type and
sand.

In general, the results of pullout testing in clay are in
agreement with those noted above for direct shear testing in
clay.

Compared to direct shear results, pullout testing provides
approximately 13°/0to 17°/0higher soil interaction values at
low normal stresses of less than 20 Pa (< 4 psi) and
essentially the same soil interaction values at higher normal
stresses (>2S Pa ( 4 psi)).

The flexible polyester geosynthetics provide

approximately 25°/0 higher soil interaction values when
compared to the stiff woven polypropylene geotextile. The
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woven polyester geotextiles provide similar soil interaction
values when compared to the geogrids.

obsemations from the test results indicate that the percent
open area of the geosynthetic has negligible, if any,
influence on the soil interaction coefficients in clay.
However, the surface texture and stiffness or rigidity of the
geosynthetic has a signtilcant effect on the soil interaction
within clay. The geotextile weave pattern has negligible, if
any, effect on the soil interaction characteristics of the
geotextile.

5 DESIGN RECOMMENDATIONS

Table 7 provides soil interaction coeftlcients for use in
consemative design of reinforced soil structures. Values are
subject to verMcation testing during construction.

The results provided herein and found in the literature
suggest that relatively high interaction values can be
coti~dently employed with all reinforcement geosynthetics
irrespective of texture, percent open area or polymer type.
An interaction coefficient in sand of 0.9 is recommended,

Greater variability is obsemed in interaction testing in
clay. Test results incorporating polyester reinforcement
geosynthetics range from ().7 to 0.9+. Therefore, a
cmsemative guidance value of 0.7 appears to be reasonable.
A slightly lower design interaction value of 0.6 is

recommended for polypropylene products used in clay.
Design values recommended above range from 0.6 to 0.9

with values used for critical structures being verified by
actual soil-geosynthetic testing during construction.
However, it is also recommended that validation testing
during construction be required on a selective basis with
great consideration for its true impact on design. A
parametric study of most reinforcement applications will
demonstrate that the greatest factor affecting required
embedment length is normal stress (i.e. reinforcement
depth), not Ci. In practice, its affect on structure design and
performance is only significant in the upper portions of
reinforced soil stmctures. In fact, once below a depth of
about 1 m (3 ft), the embedment length of most commonly
marketed reinforcement geosynthetics is governed by
minimum embedment length criteria rather than Ci or
pullout.

Recognizing the tie impact of soil-geosynthetic
interaction for each design scenario will guide the designer
in evaluating whether to use the above recommended values
or require testing during construction.
Table 5. Summarv of Direct Shear Results in Clay - Peak Sliding Resistance (N/mz) vs. Normal Stress (psi)

Test Soil Product Normal Stress, Pa Adhesion, c. Friction C,
N’o. (N/m’)

14
Angle, 6

28 55

Control Clay --- 16.5 28.2 49,6 6211 38 -----

4 Clay A 9,6 17.2 31.7 1911 28 0.58- O.(;4

5 Clay B 11.7 22.0 44.1 477 38 0.71-0.89

6 Clay D 13.1 24.1 46.2 1911 39 0.79- 0.!)3

7 Clav E 13,1 22.7 43.4 2388 37 0.79-0.88

8 Clay F 13.8 23.4 44.6 3822 36 0,83-0.89

Table 6, Summary of Pullout Test Results - Ultimate Pullout Capacity @J/m)vs. Normal Stress

Test Soil Type Product Normal Stress, Pa c,
No

7 14 28 55

1 Clay A 20,030 36.400 066-0.71

2 Clay B 25,500 45,500 0.82-0.91

3 Clay D 45,500 80,200 0.88-0.90

4 Clay E 17,800 27,400 0.83-0.89

5 Clay F 44,600 78,700 0.87
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Table 7. Recommended Design Soil Interaction Coefficients

Product Sand Clay

PET PP

Rough textured, stiff 0.9 -- 0.6-0.7
PP GT

Smooth textured, 0.9-1.0 0.7-0.9 --
flexible PET GT and
GG

Recommended value 0.9 0,7 0.6
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ABSTRACT: Three full scale test embankments were constructed to hilnre on soft Bangkok clay. One of the embank-
ments was unreinforced and served as control embankment. The second embankment was reinforced with multi-layer re-
inforcements consisting of four layers of low strength nonwoven geotextiles. The third embankment was reinforced with
one layer of high strength (200 kN/m ultimate strength) nonwoven/woven geotextile at the base. The test embankments
were constmcted using silty sand and were fully instrumented. The geotextile reinforcements were also instrumented to
measure their deformations. Back-anal yses were made using the limit equilibrium method. The primary failure occurred

at the same deformation as the unreinforced embankment during the bearing capacity failure in the foundation. Just prior
to this stage, the limiting strain in the geotextile can be taken equal to the critical strain at 3 % and the direction of the
reinforcing force can be taken as horizontal. The secondary failure occurred at the embankment collapse coinciding with
the rupture of the reinforcement and the limiting strain can be taken as the sum of the critical strain during primary failure
and localized strain during secondary failure and the direction of the reinforcing force can be taken as bisectional. The
results confirmed the existence of soil/geotextile composite behavior that modified the soil shear strength at the intersec-
tion of the fhilure plane and geotextile reinforcement. Consequently, the respective collapse heights of the multi-layer and
high-strength geotextile-reinforced embankments were 1.1 and 1.6 times the unreinforced embankment.

KEYWORDS: Geotextiles, Nonwoven fabrics, Reinforcements, Embankments, Soft soils

2 SITE CONDITION AND SOIL PROFILE
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1 INTRODUCTION

In this paper, the performances of 3 full scale test embank-
ments, constructed on soft Bangkok clay, have been des-
cribed and analyzed. All three test embankments have been

built to failure. The unreinforced embankment send as
control embankment and was designated as CE embank-
ment. The second embankment, designated as MGE
embankment, was reinforced with 4 layers of low strength,
nonwoven, needle-punched geotextile consisting of one
layer of TS700 (280 g/m2 and ultimate strength of 19
kN/m) and 3 layers of TS420 (130 g/m2 and ultimate

strength of 9 kN/m). The third embankment, the HGE
embankment, was reinforced with one layer of high-
strength, woven/ nonwoven (composite) geotextile (PEC
200) with nominal mass of 700 g/m2 and ultimate strength
of 200 kN/m. The geotextile instrumentations and
preliminary theoretical analyses have been published
previously (Bergado et al, 1994; Loke et al, 1994). The
objectives of this paper are to present, evaluate, and
analyze the performances of all 3 test embankments based
on the measured and monitored data and subsequent
theoretical back-analyses using the limit equilibrium
method (LEM). Most of the data and results presented in
this paper were derived from the work of Long (1997)
under the supervision of the first author.
The layout of the test embankments is given in Figure 1.
The embankment designations CE, MGE, and HGE have

been defined previously. Two boreholes down to 12 m
depth and 6 field vane tests down to 10.5 m depth were
done. The locations of boreholes and vane tests are also
shown in Figure 1. Continuous Shelby tube (inside diame-
ter = 0.075 m) samples were obtained from the boreholes
while undrained shear strength at 0.50 m intervals were
obtained from the vane tests. The generalized soil profile
and soil properties are presented in Figure 2. The upper-

most 11 m in the soil profile can be divided into 3 subla-
yers. The weathered crust forms the topmost 2 m thick
sublayer consisting of heavily overconsolidated reddish-
brown clay. This sublayer is underlain by a soft, grayish
clay sublayer down to about 8 m depth with natural water
content varying from 60 to 80%. The medium stiff clay
sublayer with silt seams and fine sand lenses can be found
fi-om 8 to 11 m depth. The liquid limb of the soft clay
ranges from 70 to 102% and the plasticity index is about

60%. The groundwater level at the test site varied seasona-
bly from 0.50 m depth in the rainy season to 1.50 m depth
in the dry season. The undrained shear strength from field
vane test are also given in Figure 2.
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Figure 3. Cross-sections of three test embankments,
3 EMB ANKMENT DESIGN AND
INSTRUMENTATIONS

The cross-seetions of the three test embankments are given
in Figure 3. All embankments were designed with side

slopes of IV to 1.5 H. A canal was excavated to 2 m deep
and 7.5 m wide along the toe of the test embankments to
reduce the volume of fill required to reach failure and to
ensure that the failure will occur in the canal side.

The silty sand, widely used locally for highway construc-

tion, was utilized as embankment material. Using stan-
dard Proctor compaction, the maximum dry density and
optimum moisture content were obtained as 18 kN/m3 and
10%, respectively. The failure envelopes from large (shea-

ring area = 0.54 m2) and conventional (shearing area =
0.0032 mz) shear box tests for the embankment material
compacted to 95% of standard Proctor compaction with

water contents of 9.5 % and 13.0% are plotted in Figure 4.
The conventional and large shear box test results corres-
pond to peak and critical state strength parameters, respec-
tively.

The foundation instrumentation of MGE and HGE em-
bankments is presented in Figure 5. The same instrumen-
tation system was used for CE embankment except for sur-
face settlement, S2, and standpipe piezometers SP4, SP5
and SP6. The instruments consisted of piezometers, sur-
face and subsurface settlement plates, and inclinometers
for measuring pore pressures, vertical settlements and late-
ral displacements, respectively. The displacements in the
geotextiles reinforcements were measured by wire exten-
someters, Glotzl extensorneters, and 100 mm long special

strain gages (Figure 6).
4 EMBANKME NT CONSTRUCTION TO
FAILURE

Before the embankment construction, the ground surface

was cleared by excavating to 0.20 m depth and levelled.
Then, the canal was excavated. Immediately, thereafter,
the control embankment (CE) was constructed in layers
with compaction lift thickness of 0.30 m. The sequences of
embankment construction are shown in Figure 7. Very

small deformations were observed at embankment height
lower than 2.50 m. The magnitudes and rates of vertical
settlements as well as the lateral movements increased sig-
nificantly when the embankment height exceeded 3.5 m

corresponding to 65 kpa embankment loading. The CE
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Figure 4. Failure envelopes of emba.rdunent fill from
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embankment reached a net height of 4 m (or 80 I&a em-
bankment loading) at failure. The measured excess pore
pressures from pneumatic piezometers are plotted in Fi-
gure 8 together with the rate of embankment loading. The
cross-section measured after failure is plotted in Figure 10

including the failure locations indicated by bamboo stakes

and by inclinometer.

Both MGE and HGE embankments were built at the same

time with the same rate of filling, construction procedure
and quality control as the CE embankment (see Figure 7).
Up to the embankment height of 3.75 m or 75 kPa
embankment load, the measured strains in the geotextiles
were smaller than 1.0 %. The rates of vertical and lateral
displacements as well as geotextile strains increased signi-
ficantly when the embankment height exceeded 3.75 m. At
this stage, the maximum strains in the geotextile reinforce-
ments were 3 % and 2.3% in the MGE and HGE embank-
ments, respectively. The failure of MGE embankment oc-
curred at 4.2 m height (88 lcPa embankment loading) that
completely ruptured the low strength geotextile
reinforcement. The MGE embankment failure induced

deformations in the HGE embankment. The cross-section
of MGE embankment at failure as compared with CE
embankment is also shown in F@ue 10. During the fail-

ure stage of MGE embankment, the measured maximum
strain in the high strength reinforcement was 8.5% which
indicated that the induced failure caused 6% additional

strain in the high strength reinforcement. The HGE em-
ixth International Conference on Geosynthetics
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bankment height was further increased until a net height of
6 m (or 128 kPa embankment loading) was reached where-
in the maximum recorded displacement was 670 mm cor-
responding to 12% strain and rupture of the high strength
reinforcement. The excess pore pressures from pneumatic

piezometers underneath the HGE embankment are given in
Figure 9 together with the rate of embankment loading.
The measured displacements in the high strength reinforce-
ments at selected locations from wire extensometers are

plotted in Figure 11 together with the base of embankment
construction.

The collapse height corresponds to the maximum net em-
bankment height that can be constructed. The net embank-
ment height is defined as the difference between the cur-

rent embankment crest elevation and the original elevation
of the embankment base. The critical height, on the other
hand, is the height at which the deformations in the foun-

dations are equal to that of the unreinforced embankment
prior to failure. Thus, the critical height and the collapse
height can be considered as the embankment heights cor-
responding to the bearing capacity failure of the founda-
tion (primary ftilure) and the collapse of the reinforced
~ embankment together with its foundation (secondary
-failure), respective y.
~ mere were 35 rainy days dfing the comtmction of

~ MGE and HGE embankments as compared to none for CE

k embankment. Thus, the actual collapse loads of MGE and
z HGE embankments were 88 kPa (4.6 m fill thickness) and

128 kPa (6.7 m fill thickness) which are, respectively, 1.1

and 1.6 times higher than the CE embankment.

5 CRITICAL STRAIN IN GEOTEXTILE
REINFORCEMENT

F
- The critical strain in geotextile reinforcement, s=, is defi-

Z ned as the maximum strain mobilized in the reinforcement
~ when the reinforced embankment reaches the critical

~ height (@or to primary failure). The measured strains
prior to primary failure of HGE and MGE embankments
are 2.3 % and 3.0%, respectively. The Ahnere test em-
bankment (Rowe, 1992) reinforced by one layer of geotex-
tile yielded the strain of 2.5 % at critical height of 2.05 m.
The Sackville embankment (Rowe et al, 1995) using one
layer of polyester woven geotextile yielded 3 % strain at

.5.7 m fill thickness when primary failure occurred. The
E critical strain of 3 % was also obtained at Guiche test em-

s btient (Dehnas et al, 1992) with one layer of woven/
~ nonwoven geotextile. Thus, the critical strain lie in a small

t band of values ranging tiom 2.3 to 3.0% for a very large
z range of geotextile stiffness ranging from 350 kN/m to

5,000 kN/m in various soil profiles.

6 BACK-ANALYSES OF STABILITY USING
LIMIT EQUILIBRIUM METHOD

The limit equilibrium method (LEM), assuming circular

slip surface, was used for back-analyses of stability in both
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‘unreinforced and reinforced embankments. The computer
software PCSTABL6 (Purdue University) based on Bi-
shop’s simplified method (Bishop, 1955) with modification
to include the effect of the reinforcement, was utilized.

For the CE embankment, the field compaction have total

unit weight (YJ of 18.5 kN/m3 and moisture content (m) of
9.5 %. Corresponding to this condition, the peak strength
consists of 40 degrees friction angle and 22 lcpa apparent
cohesion and the corresponding critical state values were
30 degrees friction angle and 15 kpa apparent cohesion

(see Figure 4). The mean values of the field vane shear
strength with correction factor of 0.80 were used as un-
drained strengths of the soft clay foundation. The calcula-
ted factor of safety for the actual slip surface of CE em-
bankment at 4.0 m net height were 1.02 and 0.98 for the
strength parameters of embankment fill at peak and post-
peak, respectively.
752-1998 Six
For the stability of MGE and HGE embankments, the re-

inforcing force can be either assumed as a free-body force
-or a force modifjing the soil strength. Following the ap-

roach of Bonaparte and Christopher (1987), the former:P
assumption was applied in the HGE embankment and the
latter assumption was used in the MGE embankment. For

the case of the reinforcement modifying the soil shear
strength, the resultant force in the direction tangent to the

slip surface, T~, can be calculated as follows:

T, = T(cosct + sincz. tanq$) (1)

in which ct is the angle between the direction of the rein-
forcement and the tangential direction of the slip circle,

and + is the friction angle of the embankment fill.
The direction of reinforcement force at the onset of

failure can be represented by the inclination factor, If, de-
fined as follows:

where ccOis the angle between the initial (horizontal) direc-
tion of the reinforcement and the tangential direction of the
slip surface. The values of If of O, 0.5, and 1.0 correspond
to horizontal, bisectional, and tangential directions, res-

pectively. The reorientation of the reinforcement is caused
mainly by the bending of reinforcement due to local defor-
mation. Thus, the value of inclination factor, If, should be

selected according to the magnitude of the localized strain

in the geotextile, -sI., at the vicinity of the slip surface.
From the results of large direct shear tests and finite ele-
ment modeling (FEM), Bergado et al (1996) suggested that

the maximum value of If is 0.50 corresponding to the bi-
sectional direction. The bisectional direction has also been
successfidly assumed by Rowe and Soderman (1984). Low
and Dunc~ (1985) and Rowe (1992).
- MGE EMBANKMENT AFTER FAILURE
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Figure 10. Cross-section of CE and MGE embankment after failure.
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The ultimate reinforcement force, Tul,, was computed cor-

responding to the value of the limiting strain, E~, which

includes the localized strain, SIC,whenever If is greater than
O. The strength parameters of backfill soil correspond to

the field compaction condition (y, = 19.2 kN/m3 and w =
13% ) influenced by rainy days. The corresponding friction

angle ($) and apparent cohesion (c ) were $ = 38 degrees

and c = 17 kPa at peak strength, respectively, and $ = 30
degrees and c = 10 kPa at critical state, respectively. The
undrained strengths in the soft clay foundation were simi-
lar as the CE embankment.

The failure of MGE embankment at 4.2 m net height was

back-analyzed. At the critical height, assuming peak
strength parameters of embankment fill, no localized geo-

textile deformation (&lC= O) and horizontal dkection of re-

inforcing force (If = O) with measured strain of rein-
forcement of 3%, the factor of safety (FS) was 0.98. At
the onset of failure (1+ = 1.0) with If = 0.5 (bisectional
direction of reinforcing force and using critical state

strength parameters of embankment fill, the back-analyzed
geotextile strain was found to be 13%.

The stability of HGE embankment at net embankment
heights of 4.2 m (critical height) and at 6.0 m (collapse

height) were back-analyzed. Using the measured strain in
the geotextile of 2.3% and assuming 1, = O and peak
strength parameters for embankment fill, the calculated RS

was 1.0. This indicates that the HGE embankment reached

criticaJ height at 4.2 m and the bearing capacity failure

(primary failure) was unavoidable, even without the inter-
ference of MGE embankment. After induced failure of ad-

jacent MGE embankment, the measured strain in the high
strength geotextile was 8.5% corresponding to tensile
strength of 145 kN/m. At this stage, assuming If = 0.5
and using critical strength parameters of embankment fill,
the safety factor of 1,25 was obtained, Therefore, the em-
bankment construction can be continued which was done.
The HGE embankment collapse at net embanlanent height
of 6 m with measured strain in the geotextile of 12 to 14%
corresponding to rupture strength of 200 kN/m for high

~

iw

g

ii
-1

F
a

strength geotextile. At 6 m net height, the FS value for”
HGE embankment was found to be 1.0 using either the ac-

tual ftilnre surface or the most critical and deeper fdure
surface. Therefore, regardless of the influence of MGE
embankment failure at net height of 4.2 m, the HGE em-
bankment should fail at net embankment height of 6.0 m.

MAGNITUDE AND ORIENTATION OF
REINFORCING FORCE

Two important variables are involved in the circular slip
stability analyses, namely: the inclimtion factor, If, and

the limiting strain, &b, at the onset of failure. Based on the
measured strain, the results of back-analyses by LEM indi-
cated that reinforcing force can be horizontal direction (If

= O) at critical height just prior to bearing capacity fhilure

(primary failure) as well as the reinforcing force can be bi-
sectional (If = O.50) at collapse height. Rather than as-
sumed arbitrarily y, an improved method is introduced to es-

timate the limiting strain, Sk, as follows:

s~ = E= + S]c (3)

in which s= is the critical strain corremondin~ to the crit-
ical height (just prior to bearing capacity failure or primary

failure) and G,. is the localized strain associated with the

slip failure. The value of E= was found to be 2.3% to 3 %
as mentioned previously. Based on large direct shear tests
and subsequent FEM modeling, Bergado et al (1996) pro-

posed a new method to calculate the localized strain. s,.. as.. ,
follows:

EIC = 225 (1,) (S44) (4)
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The value of S is the total stiffness of all reinforcement 1a-
yers in the embankment and should be determined as se-
cant stiffness at 5 % strain. The value of If can be assumed
as Ir = O or If = 0.50 corresponding to critical embank-
ment height and collapse height, respectively. Equation 4
is plotted in Figure 12 for vmious values of stiffness, S.
The data derived from Sackville (Rowe et al, 1995) and
Guiche (Dehnas et d, 1992) embankments are also

included in Figure 12.

8 CONCLUSIONS

The full scale test embankment program including the site
conditions, irsstmmentations, and embankment
construction have been described. The test embankment
program yielded valuable data which can be used to
improve the design method of geotextile reinforced
embankment on sotl ground. Based on the results, the
following conclusions can be made:

1.

2.

3.

4.

5.

6.

The geotextile reinforcements improved the collapse
heights of MGE and HGE embankments by 1.1 and
1.6 tiies, respectively, higher than CE embankment.

The critical strain, EC,in the geotextile reinforcement
just prior to bearing capacity failure or primary failure
of foundation soil can be taken as 2.3 to 3 % irrespec-
tive of geotextile stiffness and condition of the founda-
tion soil.
The limiting strain, Sb, at slip failure can be taken as
the sum of critical strain, eC, and the localized strain,

El,, associated with the slip failure.
The geotextile reinforced embankment on soft ground
with limitation on foundation deformation not excee-
ding the unreinforced embankment just prior to the
bearing capacity failure or primary failure

(embankment height, H < critical height, HC), the
mobilized tensile force in the reinforcement can be
obtained assuming the limiting strain equal to critical
strain which can be taken as 3 % (SM = SC= 3%). The
direction of reinforcing force can be taken as
horizontal (1,=0) and the peak strength parameters of
embankment fill are suitable.
For embankments designed with allowable large de-
formations where the embankment height, H, can ex-
ceed the critical embankment height, H., the
mobilized reinforcing force should correspond to the
liiiting strain, Sk, which is the sum of critical strain,
E,, and localized strain at failure, &l,. The value of s,,
can be obtained from the in-soil stiffness of the
reinforcement using If = 0.50 and using the shear
strength parameters of embankment fill at critical
state.
For single layer reinforcement placed directly on the
ground at the base of embankment, the reinforcing
force can be taken as free-body force. For multi-layer
reinforcements with frictioml embankment fill, the
effects of reinforcing force in modifying the soil
strength at the vicinity of failure surface should be
considered.
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Abstract: This paper describes a case study of a reinforced piled embankment and presents a proposed calculation model. The
height of the embankment was 1.7 m, which is lower than that normally accepted for embankment piling according to Swedish
regulations. The project includes a field study of displacement and strain in the reinforcement for the alternatives soil fill and
cavities below the reinforcement. The cavities were simulated by using foam mattresses below the reinforcement. Displacements
at the reinforcement level in the area with soil fill were about 20 mm, while displacements over the mattresses were about 200
mm, i.e. 10 times larger. Calculations were carried out using two analytical models, BS 8006 and Carlsson, and a finite
difference method, FLAC. Comparisons are made between measured values and calculated values. In this case the FLAC
calculations are judged to give a good picture of the actual behaviour in the construction. The analytical models are too
conservative because they do not take the foundation support from the soil beneath the reinforcement into account. The
various calculation models were compared to each other and a suggestion for design using an analytical model is made. The
model is two-dimensional but an attempt was made to take the three-dimensional behaviour into account. This was done in this
case by taking the three-dimensional load and distributing it over the two-dimensioned surface. Aspects of design are pro-
vided.

Keywords: Geogrids, Piles, Embankments, Reinforcement, Design, Case study.
1. MONSTEtiS CASE STUDY
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Embankment piling has been used in Sweden for many years.
During recent years some projects have been carried out with
reinforcement over embankment piling or deep stabilisation.
Monitoring has been carried out in an embankment at
MonsterAs.

The case study was of a reinforced piled embankment con-
structed in 1996 on a section of Route 632 in Monsteri%, Swe-
den. The Swedish National Road Administration (SNRA) or-
dered the construction, Scandiaconsult managed it and the
Nordic Construction Company was the contractor. The field
studies were carried out by Scandiaconsult and the Swedish
Geotechnical Institute (SGI). A number of different altern-
atives were studied in the process of selecting soil improve-
ment on the stretch of road in question, explained below.

Excavation/refill. Discarded because of the effects this
would have on the surroundings. Both on the nearby quay
construction and the environment. Furthermore, it would
require considerable heavy truck traffic in central
Monsterils.
Light fill. For sufllcient load relief, the light fill would cause
uplift at the maximum groundwater level.
Concrete mat foundation on piles. Feasible but expensive,
about twice as expensive as embankment piling.

1.1 Soil conditions

The soil consisted of an upper layer of 1 to 3 m of fill beneath
which was 2 to 4 m of loose sediments of gyttja and clay which
rest on sand and till. The depth to the bedrock was not care-
fully examined but is probably limited. The thickness of the
soil layer in a cross-section of the embankment area varies.

The fill was deposited over along period of time. The old-
est part of the fill was placed with a grillage beneath it. The fill
consisted mainly of non-cohesive soil but there was also some
wood and construction waste. The fill varied in stiffness. For
design calculations, a dimensioning ffiction angle of 32° was
used.

The gyttja, the thickness of which varies between 0.5 and
2.0 m, contained layers of silt and fine sand. The gyttja was
loose with an uncorrected shear strength, according to field
vane shear tests, between 10 and 50 kPa. The water content
varied between 40 0/0 and 200 0/0 with one measurement of
430 %. For design calculations, a dimensioning, undrained
shear strength of 8 kPa was used.

The clay, the thickness of which varied between 0.5 and
2.0 m, contained layers of tine silt. The uncorrected shear
strength of the clay varied, according to vane shear tests,
between 10 and 70 kPa. The water content varied between
20 % and 607.. For design calculations, a dimensioning,
undrained shear strength of 10 kPa was used.

Both the gyttja and the clay were assessed as being nor-
mally consolidated for the existing conditions.

The composition and thickness of the till were not closely
examined, but generally it had a high relative stiffness. How-
ever, in some areas there were looser layers of sand in the
upper surface of the till. For design calculations, a dimensioning
friction angle of 35° was used.

Parts of the embankment area have been flooded at the
maximum groundwater levels.

1.2 Design and construction

The construction consisted of precast concrete piles which
were driven down to a fm bottom. The length of the piles was
3 to 6 m. Pile caps were placed above the piles covering 25 ‘A
of the embankments surface area. The reinforcement consisted
of a biaxial polyester geogrid, with 84 kN/m tensile strength at
break and a tensile strength of 16 kN/m at 3 % strain according
to EN 1S0 10319 (TexGrid TG 75-75). The geogrid was laid in
one layer. The embankment fill consisted of crushed rock,
Oto 200 mm. A cross-section of the construction is shown in



Figure 1. The height of the embankment is 1.7 m which is lower
than that normally accepted in Swedish regulations. In order
to obtain permission to build the construction, the designer
was forced to veri~ that the design would flmction as in-
tended. Verification took place through calculations supple-
mented with field monitoririg.

The embankment fill was compacted with a2-ton roller. The
fwst layer over the reinforcement was 0.5 m when compacted.
Thereafter compaction took place in 0.3 m lifts. In the area with
measurement equipment, a 600 kg vibratory plate compactor
was used in order not to destroy the monitoring equipment.
The fill was placed in two stages. In the first stage fill was
placed to 0.7 m over the reinforcement and in the second stage
to the total of 1.6 m above the reinforcement.

1.3 Design

For design of the soil reinforcement, calculations were carried
out according to British Standard (BS 8006, Draft) 1995, Equa-
tion 1 and according to (Carlsson 1987), Equation 2. The most
significant differences between the models are the forces in
the reinforcement due to the vertical load. These differences
arise from the way that the models analyse the arching effect.
These forces are compared in Table 1. The results differed, in
this case with the lowest forces in the reinforcement accord-
ing to BS 8006. The procedure used in BS 8006 produces rela-
tively large jumps in the calculation results at certain embank-
ment heights. The jumps depended on whether or not an arch-
ing effect arose and how the load was distributed between
piles and reinforcement. Care should be taken, especially with
new standards and results should be checked which are near
such limits. The geometry of the Monster&s project was close
to such a limit. The SNRA therefore decided to carry out such
a check within the fiarnework of the SGIS planned work on the
regulations for the SNRA in Sweden.

The calculations according to BS 8006 areas follows:
For H> 0.7 (c-a) the distribution over pile load/soil load is;
P:/~;=(cc”a/H)2

For H> 1.4 (c-a) the distributed load on and the force in the
soil reinforcement are;

~ = 1.4c ff~y (c–a) *
T [c -a’(p~ lc~)]

C* – a2

W~ (c –a) [ ‘---–”
TT = –-—2a– - ,,,1 + -1

J 6E

The calculations according to Carlsson are as follows:

~ =<c-a)’ ‘-
—“”y #d ,/1 } 16d2b 16tan15° ,, (c-a)z

(1)

(2)

Where H = embankment height (1.7 m)
c = centre distance between pile caps (2.4 m)
a = pile cap width (1.2 m)
d = displacement (d)
CC= pile type factor, end-bearing piles (1.95 H/a- 0.18)
y = unit weight of embankment fill (20 kN/m3)
ff, = partial coeftlcient for soil load (1.0)
& = strain
WT= the distributed vertical load acting on the

reinforcement(kN/m)
TW= P~ = force in the reinforcement (kN/m)
BIAX/AL GEOGRID



Calculations using the BS 8006-model (fictive three-di-
mensional) gave a force on the basis of the vertical load be-
tween the pile caps of 18 kN/m at a strain of 6 ‘A. Calculation
according to Carlsson (two-dimensional) gave a force of 26
kN/m and a displacement of 0.18 m at a corresponding strain.
In order to veri~ these results, other calculations were car-
ried out using the two-dimensional finite difference program,
Fast Lagrangian Analysis of Continua (FLAC), Version 3.30
(Itasca 1995). The calculations showed that there was arch
formation, even for the low embankment height studied here,
and that the displacement at the road surface was negligible.
Calculations were carried out for cases with both cavities and
soil fill under the reinforcement. The elastic modulus times
area, EA = 400 kN/m, was used for the FLAC calculations.
In implementation, however, a somewhat more rigid reinforce-
ment was used. Table 1 shows the results from the calcula-
tions.

Table 1. Design results of the analytical and finite difference
models.

Method Strain Displacement Force
E d
(%) (m) &N/m)

Carlsson 2 0.10 42
6 0.18 26

BS 8006 2 0.10 28
6 0.18 18

FLAc
Foundation
support 0.08 0.01 1
cavity 3.5 0.13 14

1.4 Field monitoring of strain and displacement in the
reinforcement

The quality control was supplemented with measurements in
an attempt to clarifi the effect of the reinforcement and com-
pare measured values with the calculation models. The moni-
toring was carried out in two areas of the embankment, as
shown in Figure 2. One area consisted of the normal construc-
tion with soil fill between the pile caps. The other area con-
sisted of foam mattresses between two rows of pile caps in
order to simulate a cavity under the reinforcement. The mat-
tresses were 0.55 m high and had an area of 1.2 m by 6.0 m. The
monitoring consisted of vertical displacement and strain meas-
urements in the reinforcement and displacement measure-
ments on the road surface.
The vertical displacements of the reinforcement were meas-
ured using settlement gauges, type SGI. The measurement
results are shown in Figure 3. The displacement in the area
with the soil fill was about 20 mm. Displacement measured
over the mattresses between the pile caps was 173 and 206
mm while displacement on the diagonal was 212 and 213
mm. The larger displacement on the diagonal is probably due
to three-dimensional effects. However, the till effect is not
obtained since the mattresses are only lying between the pile
caps in one direction and soil fill is between the pile caps in
the cross direction.

The strains in the geogrids were measured with Bison coil
strain gauges screwed into the geogrids. They are designed
for synthetic geogrids and have a measurement accuracy of
2.5 micrometers. Theoretically, the largest strains are ob-
tained at the cap edge. Where there is a cavity under the
reinforcement, the strain is nearly uniform between the pile
caps. To examine the differences between the cap edge and
the middle of the cavity, measurements were carried out both
between the pile caps and at the cap edge. The strain meas-
urements between the caps also gave the opportunity to com-
pare these with measured displacements. Field measurements
of horizontal movements were made, which were then calcu-
lated into strains and forces.

The strains are shown in Figures 4 and 5. The strain gauge
locations are shown in Figure 2. In spite of a high measure-
ment accuracy in the strain gauges, the distribution of re-
sults at the pile cap edge is large. This may be due to edge
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Figure 3. Measured vertical displacement in the area with soil
fill and foam mattresses respectively.
Foam mattress area Pile caps Soil area

/ / I

❑✏�
x14 X12

Fo/~1O Eo159 Do/58 CO157 Be/x4

X13 Xll x5❑01

x3
Ao/x1 Legend

x Strain gauges, type Bison-coil

~ ❑ (A-F,

(l-6 and 11-14)

o Settlement gauges, type SGI

x Strain gauges in two directions

Figure 2. Plan of field monitoring area for Route 632 in Monstefis. (7-lo)
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effects. In the matress area the strains close to the edge of the
pile caps were 0.5, 1.6? 2.1 and 4.5 Y.. At the midpoint be-
tween and along the pde caps the strains were 0.4, 0.6, 0.7
and 1 O/O. At the midpoint between and across the pile caps
they were 1.8,2 .9,3.0 and 3.2 %. Corresponding tensile forces
were 5 to 23, 4 to 9 and 12 to 17 kN/m.

1.5 Monitoring of displacements on the road surface

The displacements on the road surface were measured with
settlement plates placed 0,7 m under the surface and sur-
rounded by protective tubing. The embankment fill material
was assessed as being non-susceptible to host heave. Meas-
urements of the displacements in the surface did not begin
until all the embankment fill had been placed in November
1996. Displacements also occurred during the laying and
compaction processes. Unfortunately these displacements
could not be documented.
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was 3.6 m wide and 2.15 m high. It spanned horizontally from
the centre of the mattress area across a footing and soil area
to the centre of the second footing. Vertically it spanned tlom
the bottom of the mattress to the top of the fill. The material
locations were shown in Figure 1. A variety of grid meshes
were tested. A 36x 28 grid was selected to optimise the calcu-
lation time and precision of the results.

The geogrid was modelled using the cable element in FLAC.
Values used in this analysis for the cable element are shown in
Table 2. The cable element was chosen, rather than the beam
element, because the cable element can model the soil/geogrid
interaction. The Mohr-Coulomb plasticity model was used for
the soil. The mattress was modelled elastically with its moduli
based on laboratory unconfined compression tests. Finally,
the footings were modelled as null elements with fixed bound-
ary points.

Table 2. Cable element input values used to model a geogrid.

FLAC parameter Magnitude and units

elastic modulus. area 600 kN/m
perimeter 2rn/m
yield 75 kNlm
kbond 17,000 kPa(maxirnum)
sbond Okpa
sfriction (assumed= soil) 42°

Ideally the kbond and sbond should be obtained from labo-
ratory and field pullout tests using the fill material. Because
theses tests were not available, Equation 3, based on the defi-
nitions in (Itasca 1995), was used to obtain values for the
kbond.

kbond = (sbond + perimetercf”tan(sfiiction))/5~w (3)

The perimeter was chosen to be the maximum of 2 m for the
geogrid, as opposed to its surface area, because there is fric-
tional resistance on both the top and bottom of its surface and
significant passive resistance where the holes in the grid meet
the spanning grid elements. o’ is the overburden pressure at
the level of the geogrid. It should be noted that the kbond
increases with the overburden pressure as the embankment is
constructed. Finally, ~~u is the geogrid displacement when
the maximum pullout resistance is reached. For the geogrid
used in this project 3 mm was used.

The maximum displacement occurred at the mattress/
geogrid interface at the midpoint between pile caps. The
displacement and tensile force distribution in the geogrid are
shown in Figure 6.

Compaction of the fill was modelled as a static pressure
applied during the construction of the embankment. The
compactive effort was modelled by adding an equivalent static
load of 20 or 50 kPa and stepping to equilibrium. When equi-
librium was reached the load was removed and FLAC stepped
again to a new equilibrium. The equivalent static load used in
FLAC for compaction was only an estimate. Therefore, two
values were chosen in-between the compaction equipment’s
static load and its centrifugal vibratory force of 12 and 100 kp%
respectively. The incremental displacements and the effect of
the static compaction loads for the base case are shown in
Figure 7. The compaction was modelled at 0.5,0.7, 1.0, 1.3
and 1.6 m embankment heights. The effect on displacement
at the geogrid was only significant for the first two
compaction.
Soil

Pile cap Soil Pile cap Mattress

Figure 6. Base case displacement and tensile force distribu-
tion in the geogrid.
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Figure 7. Base case maximum geogrid settlement versus em-
bankment height.

The arching effect between pile caps reduced the incre-
mental portion of load carried by the geogrid as the fill height
increased. Thus the displacement did not increase at the same
rate as the embankment was constructed. The arching effect
between pile caps is shown in Figure 8. Figures 6 and 8 show
that the surface displacement is relatively small.

Five models were analyzed in FLAC. The base case model
had the geogrid, mattress, pile caps, and fill all modelled as
they are in the field. A fictive 3D model attempted to account
for the three dimensional effects of the lateral spacing be-
tween pile caps by increasing the weight of the fill by the
equivalent increased area of 50 O/O. Next, air was model led be-
tween all the pile caps to compare the design assumptions
with the FLAC results. Because the air was modelled in all the
areas around the pile caps the geogrid had relatively high
tensile stresses from settlements on both sides of the pile cap.
Also the geogrid was not able to move toward either side as it
could in the mattress case. Compared to the mattress model,
the air model had smaller displacements and higher geogrid
tensile forces and strains. The final two models had soil mod-
elled below the geogrid as it was in most of the embankment.
Unlike the mattress and air, the soil was stiffer than the gyttja
below the footing. Therefore much of the displacement



Soil

Soil Pile cap Mattress

Figure 8. Arching effect as shown by y-displacement
contours.

occurred in the gyttja. Thus the soil models required that the
lower fill and gyttja be included in the calculations. The ma-
terial properties of the gytta were not know with much cer-
tainty, so the soil model calculations are provided to show
only approximate magnitudes.

The results from the FLAC calculations are summarized
in Table 3.

In these models the most important input parameters af-
fecting the magnitude of the settlement in the embankment
were the following: moduli of the soil or mattress between pile
caps, elastic modulus times area of the cable, amount of
compaction, depth of fill when compacted, the soil/geogrid
bond properties and the fill properties.
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1.7 Comparison between calculations and
field measurements

A comparison was made between the values obtained in
design and the values measured for vertical displacements
and forces in the reinforcement.

For the case with the mattress the calculated tensile force
was 10 kN/m and the displacement about 0.14 m in FLAC.
Modelling compaction of the fill increased the displacement
between 10 and 50 mm and the tensile force between 3 and
9 kN/m. The forces measured in the area with mattresses
were generally somewhat higher than calculated, as was the
displacement. One of the causes may be three-dimensional
behaviour. FLAC calculations in two dimensions were esti-
mated to give a good understanding of the behaviour of the
construction, but it was somewhat uncertain. One way of
taking the three-dimensional behaviour into account was to
increase the density by 50 ‘%o, which corresponds to a load
distribution according to Figure 11. Such a calculation gave
a displacement of 0.18 to 0.2 m when the compaction effect
was taken into account. This was closer to the results in the
field which were O.17to0.21 m. The strain in the geogrid in
the field between the caps was 3 %, which the FLAC calcu-
lation also showed for the compaction case. For the case with
soil below the geogrid the displacement according to the
FLAC calculation was 12 mm and the tensile force was 0.4
kN/m without compaction. [f the fictive three-dimensional
effects were taken into account as mentioned above then the
calculated displacement was 23 mm. Modelling compaction
of the fill increased the displacement between 10 and 45 mm
and the tensile force between 1 and 9 kN.

In the soil case the displacements without compaction cor-
responded better to the field measurements. On the other hand
the displacements are small and there are large uncertainties
in the properties for the soil below the pile caps. Therefore
the model of the case with mattresses is more reliable.

Because the resistance of the foundation soil is consider-
able the analytical calculation models in this case gave a mis-
guided picture of the actual behaviour of the construction.
The FLAC calculations on the other hand gave a good picture
of the behaviour on the condition that the pertinent input data
was used. If a cavity should arise under the reinforcement
then the analytical models are thought to be appropriate, but
the three-dimensional effects should be taken into account.
Table 3. Results fkom FLAC

Model Description Maximum Maximum Cable Maximum Cable
Settlement* Tensile Force Strain
(mm) (kN) (%)

Base case no compaction 141 10 1.7
Base case 20 kpa compact~on 155 13 2.2
Base case 50 kPa compaction 188 19 3.1

Fict~ve 3-D no compaction 171 14 2.3
Fictive 3-D 20 kpa compact~on 181 2.8
Fictive 3-D 50 kpa compaction 205 ;; 3.9

Des@n gr~d air no compaction 152 15 2.4
De:~gn gnd air 20 kPa compaction 167

mg rid air 50 kPa compaction 195 ;: ::;

Soil case no compaction 0.4 0.07
Sod case 20 kpa compact~on ;; 1.5 0.25
Soil case 50 kPa compaction 56 7 1.2

Soil fictive 3-D no compaction 23 0.3
So~l fictive 3-D 20 kPa compaction 35 ;:: 0.6
Sod fictive 3-D 50 kPa compaction 70 11 1.8

* The results are shown to the nearest mm for comparison purposes only. Model predictions are not this precise.
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2. PROPOSED ANALYTICAL CALCULATION
MODEL

With an active reinforcement, the size of the caps can be re-
duced. It is alsopossibleto choose a lower embankment height
than the 2.5 metres which is today the lowest permitted in
Swedish regulations.

In order to be able to propose a model which is suitable for
design of reinforcement over embankment piling the SGI car-
ried out a pre-study by the assignment of the SNRA where a
number of calculation models were compared. In that compari-
son, BS 8006 appeared to be a promising model. In the second
stage of the proje@ BS 8006 was compared with FLAC cakm-
lations to get a closer idea of the actual behaviour. That com-
parison showed that at the degree of cap coverage which is
normally used in Sweden between 20 to 30 ‘A (to be compared
with those on which the method is based, which are usually
around 8 to 16 ‘%0) the calculations did not agree. Better agree-
ment was reached when Carlsson’s method was compared to
the FLAC calculations. This method had been modified to
take into account the three-dimensional effects and reduced
embankment heights.

2.1 Prerequisites

The calculation assumes arch formation and that the reinforce-
ment is deformed during loading. The reinforcement is as-
sumed to be placed in one layer. The fhnction of the reinforce-
ment is greatest if it is placed closest to the pile caps, but it
should for practical reasons be about 0.1 m above the pile
caps.

In order to ensure that the displacements in the road sur-
face are not too large, the embankment height should beat
least as large as the distance between the pile caps, a minim-
um of 1.0 m high, and the degree of cap coverage should be
at least 10 Yo.

It is recommended that calculations should be carried out
for an initial strain of a maximum of 6 % and with a remaining
creep strain after the construction period and during the life-
time of the construction of an additional 2 ‘%. at most. Figure 9
shows the symbols used in the proposed calculation model.

I

?’ I Ha

Figure 9. Symbols used in the proposed calculation model.

where c = distance between the pile centres (m)
a = side length of the pile caps

Ha= embankment’s height above the reinforcement (m)
y = unit weight of embankment fill (kN/m3)
d = maximum displacement of the geosynthetic (m)
s = arc length of the displaced geosynthetic (m)

2.2 Vertical load transfer

The method is based on the forrnationof an arch which spreads
the soil load onto the pile caps. The cross-sectional area of
the soil under the arch, which is the load carried by the rein-
forcement geogrid, is approximated using the soil wedge de-
scribed in Figure 10. This applies even if the embankment
height is lower than (c-a)/2 . tan 15°, which is the height of
the soil wedge.

Figure 10. The soil wedge which is carried by the geosynthetic.

The weight of the soil wedge, W, according to Figure 10
is:

~= (c-a)’
4“tat115° ‘y

kN per metre in depth.

The arc length of the geogrid when it is displaced by the
load of the soil wedge, can be calculated as follows:

8 d2
S=(l+E)(C –ki)=C-a+-. —

3 c–a

where the displacement, d, is dependent on the strain in the
geosynthetic, s, according to:

The force in the reinforcement, F, in two-dimensions is cal-
culated using the catenary equation:

The three-dimensional effects are estimated through load
distribution according to Figure 11, where the load is dis-
tributed over the surface according to the figure and is taken
up by the reinforcement along the edge of the pile cap. The
force is calculated as follows:

where,

F3~,= the dimensioned force in the reinforcement due to the
vertical load in three dimensions



e- (c-a)

2

(c-a)

nn2
I I I 1

Figure 11. Load distribution to estimate the forces in the three-

dirnensional case.

2.3 Transverse sliding across the bank and pull-out
of the reinforcement

For the necessary reinforcement length on account of trans-
verse sliding across the bank, the bond length and the pull-
out length of the reinforcement can be determined according
to BS 8006.

3. CONCLUSIONS

In design with analytical models, the foundation support of
the soil between the pile caps is not normally taken into ac-
count, but field measurements showed that the effect can be
considerable. For the relatively low embankment height used
here, it appeared that the displacement which arises in the
reinforcement does not affect displacements in the road sur-
face. In this case, the FLAC calculations are judged to give a
good picture of the actual behaviour of the construction.
Three-dimensional effects should however be simulated. Here
they were fictively simulated by increasing the density of the
till.

Analytical calculation models are judged reasonable if there
is a risk that a cavity will arise under the reinforcement. They
are though often more conservative than if FLAC calcula-
tions are made for cavities. The proposed calculation model
has proved to give better agreement with the FLAC calcula-
tions than other methods at the degrees of cap coverage
which are normally used in Sweden, i.e. 20 to 30 O/O. Soil with
poor properties can give support initially but settlement can
arise even atler the construction period. Thus in low embank-
ments there is a risk that settlement which arises after the
completion of the road could cause displacements in the road
surface, and this must be taken into account in design. The
force in the reinforcement is also greater if the soil settles
than if there is resistance. Future changes to the load situa-
tion, e.g. a ground water lowering, can affect the foundation
support of the soil and in such cases it should be assumed
that a cavity has arisen.

Compaction of the till above the reinforcement significantly
affects the tensile force and moderately affects the displace-
ment of the reinforcement. This is very important if the
compaction is carried out at low till heights above the rein-
forcement. The effect of compaction is not normally taken
into account in calculations but should be considered if foun-
dation support from the soil is assumed.
762-1998 Sixth International Conference on Geosynthetics
The results of the field study showed a large difference in
the strain measurements close to the pile cap edge, possibly
due to edge effects. This makes the cap edge strains difficult
to compare with the calculation model. The strains measured
in the center of the pile caps show a smaller difference and
compare well with the FLAC model. Some effects of three-
dimensional behaviour could be seen in the field measure-
ments. A larger area with mattresses would have better simu-
lated what actually happens if a cavity appears under the
reinforcement. In this case the measurements were conducted
on a road construction and the risk of having to rebuild large
areas of the embankment, if the displacement of the road
surface proved too great, was not acceptable.

For many cases the analytical calculation models that as-
sume cavities below the geogrid are too conservative in esti-
mating the forces in the geogrid. The finite difference model
showed much better agreement with field measurements be-
cause it included the soil foundation support beneath the
reinforcement. A study by (Jones et al, 1990) concluded that
current simplified analytical procedures are conservative due
to quantifying the arching mechanism and that they can not
accurately take into account partial foundation support. There
is a need for finite element or difference methods to model the
complex interaction behaviour. Additional fill-scale fieldtest-
ing and modelling is necessary to better understand the proc-
esses involved here.

The three-dimensional effects should be studied with field
studies using larger areas with simulated cavities. Modelling
should also be done with three-dimensional programmed to
veri@ the differences between two- and three-dimensions.
Until three-dimensional programms become more common
there is a need to model in two-dimensions, with relevant
additions to take the three-dimensional behaviour into
account.
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ABSTRACT:

The construction of embankments over soft ground is a common engineering problem. In situations where the underlying
soil is highly compressible or for approach embankments to bridges, minimizing the total and differential settlement of a
new road construction can govern the method of construction.

The paper describes the use of stiff biaxial polypropylene geogrids within granular fill to support embankment loads above
piles and vibro concrete columns, VCCS. This technique has been used successfully on many road embankment projects in
Europe due its cost effectiveness and ability to deliver an effective embankment support system within a short time flame.

The design and construction of geogrid reinforced load transfer platforms is discussed, including the platform used on the
A525 Rhuddlan Bypass in North Wales, where due to underlying soil conditions, a piled solution employing VCCS was
used, to carry the embankment loads through the soft layers into the firmer strata below.

To ensure that the load transfer platform (LTP) performed as expected, instrumentation was included in the platform
construction to monitor platform settlement, geogrid strains and deflections. The installation and results of the
instrumentation monitoring are described.
KEY WORDS: Embankments, Geogrids, Piles, Design, Monito

1 INTRODUCTION

The growing use of geosynthetic solutions for construction
over soft and variable ground confirms their importance in
overcoming complex geotechnical problems.

Increasingly utilised under embankments constructed on
piles or vibro concrete columns (VCCS), is a geogrid
reinforced granular load transfer platform. Used in several
major UK projects , the technique is growing in popularity
in Europe because it offers a rapid, cost effective solution
within a predictable construction programme.

The platform fi.mctions by transferring loads imposed by
the embankment to pile caps via a grid-reinforced basal
layer. Biaxial geogrids, with high stiffness at low strain, are
placed in several layers to interlock with, and reinforce the
granular fill to create a flexurally stiff platform which
distributes loads evenly and reliably to the piles. The
supporting piles or VCCS pass through the soft soil layer
and transmit load to the stable ground beneath, thus
reducing settlement and removing the need to pre-
consolidate the ground to remove permanent settlement and
improve ground bearing properties.
ring

2 LOAD TRANSFER PLATFORM CONCEPTS

The design of a load transfer platform can be carried out in
different ways:
1. Tension membrane approach, using high strength

tension membrane theory.
2. Improved arching approach, using low strength

reinforcement.
The most common approach for embankment support over

piles is to adopt the tension membrane approach. This
requires the reinforcement to carry the fill amount of any
vertical load above the geosynthetic, less allowance for load
shedding in the overlying fill.

The improved arching approach differs from the tension
membrane theory only in respect to the calculation of the
vertical load shedding and relies on the ability of the
reinforcement used to interlock with the granular
embankment fill and enhance the natural arching angle of
the fill, thus reducing the vertical load to be supported by
the reinforcement. Both design methods can be carried out
in accordance with the limit state design principles defined
in BS 8006.
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When constructing load transfer platforms using the
improved arching approach, the mechanism of load transfer
is one of arching taking place inthe granular platform. The
purpose of the geogrids spanning across the pileiVCC heads
is to enhance the transfer of vertical loading onto the
piles/VCCs and subsequently through the piles/VCCs to the
foundation soils.

In order to control differential settlement at the proposed
ground surface, the geogrids need to adequately retain the
soil between the arching angles of adjacent VCCS. A
minimum height of fill above the load transfer platform of
at least the platform thickness is normally employed to
ensure that the arch is always loaded and that the VCC
positions are not reflected up to the ground surface causing
surface undulations.

Stiff integral biaxial geogrids, due to their unique element
geometry and junction strength, interact with the fill and
create a composite beam where the fill’s shear strength
properties are utilised effectively. The improved arching
design approach is specific to a type of integral geogrid
which has been proven to enhance the natural arching angle
of granular fill when a multi-layer solution is employed,
Guido 1987.

Research into the load transfer characteristics of the
geogrid/fill composite has shown that the load spread
through fill can be conservatively taken as 45° providing
that the peak internal angle of friction of the fill is at least
this value.

Whichever design approach is used, the design must
ensure that the geosynthetic is sufficiently well anchored in
the fill material, to permit the transfer of the design load
into the reinforcement. This requirement can lead to long
anchorage lengths where high strength reinforcement
solutions are employed.

Geogrid load transfer platforms designed adopting the
enhanced arching approach have been successfully used on
a number of maj or projects in Europe, including the Gdansk
Urban Highway, Topolnicki 1996 and the Second Severe
Crossing Toll Plaza, Maddison et al. 1996.

3.0 CASE STUDY

3.1 A525 Rhuddlan Bypass

Rhuddlan is a small town standing between the coastal town
of Rhyl and the main A55 trunk road, in
Denbighshire(formerly Clwyd), North Wales. During the
summer months large traffic volumes leave the A55 and
travel through the centre of Rbuddlan on their way to the
coast causing severe congestion.

In May 1995 a two year El 1 million contract was started
for the construction of 2km of 7.3m wide two lane dual
carriageway bypass to the town, which included upgrading

an existing section of highway and the construction of a
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Figure 1 Typical cross-section through ~uddlan bypass
load transfer platform.

430m long 1l-span twin deck viaduct, with a 46m centre
span over the River Clwyd.

The approach embankment to one side of the viaduct
crossed an area of 7-8m of peat and soft silty alluvial strata
overlying sands and gravels. To support the embankment
over this area the construction contract specified cast insitu
driven piles under a 800mm thick un-reinforced rolled
concrete supporting raft. Contractor Edmund Nuttall
proposed a VCC and load transfer platform solution as an
economic and rapidly constructed alternative to the
specified design.

The accepted solution for the embankment support was to
install VCCS at the appropriate centres to support the loads
from the embankment which varied in height from 4m to
7m. The layout of the VCCS was a triangular pattern with
centre to centre dimensions of 2.65m, 2.35m, 2.05m, and
1.75m, the closer centres supporting the higher sections of
the embankment.

3.2 Load transfer platform design

The geogrid reinforced load transfer platform varied in
height, 650mrn, 800mm and 950mm, depending on the
particular VCC layout with the number of geogrid layers
being 3N0. in the 950mm thick sections and 2N0. in the
800mm and 650mm sections. As the distance between the
VCCS reduced the load transfer platform thickness required
for the arching mechanism to develop also reduced.

The LTP was designed assuming a grid strain of 5’Moin
120 years. This level of strain was assumed to represent the
ultimate limit state condition for the platform, which can
only occur in conditions where the underlying soil would
degrade or collapse, i.e. waste fills. Such conditions did not
occur on this site. For the in-service condition some
support to the fill beneath the developed arch will always be
provided by the underlying soil, leading to a reduced level
of strain in the geogrid. A typical cross section through the
construction used is shown in Figure 1



Figure 3 Installation of strain gauges on geogrid
Table 1 Properties of Geogrids used in the Rhuddlan
Bypass Load Trm;fer Platform

Grid Property Tensar SS 1 Tensar SS2

Quality Control -
Strength*

Approximate
Peak
Strain

Load at 2’%.

Strain*

Load at 5%

Strain*

Typical Rib

—.
LD
TD

LD

TD

LD

TD

LD

TD

LD

Grid Grid
Type 1 Type 2

12.5 kN/m 17.5 kN/m
20.5kN/m 31.5 kN/m

12.0% 12.0%

10.0’%0 10.0%

4.5 kN/m 7.0 kN/m

6.0 kN/m 12.0 kN/m

9.5 kN/m 14 kN/m

15.0 kN/m 23.0 kN/m

o.7mm 1.20mm
Th~ckness TD o.5mm o.9omm

* Determined as a lower !bO/O confidence limit in
accordance with ISO 26021980 (BS 2846 Part 2 1981).

and properties of the reinforcement used are given in Table
1. Approximately 18000m2 of biaxial geogrid was installed
to construct the 6000m2 of load transfer platform over
VCCS installed by Keller Foundations Ltd.

Due to the critical nature of the project the Client, Clwyd
County Council requested the Contractors alternative design
was subjected to Category 11checks and certification. An
independent verification of the design was therefore carried
out by Clwyd County Council’s Design and Construction
Division Bridges Group - the designer of the structures.

3.3 Monitoring of geogrid strain

To ascertain the performance of the load transfer platform,
the bridge designer specified that strain gauges and
inclinometers were installed in the reinforced fill. At two
locations, inclinometer and strain gauges were installed to
monitor development of the arch and geogrid strain.

Prior to installation of the strain gauges, a calibration
exercise was undertaken in a tensile testing machine to
correlate the strain recorded by the gauges with the actual
strain in the grid, Figure 2.

On site, vibrating wire strain gauges were clamped in pairs
to both layers of grid, at the centre of the geogrid design
span geogrid to measure strain over a 260mm gauge length,
Figure 3. At locations A and B, an inclinometer and two
pairs of strain gauges were installed on each layer of grid.
Station A was under the viaduct bank seat with a vertical
pressure of121 kN/m2 applied to the top of the reinforced
fill. At Station B the platform was supporting a 4m high
embankment.
Figure 2 Laboratory calibration of strain gauges.

3.4 Results of strain monitoring

Readings taken over a period of one year show that strain
developed in the grid during construction, after which the
strain remained virtually unchanged, Figure 4 8C5. Once
the initial strain had developed during construction the LTP
rapidly achieved a state of equilibrium and the grid strains
stabilised, with no evidence of creep being apparent. As
used in the LTP design, partial support of the till under the
arch was shown to have occurred by a reduced level of
strain in the geogrid from that assumed being recorded.
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Figure 4 Geogrid strain readings at Station B
Lower Grid - Grid Type 2

One of the simplified assumptions made during the design
check was that half the weight of the fill under the arch
would be supported by the foundation soil and half by the
geogrid layers. It was further assumed that the strain in the
upper grid would be less than that in the lower grid. The
initial strain calculated by this approach was found to be of
similar magnitude to that recorded by the strain gauges over
the monitoring period.

4,0 CONCLUS1ONS

1.

2.

3.

4.

5.

6.

The geogrid reinforced load transfer platform used on
the Rhuddlan Bypass project provided a cost effective
solution to the problem of embankment construction
over soft ground.
The monitoring undertaken revealed that the geogrid
reinforcement was providing restraint to the fill to
enable enhanced arching within the fill to occur.
Recorded geogrid strains were as allowed for in the
design.
Due to the interlock of the geogrid with the fill and the
development of a composite material, no evidence of
creep of the geogrid was recorded.
Higher grid stains were recorded in the lower grid than
the upper grid as anticipated in the design.
The use of low strength, stiff biaxial geogrids and the
enhanced arching design approach is a viable alternative
to the use of high strength reinforcement and tension
membrane theory, for the construction of embankments
over piles.
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ABSTRACT: Empirical methods have been in use for some time to design geosynthetic materials to carry embankment
loads over piles. Some methods have used simple two-dimensional models based on little more than load spreading
procedures which generally ignore three-dimensional effects. Other methods have attempted to address the three-
dimensional nature of the problem by basing the design method on behaviour observed in experimental work. The
paper describes work which has been carried out using two- and three-dimensional finite difference techniques that
better represents the problem’s full complexity, A study has been carried out which compares the two- and three-
dimensional analyses for various piled embankment geometries. A comparison”is also made between the two and three-
dimensional finite difference analyses and the current British design standard, BS 8006. The paper also gives

recommendations for design.

KEYWORDS: Design, Embankments, Finite Element Analysis,

1. INTRODUCTION

Construction of roads, railways and buildings is
increasingly carried out on foundations that would
previously have been considered unsuitable. In order to

construct these structures with confidence and within the
available time it is often necessary to adopt a piled
solution. Piles are installed through the soft subsoil
material. The piles are much stiffer than the subsoil and
therefore differential settlements occur. These
differential movements generate shear stresses within the

embankment which increase the load on the piles and
decrease the load on the subsoil. This mechanism is
caI1ed arching.

In order to place the relatively expensive piles as far
apart as possible, a relatively inexpensive geosynthetic
material is included at the base of the fill. The
geosynthetic picks up the vertical load not carried directly
by the piles and goes into tension. The difficulty in
design is to assess the amount of vertical load which is
carried by the geosynthetic and the tension which this
load generates in the geosynthetic.

A typical piled embankment layout is shown in
Figure 1. For analysis and design a two-dimensional (2D)

model, Figure 2, has often been used. However, in
reality, the problem is three-dimensional (3 D), Figure 3.

A research project has been undertaken to better

understand the behaviour of the piled embankment
system. The finite difference programs FLAC and
FLAC3D (ITASCA, 1993) have been used to carry out a

F
em
series of 2D and 3D numerical analyses. These are
compared to assess the appropriateness of each approach.

F
em

199
Geosynthetic Reinforcement, Soft Soils,

Gsbion Thrust B1oek Embankment Fill ;

I

i Geosynthetic H

i

3
i---, -.

-uHighly Compressible
Soft Soil

End Bearing Piles

1

i
.

:C
.-
,J A

i

i

I

I

i

i

L ----

Through So% Material

igure 1. A cross-section through a typical piled
bankment.

synthetic Spanning
ne Dimension

igure 2. Two-dimensional representation of the piled

bankment problem.

8 Sixth International Conference on Geosynthetics -767



Spanning
nsions
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Figure 3. Three-dimensional representation of the piled
embankment problem.

Due to the uncertainty of the subsoil behaviour it is
generally assumed that the entire vertical load of the
embankment is carried by the piles, either by soil arching
or transferred by the geosynthetic.

In order to compare design methods a parameter, the
Stress Reduction Ratio S has been defined (after Low,
Tang and Choa, 1994). The Stress Reduction Ratio is
defined as the ratio of the average vertical stress carried
by the geosynthetic p, to the average vertical stress yH

due to the embankment fill of height H:

s=~ (1)
yH

The stress reduction ratio S is written SZ~ or S3D for two-
and three-dimensional conditions respectively.

2, NUMERICAL ANALYSIS

An initial series of 2D numerical analyses was performed
using the finite difference program FLAC. A cross
section of the embankment was considered in plane strain
for which the pile is represented as a strip foundation. A

typical mesh geometry is shown in Figure 4(a).
However, the piled embankment problem is truly 3D

(Figure 3); neither plane strain nor axisymmetric analyses
accurately reproduce the behaviour. (In axisymmetric

analysis, an umbrella shaped arch resting on a single
central pile cap is produced), A second series of analyses
was performed using the 3D finite difference program

FLAC3D. A typical mesh geometry for these analyses is
shown in Figure 4(b). In 3D the arching can be thought

of as producing a dome resting on four pile caps. In both
the 2D and 3D analyses, the fill material was modelled as
linear elastic with a Mohr-Coulomb yield criterion
(E’=20MPa, v’=0.2, @’=30°, c’=5kPa and ~=20
kN/m3). The geosynthetic, installed at the base of the fill,
consisted of one-dimensional linear elastic elements
capable of sustaining axial tension but no bending (a
single line of elements in 2D and a grid of elements in 3D
with a stiffness .l = 9500 kN/m ). In the analyses

presented the subsoil was not included (which reproduced
768-1998 Sixth International Conference on Geosynthetics
the assumption made in all current design methods),

although analyses have subsequently been carried out
where the subsoil was included. The pile was assumed
rigid with the base of the mesh fixed vertically to
represent the pile cap.

For both the 2D and 3D analyses, the embankment fill
material was modelled as being installed in a number of
lifts. After each lift deformation occurs and the
geosynthetic tension increases. The analysis therefore
models an embankment constructed very slowly under
drained conditions with full consolidation of the subsoil
between lifts.

(a)

I

(b)

Figure 4. Mesh geometry for (a) 2D analyses, and (b) 3D
anal yses.
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Analyses were performed in which the pile width a to
pile spacing s ratio was varied with the fill and

geosynthetic properties held constant. The behaviour of
the system was assessed in terms of the stress reduction
ratio (Figure 5, Figure 6), the average tension generated
in the geosynthetic (Figure 7, Figure 8), and the maximum
displacement at the base of the embankment (Figure 9,
Figure 10), for 2D and 3D analyses respectively.

3. DISCUSSION OF ANALYSIS RESULTS

In both the 2D and 3D analyses, the stress reduction ratio
decreases as a/s ratio increases. This is a result of the
piles being closer together allowing arching to develop.
Also, the stress reduction ratio decreases as the height
increases until a critical height is reached after which the

stress reduction ratio is virtually constant. This behaviour
is explained by the ability of the arching mechanism to
develop as the height increases. There is a point at which
‘full arching’ develops. When this occurs the load carried
by the geosynthetic increases proportionally to the
embankment height.

The stress reduction ratio determines the maximum
displacement and the geosynthetic tension. The higher
the stress reduction ratio the larger the maximum
displacement and the larger the geosynthetic tension.

The numerical analyses presented demonstrate the
need to analyse the piled embankment in 3D rather than
2D. Comparing Figures 6 and 7, it can be seen that the

stress reduction ratio is significantly higher in the 3D

analyses than in the 2D analyses for any given a/s ratio.

Consequently, the maximum displacement at the base of
the embankment and the tension generated in the
geosynthetic are underestimated if the 3D nature of the
problem is ignored. This behaviour is intuitively correct

as the proportion of pile is less in the 3D case ( a 2/s2 )

than in the two-dimensional case ( a/s ).

4. BS 8006 DESIGN METHOD

The method used in the current BS 8006, Code of
practice for strengthened/reinforced soils and other fills
(1995) to design geosynthetics over piles was initially

developed by Jones et al. (1990), An assessment of the
degree of arching taking place in the embankment fill is
made using Marston’s formula for positive projecting
subsurface conduits (Spangler and Handy, 1973: Young
and O’Reilly, 1983). BS 8006 introduces a critical height
concept, Figure 11, with the critical height assumed to be
equal to 1.4(s – a ), where s is the pile spacing and a is
the width of the pile cap.

If the embankment height is below the critical height
Figure 1l(a), the load carried by the geosynthetic is the
embankment load reduced due to the arching in the
embankment fill plus any surcharge loading on the top of
the embankment.. For embankment heights greater than
770-1998 Sixth international Conference on Geosynthetics
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Figure 11. BS 8006 critical height concept.

the critical height, Figure 11(b), it is assumed all loads

above the critical height are transferred directly to the
piles as a result of arching in the embankment fill.

The load on the geosynthetic is assumed to be a
distributed load between adjacent pile caps and the
resultant deflected shape of the geosynthetic a parabola.

The tension in the geosynthetic, ignoring partial factors of
safety, is calculated using the following equation:

(2)

where w~ is the distributed load on the geosynthetic and

& is the strain in the geosynthetic. w~ can be calculated
using one of the following expressions, depending on the
embankment height:

For H > 1.4(s - a)

[11.4sy(s– a) z 2 P:
‘T = s–a Y

S2 –a2 0,
(3)
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For 0.7(s–a)S HSl.4(s–a)

[1s(fi+~$) s2_a2L
WT= (4)

Sz –az 0;

Where y is the soil unit weight, w. is a uniformly

distributed surcharge loading, p; is the vertical stress
on the pile cap and o,‘ is the average vertical stress at

the base of the embankment. p: /cJj can be calculated
using the following expression:

[1
2

P: _ Cca———
o: H

(5)

Where for the end bearing pile used in this study CC is

defined as:

Cc = 1.95~– 0.18 (6)
a
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Figure 15. Geosynthetic tension in 3D based on BS 8006.

Partial factors of safety have been omitted from the
above equations. No account is taken of the subsoil in
assessing the load to be carried by the geosynthetic.
BS 8006 recommends that the initial design strain
should be limited, for practical purposes, to less than
6%.

For comparison purposes the tension in the

geosynthetic was calculated for H/s ratios from 0.2 to
2.0 and a/s ratios from 0.2 to 0.8. The design strain
values used in Equation 2 were taken from both the 2D
and 3D FLAC analyses in Figure 12 and Figure 13,

respectively. The tensions determined from the

BS 8006 design method are presented in Figure 14 for
2D and Figure 15 for 3D.

A marked difference was found between the

geosynthetic tensions calculated using BS 8006 and
those resulting from the FLAC analyses.

It was found that BS 8006 overestimated the

geosynthetic tension for all geometries in 2D and
underestimated the tension in 3D. For als between

0.2 and 0.6 and with H/s between 0.6 and 1.4 the
BS 8006 geosynthetic tensions were approximately
30% lower than the 3D FLAC analysis. For the other
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geometries the difference was larger. For values of
a/s less than 0.6 BS 8006 gave a negative tension
value. If the BS 8006 partial load factor for soil unit
weight is applied, all calculated geosynthetic tensions
are 30% higher.

5. RECOMMENDATIONS FOR DESIGN

The analyses presented have been compared with
various design methods (Russell and Pierpoint, 1997).
The comparison showed that there is a reasonable
agreement with the Terzaghi (1943) and the Hewlett &
Randolph (1988) design methods. The other design
methods used in the UK, BS 8006 (1995) and Guido
(1987), appear to give results that differ significantly
from the numerical analyses for some geometries. The
most appropriate design method is dependent on the
geometry of the particular piled embankment.

The major uncertainty is the vertical load that the
soft subsoil can carry in the long term without
producing excessive settlement, This is a very difficult
prediction to make as the stiffness of the fill,
geosynthetic, piles and subsoil all contribute to the
distribution of stresses and therefore, displacement, If
the subsoil contribution is overestimated then large
settlements of the surface of the embankment can result
(Azam et al, 1990). Currently the authors recommend
a conservative approach to design with the contribution
from the subsoil calculated based on the allowable
settlement at the surface of the embankment. This

contribution may be negligible for high embankments
but can be significant for low embankments or lightly
loaded building floor slabs.

Research is underway to look at the role of the

subsoil in more detail and to provide recommendations
for design. In the mean time the use of numerical
analysis methods is strongly recommended.

5. CONCLUSIONS

A series of 2D and 3D numerical analyses have been

carried out to investigate the behaviour of piled
embankments. The analyses show large differences

between the 2D and 3D cases. A 3D model is required
to accurately model the wide range of piled
embankment geometries used in practice.

The 3D parametric study has shown that the
minimum stress reduction ratio develops at an H Is

ratio of approximately 0.5. A significantly lower stress
reduction ratio is calculated in 2D analyses.

A comparison was made between the BS 8006
design method and the 2D and 3D FLAC analyses.
BS 8006 overestimated the geosynthetic tension when
compared with FLAC 2D and under estimated the
tension when compared with FLAC 3D.

Recommendations for design have been made. The
major uncertainty is the amount of vertical load that can
be resisted by the subsoil. Due to the current lack of
772-1998 Sixth International Conference on Geosynthetics
information, the authors recommend a cautious
approach. For high embankments, the resistance from
the subsoil is likely to be a small proportion of the total
load, For lower embankments, or building slabs, the

subsoil resistance may be significant but must be
assessed with care to ensure that the long term surface
settlements meet construction specifications.
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ABSTRACT: A reinforced secondary road on the top of a 10 meter thick peat deposit has been constructed at the peat bog
of “Leteensuo” in the southern part of Finland. The secondary road contains three different reinforced test sections: two
geogrid reinforced and one geocell reinforced sections. This paper presents the description of the construction, field instru-
mentation and observations of the test sections. The bearing capacity and the settlement of the reinforced roads have been
analysed by manual calculation methods. After construction the calculations have been verified on the basis of field obser-
vations.
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1. INTRODUCTION

A secondary road (Y607) has been constructed on the top of
a peat surface using synthetic georeinforcements. The road
forms a part of the Finnish Georeinforcement Research and

Development Project, which has been introduced by Friberg
et al. (1994).

The secondary road on the top of peat contains three dif-
ferent reinforced test sections: two geogrid reinforced and
one geocell reinforced sections. The situation of the test
sections is beside the Highway between Helsinki and Tam-

pere at Leteensuo peat bog about 15 km to north-west of the
city of Hameenlinna. The private secondary road is con-
structed beside the highway at summer 1996.

2. TEST SITE

2.1 Geology

In the middle of the peat deposit of Leteensuo the thickness
of peat layer is 9...10 m and the degree of humification of it
is medium (H4-6) or high (H7- 10), Figure 1. On the edges

of the deposit the degree of humification is high (H=von
Post classification). Under the peat layers there is 5...6 m of
clay on the top of glacial till. The level of ground water is

near the ground level.

2.2 Index Properties of the Peat

The index properties of the peat samples [water content (w),

density (y), ash content (Ac), acidity (pH), void ratio (e) and

the degree of humification (H)] are presented in Figure 2 at
station number 244 (Figure 1).

The water content of the peat is about 500...1000% at the
90
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Figure 1. Profile of the secondary road at Leteensuo.

depth of 1...10 m and 300...50070 at the depth of 0...1 m.

2.3 Strength and Deformation Parameters of the Peat

The undrained shear strength of the peat has been deter-
mined by vane test (cu,) and fall-cone test (cuJ, Figure 2.

Drained and undrained triaxial tests with undisturbed peat
have been performed using standard triaxial apparatus. The
triaxial tests have been performed at a strain rate of 0,6 %/h

and with a~= 10...20 kpa. The strength and deformation pa-

rameters have been determined at strains E,= 1,6..15 7c. The

drained Young’s modulus varies between 380..150 kPa al

strains 1,6..15 70 at the depth of 0,8..1,0 m, between
360..100 kPa at the depth of 1,3..2,4 m and between 355..80

kpa at the depth of 3,1..5,3 m.
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The undrained Young’s modulus varies between 580..140

kPa at strains 1,6..15 %. Cohesion varies between 0..4 kPa

and the angle of friction between 3..19°. The peat seems to

behave like a yield hardening material, without any rupture.
The strength properties of the peat have been determined

also by direct shear tests. One dimensional compression of
the peat has been studied by means of incremental loading

and constant rate of strain odeometer tests. The results of
those laboratory tests have been presented more comprehen-
sive] y by Lojander et al. (1996).

3. TEST STRUCTURES

The secondary road of Leteensuo contains two geogrid and
one .geocell reinforced test sections.

The reinforcements have been used to increase the bearing
capacity and to reduce the settlement differences of the
road. The road embankment has been constructed by the
Finnish National Road Administration of Hiime Region.

The geogrid or geocell reinforced structures are: 1xgeo-
grid+crushed gravel (Ch 90..200 and 680..750, Fig. 3a),

Geocell+LECA (Ch 200..300, Fig. 3b) and 2xgeogrid+
LECA (Ch 590..680, Fig. 3c).

The test structures are illustrated as designed. The fulfilled
thicknesses of the aggregate layers were mainly higher than
designed. The fulfilled layer thicknesses at the instrumented
stations, 170, 240 and 650, are presented in the brackets in
Figure 3. The fulfilled layer thickness varies quite much at
the lxgrid and 2xgrid -structures. The layer thickness of the
geocell structure does not vary significantly. The layer
774-1998 Sixth International Conference on Geosynthetics
thickness has been measured by ground penetrating radar
(GPR) survey after construction.

The LECA, Light Expanded Clay Aggregate, has been
used as a light-weight fill because of the expected large set-
tlements of the road.

4. MATERIALS OF THE TEST STRUCTURES

4.1 Aggregates

In the 1xgeogrid+crushed gravel -structure there was used
crushed gravel with a grain size of O-65 mm as a bearing
layer. In the geocell structure the 500 mm high geocell was
filled with blown LECA with a grain size of 4-20 mm. In
the 2.geogrid+LECA -structure there was used about 500
mm layer of LECA with a grain size of O-65mm. Over the
LECA there was a layer of crushed gravel as a bearing
layer. Uppermost there was surface layer of gravel (O-
16mm). The strength and deformation parameters of the ag-
gregates are presented in Table 1.

4.2 Geosynthetics

Geogrid Tensar SS30 (grid A) has been used at the bottom
of the test structures lxgrid+crushed gravel and geocell+
LECA. Geogrid Tensar SR55 (grid B) has been used as a
vertical grid of the geocell structure. Geogrid Fortrac 35/20-

20 (grid C) has been used in the test structure 2xgrid+
LECA. The properties of the grids are presented in Table 2.
Waler content Ash -% (+)

% organic -% (x)
Void ratio Shear strength

kPa

o 25 50 75

soil Clay-%

O 25 50 75

Unit weight
ktwrn’

05 10 15200 400 600 Boo 1000 5 10 15 200 20 40
0

5 —

0
%

10 —

0

0
0

15

0

5

10

15

+
0

<)
0 ●

:
0

:0
0
,.
H

‘o
a. ●< +

+0

0 ●

“0

I

+ Cone

0 vane

o

5

10

15

4 ,
,,$

b,id5’3

a‘ ‘p t@A

o
:

+

+
+‘]++
+,

5
+

i

10
(

(

15

—

—

t

+

—

—

o—

5 — —

10 — —

❑

15 — —

I—
—
—

0

5

10

15

—

!
0

0

>

0
0

Peat
(H4-6)

Peat
317..10

clay

Till

IL_15 ~
L v

II . —

Figure 2. Index properties and undrained shear strength of peat and clay of Leteensuo at station 244,



Table 1. Index, strength and deformation properties of the
aggregates.

Crushed gravel LECA LECA
O-65 mm 4-20 mm 0-65 mm

y. [kN/m’] 19,45 2,99...3,07 4,49,..4,81

triaxial test

OPlcPIOlkpal 43,8 ]O 44,5 I 2 44,5 I 2

Oclcc[”lkpal 42,610 40,0 I 2 40,0 I 2

Ed50[kPa] 9...26 11...13 14...16

Ed, [kPa] 47...143 56

Polypropylene grid A is extruded biaxially drawn. Poly -
ethylene (HDPE)grid Bisextruded uniaxially drawn. Poly-
ester grid C is woven and coated with PVC. The weight of
grid A is 300 g/m’, grid B 500 g/m2 and grid C 210 g/m2.

5. CONSTRUCTION

5.1 Installation of the Geogrids

All test structures have been built during May-July 1996 in
three sections. Over the Ievelled subsoil there was first put a
needlepunched nonwoven geotextile. Over the textile there
Table 2. Properties of the reinforcements.

Label Index F~~,d &,,,,l$ JW$

strength = UTS E=216Yc
kN/m kNfm 7C kN/m

A~ 30/3oa 32,6 g,~ 7801535
Bb 551-b 50,5 10,1 9051650

cc 35120C 36,6 11,4 3051230
a. Biaxially drawn b. Uniaxidly drawn c. Woven
a. and b. NetIon Limited (1984, 1995)
c. DIN 5387, preload 5mN/tex or ASTIM 1682/B52576
d. ISO/DIS 10319.2, Tested at Helsinki Univ. of Tech.

was put the base grid A or C. In the 1xgeogrid structure and
in the geocell structure the base grid was installed in the
longitudinal direction of the road except the 4 pieces of grid
in the 1xgeogrid structure. One of those pieces was instru-
mented with strain gauges. In the 2xgrid+LECA -structure
all grids were installed in transverse direction of the road.

Grid B in the geocell structure was cut to a width of 0,5 m.
The grid was installed vertically by wooden piles and nylon
cord in the transverse direction of the road, Between the

transverse grids there were installed other vertical grids.
The grids are connected to each other with iron bars. Verti-
cal grids arc connected to base grid with cable ties, Fig. 3b.
(a)

(b)
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Figure 3. Geogrid and geocell reinforced test structures: (a) 1 x geogrid + crushed gravel, (b) geocell + LECA, (c) 2 x
geogrid + LECA. The fulfilled layer thickness are presented in the brackets.
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5.2 Installation of the Aggregates

The installation of crushed gravel and LECA of the test

structures of Ixgrid and 2Xgrid+LECA was performed by

Iorryand excavation machine. Theinstallation of LECAto
geocells was performed by blowing.

The precompaction of the aggregate layers was done by

the excavation machine with caterpillar tread. All test

structures have been compacted by a vibratory roller.

6. INSTRUMENTATION

6.1 Instruments

The test structures are extensively instrumented. The prin-
ciples of the instrumentation are presented in Figure 4.

The instrumentation and control methods include: vertical
magnetic probe extensometers, horizontal hydrostatic pro-
file gauges, settlement plates, horizontal extensometers,
strain gauges, plate load tests and falling weight de-
flectometer tests (FWD).

6.2 Installation of the Instruments

The vertical magnetic probe extensometers were installed at
stations 241,5 and 651,5 to measure the settlements of the
ground at different depths. An extensometer consists of ring
magnets sliding on a central access pipe and fixed in the
ground at preselected measuring levels. A special probe
travels within the access tube and observes the positions of
the magnets outside the tube.

To measure the settlements and the shape of the base of
the road embankment there were installed flexible PEH-
pipes for the horizontal hydrostatic profile gauges at the
peat surface at sex stations,

The horizontal extensometers were installed to stations 17 I

and 651 to measure the horizontal movements of the base of
the road embankment about 0,1...0,15 m above the surface
of the peat. The measuring units, precision potentiometers,
were installed at the centre line of the road and the anchor
plates were installed about 1,3 and 2,7 meters to the side

from the centre line of the road. When the anchor plate
moves the voltage of the potentiometer changes. The

changes are converted to millimetres by a calibration factor
determined in laboratory.

The strain gauges were glued to grids to measure the

strains of the grids at stations 170, 240 and 650. The strain

cauges were glued to the elements of the grids. The meas-

ured strains are converted to tensions of the reinforcements
by a calibration factor determined in laboratory.

At the surface of peat there were installed 4 steel plates

(1$=0,45 m) and at the surface of the LECA 2 steel plates

($=0,30 m) for plate bearing tests.
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7. RESULTS

7.1 Settlements

The settlements at the centre line of the test structures from
summer -96 to 8/97 are: 0,41 m at station 174, 0,51 m at
station 239..250 and 0,54 m at station 649. The settlements
are directly dependent on the thickness of the peat layer
(Figure 1). The measured settlements are quite near to the

manually calculated settlements during one year, Figure 5.
In this case it is really wise to use LECA as a light-weight
fill to keep the road surface over the peat surface. The sur-
face of the 1xgeogrid+crushed gravel -structure is now, 1.5

years after construction, about at the same level as the peat

surface and in this situation the drainage of the road struc-
ture is very bad.

The settlements at different depths in the ground are not
illustrated in this article, but they equal quite well to ~he

precalculated deformation distribution.



7.2 El-modulus

The E,-modulus at the surface of the peat and LECA has

been measured at stations 170, 240, 650 and 700 in 7-8/96,

9/96 and 8/97. The E,-modulus was 2..5 MPa and 27..36
MPa. The E,-modulus of the road has been measured at the
surface by plate load and by FWD-tests, Table 4. The FWD-

tests have been made at intervals of 10 or 5 m about I m to
both sides from the centre line. By plate load and FWD-test
measured El-modulus are very near each other. Plate load

and FWD-tests in 7-8/96 were made before the installation
of the surface gravel (O-16mm).

When looking at the results of the plate load and FWD-
tests one has to keep in mind that the El-modulus changes
very much at different stations along the road because of the
varying thickness of the embankment and the strength of the

peat layer. It can be seen from the Table 4 that the E2-
modulus of the structure 2xgeogrid+LECA is increasing by
the time.

7.3 Strains and Tensions of the Georeinforcements

The measuring results of the strain gauges have been con-
verted to tensions by a calibration factor ignoring the po-

tential effects of the creep of the synthetic geogrids and the
effects of the confining stress to the modulus of the grid.

The mobilised tension of the base grid of the 2xgeogrid+
LECA -structure is illustrated in Figure 6. The tandem-axle
with twin tyres is above the strain gauges. The axle-group
load of the lorry is approximately over 16 ton. In Figure (a)
there is a lorry laden with gravel on the middle of the em-
bankment (Fig. c) and there is illustrated the total mobilised
tension of the grid (=tension before the loading + tension
caused by the lorry). In Figure (b) there are the changes of
the tension of the grid caused by the lorry on the embank-
ment. In Figures (a) and (b) the continuous line illustrates
the case when both axles of the tandem-axle are loaded
(Fig. d). The dashed line illustrates the case when the whole
load is on one axle of the tandem-axle (Fig. e).

The loading with lorry was repeated with all test struc-
tures. The mobilised tension of the base grids was 4..5
kN/m in 1xgrid+crushed gravel, geocell+LECA and 2X geo-
grid+LECA -structures. The mobilised tension of the upper
grid of the 2xgeogrid+LECA -structure was about 1..1,5

kN/m. The changes of the mobilised tension of the lower
edge of the ve~ica] grid of the geocell were about 3 kN/m.

The lorry loading of the test embankments has been made
almost immediately after the construction of the embank-
ment. About 2..4 months later when repeated the loading the
mobilised tension has been lower because of the installation

of the surface of the road and the strengthening of the peat
due to the consolidation.

7.4 Deterioration of the Surface of the Test Structures

The rutting and the deterioration in the form of potholes on

the surface of the test structures have been observed ocu-
larly. The shape of the surface has also been measured by

the means of levelling. On the basis of the observations af-
ter 1 year of the construction there are mostly potholes on
the surface of the 1xgrid+crushed gravel -structure. On the

surface of the 2xgrid+LECA there are very few potholes but
on the surface of the geocell -structure there are more pot-
holes. The most rutted test structures are the 1xgrid and
geocell -structures while the surface of the 2xgrid+LECA
has behaved better.

8. ANALYSIS BY MANUAL CALCULATION

The tension of the grid of the 1xgrid structure has been cal-
culated using the methods presented by Giroud & Noiray
(198 1) and Houlsby & Jewell (1990). Both methods are for

a clay base but in the absence of a better method those are
used also for a peat base. In the calculations the next as-
sumptions have been adopted: axle load 100 kN, number of
passes 10000, rut depth 150 mm and the shear strength of
the base 25 kPa.

When using the method of Giroud & Noiray the calculated

thickness of the embankment is 0,73 m and tension of the
base grid is 8 kN/m. When using the method of Houlsby &
Jewell the calculated thickness of the embankment is 0.77 m
and tension of the grid is 10 kN/m. The calculated thickness
of the road structure is a little bit bigger than the fulfilled

thickness (=0,6 m). The calculated tensions of the grid arc

about twice as big as the measured ones (4..5 kN/m) in the
1x,grid and 2xgrid -structures.
The method of Houlsby & Jewell is based on the combi-

nation of the bearing capacity of the clay subgrade and the
effect of the horizontal stresses in the fill/clay interface, The
method of Giroud & Noiray is concentrated to the tensioned
membrane effect and the bearing capacity of the clay sub-
grade. According to the theory of Houlsby & Jewell the ten-

sion of the grid is concentrated near the loading point while
in the theory of the tensioned membrane the tension is sup-
posed to be distributed evenly to a very large area. When
Table 4. E,-modulus measured by plate load and FWD-tests at 7-8/96, 9/96 and 5/97.

FWD-tests, MPa Plate load test, MPa, Ez .VC.,:C

Station E2 , 9/96 Ez ,,,,.,., 9/96 Ez , 5/97 E, ,VC,.EC, 5/97 7-8/96 9/96 8/97

90...200 17...69 45 34...95 58 36 53 49

200...300 14,.,83 43 28...95 55 49 67 65

590...680 38...75 55 40...93 69 50 68 89
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(b) The change of the tension of the grid caused by the lorry
on the embankment.
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studying Figure 6 one can see that the tension is not very
largely distributed but the tension is concentrated quite near
the loading point.

9. CONCLUSIONS

When constructing a road on a peat area there are two main

problems: the low bearing capacity of the peat and the large

settlements. The low bearing capacity can be increased and
the differences in settlements can be reduced by geogrids. In
the case of Leteensuo an adequate bearing capacity of the
road has been achieved by a moderate low embankment
with geogrids. One and a half years after the construction of

the test structures there are no significant differential set-
tlements at the road surface.

The measured tensions of the base grids are about half of
the precalculated ones with the methods presented by
Giroud & Noiray (1981) and Houlsby & Jewell (1990). The
distribution of the tension agrees quite well with the distri-
bution assumed by the theory of Houlsby & Jewell. On the
basis of the test construction of Leteensuo it seems to be
possible to use both of the dimensioning methods of Giroud

& Noiray and Houlsby & Jewel] on the peat base.
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ABSTRACT : The paper presents case study of design and construction of 1.5m high embankment resting on 4m deep
soft marine clay subsoil layer. In order to ensure adequate initial factor of safety, it was found necessary to provide a
reinforcing fabric at the base of the fill and jute geotextile was successfully used for this purpose. Jute being biodegradable
the natural fibre fabric suffers loss of strength with time. In the present case, it was found that the post construction gain
in the undrained shear strength of the soft clay subsoil is adequate to compensate the loss in the strength of reinforcing
fabric after it is placed in the soil. Thus, the factor of safety always remains at the design level. Construction of the
embankment was completed in April 1996 and post construction monitoring showed the embankment performance to be
satisfactory.

KEYWORDS : Jute geotextile, Reinforcement, Embankments.
1.0 INTRODUCTION

A major deepwater port was developed at Kakinada in
Andhra Pradesh, India and within the port area, a highway
network was under construction for transporting cargo from
ships to godowns. At the proposed location, subsoil is soft
clay upto 4m depth and water table is at about O.5m below
the ground level. The area gets submerged during high tide.
Highways constructed earlier faced many problems during
and after construction such as subsidence of the fill during
construction, excessive post construction settlements, lateral
spreading of fill material, etc. It was observed that
sometime as much as 30% of the fill sinks into the soft
subsoil during spreading of the fill, thus necessitating use
of larger quantities of costly granular fill material, pushing
up the cost of construction.

In order to mitigate the above problems, various
alternatives were examined among which jute geotextile has
shown itself to be a promising one from performance as
well as cost considerations. The use of geotextiles to
improve the perfomnance of embankments over soft subsoil
is an effective and well tried form of reinforced soil
construction. Geotextiles may be used to improve

i) embankment stability against bearing capacity
failure

ii) stability against slope failure through the
foundation
iii) allow controlled construction over very soft or
difficult foundation soils and make possible more
uniform settlement of the embtient.

iv) act as separator between the embankment material
and soft subsoil

v) function as drainage blanket for draining of pore
water during consolidation.

Reinforcement on soft soil is most effective when placed at
or close to the foundation surface.

Factor of safety of embankment is usually at its lowest
during and immediately after construction and increases
thereafter. The increase is a function of the gain in strength
of the soft clay. Thus, reinforcement has to be effective
only for a short term, the duration depending on the
consolidation characteristics of the soft clay layer. In such
cases, long term durability of the geotextile reinforcement
is of secondary concern.

The reinforcement is needed essentially to improve the
stability during construction phase and in the period of
consolidation during which the soil attains the required
strength. The concept, shown in fig (1) is given by

Jewell (1996) and forms the basis of design in the present
instance.
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Figure 1 : Variation in factor of safety of fill on sofi
ground, with and without reinforcing fabric. Based on
Jewel (1996)

The primary loading from an eznbardunent is due to the self
weight of the embankment fill, which cam horizontal
stresses in the fill , which in turn produce lateral forces
(i.e.) outward shear stresses. The resulting outward shear
stresses which act on the foundation surface reduce the
bearing capacity of the foundation subsoil. Hence, the
primary role of the reinforcement is to resist the outward

shear stresses and relieve the foundation of the effect of
lateral forces, thereby increasing the allowable height of the
embankment. A layer of reinforcement placed in the
embankment would resist lateral displacemem by exerting
au inward shear stress on the foundation surface thus reduce
the lateral spreading of the foundation soil. Since the
geotextile is placed between the embardunent fill and the
subsoil, it also performs the function of separator thereby
eliminating the possibility of the soft subsoil squeezing
upward into the costly granular fill. This geotextile along
with a sand cushion also acts as a drainage layer
facilitating the escape of pore water during the
consolidation phase.

1.1 Properties of Subsoil

The subsoil upto a depth of 4m from the ground level is
mairdy clay with occasioml mixture of sil~ sand . The
average liquid limit and plasticity index we~ 60 and 28
percent respectively. The soil in general was found to have
a natural moisture content ranging from 70 YCto 80% with
bulk density varying from 1.3 Mg/m3 to 1.45 Mg/m3.
Average undrained shear strength of the soil was found to
780-1998 Sixth International Conference on Geosynthetics
be 6.0 kN/m2 from in-situ vane shear tests, compression
index (CC) 0.225 and coefficient of consolidation (c,)
2.0x107 m2/ sec.

1.2 Design Aspects

Design of geotextile used for reinforcement is based on the
methodology given by Jewel (1996) and is as follows:

Height of fill (H) = 1. 5m
Unit weight (-y) = 16.6 kN/m3 ,
Angle of internal friction @ = 30°

Depth of foundation soil D = 4.0 m
Undrained cohesion ~ = 6 kN/m2

Thus vertical stress due to fill (uv) = 16.6 x 1.5 = 24.9
kNlm2.

Factor of safety (FS) against bearing failure for the
unreinforced embankment.

= CNC _ 6x3.14
— = 0.75

yH - 24.9

Nc = 3.14 in the unreinforced state.

Thus, the bearing capacity is not adequate without
reinforcement at the base level. By providing a geotextile
reinforcement, the bearing capacity factor, NC increases to
7r+2=5.14

and the factor of safety works out to

6 X 5.14
= 1.23

24.9

which is a satisfactory value.

The horizontal force to be resisted by tension in the fabric
is estimated as

Pa = K,71-P/2

. 0.33x 16.6x1.5x 1.5 ——6.16 kN/m
2

Hence, required design tension in the fabric = 6.16 kN/m

For a fabric having a tensile strength of 20 kN/m, the
factor of safety available is 3.2 and is thus adequate. Once

the embankment is in place, the soft clay consolidates and
improves in shear strength.

With an average c, = 2x10-7 mz/see, the time required for

90% consolidation works out to 205 days or about seven
months.
.



Settlement was estimated to be the order of 175 to 200MM,
by using standard calculations. ,:..

Strength gain at the end of consolidation is of the order of
ASU = 0.18 X Au: = 0.18 x 24.9 = 4.48 kPa
Average undrained mhesjon at the end of consolidation
would thus be of the order of (6.0 + 4.48) say 10 kpa.
Factor of safety of the embankment at the end of
consolidation without any reinforcing fabric would thus be

FS = 10”3”14 .
16.6” 1.5

1.26 which is satisfactory.

Thus the use of an even a relatively low strength geotextile
helps to maintain the factor of safety at an acceptable level
of 1.26.

At the end of 7 months, when the strength gain due to

consolidation has occurred, the increased shear strength of
the subsoil ensures the minimum required factor of safety.
The strength of fabric is no longer needed to provide
reinforcing effect.

3,0 CHOICE OF FABRIC

In the preceding section, it was demonstrated that a fill can
be built on the soft clay by placing a geotextile fabric and
a low strength one is adequate. A variety of such
geotextiles are manufactured from petroproducts.
However, in certain areas of the world, natural fibres such

as jute, coir, sisal, kenaf are being increasingly studied and
evaluated for use in various geotechnical engineering
applications. The objective of such efforts is to make use of
desirable properties of above fibres, make a wider variety
of fabric products available for geotechnical engineers
where suitable use can be found and in some instances with
cost advantage, provided performance criteria are met. The
5th international conference on geosynthetics held in
September 1994 in Singapore devoted a special session to
Natural Fibre Fabrics. This session has clearly impressed
the engineers with the potential of mtural fibre fabrics for
use in geotechnical engineering applications. These fabrics
compliment the range of applications of petrobased fabrics.

Since jute is available in India in abundance, a United
Nations Development Programme (UNDP) sponsored
project on the “Development and Promotion of Jute
Geotextile” is in progress in India covering the period
1992-1997. The Indian Jute Mills Association (IJMA) is the
coordinating agency for the project. Development of jute
and jute based geotextiles, their evaluation and
characterization and the use of such fabrics in full scale
experimental constructions form objectives of the project.
Efforts were concentrated on carrying out full scale field
experiments to demonstrate and evaluate the capabilities of
selected varieties of jute fabrics for use in surface erosion
control of slopes, draimge, separation and to a limited
extent, reinforcing function. The fact that jute fabric is
biodegradable, with a limited life and deteriorates in a short
period of about two years was always kept in mind in the

planning and operation of the project and choice of
experimental installations. Full scale field experiments
covering these applications have been implemented at

different locations in India. Ramaswamy (1994) presents in
detail the application of jute geotextiles in erosion control,
drainage as well as reinforcement.

As explained in section 1 and shown in design in section
2, in the present instance, it is adequate if the reinforcing
function of the fabric is available for period of seven
months. The use of fabric has essentially helped in
overcoming problems in the placement of the fill and initial
low factor of safety. Thus, fabric with a limited Iiie can be

tried in this project and its performance evaluated by the
field trial. Accordingly, jute geotextile fabric having the
basic properties given in Table 1 was chosen for use in the
project.

Table 1 : Properties of Jute Geotextile

S.NO Property Test Value

1 Thickness 3mm

2 Weight 750 gsm

3 Tensile Strength 20 kN/m

4 Elongation 30%

5 Puncture Resistance 350 N

6 Overlap length 30 cm

The woven jute geotextile fabric was treated with
cuproammonium sulphate to increase resistance of the
fabric to biodegradability. Talukdar et al ( 1994) have
studied the influence of various chemicals such as copper
mphthemte etc. with acrylic binder on the resistance to
microbial attack when buried in soil. The results were very
encouraging and showed that jute fabrics treated with
selected chemicals have better resistance to microbial ar.tack
under conditions of burial in soil. Venkatappa Rao et al

(1994) have shown on the basis of a carefi,tl study that the
decrease in the narrow strip tensile strength of soil
embedded in soil and remaining in submerged condition is
only of the order of 35% after four months. Mohiuddin
(1994) provides data to indicate that in jute fabrics mated
with copper naphthenate and such other chemicals, the loss
of strength is retarded. Thus, it was reasomble to consider
that jute fabric used would serve the reinforcing function in
adequate measure, in the design life of 7 months.
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4.0 INSTALLATION OF GEOTEXT’ILE

At present, jute geotextile being an experimental product is

available in roll width of O.75m only. Hence, fabrics were
stitched at site, using a portable stitching machine to obtain
the requisite width. The stitching opemtion was easy,
reliable and fast. Before spreading the geotextile, the site
was cleared of any extraneous materials and tree/plant
roots. A layer of sand 150 nun thick was spread to serve

as a levelling course. The geotextile was laid with its warp
direction (strong direction) parallel to the width of the
embankment. Top width of the embankment was 7. Om and

side slope 1 V1to 2hl. A trench of size 0.5 x 0.5m was dug
in the soil at either toe line of the embankment and along its
length . To provide anchorage, the geotextile was placed
in the trench. The trench was back filled with sand placed
in layers and compacted. The fabric was stretched manually

after spreading on the ground so as to render it free of
wrinkles and establish good contact with soil and fill. An

overlap of O.30m was provided between two rolls of
geotextiles. After spreading the geotextile and anchoring it

along the edges, a sand cushion of 30 cm thick was placed
to protect the geotextile from damage due to moving
vehicles. Placing of fill upto the requisite height was done

by rear dumping and spreading. The fill was then
compacted by a 6 ton roller. Nearly 300 m of embankment
was built under the programme. Consrrucaon of the
embankment was completed in April 1996. Settlements
were obsemed subsequent to the construction. Simple
standpipe type settlement gauge was installed for this
purpose. It was found that the settlements conformed to the
estimated value. The physical condition of the fill and its
surface were ,monitored periodically and were found to be
satisfactory.

The cost of jute geotextile used in the project is of the order

of Rs. 18/- or US$ 0.50 and thus proved to be highly
economical compared to products based on petrochemicals,
which are costlier in India.

5.0 CONCLUSION

An embankment was built on soft clay subsoil, using

geotextile as a reinforcing layer at the b~e. the geotexti~
was required to serve as reinforcing fabric for a period of
7 months only, Subsequently the strength gain in the soft
clay was adequate to keep the embankment stable. The
performance of the fill was found satisfactory. The project
demonstrates that where site conditions enable the designer
to rely on reinforcing properties of geotextiles for a limited
time period, it is possible to use mtural fibre geotextile in
such applications. This has the effect of finding suitable
range of conditions where mtural fibre based geotextile can
be used in geotechnical applications.
782-1998 Sixth International Conference on Geosynthetics
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PERFORMANCE OF GEOTEXTILE REINFORCED EMBANKMENTS ON
VERTICALLY DRAINED SOFT MUDS
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ABSTRACT: Twenty kilometres of flood protection embank

of Hong Kong, using woven polyester geotextiles as basal r
accelerate consolidation of the muds. An extensive instrument
of the embankments. This paper outlines the design and cons
are given, and performance of the embankments are discusse

KEYWORDS: Case Study, Embankments, Soft Soils, Geote

1 INTRODUCTION

The northwestern part of Hong Kong contains a broad

alluvial floodplain. Development of this low-lying area
Figure 1. Location of the Site
ments have been constructed on soft muds in the north-west

einforcement. Prefabricated vertical drains were installed to
ation programme was carried out to monitor the performance
truction of the embankments. Typical instrumentation results
d.

xtiles, Pre-fabricated Vertical Drains

improve the drainage systems. The case study presented in
this paper consisted of the construction of three drainage
channels of width 125m to 480m, and of lengths
generally requires the construction of raised platforms. C) respectively. Small embankments 4m high were
Provision of major flood drainage is essential for land use constructed on each side of these drainage channels over
planning as flood discharges develop rapidly due to heavy an area which had been used extensively for fish farming,
rainfall in the wet season. with small bunds forming the boundaries of the ponds.

A series of drainage channel projects are being carried out Figure 1 shows the location of the site.
in these areas to alleviate the flood problem and to
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2 GEOLOGY

The geology of the area comprises muds overlying older
alluvial sediments which rest on residual weathered rocks
of volcanic or meta-sedimentary origin. The stratigraphy of

the site can be categorised as follows:
Fill: generally granular in nature and exists in the bunds of

the fish pond area, with thickness varying from 1 to 3
metres.
Pond deposits: generally a very soft to soft dark brown to

dark grey silty clay exists at the bottom of the fish ponds
for a depth of 1 tol.5 metres.
Estuarine/Marine deposits: generally a very soft dark grey
to black silty to sandy clay with shell fragments, with
thickness from 2 to 8 metres.
Alluvial clay/silt: genemlly a firm to stiff light grey to

pinkish brown with reddish brown mottled sandy silty clay
with varied depth.
Alluvial sand/gravel: generally a medium dense to dense

grey to brownish yellow/light grey silty/ gravelly sand with
varied depth,

The thickness of the alluvium was between 10 to 30
metres, It does not possess a uniform succession of strata,
but varies from location to location. The insitu materials

below the alluvial deposits are coarse tuff/gramodiorite.
Figure 2 shows the geology of the site.

3 DESIGN AND CONSTRUCTION

The embankments were formed by filling on the existing
Parameters for Preconsolidation Pressure P: (l@a) NC

Settlement Compression Ratio C./ (l+eO) 0.15 -0.3

Analysis Recompression Ratio C,f (l+eO) 0.015-0.03
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Figure 2. Geology of the Site

ground. For embankments constructed over soft muds, the
stability of the embankments has been improved by a
combination of measures, i.e. installation of prefabricated

vertical drains (PVD), application of geotextile
reinforcement, staged construction with wide berms and
partial removal of pond deposits. As the preconsolidation

Table 1. Geotechnical Design Parameters

pressure of the alluvium was generally higher than the

embankment load, most of the settlement occurred only in
the marine sediment. The soil parameters adopted for the
embankment design are summarised in Table 1. In general,
they are on the conservative side.

I
Type of Deposit

Marine Deposit AlluviaI Clay Alluvial Silt Alhrvial Sand Alluvial GravelDesign Parameters

Unit Weight (kN/m3) 16 19 20 19 19

Shear Strength Short Undrained Shear
Parameters Term Strength

Su (kPa) 10 40 40

Long Effective c’ (kPa)

Term Cohesion
3 4 0 0 0

;;:;:: ‘ng’e ‘f 4’(Deg) 25 33 33 35 35
150-300 150-300

0.11-0.16 0,12-0,18

0,015-0.025 0.018-0.03 -



found to malfunction after installation, and yielded erratic
A typical cross section of the embankment, showing the

layout of the geotextiles, prefabricated vertical drains and
instrumentation, is shown in Figure 3. The construction
adopted both “partial removal of pond deposits” and “no
excavation” approaches. The primary basal reinforcements
used were a layer of woven polyester geotextile (two
different brands) of characteristic strength of 800kN/m or
laying the black top of the service road on the crown of the
embankment could be determined.

4.1 Piezometers

Pneumatic piezometers were widely used in this project.
They are simple to read and can be read from a station

which is remote from the work area with little interference
to the construction activity. However, they are not robust
and some of the piezometers were damaged during

construction. A number of the pneumatic piezometers were
600kN/m. A second layer of woven polyester geotextiles
were used as a separator with characteristic strength of 400

kN/m or 200kN/m. Two different types of PVD (grooved

and spun core) were installed to a depth of approximately
15 metres through the marine deposits, to accelerate the

consolidation of the foundation soil.

HYDROSEEDINQ
\

results. Therefore it is important to consider the use of
more than one type of piezometer for cross checking. For
future projects it would be advisable to install some

standpipe piezometers to supplement pneumatic piezometers
at selective locations for reference.

r
COPING

~ MANQROVE
Figure 3. Typical Section of the Embankment

4 INSTRUMENTATION

An extensive network of geotechnical instrumentation was
installed, to monitor ground deformation and groundwater
pressures during construction of the embankments. More
than fifty cross-sections (at 100 metres interval) along the
embankments were monitored using pneumatic piezometers,
inclinometers (with and without extensometers) and
settlement plates, during and after construction.

For embankments constructed over pond and

estuarinelmarine deposits, monitoring of the excess pore
water pressure dissipation within the mud was critical for
controlling the filling rate of the embankment. In addition,

there were fish ponds along both sides of the channels, and
lateral movement of the soft deposits may have damaged
the bunds of the fish ponds. Thus it was important to
monitor this movement. It was also important to measure
the settlement of the mud over time, so that the timing of
4.2 Inclinometers and Extensometers

Inclinometers were installed to monitor the magnitude and
the rate of lateral movement of the foundation soils below
the embankment. Casing inclination data were provided in
two mutually perpendicular near-vertical planes. Horizontal
deformation of the transverse sections was of particular
interest as the behaviour of the embankment would be
assumed to be in plane strain.

Extensometers were used in conjunction with

inclinometers to monitor the changing distance between two
to four positions beneath the vertical axis of a particular
section, i.e. vertical compression of the foundation soils.

Two different types of extensometers were used, i.e. spring

anchor extensometers attached outside the inclinometer
casing, and flexible corrugated polyethylene pipe with
induction coil rings where inclinometer casing was inserted
inside the pipe. As the accuracy of extensometers is only

10-20 mm. Settlement plates are a useful alternative.
4.3 Settlement Plates

Settlement plates were used to quantify the magnitude of
settlement of the embankments with time. Two types of
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fill level has reached a full height of approximately 4
settlement plates were used, i.e. shallow settlement plates
and deep settlement plates. The shallow settlement plate

was a lm x lm steel plate welded to a hollow tube which
was extended with fill height, installed at the base of the
embankment before filling. The deep settlement plate was

a 110 mm diameter circular plate welded to an steel bar,
which was also extended, and installed at the base of the

soft deposits by drillhole. The settlement of the plates were

monitored using Suweying techniques throughout

construction. The difference between the settlement
measured by the shallow and the deep settlement plates
represented the actual settlement of the layer of the soft
deposits at any time.

The accuracy of the plate settlement measurement using
conventional surveying equipment was found to be close to
millimetres.

5 TYPICAL INSTRUMENTATION RESULTS

A typical set of instrumentation results is shown in Figures
4 to 9. Figure 4 summarises the locations of all the
instrumentation. The fill level was increased to
approximately 4m at the crown in October 1995, as
indicated in Figure 5, and a typical set of piezometer

measurements shows that the excess pore pressure has built
up slowly, and then dissipated over the next three months,
as shown in Figure 6. This indicates that the prefabricated
vertical drains were working satisfactorily. The ground
E - EXTENSOMETER
I - INCLINOMETER

P - PIEZOMETER

SP - SHALLOW SETTLEMENT PLATE

Figure 4. A Typical Instrumentation Section
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rate of settlement became insignificant. Figures 7 & 8

show the settlement monitoring results at the crown (by

extensometers) and at the berm (by settlement plates). The
total settlement which occurred at the crown of the
embankment was about 150mm, while the settlement which

occurred at the berm was about 70MM.

Two plots were employed for the interpretation of
inclinometer data. The ‘cumulative’ plot gave a more

graphic representation of the actual deformation pattern and

was most commonly used. The ‘change’ plot, which plots
the gradient of the ‘cumulative’ plot, accentuates the
location of the deformation zone, which is useful to identify
the shear zone (squeezing) and its magnitude. In general,
the shear deformation is expressed in degrees. Figure 9
shows typical cumulative and shear deformation plots in the
transverse direction for the inclinometer at a typical section.

The plane on which the maximum shear strain occurred
was at about 2m below the existing ground level. From the

drilhole records, this level coincided with the location of
the interface between fill and marine deposits. The
magnitude of the maximum shear strain was less than 1
degree.

6 PERFORMANCE OF EMBANKMENTS

The performance of the embankments has been assessed
from the monitored behaviour of the instrumentation, The
water re-established at a new level after that, and then
flutuated with seasonal changes. Figure 7 shows the

increase in settlement, from the monitoring data of the

settlement plates, in response to the increase in pore water
pressure during the same period. The increase in settlement
reduced when the pore water pressure stabilised, and the

metres. The excess pore water pressures within the marine
deposits have dissipated satisfactorily, with an undissipated

pore water pressure of only about 5-10 ld?a. In general, the
settlement plates have provided reasonably good

information on the compression of the marine deposits.
The shallow and deep settlement plates indicated that the
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settlement for the marine deposits at the embankment
crown was between 250mm to 350mm, depending on the
thickness of marine deposits, which ranged between 4m to
6m. At the berm of the embankment, the settlement

measured by using extensometers was between 60mm to
150mm with thickness of the marine deposits ranged from

6m to 8m. In general, the rate of settlement was

insignificant 4-6 months after the end of construction. The
inclinometer with extensometer was used to monitor the
horizontal and vertical deformation of the ground at
I
J

~—2%ck,.% .29-Sq.% I
——

r I —1

selected locations. At this site it was used to monitor

the lateral movement of the earth bunds adjacent to fish
ponds. It was found that squeezing of the marine deposits
underneath the embankment occurred at the interface

between the stiffer alluvium and the marine deposits. In
general, the cumulative deformation ranged from 30mm to
100mm along the drainage channel. The maximum shear
deformation, in general, occurred at the interface of the
marine deposits and the alluvium, with a magnitude of

between 0.5° to 2°.
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the construction pace, and to provide data for measurement
of quantities.

The performance of the embankments was very much
better than the calculated performance assumed in design,
reflecting the conservatism in the choice of soil parameters.
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7 COMPARISON OF PERFORMANCE It is suggested that a way forward to improve the
economy, efficiency and effectiveness of the design of

To assess the effectiveness of the performance of the embankments on soft soil foundations in Hong Kong is to
embankments, four cases of trial embankments on soft soil construct a trial embankment, to define the critical
foundations, which employed similar reinforcement conditions, and to conduct back analyses, so that the design
materials or had similar site conditions as Hong Kong, were parameters can be more accurately determined.

Table 2. Comparison of Embankment Performance
SoftClay

Case ReinforcementMaterial Su(kNlm2) Berm Fill Height (m)
Rft. Strain Rft. Load

Depth (m) (%) (%)
PVD

1986France Polyester 30 Const. 24 Yes 7 2.5 50 No

Test Embankment Woven 225/60 (4.5m) 8.75 (failed)

1989Canadian Polyester 30 Const. 10 Yes 4 2 No

Test Embankment Woven 216 (3.5m) 8.2 (failed)

5-10 Linearly Increase ,2 Yes
of Int. Sym. on Trial Embankments on Malaysian
1982Hong Kong Polyester Polypropylene
Deep Bay Woven 200/200 Ratio 0.25

HDPE Geogrid 80
1988 Malaysia

Trial Embankment 5-10 Linearly Increase
HDPE Geogrid 110 x 2 Ratio 0.3

1995Hong Kong Polyester Woven 800/100
DSD Contract A

reviewed (Delmas, Ph. et al (1992), Rowe, R.K. et al

(1994), Cowland, J.W. et al (1997) & Malaysian Highway
Authority (1989)).

A comparison of the performance of these trial

embankments and the Hong Kong embankment are
summarised in Table 2. Although the reinforcement load
and strain in the Hong Kong embankments have not been
measured, the comparison does indicate that the design of
the geotextile reinforcement for these flood protection
embankment was conservative.

8 CONCLUSIONS

The use of vertical drains in combination with basal
reinforcement proved to be a cost-effective means to

construct embankments over soft ground without removal
of the muds.

Both types of polyester woven reinforcement geotextiles
and the prefabricated vertical drains that were used
performed satisfactorily. They enhanced the short-tenu

stability of the embankments and accelerated the time of
consolidation of the muds.

Instrumentation plays a important role during construction

to ensure safety of the construction work, allow control of
35 9 No
(0.8m)

No 6 5 40
Yes (Not

14 Functioned)

Yes
8.50 2 25x2 Yes (Not

(3m) Functioned)

10 Yes (2m) 4 Yes
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Influence of Geometry and Construction Sequence on Reinforced
Embankments on Soft Soils
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ABSTRACT: In order to study the influence of some parameters, namely the embankment geometry and construction
sequence, on the geotechnical behaviour of reinforced embankments on soft soils, a numerical model based on the finite
element method is used. The settlements, horizontal displacements, stresses in the reinforcement (geosynthetic) and global
stability are analysed. Several conclusions are indicated.

KEYWORDS: Embankments, Finite Element Analysis, Reinforcement, Settlement Analysis, Soft Soils.
1 INTRODUCTION

In this paper, the influence of two parameters - embankment
width and construction sequence (Fowler and Haliburton,
1980; Christopher and Holtz, 1985; Haliburton et al., 1982;
Koerner and Welsh, 1980; Ingold and Miller, 1988; Holtz,
1990) - is studied.
A numerical model based on the finite element method

(Borges, 1995) is used and, basically, its theoretical

hypotheses are: a) validity of the plane strain conditions; b)
coupled formulation of the flow and equilibrium equations

considering the constitutive relations (elasto-plastic models)
formulated in effective stresses (extension of Biot’s
consolidation theory); this formulation is applied at any
phase of the problem, either during the embankment
construction or in the post-construction period; c) utilisation

of the critical states model [p,q,e] (Lewis and Schrefler,

1987; Borges, 1995) to simulate the constitutive behaviour
of the foundation and embankment soils; d) utilisation of a
hardening elasto-plastic model to simulate the
<<instantaneous>> constitutive behaviour of the
reinforcements; e) simulation of the viscous behaviour of

the geosynthetics (time-dependent constitutive relations)
using a theological model based on the serial association of
Kelvin’s units; f) simulation of the constitutive behaviour of

the soil-geosynthetic interfaces using a hardening

elasto-plastic model.
These studies involve the numerical results of a reference

embankment, reinforced and unreinforced (analyses 1A and
1B, respectively). Firstly, the results of these cases are
compared to the results of other two cases (analyses 2A and
2B) which are similar to the first ones except to their width,
that is smaller. Secondly, having the purpose to verify the
influence of the way each embankment layer is constructed
(in this case, starting, or not, from its extremities to its
middle), the results of other analysis (3A) are
introduced.
2 DESCRIPTION OF REFERENCE PROBLEM

The analyses 1A and IB are similar except in the fact that
the first one has a reinforcement in the embankment base
and the second one does not. They model a 28 days
continuous construction of an embankment of 2 m height,
symmetric, with a final platform of 10.6 m width and slopes
inclined V/H=2/3. The foundation is a 5 m depth saturated
clay that lays on a rigid and permeable soil (lower boundary
of the problem). Figure 1 shows the finite elements mesh.
Only the 2D elements are represented; the geosynthetic and
the soil-geosynthetic interfaces are modulated by
one-dimensional elements put between the foundation and
the embankment elements.

The embankment construction was simulated activating
successively the elements that form the different
embankment layers. Four layers of 0.5 m were considered.
Total time of construction was 28 days (7 days by layer).

Figure 1. Finite element mesh

The constitutive relations of the embankment and of the
foundation were simulated using the critical states

model [p,q,t3] with the parameters indicated in Table 1.

Tables 2 and 3 show other geotechnical properties and the
depth variation of the coefficient of earth pressure at rest,

~, and of the over-consolidation ratio, OCR, in the
foundation.

Figure 2 shows the mechanical behaviour of the
geosynthetic and soil-geosynthetic interfaces (elastoplastic
1998 Sixth International Conference on Geosynthetics -789



models). The geosynthetic thickness is 2 mm and its elastic

modulus is 1.5x106 kPa. Normal and tangential stiffnesses

of the soil-reinforcement interfaces are 2.OX107 kpa and

1.6x104 kpa, respectively.

Table 1. Parameters of the critical states model [p,q,t3] for

the foundation and the embankment
1 k r N

Foundation 0.22 0.02 3.26 3.40

Embankment 0.03 0.005 1.80 1.817

Table 2. Geotechnical properties of the foundation and the
embankment

y (kN/m3) v’ 4’ r)
Foundation 17 0.25 30

Embankment 20 0.30 35

Table 3. Coefficient of earth pressure at rest, ~, and
over-consolidation ratio, OCR, in the foundation

Depth (m) % OCR

o-1 0.7 2.43

1 -1.8 0.7- 0.5 2.43-1

1.8-5 0.5 1
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Figure 2. Constitutive curve of the: a) geosynthetic;

b) soil-geosynthetic interface
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3 INFLUENCE OF EMBANKMENT WIDTH

Because the 2D character of the problem, it is natural that
the alteration of the embankment geometry - namely the
embankment width - influences the behaviour, either in
terms of displacements or in terms of global stability.

To study this question two analyses were done (2A and
2B), which are, as said, similar to the reference analyses
(1A and lB), except to their width, that is smaller (see
Figure 3).

4=1

Figure 3. Embankment geometry

Relatively to the geosynthetic traction forces, Figure 4
shows that their maximum values are similar (either at the
end of construction or at the end of consolidation) in the 1A
and 2A analyses, which shows that the maximum value of
the traction, as explained by Borges (1995), does not
significantly depend on the embankment width. Increasing
this parameter, only increases the area of the geosynthetic in
which the traction force has approximately a uniform value
(similar to the maximum one), in the middle zone of the
embankment base.

Relatively to the embankment settlements (Figure 5), one
can see that, in terms of decrease of maximum value of the
settlements due to the geosynthetic, this decrease can be
more effective in larger embankments. However, the
influence on the differential settlements under the
embankment platform can be observed in both cases. It is
interesting verify that the maximum settlement value
increases with the embankment width (different geometry of
the problem determines different stresses in the foundation
and, consequently, different maximum settlement value at
the end of the consolidation).

In terms of global stability, it should be noted that the
embankment geometry, namely the b/h relation (see
Figure 6), influences the type of failure surface that can
occur, i.e., the probability of occurring a failure surface as
the one presented in Figure 6a (without cutting the
embankment and the reinforcement) is greater when the b/h
parameter has a small value. In this case the geosynthetic
does not directly contribute with its strength to the global
stability, so the embankment width can determine the role
of the reinforcement on failure mechanism.

Using the numerical results and limit equilibrium

assumptions, h can be obtained the failure surfaces
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Figure 4. Influence of the embankment width on the
reinforcement forces: a) at the end of construction; b) at the
end of consolidation
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Figure 5. Influence of the embankment width on the
embankment settlements at the end of consolidation
concerning the four analysed cases. Figure 7 shows those
(cylindrical) surfaces and the respective global stability
coefficients, at the end of construction. These calculations
were done by a computer program that, in each analysed
cylindrical surface, compares acting and failure tangential
forces (obtained from the results of the numerical model
and the strength characteristics of the materials).

The results show that the increase of the global stability
due to the reinforcement (comparing 1A to lB and 2A to
2B) is less effective for small values of b/tt because failure
surfaces could be similar to the one represented in
Figure 6a. It was the case of 2A analysis.
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Figure 6. Influence of embankment width on the type of
global failure
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Figure 7. Failure surfaces and respective global stability
coefficients (F) at the end of construction.

4 INFLUENCE OF CONSTRUCTION SEQUENCE

To verify the influence of the way each embankment layer
is constructed (temporal and spatial evolution), the results
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of other analysis (3A) are introduced. This analysis is
similar to the reference one, 1A, except in what concerns
the construction sequence of each layer (see Figure 8).

From the analysis of the numerical results, it can be
concluded that the most important alterations concern the
long time settlements (Figure 9a). These settlements are
significantly reduce in terms of maximum and differential
values.

The reason of that behaviour (Borges, 1995) is related to
the fact that, at the end of construction, the distribution of
excess pore pressures in the middle of the foundation
loaded zone is more uniform. This fact implies a decrease
of the shear strains in the foundation, which, consequently,
leads to the reduction of settlements (as seen in Figure 9a)
and of horizontal displacements, as it can be seen, for
example, at the vertical line 3.2 meters distant from
symmetry line (Figure 9b).

ACKNOWLEDGEMENTS

The writers acknowledge the funding for the work
reported in this paper that was provided by the
PRAXIX/2/2. l/CEG/42/94 project.

REFERENCES

Borges, J. L. (1995) “Aterros sobre solos moles refor~ados
com geossint~ticos - An61ise e dimensionamento”, PhD
Thesis in Civil Engineering, Faculty of Engineering,
University of Porto, Portugal.

Christopher, B. R. and Holtz, R. D. (1985) Geotextile
Engineering Manual, Federal Highway Admnistration,
Washington, D.C., FHWA-TS-86/203, 1044 pp.

Fowler, J. and Haliburton, T. A. (1980) “Design and
Construction of Fabric Reinforced Embankments”, The
Use of Geotextiles for Soil Improvement, Preprint
80-177, ASCE Convention, pp. 89-118.

Haliburton, T. A.; Lawmaster, J. D. and Mcguffey, V. E.
(1982) Use of Engineering Fabrics in Transportation
Related Applications, Final Report Under Contract No
DTFH61-80-C-O094 .

Holtz, R. D. (1990) “Design and Construction of
Geossynthetically Reinforced Embankments on Very
Soft Soils”, International Reinforced Soil Conference,
Glasgow, pp. 391-402.

Ingold, T. S. and Miller, K. S. (1988) Geotextiles
Handbook, Thomas Telford, London.

Koerner, R. M. and Welsh, J. P. (1980) Construction and
geotechnical engineering using synthetic fabrics, John
Wiley and Sons, Inc., New York.

Lewis, R. W. and Schrefler, B. A. (1987) The Finite
Element Method in the Deformation and Consolidation
of Porous Media, John Wiley and Sons, Inc., New York.



Design Guidance for Reinforced Soil Structures with Marginal Soil
Backfills

Barry R. Christopher, Ph. D., P.E.

Christopher Consultants, Roswell, Georgia, USA

.lorge G, Zornberg, Ph. D., P.E.

GeoSyntec Consultants, Huntington Beach, California, U.S.A.

lames K. Mitchell, Ph,D., P.E.

Virginia Polytechnic Institute and State University, Blacksburg, Virginia, U.S.A.

ABSTRACT: Use of’ marginal, poorly draining backfill to construct reinforced soil structures offers significant advantages
for numerous applications. This paper reviews the issues associated with using such soils with an emphasis on the use of
permeable inclusions as a design alternative to provide internal drainage of the reinforced ~,one. Case histories

demonstrating the successful use of permeable inclusions for addressing both internal and external seepage problems are
presented, Adverse conditions of excessive moisture and pore water pressures within the poorly draining backfill are
identified. Finally, preliminary guidance for reinforced soil structures using poorly draining backfills is provided to account
for these adverse conditions in their design,

KEYWORDS: Reinforcement, Design, Seepage Control, Shear Strength, Drainage.
1 INTRODUCTION

Granular soils have been the preferred backfill material for

reinforced soil construction due to their high strength and
ability to prevent development of pore water pressures.
Stringent specifications regarding selection of granular
backfill are provided, for example, by the United States
FHWA guidelines (Elias and Christopher, 1996). However,
if granular fills were not readily available, or if substantial

cost benefits resulted from relaxing till specifications,
p{mrly draining soils (e.g. silty or clayey soils) have been
used in practice, In these cases, proper understanding of the
conditions leading to wetting of the fill and to the
development of pore water pressures is imperative for an
adequate design.

Although marginal soils have been successfully
re Inforced using impermeable reinforcements (e.g.
geogrids, woven geotextiles, metallic reinforcements),

failures have also been reported. These failures generally
occurred it’ the generation of pore pressures or seepage
related conditions were not correctly addressed during
design (Mitchell and Zornberg, 1995).

A promising approach for design of reinforced
marginal soils is to promote lateral drainage in combination
with soil reinforcement. This may be achieved by using
geocomposites with in-plane drainage capabilities or thin

layers of granular soil in combination with the geosynthetic
reinforcements. This design approach may even lead to the
elimination of external drainage requirements. The
potential use of permeable inclusions to reinforce poorly

draining soils is well documented (e.g. Tatsuoka et al.,
1990; Zornberg and Mitchell, 1994; Mitchell and Zornberg,
1995). The focus of this paper is on the implementation of
this technology by providing design guidance based on
experience gained in recent case histories. Emphasis is
placed on the identification of the adverse conditions that
may result in wetting and pore water pressure cieveloprnent
within the reinforced marginal fill.

This paper initially identifies the problems related to
the use of marginal soils and the potential use of permeable
inclusions as a design alternative. Next, experiences from
the technical literature and by the authors on recent case
histories are presented. Finally, preliminary guidance is
provided, considering the identified adverse conditions,
regarding the design of reinforced soil structure using
poorly draining backfills.

2 BACKGROUND

2.1 Reinforcing Poorly Draining Backfills: Identification of
Adverse Conditions

Significant problems are associated with the use of marginal
soils in reinforced soil construction, The use of
comparatively wet soils leads, for example, to construction
problems associated with compaction difficulties during
placement. However, the most serious concerns are related to
stability problems associated with the potential development
of pore water pressures or loss of strength due to wetting
within the reinforced fill mass. The following three adverse
conditions of pore water pressure generati(m and/or loss of
1998 Sixth International Conference on Geosynthetics -797



strength due to wetting are of’ concern when reinforcing
poorly draining backtills (Fig. 1):

Coildition (a): Genera liott of pore water pressures within
the t-ei@rced ,fill, When fine grained, poorly draining
soils are used in reinforced soil construction (particularly
if’ placed wet of’ optimum moisture), excess pore water
pressure can develop during compaction, subsequent
loading, and surcharging, The designer must then
account for these pore water pressures for the evaluations
ot’ stability and consolidation-induced settlements.

Corlditio]l (b): Wetting ,jront advancing into the reinforced

,fill. This is the case for fills placed comparatively dry

(i e. no pore water pressure generation is expected during
construction). However, loss of soil shear strength may
occur due to wetting of’ the backfill soils as a
consequence of’ post-construction infiltration. This loss

(Jt’ strength due to wetting could be expected, even it’ no
positive pore water pressures are generated and no
seepage tlow configuration is established within the fill.

ComJitiotl ((): Seepage configuration established within the
t-eii!fhrced fill. Seepage tlow may occur within the
reinforced soil mass, for example, in the case of sliver
fills constructed on existing embankment side slopes and
cut slopes in which infiltration occurs from the adjacent
ground, Significant seepage forces may occur either
during rainy or spring thaw seasons. Water level
fluctuations and rapid draw down conditions can also
induce seepage forces in structures subjected to flooding
or constructed adjacent to or within bodies of’ water.
Seepage forces may also occur during ground wetting.
inducing an additional destabilizing effect to the loss in
shear strength described by Condition (b).

2.2 Reinforcing Poorly Draining Backfills: Permeable
Inclusions as Potential Design Alternative

The potential benetits of using marginal soils to construct
steepened slopes are significant and include:

● reduced cost of structures that would otherwise be
constructed with expensive select backfill;

● ireproved performance of compacted clay structures that
would otherwise be constructed without reinforcements;
and

● use of’ materials, such as nearly saturated cohesive soils
anti mine wastes. that would otherwise require disposal,

However, the significant benefits of using poorly
draining soils as backtill material can be realized only if a
proper design accounts for the three adverse conditions listed
in Section 2.1. The use of permeable reinforcements is a

potential design alternative to properly handle these

conditions, as follows:
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Condi[ion (a): Pore water pressures generated during
construction within the reinforced poorly draining fill
could be dissipated if the geosynthetic inclusions are
used not only as reinforcements, but also aS lateral

drains. New applications In the use of geosynthetics for
stabilization in land reclamation projects could be
developed. For example, acceleration of’ drainage of
hydraulically dredged materials could be achieved,

Cmdition (b) A problem frequently reported fc>r
embankments of (unreinforced) compacted cohesive
soils is the development of surface tension cracks and the
subsequent loss of’ soil strength due to soaking. The
wetting front and development of surface tension cracks
have been observed by the authors and (~tller
investigators (Tatsuoka et al., 1990) to extend only down
to the region above the first geosynthetic layer. It’ the
reinforcement is permeable, water that might normally
accumulate in the crack can drain when the crack reaches
the first layer of reinforcement.

Condition (c): Permeable reinforcements can prevent the

development of’ flow configurations with destabilizing

seepage forces within the embankment fill, Internal

drainage is of particular concern in roaci widening
projects, because of’ the potential water seepage from cut
slopes into the reinforced fill. Although the adverse
effect of seepage forces in engineered slopes could be
prevented by designing special drainage systems, a more
economical design alternative is to combine drainage and
reinforcement capabilities by using permeable
reinforcement elements.

In addition to addressing stability problems, the use of’
permeable inclusions may also be of benefit during
construction. Wet soils typically must be dried to provide
desired compaction levels and associated design strengihs.
However, it has been verified that permeable inclusions

(e.g. nonwoven geotextiles) help in the compaction of the

Fig. 1. Different conditions of concern in reinforced
soil slopes using poorly draining backfills.



fill both by allowing better distribution of’ the compaction
effort and by draining excess pore water pressure induced
during compaction (Indraratna et al., 199 l; Zornberg et al.,
1995 ). On several projects, water has even been observed
seeping out of the geotextile during compaction of such

soils placed wet of’ optimum. The most significant
Improvement in compaction has been reported for low
plasticity clayey and silty soils. Although some compaction
improvement has been observed in plastic soils, the
intluence would not be nearly as significant. In either case,

drying may still be required to facilitate placement and

compaction, especially in very wet soils. Test pads are

recommended to determine the actual placement

requirements and compaction improvements. The increased

rate of settlement would also expedite the construction of
structures with a low tolerance for settlement (e.g. roads,
bridges and buildings) that may be supported by the
reinforceci structure.

3. EXPERIENCE IN THE USE OF REINFORCED

POORLY DRAINING FILLS

Although there are no generally accepted design guidelines

for reinforced soi I structures using marginal soils, good

performance has been observed in cases where the
generation of pore water pressures within the fill was

mitigated. The observed performance of a 5.6 m high
experimental structure built using silt backfill in Rouen,
France is a good example (Perrier et al., 1986). Pore water
pressures were monitored within the silt backfill. The
structure consisted of’ sections reinforced with woven
geotextiles and a section reinforced with a composite

nonwoven/geogrid. Fig, 2 shows positive and negative pore
water pressures as a t’unction of time recorded at different
locations within the fill. The pressure sensor behind the
ret nfbrcetnent region recorded placement excess pore water
pressures of’ as much as 60 kPa at the end of construction.
Along the woven geotextile, 3.5 rn from the wall face,
positive pore water pressures on the order of 20 kPa were
registered at the end of’ construction and dissipated in 350
days. Along the composite geotextile, on the other hand,
negative pore water pressures were registered over the
entire length of the reinforcement, even at the end of
construction. The negative pore water pressure recorded for
the geocornposite most likely developed due to the ability
of’ the geosynthetic to maintain partial saturation in the soil
or to the unsaturated condition of the geosynthetic itself’.
Pore water pressures along the composite geotextile were
systematical Iy lower than those recorded along the woven
textile.

Permeable reinforcements were also used to control
pt~re water pressure during construction and to accelerate
post-construction consolidation as part of the
reconstruction of’ an embankment in Pennsylvania (Wayne
et al,. 1996). A sink hole developed in a section of state
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route SR54 due to the collapse of an abandoned railroad
tunnel. The traditional repair would have involved the
removal and replacement of the [5 m high embankment,
However, the native soil (a sandy clay of’ high moisture
content) was deemed unsuitable backfill due to potential
stability and settlement problems. Consequently, due to the
high cost of granular fill as replacement material(estimated

as $ 19.60/m3), the Pennsylvania DOT decided to use
geosynthetics to provide both drainage and reinforcement
to the native soil used as till. The estimated cost savings are

$200,000 (based on an as built cost of’ $4/m~ for the nal.ive
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Fig. 2. Pore water pressures (u) in the Rouen
reinforced wall, along a woven and a nonwoven/geogrid
composite, within a silty backfill (redrawn after Perrier
et al., 1986).



soil plus the geotextile). Based cm the results of field tests
used to evaluate pore pressure response, a nonwoven
geotextile was selected to allow pore pressure dissipation

in the native soil, The geotextile, with an ultimate strength
of’ 16 kN/m, also provided reinforcement to the 1.5H: IV
side slopes, Placement of geotextiles at each compacted lift
(0.3 m spacing, i.e. O.15 m drainage path), led to full
dissipation of pore water pressure within approximately 4
days, Only approximately 25% of the pore water pressures
were dissipated during the same time period in zones that
did not contain geosynthetics, Piezometers installed at the
base and middle of the slope confirmed the test pad results.
Fig. 3 ShOWS the development and subsequent dissipation

of pore pressure during and following construction of the
embankment. Geotextile deformations in the side slope
were monitored and t’ound to be less than the precision of
the gages (~ IYcstrain ).

There is also ~[>od evidence that permeable
(Teosynthetic reinforcements can reduce the influence of’e

external seepage behind the reinforced soil mass (e.g. in cut
slope applications). Recent centrifuge model studies
evaluated the performance of unreinforced and reinforced
steep slopes constructed with clay (Mahmud, 1997).
Seepage was induced into the reinforced clay by
maintaining a constant water level at the back of the
structure, Measurement of pore pressure across the base of
the structure, indicated a lower phreatic surface if the slope
was constructed using permeable geosynthetic
reinforcements than if the slope was unreinforced (Fig. 4),

The use of permeable reinforcements to reduce external

seepage problems was also demonstrated in a recent project

which included one of’ the highest geotextile-reint’orced

slopes in the U. S. (Zornberg et al,, 1995), As part of a

highway widening project, the Federal Highway

Administration constructed a permanent, 15.3 m high
ueotextile-reinforced slope, Several characteristics weree
unique to the design: the structure was higher than usual

(~eotex[ile-reinforced slopes, it involved the use of’ both ae
high modulus composite and a nonwoven geotextile, and it
was constructed using indigenous soils (decomposed granite)

as backfill material. Internal drainage was a design concern
because of the potential seepage from the fractured rock
mass into the reinforced till, and because of the potential
crushing ot’decomposed granite particles that was anticipated
to reduce the hydraulic conductivity of tbe fill, Widening of
the original road was achieved by converting the existing
2H: 1V unreinforced slope into a 1H: IV reinforced slope,
The final design adopted a high strength composite geotextile
in the lower half of’ the slope and a nonwoven geotextile in
the upper half. Pie~ometer measurements indicated that a
seepage flow configuration did not develop within the
reinforced soil mass even during the spring thaw, when
seepage water infiltrated from the backsl ope fractured rock
Into the reinforced fill,

Additional evidences that good structure performance
is dependent on maintaining a low water pressure in poorly
800-1998 Sixth International Conference on Geosynthetics
draining backfills was provided by Tatsuoka et al. ( 1990)
and Mitchell and Zornberg ( 1995). However, practice has
led theory, and a consistent design methodology fbr design
of reinforced soil structures using poorly draining backfills
has not been developed yet.
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Fig. 3. Pore water pressure measurements in the SR54
reinforced slope (redrawn after Wayne et al., 1996).
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4. DESIGN GUIDANCE

4. I General Considerations

Good performance in reinforcing marginal soils depends on
accounting for excess pore water pressure development
within the fill material. Design criteria involved in the use
of reinforcement-drainage geocornposites differ from those
developed for conventional soil reinforcement applications.

A total stress analysis, considering soil parameters

representative of placement conditions, usually has been
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adopted in the analysis of impermeable conventional
reinforcements, The design generally leads to the use of
reinforcements with a comparatively high tensile strength
to account for a low soil shear strength and the presence of
seepage forces. Reinforcement embedment length is
comparatively large to account for reduced pullout
resistance. External drainage of’the rei nf’orced soil structure
has often been considered as part of the design to intercept
{~rc)undw:lter at the back of the structure.~

The general design philosophy for permeable inclusions
that is proposed in this paper is that transmissivity of the
~~eosynthetic~ ]nclusion should be selected so that the
geosynthetic inclusions can carry the full in-plane flow

without developing positive pore water pressures along the
soil-reinforcement interface, While it is also possible to
design fbr positive pore water pressures at the interface, such
a design requires evaluations that are beyond the scope ot’
this paper. Consequently, the design procedure described
below is only for reinfcmced soil structures in which the
reinf(wcement transmissivity is conservatively selected so
that flow is not impeded within tbe geosyntbetic. The
proposed design methodology assu]mes no build up of excess
pore pressure within the permeable reinforcements.

Tbe analysis should account for the three adverse
conditions listed in Section 2. I in order to determine the
tensile strength and pullout requirements. The general design

phi Iosophy proposed herein is to consider a two-phase
evaluation:

Am(lj’si.s (i) in each adverse condition is performed ignoring

the drainage contribution provided by the reinforcements.

This is a total stress analysis which considers that stability
is mostly provided by the reinforcements with minimum
contribution ot’ the soil shear strength. Due to the
conservative nature of this assumption, a relatively low
design factor of safety is suggested.

AIIa/ysis (ii) in each adverse condition is performed
accountin: fully for the drainage contribution provided by
the reinforcements (i.e. zero pore water pressure is
considered witbin the reinforced fill for analysis purposes).
Considering that no pore water pressures are assumed to
develop, this is an effective stress analysis. Design factors
of safety used in conventional engineering practice are
considered in this case.

4.2 Designing for Condition (a): Pore water Pressures
Generated within the Reinforced Fill

There is good evidence that geosynthetics with adequate

transmissivity and vertical spacing on the order of every

compaction lift or every other compaction lift (e.g. 200 to
300” mm) can dissipate excess pore pressure along the

interface of the permeable inclusions during construction
(Bourdillon et al., 1977). However, excess pore water
pressures may develop within the soil mass between
geosynthetic layers during construction, especially if highly
plastic soils are used as backfill material. Considering the
difficulty in accurately evaluating the distribution of pore
water pressures generated during construction a two-phase

analysis is proposed. These analyses, summarized in
Table 1, are as follows:

i) Total stress analysis ignoring reinforcement lateral

drainage. This analysis neglects the dissipation of pore
water pressures through the permeable inclusions to
provide a conservative estimate of the stability of the
structure at the end of construction. Considering the
short-term condition and the conservative assumptions
in this analysis, a thctor of safety of 1. I is
recommended. This analysis determines minimum
reinforcement requirements that will preclude collapse
during construction of tbe structure. That is, it provides
reinforcement requirements for a short-term situation
in which stability is provided mostly by the tensile
forces in the reinforcements with only a minor
contribution by the undrained shear strength of the
backfill. The undrained soil shear strength of the
backfill for this analysis should be based On
unconsolidated undrained (UU) triaxial tests, The

specimens should be prepared at representative field

densities and moisture placement conditions, and

tested at these placement conditions under project-

speciflc confining pressures. Although the authors

consider testing under unsaturated conditions is an

adequate approach, testing under fully saturated

conditions represents an additional degree ~}f

conservatism that the designer may consider on a

project-specific basis.

ii) Effective stress analysis accounting for full lateral
drainage by the reinforcement. Full drainage of the
reinforced fill is assumed for the long-term conditions.
This analysis provides a realistic evaluation of the

long-term stability of the structure, because dissipation

of pore water pressures generated during construction
should have occurred through the permeable
inclusions. This analysis determines the minimum

reinforcement requirements that wit I provide adequate

stability under long-term conditions foiiowing

dissipation of pore water pressures generated during
construction of the structure. It is emphasized that the
transmissivity of the reinforcements should be selected
so that generation of pore water pressures is prevented
at the soil-reinforcement interface. Typically, the soil
shear strength should be based on isotropically
consolidated undrained (CIU) triaxial tests performed

on saturated samples with pore pressure measurements
or on consolidated drained (CD) triaxial tests. The
long term design factor of safety typically required f{]r
reinforcement of granular fills (e.g. 1,3 to 1,5) should
be used in this analysis.



Table 1. Summary of Analyses for Reinforced Soil Structures with Poorly Draining Backfills

Condition

b) Wetting ,frottt

advancitlg it}[0
reitIfiJrcd, fill

c) Seepage flow

cm&urutiort
cs~abiishd with itl
reir!f[~rcdfill

Characteristics Analysis i: Analysis ii:
Ignoring lateral drainage Accounting f orfull drainage

Type of analysis: Total Stress Effective Stress
Case: Generation of’pore pressures due Long-term drained condition due

to short-term loads to lateral drainage
Design Criteria: FS= 1.1 FS=l.3tol.5 (*)
Reinforcement Ignored in analysis Conveys fully the tlow from
Transmissivity: consolidation process

Soil shew strength: @and c from UU tests, @’and c‘ from CIU or CD tests.
Specimen condition: as placed Specimen condition: saturated

Type of analysis: Total Stress Total Stress
Case: Loss of shear strength due to Unsaturated condition

soaking maintained due to permeable
reinforcements

Design Criteria: FS=l. I FS=l.3tol,5 (*)

Reinforcement Ignored in analysis Prevents advancement of wetting
Transmissivity: as defined by testing

Soil shear strength: @and c from CIU tests. @and c from CIU or CD tests.
Specimen condition: saturated Specimen condition: highest

anticipated moisture

Type of analysis: Total Stress Effective Stress

Case: Development of seepage forces Saturation of fill, without
within fill development of seepage forces

due to permeable reinforcements

Design Criteria: FS=l.1 FS=l,3tol.5 (*)

Reinforcement Ignored in analysis Conveys fully the seepage
Transmissivity: flowing into the backfill

Soil shear strength: @and c from CIU tests. ~’ and c‘ from CIU or CD tests,
Specimen condition: saturated Specimen condition: saturated

‘“]Design criteri~l for Analysis (ii) should be selected based on design guidelines for reinforced soil structures with granular backfill
The reinforcement tensile strength eventually selected
is the higher value obtained from analyses (i) and (ii).
Moreover, the minimum reinforcement length selected for
design should be the larger value defined from the two
analyses, Note that the analyses described above address
internal stability, However, the required length of the
reinforcement must also consider external stability of the
structure. External stability should consider the undrained
soil shear strength for the fill retained behind the reinforced
zone it’ it is to be constructed with similar marginal fill, For
cut slopes appropriate pore water pressure assumptions
should be made for tield conditions,

It should be noted that an effective stress analysis
could have been proposed to evaluate the short-term
stabi Iity of the structure, instead of the total stress Analysis
(i). An etlecti ve stress analysis would more accurately
account for the in-plane drainage capacity of the
~~eosynthetic~ and the corresponding increase in soil

strength. Also, an effective stress analysis would facilitate
evaluation of the backfi II placement rate that would lead to
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an acceptable stability factor of’ safety during c(mstruction.
The dit’ficulty in this approach is the accurate determination
of the pore water pressures within the fill. They could be
estimated from direct measurements in field trials (e.g. lest
pads) or sealed laboratory specimens (one lift thick with a
geosynthetic on the bottom and top connected to drain
lines) subjected to stress levels anticipated during
construction. Alternatively, pore pressures could be
theoretically estimated based on one-dimensional
consolidation theory and the assumption of full saturation
of the backfill material during construction. An evaluation
of this approach is beyond the scope of this paper.

4.3 Designing for Condition (b): Wetting Front
Advancing into the Reint’orced Fill

As loss of strength may occur because of a wetting front
advancing into the fillreinforced Geosynthetic
transmissivity requirements should be establ ished to avoid



advancement of’ wetting front for expected conditions. A
two-phase analysis is also proposed in this case. These

analyses, summarized in Table 1, are as follows:

I) Total stress analysis ignoring the effect of’ lateral

drainage in preventing advancement of a wetting front.
This analysis is performed using shear strength
properties of the reinforced soil mass defined using
saturated specimens. The results of this analysis

provide a estimate of the stability of the structure

under an advancing wetting front. This analysis is

conservative because the backfill is assumed fully
saturated, which should not occur in actual practice
because the wetting front is intercepted by the
permeable reinforcements. Consequently, a factor of’
safety of 1, i is recommended in this case. Water
pressure that may develop as water fills surface cracks
(induced by desiccation, freeze/thaw, or slope
movements) should be accounted using boundary
water pressures in the analysis.

ii) Total stress analysis accounting fbr the effect of lateral

drainage in preventing advancement of a wetting front.

The total shear strength is defined from unsaturated
specimens prepared at the highest moisture anticipated
in the fill. Note that the total shear strength defined
from unsaturated specimens should be higher than the
effective shear strength of’ the fill. A total stress
analysis is considered in this case, instead of an

effective stress analysis, in order to account for the
beneficial effect of’ the negative pore water pressures
1n the unsaturated reinforced fill. The shear strength of
the reinforced fi11 above the top reinforced layer
(which may become saturated) should be obtained
t’rom saturated specimens. This analysis provides a
realistic evaluation of the stability of the structure
because it accounts for the lateral drainage of the
geosynthetic reinforcements.

4.4 Designing for Condition (c): Seepage Configuration
Established within the Reinforced Fill

Post-construction pore water pressures could be
(>enerated by a seepage configuration developing within thee
backfill material. Such a tlow configuration may develop
seasonally during rainy periods or during spring though. A
seepage configuration may also develop due to water level

fluctuations in structures subjected to tlooding or
constructed adjacent to or within bodies of water. Finally,
seepage forces could be induced by surface water
infiltration. The seepage contlguration can be determined
t’or an unreinforced embankment using tlow nets for
seepage analysis. Transmissivity requirements in the
geosynthetlc inc]usi~ns :lt-e such that each reinforcement

should convey fully the flow quantity it intercepts (as
estimated from a tlow net defined in an unreinforced
slope). A two-phase analysis is also proposed in this case.
These analyses, summarized in Table 1, areas follows:

i) Total stress analysis ignoring reinforcement lateral

drainage. This analysis considers seepage forces
defined from a flow configuration that would develop
in an unreinforced slope. The results of this analysis
provide a conservative estimate of the stability of the
structure during a seasonal rapid configuration of
seepage flow within the fill. The conservatism of this
analysis is because ( I) the backfill is assumed as fully
saturated, which may not occur in actual practice, and
(2) the seepage configuration does not account for the
lateral drainage provided by the reinforcements.
Therefore, a relatively low factor of safety of 1, I is
recommended in this case (note that seepage forces are
considered in the analysis).

ii) Effective stress analysis accounting for till]
reinforcement lateral drainage. Full drainage of the
reinforced fill is assumed for the typical condition of
the structure. This analysis provides a realistic
evaluation of tbe long-term stability of the structure
because it accounts for the lateral drainage of the
geosynthetic reinforcements. No seepage forces are
considered to develop within the reinforced fill if the
reinforcements provide adequate internal drainage.

As indicated, the transmissivity and number and location
of layers should be selected so that the geosynthetics have in-
plane drainage capacity to accommodate the full seepage
tlowing into the reinforced fill. Otherwise. external
c~roundwater and surface water control systems (e.g. base anda
back drains and surface collectors) must be incorporated into
the design. The soil shear strength in the two analyses (total
and effective stresses) should be determined using saturated
samples in order to account for the potential loss of shear
strength under soaked conditions.

4.5 Reinforcement Requirements

Mechanical and hydraulic properties that must be
characterized for alternative reinforcement-drainage
geocomposite systems include: tensile strength, pullout

resistance, drainage, and filtration. These four
characteristics should be carefully evaluated and quantified
in order to assess the overall performance of the structures
under consideration, The evaluations include at least the
following considerations:

● Tensile strength requirements of the geosynthetic,
determined as indicated in Table 1, will be typically
higher for reinforcement of marginal fills than

conventional free draining material, Consideration

should be given to soil creep in the determination of
long-term design strength.
1998 Sixth International Conference on Geosynthetics -803



● Pullout resistance, which require special consideration
due to the potential development of pore water pressures
at the soil/reint’orcement interface and to the creep
potential ot’ cohesive soils. For the total stress analyses
in Table 1, total stress shear strength properties should
be used. For the effective stress analyses, effective shear
strength properties should be considered.

● Transmissivity requirements should account for the
different conditions indicated in Table I (i.e. the tokd
flow induced by consolidation or seepage must be
accommodated without inducing positive pore water
pressures within the reinforcements). There is good
evidence that transmissivity values equivalent to those of
needlepunched nonwoven geotextiles are adequate to
freely drain cohesive type soil and dissipate excess pore
pressure along the ]nterface, provided spacing is onthe
order of every lift or every other lift of compacted soil
(e.g. Bourdi]lonetal., 1977) .Theyshoul dalsobehigh
enough to prevent advancement ot’a wetting front. Test
pads could be used to evaluate the suitability of selected
geosYnthetics, Increased transmissivity may be required

based on flow net analysis of externally induced seepage
(Condition c).

● Filtration requirements needed to minimize clogging of
the ,geocomposite should also be evaluated. Design
guidance is provided in Holtz et al. ( 1997) and Koerner

(1994).

5 CONCLUSIONS

Marginal poorly draining backfill can be used to safely
construct reinforced steepened slopes provided internal and
external seepage forces have been accounted for in the
analysis. Adverse conditions include: (a) the generation of
pore water pressures within the reinforced fill (either
during construction or subsequent loading); (b) a wetting
front acivancing into the reinforced fill, which may cause
loss of soil shear strength in a fill initially placed in a
comparatively dry condition; and (c) a seepage tlow
configuration established within the reinforced fill due to
seepage from the retained soil or fluctuations in the water
level for structures constructed adjacent to or within bodies
of water.

Reinforcements with in-plane drainage capabilities
otfer a design alternative for mitigating these adverse
conditions, A two-phase analysis is proposed when using

permeable reinforcements to account for both short and
Iong-tertn conditions. Although the design approach is
supported by theoretical soil mechanics, it relies heavily on
field experience. Therefore, an element of conservatism is
inherently included in the proposed methods. Further
refinement of this guidance is being developed by the
authors in order to provide quantitative transmissivity
requirements for the case of pore water pressures
cieveloped during construction. Recommendations are
804-1998 Sixth International Conference on Geosynthetics
provided herein regarding the selection of soil shear
strength properties and design criteria for the analyses.
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ABSTRACT: Sabkha soils are well distributed over many parta of the world. Paved roads constructed on sabkha
terrains often suffer different classes of damage due to the low load-canying capacity of sabkha deposits, especially
when becoming wet. This calls for the improvement of sabkhas prior to any construction. An experimental program
was conducted to assess the performance of a problematic sabkha soil from eastern Saudi Arabia and to improve its
strength using ditTerent techniques. In this paper, the effkcta of chemical additive type, dry density, moisture content
and exposure conditions on the strength and deformation characteristics of the sabkha are presented. The results
indicated that the sabkha had an acute water sensitivity depicted by a complete loss of strength when the samples were
compacted at moisture contents other than the optimum value or when the sabkha was inundated with water. The
results also showed that cement and lime had a marginal effect on the strength of this sabkha while geotextile
si~lcantly enhanced its load-bearing capacity.

KEYWORDS: Sabk@ Geotextile, Subgrade, Chemical Stabilization%Water sensitivity.
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1 INTRODUCTION

Sabkha is originally an Arabic expression to describe
indefinitely saline flats that are underlain by sand, silt
and clay, and often encrusted with salt. It is an
equilibrium surface whose level is largely controlled by
the prevailing climatic and hydrological conditions
(Johnson et al. 1978). These soils are defined as the
subaerial evaporite flats that border partially landlocked
seas (called coastal sabkhas), or cover a number of
continental depressions (called inland or continental
sabkhas), both types usually form under hot and arid
climates; and are associated with shallow gronndwater
tables (A1-Amoudi 1995).

Sabkha is widely distributed in the Arabian Peninsula,
especially in the well-populated cities along the Arabian
Gulf and Red Sea coasts (A1-Amoudi et al. 1992). Along
the western and southwestern shores of the Arabian Gulf,
these soils are generally viewed as unconsolidated,
heterogeneous, layered or unlayered sediments, that are
bathed in highly concentrated brines. Their outer
surfaces are generally composed of hydroscopic salts
which when dampened, can render the normally stable
surface crusts impassable. These characteristics make
the sabkha susceptible to collapse upon flooding.

Sabkha soils are not contined to the Arabian
Peninsula, but are well distributed over the globe with
various nomenclatures, and often highly bewildering
(Ellis 1973). Sabkha extends over many parts of the
Middle East, including Egypt, Sudan, Libya, Tunisi%
Algeria and Ethiopia. Sabkha also exists in India,
Australi% Southern AfriQ Mexico as well as in
California, Utah and Texas in the USA (A1-Amoudi et
al. 1997).

1.1 Characteristics of Sabkha Soils

During the last two decades, with the upsurge in oil
prices, the Arabian Gulf countries have gone through a
spectacular phase of both industrirdization and
urbanization. Inevitably, some of this construction was
located on sabkha flats and, therefore, several problems
developed in road construction, such as cracking,
ravening, formation of huge potholes and rutting

~~ and Majidzadeh 1988), despite the fact that the
necessary precaution had been taken. A major
contributo~ factor is the very low bearing capacity of the
sabkha soil, which often leads to the formation of
depressions and excessive differential settlement (Al-
Amoudi et al, 1995), The stilcial layers of sabkha
deposits are well known for their generally low strength,
with SPT N-values of O to 8, rarely exceeding 10. In
addition, there are three other concerns when dealing
with sabkha soils (A1-Amoudi et al. 1995). Firstly, the
concentrated nature of sabkha brines, which is often four
to six times that of a seawater from the same vicinity,
can be drawn into the permeable layers of a construction
(such as a road) by capillary action and can recrystallize
therein, causing expansion and blistering at the surface.
secondly, the severe climatic conditions, under which



sabkha deposits usually develop, can contribute to the
instability of the sabkha soil by phase alteration. Lastly,
the mineral graina in the aabkha matrix are bonded
together by cements that are somewhat water-soluble,
such as halite, gyp- anhydrite andlor aragonite, thus
making the sabkha susceptible to collapse upon wetting.

These characteristics mean that sabkha soils do not
comply with routine design requirements, as neither
their bearing capacity nor compressibility meet normal
Constmctional practices (A1-Amoudi 1994). Such a
situation calls for the improvement of sabkha soil prior
to any constmction to avoid future problems. A recent
search of the literature (A1-Amoudi 1995) indicates that
lllitlly deep soil densitication techniques (i.e.
Vibroflotatiom vibroreplacemen~ dynamic compaction,
etc.) have been implemented for large-scale
constructions, with varying degrees of success.
Chemical stabilization, using cement, lime and
emulsio~ did not bring a guaranteed improvement for
all types of sabkha (Aiban et al. 1996). Geotextiles have
also been used to stabilize sabkha soils in both
preliminmy laboratory studies and the field. Despite the
reported success achieved through the use of geotextiles
as a means of reinforcing the sabkha soil and/or drainage
control, practicality and durability remain the critical
factors (A1-Amoudi 1994). Presently, there is relatively
meager information on the usage of geotextile for
aggregate basdsubbases constructed over weak soils,
such as sabkha. Such applications are of great potential
to the construction indus~ in the Arabian Gulf and
elsewhere.

This research program was initiated when lime and
cement ftikd to stabilize a problematic “clayey” sabkha
soil. Therefore, gedextdes wem proposed to improve
the M&bearing capacity of this sabkha. Accordingly,
an experimental program was initiated to assess the
performance of sabkha soil with and without geotextde.
Although there are currently many parameters under
investigation, the paper reports the effect of density,
moisture content and exposure conditions (i.e. as-molded
vs. soaked) on the strength and deformation
characteristics of sabkha soils.

2 EXPERIMENTAL PROGRAM AND RESULTS

The sabkha sample was retrieved from the gigantic Ar-
Riyas sabkha in eastern Saudi Arabia. The
characteristics of this sabkha have been described in
detail by A1-Amoudi et al. (1997) and Johnson et al.
(1978). The soil was collected to embody all the layers
up to the water table excluding the salt crust. Atler
being transported to the laborato~, the soil was spread
on plastic sheets for air drying and the lumped pieces
were broken down using plastic hammers until all the
806-1998 Sixth International Conference on Geosynthetics
material passed ASTM # 4 sieve. The soil was thereafter
thoroughly mixm allowed to air dry and stored in
plastic drums until testing.

2.1 Geomorphology of the Sabkha

The sabkha surfhce was observed to be covered by non-
crystallized, pure halite layer 3 to 4 cm thick. A layer of
brownish clay with anhydrite impurities was the second
layer in succession and had a thickness of 2 to 3 cm. A
band of anhydrite of about 6 to 7 cm thick was
encountered followed thereafter by dark brown clay that
had an apparent plasticity and contained some cubical
crystals of clear halite (sodium chloride). Thereafter, a
layer of halite cubes was encountered at a depth of 20 to
22 cm. The water table is shallow and was encountered
at the top of the halite layer which is only 20 cm below
the ground surface. Some air bubbles were observed
after excavation indicating the presence of artesian flow.
The sabkha layering is shown in Figure 1.

Figure 1. Layering characteristics of the sabkha.

2.2 Sabkha Classification and Compaction

The USCS and AASHTO systems were used to chissifjJ
the sabkha soil. In addition to water, the
characterization tests were conducted using sabkha brine
from the same vicinity. The grain-size distribution
curves are shown in Figure 2. The plastic limit values
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Fi~e 2. Grain-size distribution of the sabkha.

were 21°A and 28% when distilled water and sabkha
brine were used, respectively. The corresponding
plasticity indices are 17.1’%and 13.4’XO.Based on the
sabkha brine results, the soil is classifkd as CL and A-6
according to the USCS and AASHTO systems,
respectively.

The modified Proctor (i.e. compaction) test (ASTM D
1557) was used to determine the maximum dry density

(~d -) ~d optimum moisture content (wA. The
California-bearing ratio (CBR) test (ASTM D 1833) was
conducted for samples prepared at different moisture
contents to assess the moisture sensitivity of the sabkha.
The variation of the dry density and CBR values with the
molding moisture content is shown in Figure 3. The
CBR results clearly indicate the acute water sensitivity of
the sabkh, the as-molded CBR value could reach 64 on
the &y side of optimum while on the wet side of
optimw the CBR was as low as 3 only. In addition, the
CBR at the w@ was much lower than those at lower
moisture contents. Furthermore, the soaked CBR did not
exceed 2 regardless of the molding moisture content.

2.3 Chemical Stabilization

The CBR results in Figure 3 indicate a complete loss of
strength when the samples were compacted on the wet
side of optimum at a moisture content corresponding to
95% of the yd-. The complete strength loss calls fOr
stabilization of the sabkha prior to its usage. Different
percentages of porttand cement and lime were used to
increase the strength of the sabkha and improve its water
sensitivity, however, the improvements cannot be
considered significant. The results in Figure 4 reveal
that only the addition of 10% cement cq at best, double
the maximum unsoaked CBR value after 7 days of
curing. These additions reduced the water sensitivity of
the sablQ but could not bring out significant
improvements as compared with other sabkhas where an
increase in the strength in excess of ten times has been
reported (Aiban et al. 1996; A1-Amoudi et al. 1995). It
was, therefore, decided to use geotextile to improve the
bearing capacity of this sabkha.
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Figure 3. Variations of dry density and CBR values with
molding moisture content for untreated sabkha.

2.4 Mold Fabrication

At present, relatively meager information has been
developed concerning the use of geotextiles as
reinforcement in aggregate bases or under foundations.
This is particularly true when using weak and
heterogeneous soils, such as sabkhas, as part of a
pavement layer system. The only documented laboratory
work on the use of geotextiles with sabkha soils is that of
Abduljauwad et al. (1994). However, the mold used in
their investigation was relatively small and had a
diameter of only 320 mm. In this experimental program,
a large-scale setup was fabricated at the University
central workshop to conduct “representative” tests on
sabkha soil reinforced with locally-produced geotextiles.
The setup consists of a stainless steel mold having a
diameter of 750 mm and a height of 350 mm with a wall
thickness of 6.4 mm. The mold rests on a square
stainless steel plate having the dimension of 1100 x 1100
mm and 16.5 mm in thickness, Stainless steel material
was used in the setup because of the chemical
aggressivity of the sabkha. To soak the samples, four
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Figure 4. Variation of&y density and unsoaked CBR
values with moisture content for sabkha samples treated
with 100/0cement or lime.

holes were made in the lower portion of the mold which
were cmnected to the top reservoir containing the
soaking fluid. The bottom resemoir was provided to
maintain a cmstant water level when testing soaked
samples. The setup is schematically shown in Figure 5.
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2.5 Sample Preparation and Testing

The sabkha samples were prepared in the large-scale
mold as follows (Figure 5): First, a 20 mm layer of
coarse sand filter was laid in the molt thereafter, a layer
of geotextile was spread over the sand, which acted as a
separator between the sand filter and sabkha matrix
while allowing water to flow in an upward direction
when the sabkha samples were soaked. The sabkha soil
was mixed with the specific amount of water in a large
mixer, then a known weight of soil was placed in the
mold and compacted to tie required dry density using
the static compaction method by means of a large jack
which acted against a strong reaction beam. The soil
was compacted in three lifts of 70, 60 and 70 mm
thicknesses. The reinforcing layer of geotextile was
thereafter placed on top of the compacted sabkha soil
followed by a 62.5 mm thick layer of fine (O.15 to 4.76
mm in size) steel slag aggregate, which was pluviated to
its maximum density. The teehnical specifications of the
geotextile are summarized in Table 1. The geotextile is
a locally produced non-woven needle punched fabric
manufactured fmm polyester fibers.

So far, all testings of the geotextile-reinforced sabkha
were performed under static loading. A displacement
control loading was applied using an electrical motor
and the deformation rate was set at 1 mmhnin. The load
was applied on a stiff circular plate having a diameter of
125 mm and a thickness of 10 mm. The load was
measured using a load cell while the deformation was
measured using four LVDT’S mounted on top of the
loading plate.
Upper
Water
Reservoir

Lower
Water
Reservoir

#-T-) ~x
Aggregate

62.5mm

I
. . . . . . . ~ 350mrn

T& 2*-
J

I

I
20mm

1100mm

Figure 5. The experimental setup for the sabkha-geotextile system.



Table 1. Technical specifications of the geotextile used as
reported by the mantiacturer.
Propelty Standard unit ALYAF400

weight ASTM D5261 gmklnz 400

Thickness under ASTMD5199 mm 4.5
2 kN/m2
Stip tensile stxength DIN 53857 N 925/1650
(LOngitudinali
transverse)
Grab tensile strength ASTM D4632 N 1025/1525
(Longitudinal
transverse)
Grab elongation ASTM D4632 % >80b80

(Longitudinal/
transverse)
Cone penetration BS 6906-6 mm 8.5
Permeability, k BTTG, UK dS 0.14

The loading plate was selected to be circular for many
reasons including: (1) to simulate tire imprints which
can be assumed circular for the majority of problems
(Yoder and Witczak 1975), (2) to allow direct
comparison with the California Bearing Ratio (CBR)
results due to the relative similarities in the two systems
since the CBR applies the load through a circular piston,
and finally (3) to enable Mum theoretical simulations
using both numerieal procedures and analytierd
calculations due to the existence of similar solutions for
axisymtnetric problems.

The loading plate was chosen to have a diameter of
125 mm so that a clearance of 312 nun (five times the
radius of the plate) from the sides of the mold can be
maintained. This was intended to avoid any boundary
interferenti from the sides of the mold. In addition,
there will be enough distance from the end of the
gedextde to provi& anchorage of the geotextile and thus
prevent failure due to pull out of the geotextile.

Figure 6 depicts the results for the specimens prepared
at 90V0and $JS~O of the maximum @ density (ydm) on
the dry side of optimum and tested under “soaked”
conditions, with and without the geotextile reinforcing
layer. The data therein indicates that the strength of the
system increased signifkantly when a geotextile layer
was introduced. The ultimate strength of the sample
without geotextile layer was 68 and 76 kgf at a
deformation of 30 mm for the samples prepared at 90
and 9SV0 of 7d-, respectively. When a geotextile layer
was incorporated in the system, the ultimate strength
increased to 248 and 265 kgf for the same deformation.
This corresponds to an improvement in the ultimate
strength of 365°A and 350’XOcompared to that of the
corresponding samples without any geotextile layer.
With an average improvement of about 357% the soil-
geotextile systems suecessfdy improved the strength of
the present sabkha soil more than the improvement
attained using cement or lime at a dosaee of 10’%bv
weight of the dry soil.
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Figure 6. Load deformation curves for soaked sabkha soil
with and without geotextile reinforcement.

It is worth mentioning that the two sets of load-
deformation curves for the 90 and 95’% relative
compaction are almost identical regardless of the
sabkha’s initial density or moisture eontent. This is
mainly ascribable to the fact that the strength of the
sabkha is completely lost upon soaking and, thus, the
soaked sabkha samples have the same strength.
However, the reinforcing geotextile layer improves the
Ioad-earsying capacity of the sabkha significantly
irrespective of its initial state. It is believed that the tine
slag aggregate and some other factors have an effect on
these results. It is the intention of the research team to
vruy the thickness of the fine slag aggregate and the
geotextile (type and properties) and investigate their
effects, in order to optimize the design of geotextile-
sabkba SySteI’l_IS.

3 CONCLUSIONS

This experimental program was conducted to compare
the intluence of chemieal additives and geotextile on the
load-cartying capacity of a clayey sabkha sod. The
results clearly indicated the acute water sensitivity of the
sabkha, as evideneed by the complete loss of strength
when the samples were prepared at moisture contents
other than the optimum value or when the sabkha was
soaked. The results also demonstrated the fact that
1998 Sixth International Conference on Geosynthetics -809



chemical additives did not improve the strength
significantly even when 10°A cement or lime was added.
However, the use of gexwextile improved the kwd-
ca@ng capacity of the sabkha up to four times that
without geotextile. This was the case even for lower
&grees of compaction such as 90V0 of ‘fd -. The
utilization of problematic sabkha sites seems to be
possible with the use of geotextil% a possibility where
other stabilization techniques failed.

In additi~ the fiture program will include testing of
cement-treated sabkha samples using the 750 mm mold.
This will allow a direct comparison between the
effectiveness of the chemical stabilization and geotextile.
The boundary conditions of the two sets will be identical
except for the treatment procedures. It should be clear
that the data presented in this paper does not directly
compare the chemical stabilization and the improvement
using geotextile, nevertheless, the results vividly
demonstrated the poor response of sabkha to chemical
stabilization. On the other hand, the data clearly
indicates the significant improvement of the load-

-rig capacity of the sahkha-geotextile system. Both
the CBR and loading in the large 750 mm mold simulate
a punching problem albeit with some variation in the
boundary conditions.
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Long-term Deformation of Reinforced Cohesive Soil Fills and Walls
M. Fukuoka
Dr., Public Works Research Center, Tokyo, Japan

ABSTRACT This paper describes a method of estimating long-term deformation of geosynthetic reinforcing walls or embankments mainlY
due to percolation of rainwater. The triaxial compression test commonly used for obtaining coeftlcient of linear deformation and Poisson’s ratio
cannot be used for gravel-mixed soil or unsaturated soil which change soil constants by percolation of rainwater, under low level stresses and
long-term loading tests. Moreover, uniform results are very difficult to obtain, because apparatuses differ from place to place and individual
errors in tests are large. It is rather common to construct reinforced walls and embankments in front of original slope, a large unreinforced part is
left. Deformation of the total stnscture is influenced by the deformation of the unreinforced part. Method of calculating deformation by use of
coefficient of linear deformation is presented by utilizing an actual example. Fhtally, the behavior of the surface on the reinforced part, which
‘gets high earth pressure by absorbing much rainwater, is analysed. Shear deformation in the reinforced part is presented.

KEYWORDS: Deformation, Testing, Walls, Soil deformation, Design
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1 INTRODUCTION

The author presented a paper titled “Well Documented Case Study of
a Reinforced Soil Wall”, at the 5th International Conference of the
IGS In Singapore in 1994 with M. Itoh et al.(Itoh et al. 1992)

The backfill soil was a cohesive soil prevailing in the central region
of Japan’s mainland, and the reinforcement was a polyethylene
geognd widely used in Japan.

‘llte purpose of this wall was to test applicability of cohesive soils for
reinforcing soil structures. The wall was 7.5m high and has a front
slope of 1 to 0.3. Geocomposite strips for drainage were inserted in
the fill. After completion of the fill, the wet season followed for about
5 months. Total amount of rainfall was about 400mm, which is about
30 percent of the annual rainfall.

Vertical and horizontal deformations at the shoulder were 880mm
and 374mm, respectively. Maximum pore water pressure in the fill
was 20 kPa. It is clear that the cause of major deformation is due to
the percolation of rainwater into the fill. Strain gages, extensometers,
pore water pressure meters, earth pressure cells, settlement plates,
horizontal displacement rods and deformation plates at the front wall
were installed in the test wall. Material tests for both soil and geognd
were conducted in the laboratory. As no such we] I documented records
like these were found, the author asked M. Itoh to translate the full
report into English.

It was distributed to the members of the IGS, who came to the
meeting room of the IS-Kyushu. The author hoped that this report be
used for cooperative research work aiming for forecasting long-term
behavior of reinforcing walls and embankments. The author has heen
studying this report from various angles of investigation. This paper
describes in part the results of this studies as such.

2 BEHAVIOR OF FILL PART WITH NO REINFORCEMENT

Figure I is the reinforced part of the test wall with instrumentation
layout. Table I is properties of geogrid. Figure 2 illustrates strain
versus tension of the geogrid. Table 2 gives soil properties.

Figure 3 illustrates the secticm of the test wall including both
reinforcing and non-reinforcing parts. The area ratio between
reinforced and non-reinforced parts is 46 m’: 85 m]= 1:1.5 from F]g.3.
The area of non-reinforced part is very much larger compared with
that of reinforced part. Table 3 gives horizontal displacement of the
wall face and the boundary plane between reinforced and non-
reinforced parts. Horizontal elongation of the non-reinforced part is
much larger than that of the reinforced part at the upper portion of the
test wall. As stated above, the non-reinforced part of the fill is very
important upon discussing displacement of reinforcing walls. But
there were no monitoring systems here, because we were not aware of
the importance. The author could not help but use case records which
he gathered himself for the purpose of anafyzing the behavior of this
part. The non-reinforced part can be assumed as a backfill supported
by a kind of retaining wall. Regarding the reinforced part of the wall
as a common retaining wall, the unreinforced part is backfill. As the
reinforced part is massive and heavy, it has enough power of retaining
backtill. The face between the reinforced and unreinforced parts can
be regarded as a front face of the backfill. The inclination of the face
is 1:0.3. The author has about 50 well documented case records of
earth pressure measurement, some of which are described in the
references at the end of this paper, As the results of earth pressure
measurements, wall height and inclination of the back side of the
retaining wall are more important than other conditions like soil
properties and method of compaction. Therefore, the author
determines sthe earth pressure coefficient based on the case records.
Some of the selected case records are described here. Finally, the earth
pressure coeftlcient is decided as 0.3. The earth pressure measurement
in the soil mass is terribly difficult. The author has several case
records now, and is hoping that a chance will come in the near
future. Figure 4 is a gravity concrete retaining wall. Three panel type
earth pressure gages, 2m in width,were installed to the back of the
wall. Figure 5 shows the earth pressurefor 3 large concrete block
retaining walls. Coefficients of earth pressure K are described for
comparison. Distribution of earth pressure is not triangular. The panel
type earth pressure gages are insalled not only on the back face of the
retaining wall but also on the slope behind the backfill as shown in
Fig.6. Precision of the measurement can be checked by using those
gages surrounding the backfill. Coefficient of earth pressure is as low
as O.15, which is due to the thickness of the backfill and low energy of
compaction. A small-scale laboratory model test was conducted in
order to study the effect of backfill width. Sketch of the backtill and
test results are given in Fig. 7. The horizontal axis is the coefficient of



earth pressure and vertical axis is the ratio between thickness and
height of the backfill (B/I-1). Inclination of the back face of the
retaining wall is 1:0.5. The coefficient of earth pressure decreases
remarkably in accordance with the decrease of the B/H, and becomes
nearly equal to the final value of the coet%cient of earth pressure with
the increase of the B/I-l larger than 0.5. Figure 8 illustrates the external
forces acting on the boundaries of the non-reinforced part. The weight
of the non-reinforced part is 1.463 MN/m. The earth pressure on the
boundary between reinforced and non-reinforced parts is 179 kN/m,
assuming the coeftlcient of earth pressure is 0.3. Reaction from the
original ground surface is calculated by the force polygon in the
figure. Normal and tangential components of the reaction and
mobilized angle of friction are obtained as shown in the figure. Using

Lagend:
Horizontaldisplacement gage H
Dfonnation plate at the face D
Settlement plate S-L
Straingage for geogrid .

Geogrid M
Earth plessure gage vu=
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J-52 ~

D2 v 0=,,H 14 %
M2

D] O J_ s]
Ml

Geogiid

Figure 1 Instrumentation layout.

Table 1 Geogrid properties ‘t/l
Opening dimensions:

110x22mm
Tension at failure

78kN/m
Elongation at maximum
strength: 17%
Material: Polyethylene

Strain(%)

Figure 2 Strain versus tension
for geogrid

Table 2 Soil propefiies

Grain size: sand 23.3%, sih 53.37., clay 23.4~0

Natural water content: wn = 25.0%
Liquid limit: w,. = 54.6%
Plastic limit: w,= 26.8%
Maximum dry density: p ti.. = 1.48Mg/rd
Optimum water content: W.X= 26.4%
Angle of internal friction: # = 20.6°
Cohension: c = 42.2kPa
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cohesion c=48 kPa and friction angle # =25” from the triaxial
compression test, safety factor against sliding is computed. The factor
of safety is 6.2. As a matter of fact, such soil constants are too large.
Even when considering these conditions, such high factor of safety
sufficiently verifies that no sliding, deformation shall be caused.
Factor of safety against sliding increases with coefficients of earth
pressure higher than 0.3. The factor of safety against sliding decreases
with lower coefficient of earth pressure, but this part is absolutely
safe. Because the inclination of the original ground surface is gentle. If
the inclination is 45°,the situation changes entirely. The non-reinforced
part moves out horizontally toward the surface of the wall as the fill
settles. There is a case example showing such a phenomenon.

Distribution of normal and shear stresses along the original ground

With
reinforcement

t’
1 No reinforcement

-1

Scale,m
0246

Figure 3 Cross section of the test wall.

Table 3. Horizontal dis Iacementof the wall face, boundarybetween
1!reinforced an unreinforcedparts, and elongationof reinforced

part.

May8 October 7

Position
M9 M7 M3 M9 M7 M2

Watl face 23 33 20 242 160 62

Boundary,reinforced& non-reinforced 15 16 4 154 73 17

Elongationof reinforced part parts 8 17 16 88 87 45

Notes: May8 is dateof end of construction.
Gctober 7 is date of end of measurement.
M9,M7,M2 are reinforcing mats in Fig. 3.
Unit:rnm
How to read The watl face at M3 level moved 23mm during construction.

[t was moving through the rainy sesson,snd finally the arrsountof
movement reached242mm. Movementoftheboundasyof reinforced
andnon-reinforced parts are 15mm (May 8) and 154mm
(Octoter 7). Accordingly, elongation of the reinforced
part is 23-15=8mm (May 8) and 62-17=45mm (October 7).

y :14.67kN/~
8- P] ,P2,P3:Panel type

earth pressure gage
6 - N,S:Normal & tangential

4 -
components of earth pressure

2 -
s

47.0 8.4 Unit:kN/m

‘o 16.2
20.2

Figure 4 Concrete gravity wall.



Figure 5 Normal componentof earth pressureagainst largeconcrete
block walls.

W. 18.4kN/m

Figuresare normal
and tangential
compments of
eanh pzcssure
against a
panel typ
eanh pressure
gage, kPa

26.0 1.3

Figure 6 Large concrete block retaining wall.

,:W,F?JJ
“o 0.05 0.10 0.15

Coefficient of earth pressure

Figure 7 Relationship betwen thickness of backfill and earth pressure.

20.8m

g*~

5 Force PO(ygon t?=12°

‘w

Figure 8 Unreinforced part of the test wall. Method of analyzing earth
pressure on the front wall and the back slope of the backfill.
surface is not uniform or triangular as shown in Fig. 6. Maximum
shearstressis about2 times largerthantheaveragevalue for this case.
Therefore, it is necessary to maintain a higher factor of safety to
prevent sliding movement. Figure 8 illustrates positions of mats M3,
M7 and M9. Records of horizontal displacement gages are indicated in
Table 3. Displacement of the surface between the reinforcing and non-
reinforcing can be inferred by this table. The lengths of the dotted
lines in the figure are widths of the non-reinforced part. They are 2.4,
8.2, 12.9 m respectively. Assuming the strains are uniform along those
lines, those strains are calculated as shown in Table 4. Comparing
these values with strains at the tail ends of the mats measured by strain
gages, quite a neat coincidence was recognized. Vertical settlements
were measured by the settlement plates. The variation of those
thicknesses between two settlement plates are obtained. These
variations are calculated in the form of strain and described in Table 4.

Table 4. Variation of vertical and horizontal deformation in the form
of strain.

Horizontal strain

Position - 5/8 -10/7 5/8- 10/7

M9 0,108 1.19 1.09 s4~ 55

Ml 0.182 0.89 0.71 53.54

M3 0.167 0.7I 0.54 S2-S3

51-52

(Position) (Layer)

Vertical strain

- 5/% - 10I3 5/8- lof7
0.75 8.80 8.05

0.87 5.92 5.07

0.46 16.36 10.72

0.42 12.48 8.24

As the forces on the boundary and weight of the backfill are
obtained, stress distribution is obtained by trial and error method. This
rough method of calculation may be suftlcient at this stage.

According to the author’s case records, earth pressure does not
change so much, if the retaining wall moves forward after the
completion of it.

Therefore, only horizontal strain in taking into account and the
changes of m and E areback-calculated using equations (1) and (2).

1 1
Eh=Q– ~ {( Uh+Ll,)— + cT, }.....................(1)

E m

~, _ 0,

E
+ {( Uh+U”)~ + Uh }.. -.- . . . . . . . . . . . . . . ..(’2)

The results are described in Table 5. m-values are ranging between
3.08-3.98, E-values between 0.45 ‘7.30 MPa. E-values before May
8 which had ranged between 2.46--7.30 MPa, decreased to 0.49-
1.30 MPa at the end of the test on October 7. The reduction caused a
drop by 1/10 of original values.

We can realize how the increase of moisture content has a large
effect on soil constants. The wide variety of m and E values are
mainly due to the non-uniformity of soil kinds and distribution of
moisture content.

Table 5. Coefficient of linear deformation E and Poisson’s ratio I/m
in the non-reinforcing part.

Period - 5/8 -Ion 5/8- 10/7

Level M9 Ml M3 M9 M7 M3 M9 M7 M3

E:MPa 5,25 7.30 2.46 0.45 1.10 0.83 0.49 1,30 1.25

m 3,35 3.08 3.98 3.39 3.32 3.85 3.39 3.37 3.79
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3 BEHAVIOR OF FILL WITH REINFORCEMENT

There arealot ofmonitoring systemssetup inthe reinforced prsrtof
the wall. Twelve conventional earth pressure gages were installed. No.
1 and 12measum horizontal etihpressure orstmss.No.2,3,4 and No.
7,8,9 measure two-dimensional earth pressure, namely, horizontal,
vertical and shear stresses.No. 5,6,10 and 11 measure only vertical
stress. These were located behind the wall face. The other 8 gages
were located 1.5m behind the wall face. Table 6 describes earth
pressure andhorizontal strain 1.5mbehind the wall face.

Table 6. Earth pressure near the front face of the wall.

NO. I 5ia 5/16 6/20 7/1 10/20

12 I Uh 2.2 1.4 4.4 5.2 5.1

7,8,9 0“ 45,6 67,0 77.5 37.7 40.5

Uh 11.1 9.9 5.5 37.7 34.3

r +5.2 +5.35 -2.30 -22.7 +2.30

Eh 0.465 0.800 0.891 0.710 1.302

2,3,4 u“ 79. I 112.7 116.0 37.7 74.4

Uh 21.8 30.6 14,6 2.2 1.7

r -5.45 -5,35 -16.1 -7.85 -6.7

Eh 0.477 1.043 1.017 1.106 1.507

NoEuv,ah, r :kPa ; [h:%
12+asth prwure cellwhichisb$tweeoD7andD8,
7,&9_%arthPIW5.URceikWhich are tRIW&fI D5 sndD6,and
2,3,4+earttspswsurecells whicharebetweenD2 andD3 in Fig.1.
t and- signsof shearstressandcounterclcckwiseandclockwisedirections,respectively.
Rsinysa.son: 5/16-7/1

Looking at the table, earth pressure changes in wide range with the
lapse of time. The strain along the reinforcements are elongated in
accordance with the horizontal deformation of the soil. As this soil is
not eh.stic,this elongation is never recovered. Vertica] stress a. and e h

rapidly increase with the start of rainy season. Horizontal stress ah of
No. 7,8 and 9 increases gradually with time. Horizontal stress of No.
2, 3 and 4 is large in rainy season. Shear stress is low, and sometimes
changes their sign from plus to minus. Shear stress for No. 2, 3 and 4
is high in rainy season.

This paper deals with shear deformation of the fill by use of data
from horizontal displacement gages. Figure 9 illustrates distribution of
shear strain. Upper figures indicate the shear strains between May 8
and June 20, which is the first part of rainy season, and the lower
figures are that between June 20 to October 7, which is the main part
of rainy season with much rain. Shear strain in the main part of rainy
season is larger than that of the first part.

/===------
Unit:%

Legend: O : Points measured
Upper figure : shear strain before rainy season, between two points
Lower figure : shear strain during rainy season, marked with c.

Figure 9 Distribution of shear strain,at points marked with O
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4 CONCLUS1ONS

1. A large deformation occurred by percolation of rain water, when a
geogrid reinforced test wall with cohesive soil backfill was exposed to
the wet season. Deformation of the wall is caused by reduction of soil
constants with increase of moisture content. The deformation of soil is
irreversible, and the elongated reinforcement caused by the soil
deformation is left intact. Therefore, a method of soil test for
measuring soil constants is needed. It is important to use a simple
laboratory test with no individual errors.

2. There are many cases where the triangular unreinforced part
comes behind the reinforced part. Effect of deformation on this part is
large to estimate total deformation of the wall. Method of estimating
such deformation by use of coefficient of linear deformation and
Poisson’s ratio is described.

3. Front face of a reinforced soil wall was exposed to percolation of
rainwater causing marked change in earth pressure.

This then caused major deformation, whereupon colossal permanent
deformation is caused in reinforcing material. Decrease of soil
constants may also induce this phenomenon and increase strain in the
reinforcement.

4. Shear strain in the reinforced part of the test wall increased with
amoubt of percolated rain.
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ABSTRACT: Reinforced ground structures using cohesive soils are difficult to design due to problems relating to
consolidation and poor internal drainage. Due to these inherent drawbacks cohesive soils are seldom used as fill materials in
reinforced embankments. However, when a geotextile with good filtration and drainage properties is used as a
reinforcement, cohesive soils could be successfully used as back-fills in steep embankments. There are few instances of
need Ie-punched nonwoven fabrics, possessing superior hydraulic conductivity, have been used as reinforcements in
embankments with back fills of cohesive soil. Non-woven textiles, however, are inferior in tensile properties when compared
with the woven textiles. In reinforcement applications, the primary quality required of the fabric is superior tensile
properties. Woven geotextiles, which have the required tensile properties, have not been tried as reinforcement for cohesive
soils because of their poor transmissivity. Owing to this draw back in woven geotextiles the amount of research done on the
transmissivity of woven geotextiles is minimal. By designing novel and innovative woven fabric structures it is possible to
increase the transmissivity of the woven geotextiles without sacrificing the tensile properties. This paper presents a new
approach that enables woven geotextiles to be designed with superior tensile properties and adequate transmissivity for use
as reinforcement in cohesive soil filled earth structures. A theoretical model, derived from the f~st principles, which predicts
the transmissivity values of woven geotextiles is discussed. Laboratory results ffom tests conducted on some woven
geotextiles substantiate the theoretical models and the data is presented.

Keywords - Geotextiles, Woven Fabrics, Reinforcement, Transmissivity, Tensile Strength
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1 INTRODUCTION

[n recent years, use of geosynthetics has become accepted
as a technically sound and cost-effective solution in solving
many geotechnical and environmental problems. In the
construction of reinforced earth filled embankments, when
the in-situ soil is not suitable as a fill - cohesive soils such
as clay, it is usual to fill the structure with a suitable
imported granular material. With ever increasing cost in
material handling, use of readily available materials horn
the site is one of the best cost-effective options available.
However, use of cohesive soils as back-fill in steep
embankments has gained little acceptance due to their
inherent low permeability and excess pore water pressures.
Therefore, if geotextiles of adequate draining capacity and
tensile characteristics are developed and used with the in-
site cohesive materials considerable savings can be
achieved.

A few case histories of test embankments with cohesive
soi I back fills employing needle-punched nonwoven fabrics
are reported (Tatsuoka et al. 1986, Ling et al., 1993).
Further, when the motorway M25, between Junctions 15
and 16 on the west side of London in the UK, was widened,
the embankment was reinforced with a combination of a
geogrid and a nonwoven geotextile (Leiper, 1995). The soil
in this case was recompacted London Clay. Fabian (1990)
too has success fidly used needle-punched nonwoven
geotextiles to reinforce test embankments built with
cohesive fills. However, there are no reports of woven
geotextiles being attempted as reinforcement for cohesive
soils. The main limitation of the currently available woven
geotextiles is their poor drainage capabilities. According to
the United Kingdom’s Department of Transport
requirements, the design life for steep slopes is not less than
60 years if the slope is regarded as an earthwork or 120
years if the slope is regarded as a structure (Ingold 1994),
Strength and creep are vital properties to provide such a
long life; woven fabrics are capable of providing these
properties better than nonwovens or any other fabric type,
Thus, if the draining capacity of woven geotext iles is
considerably improved, they would become the most
suitable geotextile material to reinforce a cohesive soil-
filled structure.

In order to design woven geotextiles which have the
capacity to drain the estimated quantity of water a suitable
theoretical model is required. This paper presents a
geometrical model which can estimate the transmissivity of
woven fabrics. The model, which is validated by laboratory
results, is then used to engineer novel woven fabric
structures which give improved transmissivity.



2 ESTIMATES OF REQUIRED DRAINAGE

A clay reinforced slope can act as a frictional fill in terms of
the effective critical state angle of shearing resistance,
provided any excess pore water pressures are rapidly
dissipated. The required drainage is a function of the soil
consolidation properties, geometry of the reinforcement
layers and excess pore water pressures generated by
construction. An estimate of the drainage is made using the
following assumptions: the clay is filly saturated, with
permeability k = 10-8 IIlk, and compressibility
Mv = 0.25 m2/MN, subjected to a total normal stress

increase Au = 200 kN/m2 (equivalent to a basal layer in a
10 m high fill) with geotextile reinforcement drains at a
relatively wide spacing of 0.5 m and of length 7.5 m. The
clay layer between the reinforcement is assumed to be in
one dimensional consolidation, with the excess pore water
pressure isochrones modelled as a parabolic function. The
rate of discharge from the clay is given by the hydraulic
gradient (slope of the isochrone) at the clay surface.

At any time ‘t’ the total volume of water expelled from the
clay is equal to the settlement volume at that time:

V = 2dL~~b~~RMvAa (1)

at time:

T, dz
t= (2)

c“

where, d = maximum drainage distance, LGT = length of
the geotextile, bGT = width of the geotextile, R = average
degree of consolidation, Mv = coefficient of volume

compressibility, Acs = total stress increment, Tv = time
factor and Cv = coefficient of consolidation.

For the assumed values, the total volume of water
discharged per metre width by consolidation is 0.1875 m3.
Hence, 90% consolidation (O.169 m3 water) takes 3.7 hours.

The rate of discharge per square metre from the clay fill
(above and below the geotextile layer) is given by

(3)

where, Q = rate of discharge and yW= unit weight of water.
From equation (3), the rate of discharge of water from the
soil when the isochrone reaches the centre of the clay layer
can be calculated to be less than 10-7 m3/s/m2, this occurs
approximately one hour after the assumed instant load
application. Clays typically have permeability of 10-7 mh or
less, often about 10-9 mh, and if permeable layers with
permeability of 104 m/s, or greater, are incorporated, then
these will act as effective drains.
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The computations involved for calculating the required
transmissivity for the geotextiles are lengthy and complex
(Giroud, 1981). However, one dimensional consolidate ion
theory provides an indication as to the efllciency of these
drains. Accordingly, geotextiles placed at small vertical
spacing (0.5 m or less), can rapidly consolidate the clay and
dissipate excess pore water pressures. The total volume of
water is relatively small and the discharge rate diminishes
rapidly with time.

3 THEORIES OF FLUID FLOW

Predicting the fluid flow through textile materials has
largely been studied with the help of the general theories of
fluid flow through porous media. In all of these theories, the
fluid flow is given as a function of the total pore space
available in the fabric mass and the specific area. However,
as the structure of woven fabrics are very different fi-om
other porous media, with two distinct drainage paths -
within the yarns and between the yarns - a need for a
specific theoretical model for woven fabrics was realised,

As a result, a theoretical model which predicts the in-plane
fluid flow in woven geotextiles is developed fi-om first
principles. This model is found to predict the flow of water
in woven fabrics more accurately than the available general
models for flow through porous media.

The Poiseuille equation for the average Iaminar flow
velocity through straight parallel capillary tubes of constant
circular cross-section is,

and hence

(4)

(5)

where, V is the velocity of the fluid, Ap the pressure

difference, p the viscosity of the fluid, L the length of the
drainage medium, A the area of cross-section and R~ the
hydraulic radius.

When the Poiseuille’s equation is extended to non-circular
channels it becomes,

Q= R:APA,
kp L

(6)

where, A’ area of the pore space in the charnels and k
shape constant which depends on the shape of the channel.
However, the cross-sectional area of the pores in the
channels is A&, where, E k the porosity. Therefore, equation
(6) can be written as,



Q.~~AE (7]

Thus, if the hydraulic radius ~ of the woven fabric is
estimated, nom equation (7), the rate of discharge can be
calculated.
The hydraulic radius is defined as,

R, =
cross sectional area of the pore (8)

wetted perimeter

When the flow of fluid through a woven fabric is
considered, it is clear that there exist pores between the
yarns and within the yams. As the structural parameters of
the two porous media are different, it is prudent to treat the
two separately. The overall coefficient of in-plane
permeability is then obtained by combining the two.

I
R

...-< ——————————...
I

~~, ‘ .+. 1
1

,- .—.,

1.- _ :) (. ;)’ bl ‘
. —.–

{---- I

al‘-d
Figure 1. Cross-section of two consecutive yarns in an
intersection unit

Figure 1 shows a cross-section of two consecutive yarns of
a woven fabric in a plane containing the axis of an
intersecting weft yarn. The yarns are considered to have the
Kemp’s race track sectional geometry (Kemp, 1958). If the
major diameter of the warp and weft yarns are ‘al’ and ‘az’
respectively, and the minor diameter of the warp and weft
yarns are ‘bl’ and ‘b2’ respectively and the distance between
the centre of two adjacent warp yarns is ‘p]’, we have,

total cross-sectional area between two
consecutive yarns = t x pl

where. t is the thickness of the fabric,

However, the area of solid in the cross-section=
area of the warp yarn + area of the weft yam

Area of the warp yarn =
nbf
—+ bl(al–bl)

4
(9)

Area of the weft yarn = 12b2 (lo)

where, 12 is the length of weft yarn between the planes
containing the axes of consecutive warp yarns.
However,

12 = p,(l + c,) (11)

where, C2is the crimp in the weft yarn. Therefore,

Area of the weft yarn = bz p, (1 + c,) (12)

Hence, Total area of solid

=
{[ 1~+h(ai-W+[b.PI(1 + cI)]

}

(13)

Therefore, Area of void between the yarns

{[

2

‘b] + b, (al=tp, - ~ 1-b,)+[b2 p,(l + c2)1

1

(14)

Wetted perimeter of the pore= 2p1 + nbl + 2 l; (15)

where, 12’ is the length of yarn in the partial geometry of
the Kemp’s race track section. Further,

1~=1, -(a, -b,) (16)

Therefore, wetted perimeter of the pore

=2p, +nbl +2@1(l+c2)-(a, -b,)] (17)

Substituting (14) and (17) in (8) we get,

{[

*2

tp, - 1~+4(%-4)+[bplO+cZ)
~= I

2p1 + nb, + ~, (1+c2) - (al - b,)]
(18)

A similar treatment is done to find the rate of discharge
within the yams. Considering circular cross-sectional
filaments, if the diameter of a single filament in a multi-
filament yam of race track geometrical shape is d~ , the
hydraulic radius for the flow within the yam is derived.

The porosity of the yam,

~ _ ~ _ Volume of filament yarns
Y– Total volume of yarn

Considering racetrack geometry and unit length,

Total volume of warp yam=
[

xb:
—+ b,(al– b,)

4 1
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Considering circular filaments,

nd :
Volume of filaments in warp yam= — n ~

4

where nf is the number of filaments in the yam.

Therefore, porosity in yam

The total cross sectional area of the yam, considering the
race track sectional geometry,

[

nbz—
~+ bl (al - b,)—

4 1
Then the cross-sectional area of the pore

[

711J—— 1+L(al-bl)Ey
4

total wetted perimeter = n d~ n~

where, nf is the number of filaments in the yam.

Therefore,

[

nb2 1‘+b,(a, - b,) E,

R~= 4
n df n~

(20)

(21)

(22)

(23)

If the geometrical parameters of the fabric and the yam are
known, the hydraulic radius of the inter-yam and the intra-
yam porous media can be calculated using equations (18)
and (23) respectively. Thus, the rate of discharge between
the yams and within the yams can be calculated using
equation (7) if the appropriate shape constants and the
porosity values are known. It is assumed that the shape of
the pore within the yams is of an equilateral triangle and in-
between the yams a rectangular triangle. Therefore, the
respective shape constants are 1.67 and 1.63 (Munson et al,
1990). Once the rate of discharge is known the coefilcient
of in-plane permeability and subsequently the
transmissivity of the fabric can be estimated using the
equations (24) and (25).

~=QL

WH
(24)
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where, (3 = hydraulic transmissivity, W = width of the
specimen, H = difference in total head across the specimen
and L = length of the specimen.

(25)

where, kP = coefficient of in-plane permeability and t=
thickness of the geotextile.

In Figures 2 and 3, results obtained by the developed
theoretical model, indicated by the name UMIST, and other
general models are compared with the laboratory results
obtained at various normal stress levels. The hydraulic
transmissivity testing was performed in accordance with
ASTM D 4716 - 87 (ASTM, 1987). The distinctive
advantage of this model is its capability to predict the flow
in any composite structure which has a number of drainage
paths. Fabric C 1 is commercially available and M2 is a
fabric made in the laboratories of the Department of
Textiles of UMIST. Two other fabrics, M 1 and M3, made
in the laboratory and a second commercial fabric C2 were
also tested for their transmissivity. In Table 2 is given the
specifications of all the five fabrics tested.

Table 2. Specifications of the fabrics tested.

Fabr Weave Fabric sett Yam count Area Thickn-
ic (tex) density ess **

ends picks warp weft (g/m*) (mm)
/cm /cm

Ml Plain 4,6 3.33 2200 220 1202 1.70

M2 Matt 4.254.27 2200 220 1160 1.66

M3 * Double 4.722.36 2200 220 2139 3.60

Cl Twill 4.005.14 337 330 297 0.93

C2 Plain 5.91 9.84 228 108 224 0.83

* The count, and the sett correspond to both face and back fabrics
individually. ** Thickness at 2 kN/m2 stress level.

4 A NOVEL WOVEN FABRIC

A novel woven fabric which incorporates porous tubes in its
structure is designed to enhance the drainage property of the
woven geotextile without sacrificing its tensile properties,
In this fabric two sets of fabrics are woven on top of one
another with a tubular structure, into which the porous tubes
are inter woven. The whole composite fabric is woven on a
shuttle loom. The laboratory transmissivity results obtained
are presented in Figure 4 along with the results obtained for
fabrics Ml, M2 and M3 developed at the laboratory of
UMIST.



5.OE-06

< 4.OE-06
“E

,> 3.OE-06
>.-

~ 2.OE-06
w

g 1.OE-06

O.OE+OO

---

+

—o— Schedeigger

--+--- Kozeny

~ Carrnan
~ Fowler

—?$+ Sullivan

~ Happel

———+———Lord

— ‘UMIST

—A— Laborato~

o 50 100 150 200 250

normal pressure, kPa

Figure 2. Transmissivity - normal pressure relationship for various theories - Fabric C 1

4. OE-06

I 1

O.OE+OO ~

0 50 100 150 200 250

normal pressure, kPa

~ Schedeigger

——+———Kozeny
——+——Carnlan
~ Fowler
-x- Sullivan

~ Happel
———+———Lord
— Iberall
— ‘UMIST
—E— Laboratory

Figure 3. Transmissivity - normal pressure relationship for various theories - Fabric M2

1.OE-07 ~ I [ I

o 50 100 150 200 250

normal pressure, kpa

Figure 4. Log transmissivity - normal pressure relationship - Fabrics M 1, M2, M3 and M4
1998 Sixth International Conference on Geosynthetics -819



5 TENSILE PROPERTIES

Tensile behaviour of the fabrics are of great importance
when the geotextile is to be used for reinforcement
applications. One of the most critical property is the tensile
stiffness, which must be as high as possible to avoid any
undesirable deformations and movements in the soil
structure. Therefore, during the design and manufacturing
of the geotextile fabric carefid consideration was given to
keep the warp crimp to a feasible minimum level. For
typical slopes a maximum allowable reinforcement
elongation of 5°/0 will result in outward face deflections of
no greater than 100 to 150 mm (Jewel, 1996). From the
estimated initial load - strain curve shown in Figure 5, it is
clear that the maximum strain levels in all the designed
fabrics are within the permissible levels.

500
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~

~’
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.t..V
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---M2

-0-M3

o 2 4 6

strain, 0/0

Figure 5. Estimated initial load - strain relationship of
fabrics Ml, M2 and M3

6 DISCUSSION AND CONCLUSIONS

From Figure 2 and 3 it is apparent that the proposed
theoretical model for the flow of water in the plane of the
woven fabrics is fairly accurate in predicting the actual flow
levels compared to the other general theories of flow in
porous media. Although the prediction at lower stress levels
is comparatively fhrther from the actual values, at higher

stress levels, which are the stress levels encountered in the
field, the predictions are reasonably accurate. Tests done on
other three fabrics also follow a similar trend. However, for
fabric M3, the predictions at lower levels are comparatively
away from the measured values. Nevertheless, at 150 kPa
and beyond, the predictions are similar to the other fabrics.
G iroud considered a geotextile basal drain to an
embankment and calculated that a transmissivity of 3.1 x
10-7 mzls allowed the geotextile to effectively work as a
820-1998 Sixth International Conference on Geosynthetics
drain for compressive stresses of less than about 1 MPa

(equivalent to a 50 m high embankment). From Figure 4,
where the transmissivity of the geotextiles at various stress
levels are indicated, it is clear that the innovative geotext iIe
M4 possesses a transmissivity value that is 100-1000 times

higher than the transmissivity value predicted by G iroud.
Further, tlom the results given in Figure 4 it can be deduced
that with suitable geotechnical designs even geotext iles M I
and M3 can successfully be used as reinforcement
geotextiles functioning as drains in clayey soils. Although
the cost of these fabrics are higher than the fabrics available
in the market, preliminary cost calculations suggest that the
savings obtained by the use of in-site soils over imported
material will override the fabric cost.

The theoretical model presented in this paper does not take
into consideration the fact that soil particles can partially fill
the pores in the fabric structure. It is envisaged to study this

effect in future research. However, the transmissivity of the
novel fabric M4 is sufficiently high to take into account any
partial blockage that may occur.

REFERENCES

ASTM D 4716-87 (1987) Standard test method for constant
head hydraulic transmissivity (in-plane flow) of
geotextiles and geotextile related products. Annual Book
of ASTM Standards, Vol. 04.09. pp 53-56

Fabian, K. (1990) “Time dependent behaviour of
geotextiles reinforced clay walls”, Fourth International
Conference on Geotextile.s, Geomembranes and Related
products, A. A. Balkema, The Hague, Netherlands, Vol. 1,
pp. 33-38.

Giroud. J. P., (198 1) “Designing with Geotextiles”,
A4ateriaux et Constructions, Vol. 14, pp 257-272.

Ingold, T.S. (1994) The Geotextiles and Geomembranes
Manual, Elsevier Advanced Technology, Oxford, UK.

Jewell, R.A.( 1996) Soil Reinforcement with Geotex~ile,
CIRIA Special Publication -123, London, UK.

Kemp, A. (1958) “An Extension of Pierce’s Cloth Geometry
to the Treatment of Non-circular Threads”, Journal of the
Textile Institute - Transactions, Vol. 49, pp T44 - T48.

Leiper, Q. (1995) “A Reinforced Soil Solution for the
M25”, Geotechnical Engineering in Highway Design and
Construction, UMIST, Manchester.

Ling, Hoe I., Tatsuoka Fumio, Wu Jonathan T.H. and
Nishimura Jun. (1993) “Hydraulic Conductivity of
Geotextiles under Typical Operations Conditions”,

Geotextiles and Geomembranes, Vol. 12, pp 509-542.
Munson, Bruce R., Young, Donald F. and Okiishi,

Theodore H. (1990) Fundamentals of Fluid Mechanics,
John Wiley & Sons, New York.

Tatsuoka, F., Ando, H., Iwasaki, K. and Nakamura, K.
(1986) “Performances of Clay Test Embankments
Reinforced with Non-woven Geotextile”, Third
International Conference on Geotextiles, Geomembranes
and Related Products, Vienna, Austria, pp 355-360.



Large Scale Pullout Tests of Geotextile in Poorly Draining Soils

S. H. Chew, S. A. Tan
Lecturer and Senior Lecturer, Department of Civil Engineering, National University of Singapore, Singapore

K, H, Loke

Regioml Technical Manager, Polyfelt Asia Sdn. Bhd., Malaysia

P. H. Delmas

Vice-president, Development Application Europe, Polyfelt

C. T. Ho
Formerly Research Scholar, Department of Civil Engineering, National University of Singapore, Singapore;

Civil Engineer, Civil Engineering Department, Housing and Development Board, Singapore

ABSTRACT: The use of geosynthetics in soil reinforcement applications has been increasingly popular in recent years.
Geosynthetic reinforced soil walls are commonly backfdled with clean sand. In regions where clean sand is not cheaply
and easily available, a cost-effective design of the wall is to use locally available soil, that may not be free draining. As a
result, the designs of reinforced slopes and walls have to take into consideration of the probable build-up of excess pore
water pressures, especially during rainy seasons. In recent years, effort is focused on the development of geosynthetic
material that can perform not only reinforcement functions but act as a drainage medium as well. Such soil-reinforcement
material can rapidly drain off excess pore water to maintain the stability of the system. This paper reports a series of large
scale pullout tests in locally available residual soil which is poorly draining.
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1 INTRODUCTION at the soil-geosynthetic interface during heavy raining
seasons, leading to the possibility of instability of the soil
mass. Hence, in order to effectively use such material as
The growth of the petrochemical industries in the recent

years has led to the development of numerous synthetic
products for various geotechnical engineering purposes.
One of the many applications is the use of such materials
for reinforcement purposes. This includes using
geosynthetic products for slope stabilisation, erosion
control, reinforcement of steep slopes as well as
construction of vertical earth walls, The use of
geosynthetics for soil reinforcement applications,
especially, depends on the characteristics of the soil-
geosynthetic interface which, in turn, is dependent on the
effective stress at the interface. When granular material is
used as the bacldll material, the effective stress at the
interface is more stable due to the unlikelihood of build-up
of excess pore water pressure.

Granular backtll, however, may not be easily and
cheaply available in many areas, especially in Southeast
Asian regions. Under such circumstances, the more cost
effective way of constructing reinforced earth walls would
be to use the locally available residual soil which is
lateritic in nature. Lateritic soils are cohesive-frictional
soils but they are not free draining in nature. The soil
strength is also dependent on its in-situ water content and
soaking may lead to a drastic reduction in the expected
strength of such material (Bergado et al. 1993), There is an
impending threat of build-up of excess pore water pressure
baclciill for reinforced soil system, the geosynthetic used
must have the dual function of reinforcing the soil mass
and, at the same time, drain away pore water in the soil
mass. The essential design criteria for such system were
outlined in Chew and Loke (1996).

2 PULLOUT TESTS

2.1 Test Apparatus

The Department of Civil Engineering at National
University of Singapore (NUS) has developed a large scale
pullout apparatus capable of performing large scale pullout
tests on geosynthetic material of various cofilgurations.
Recommendations from Farrag et al. (1993) were studied
extensively and used as guidelines in the development of
the pullout apparatus at NUS. The apparatus measured 1.5
m in length, 1.5 m in width and provides for 30 cm of soil
sample to be placed below and on top of the geosynthetic
specimen to be tested. Horizontal sleeve plates are provided
at the front wall of the pullout apparatus to eliminate
boundary effects due to the front wall. The apparatus
performs the pullout process at constant strain rate, driven

1998 Sixth International Conference on Geosynthetics -821



by a hydraulic machine. Detail description of this large
scale pullout apparatus can be found in Chew et al. (1997).

In the first few series of pullout tests performed, the

of the geotextile in residual soil when the soil is soaked with
water to simulate ponding conditions. In this test, the soil
was first compacted to an average density of 1887 kg/ins
main objectives were to test the ability of the apparatus to
function as desired. The series of pullout tests performed by
Ng ( 1995) showed that the pullout apparatus is able to
perform pullout at slow constant rates and that boundary
effects were minimal. Subsequently, the apparatus were
further modified by Ho (1996) to increase its testing
capabilities by incorporating drainage systems into the
apparatus. The aims of the improvements and modifications
were to enable the apparatus to perform pullout tests in
various soils, from granular to lateritic.

2.2 Geotextile Material

The geosynthetic material used in the two pullout tests is the
PEC-75/25, a high-strength geotextile produced by Polyfeh.
Theoretically, this material is a geocomposite as it
comprised of a woven geotextile mechanically bonded to a
nonwoven geotextile. This geotextile has multi-filament
woven polyester yarns in grid-like pattern bonded to
thermally bonded nonwoven polypropylene sheet. The
maximum tensile strength of the geotextile is 75 kN/m
along the longitudinal direction and 25 kN/m along the
transverse direction. It derives its strength from the woven
polyester yarns while the polypropylene sheet provides a
drainage medium.

2.3 Soil Sample

The soil sample used is the locally available residual soil
from the western part of Singapore. The soil is lateritic in
nature and it optimal compaction is at water content of
about 20%. However, it turns soggy and loses strength
rapidly when soaked in water for long periods of time. The
soil is reddish brown in the colour and consists of well-
graded silty sand. Dry sieving tests on the soil revealed that
the soil contains about 10- 14% of silts, with a D50 of 0.24
mm and Cu of 6.2.

2.4 Test Program

A number of series of pullout tests were conducted in the
last few years using the NUS Large Scale Pullout apparatus.
Various type of geosynthetics has been tested with both
sand and with residual soils as backfill material. Tests
results were found to be consistence, and with good
repeatability. In this paper, the test results of two pullout
tests with residual soils will be reported. The first pullout
test aimed to study the pullout resistance of the geotextile
when embedded in residual soil at its in-situ moisture
content. The soil sample in test 1 was prepared and
compacted to an average density of 1905 kg/m3 and an
average moisture content of 23.5Y0. In the second test, the
objective was to study the reduction in the pullout resistance

822-1998 Sixth International Conference on Geosynthetics
and an average water content of 23.3~0. The soil sample in
the test 2 was then subjected to 20 cm of water pending for
4 days continuously in order to soak the soil sample in the
pullout apparatus. In both tests, the rate of pulling at the
front of apparatus was 0.80 mm per minute and the tests
were carried out until total pullout had occurred. There was
also no additional surcharge applied to the surface of the
soil backfill, i.e. the pullout tests were conducted under low
stress conditions.

2.5 Instrumentation

Aluminium strips with strain gauges were used to measure
the pullout resistance mobilized by the geotextile in the
course of the pullout process. The aluminium strips were
pre-calibrated and a total of 8 were used for measuring the
pullout resistance. These were mounted at the front of the
geotextile and connected to the clamping plate in fi-ont of
the pullout apparatus which was pulled forward at a
constant and very slow rate by the hydraulic machine.

Displacements at various locations of the geotextile
were measured using thin tell-tale wires, with the help of
potentiometers with travel range of 100 mm. A total of 7
tell-tales were used in each of the two tests. In addition,
potentiometers were used to measure the displacements at
the front end of the geotextile. Each of the potentiometers
was connected to the data acquisition system together with
the strain gauges for the aluminium strips. Readings were
recorded at 30 second intervals.

In test 2 where soaking of the soil sample occurred,
there was anticipation of possible build-up of excess pore
water pressure during the compaction and pullout test. In
this test, miniature pore water pressure transducers were
used to measure the pore water pressure at various parts of
the soil sample. Two of such transducers were placed near
the soil-geotextile interface: one just in front of the sleeve
plates and the other, about 60 cm from the front wall.

3 PULLOUT RESPONSE OF

GEOTEXTILES

3.1 Peak pullout resistance

The pullout responses of the geotextile in residual soil
under different soil conditions are shown in figures 1. In test
1, where the soil is compacted at its in-situ moisture
content, it can be seen that the pullout resistance of the
geotextile increased steadily with front displacement until
an apparent peak. The peak pullout resistance registered in
the first pullout test was 23.2 kN while in the soaked pullout
test, the peak pullout strength was measured at 19.4 kN.
This indicates a drop of 16.49Z0 in the peak pullout



resistance when the soil is pond with water. What was
worthy to note was the change in the strength of the residual
soil before and after the soaking process. Cone

consecutive locations along the embedded length of the
geotextile was less uniform. Differential displacements were
penetrometer tests on the soil sample showed an average
CBR value of 3% in test 1. For test 2, where the soil was
thoroughly soaked for 4 days, the CBR value dropped to an
average of only about 1.5%, with the soil at the interface
having only 0.75% in CBR value. This showed that the
pullout resistance of the geotextile fell by only 16.4% when
the strength of the soil at the interface dropped by almost
75%.
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Figure 1 : Pullout response of geotextile in residual soil in
tests 1 and 2.

3.2 Displacements during pullout

Figures 2 and 3 show the total displacements measured at
various locations of the geotextile for test 1 and test 2
respectively. By total displacements, it meant that the
magnitude of displacements recorded consisted of both
displacement due to sliding of the geotextile against the soil
at the soil-geotextile interface, as well as displacement due
to material stretching of the geotextile.

It can be seen that the differential displacement between
the front end of the geotextile and a point 30 cm from the
front wall was lower for test 2 as compared to test 1. This is

expected as the peak pullout resistance that can be
mobilised in the second test was lower than the first test,
substantiating the fact that the residual soil backfill at the
interface was indeed weakened by the soaking process.
Note that the first 30 cm of the geotextile was not embedded
in soil, Thus this section of the geotextile was undergoing a
process similar to the wide-strip tensile test.
Another important observation made in the two pullout tests
was that in test 1, the differential displacement between two
larger at locations nearer to the front wall than locations
further from the front wall. This meant that the geotextile
developed higher levels of strain nearer to the front wall
than at locations further from the front wall. In test 2,
however, it was observed that the differential displacement
seemed to be quite uniform along the length of the
geotextile, showing that the strain development was rather
uniform along the length of the geotextile.
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Figure 2 : Displacements at various locations of the
geotextile during pullout test 1.
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Figure 3 : Displacement at various locations of the
geotextile during pullout test 2.
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3.3 Pore water pressure measurements is feasible only if proper drainage mediums are also
provided to rapidly drain off the pore water to prevent
potential build-up of excess pore water pressure. Hence, the
During test 2, pore water pressure transducers were installed

in various locations to measure the pore water pressure
during the compaction and the pullout stages. While the
hydrostatic pore water pressure is about 1.0 kPa at the
location 10 cm below the surface of the soil, as indicated as
PPT4. The pore water pressure transducer at this point
(PPT4) measured a pore pressure of about 3.5 kPa through
the test, indicating that there is a built-up of excess pore
water pressure of about 2.5 kpa. However, at the location of
the soil-geotextile interface, where the hydrostatic pressure
is about 2.5 kpa, the pore pressure transducer PPT2 gave
pore water pressure reading of practically zero through out
the pulling process. This indicates that the geotextile is
capability of draining away the water effectively and
functioned not only as reinforcement but also as a drainage
medium.

Interesting results were obtained from the pore pressure
transducer near the sleeve plate (PPT3). At the location of
soil-geotextile interface, the transducer just in front of the
sleeve plates (PPT3) registered some development of excess
pore water pressure during the pullout process, reaching the
peak total pore water pressure of about 6.5 kPa at the elapse
time of about 60 minutes, which corresponds to the time
when peak pullout force occurred. Subsequently, the pore
water pressure dissipated rapidly when the geotextile was
undergoing pullout.
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Figure 4: Pore water pressure measurements during test 2.

4 CONCLUSIONS

The use of residual soil as backfill material for the
construction of geosynthetics steep slopes and earth walls
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geosynthetics material not only have to functioned as a
reinforcement material but also as a drainage medium. One
such material is the composite geotextile which consists of
high-strength polyester yarns for reinforcement purposes,
and a porous nonwoven polypropylene sheet for drainage
function. The two large scale pullout tests reported here
indicate that high-strength geotextile, coupled with drainage
capability, can provide a rational choice as the
reinforcement material. The test results indicates that the
pore pressure at the soil-geotextile interface is practically
zero, except at location near the sleeve plate, while the soil
mass above the geotextile were having some excess pore
water pressure. This seems to suggest that the geotextile is
capable of dissipating excess pore water pressure rapidly
during the pullout test. With the provision of this drainage
function, peak pullout force dropped by only 16.4% when
the residual soil is subjected to pending, With the use of
such material for reinforcement purposes, the reinforced
soil concept can be further extended to regions where
granular material is not readily available as backfill
material.
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ABSTRACT A full-scale test embankment reinforced with geosynthetic horizontal drains (GHDs) was carried out. The
GHDs consisted of geocomposite materials and had the functions of reinforcement and drainage. Two kinds of GHDs
and slope fxing materials were selected, and a soft clay generated from an excavation was used for the filling material.
The soft clay embankment, reinforced by GHDs, was designed to be 10 meters high with a steep slope angle. Limit
values for the safety of the embankment were selected.

During and after the embankment execution, the settlement and the deformation of the embankment, the induced
elongation of the GHDs, the strengths of the filling material, etc. were carefully monitored. The results obtained reveal
that the soft clay embankment is stable and that the GHDs provide sufficient reinforcement.

KEYWORDS: Embankmen4 Geocomposites, Reinforcements, Soft Soils, Steep Slope
1 INTRODUCTION

Recently, embankments reinforced with geosynthetic
materials have been used as one of the general
construction methods for stabilizing embankments. The
good mechanical properties of geogrid, a typical
reinforcing material, are widely recognized for their
applicability to reinforced embankments filled with sandy
soils. Due to the lack of drainage, inferior quality soil
such as surplus soil from construction sites can not be
used for filling material in reinforced embankments.
When soft clay of a low strength is used as a filling
material for embankments, the filling is expected to
increase in strength owing to consolidation by the effects
of dewatering. Therefore, we have developed GHDs
which are not only superior strength but also high
permeability (Kamon ti al. 1994).

This paper describes the results of a case study
involving newly developed GHDs applied to a reinforced
embankment filled with a soft clay soil.

2 OUTLINE OF THE TEST EMBANKMENT AND
BASIC PROPERTIES OF GHDS

Two GHDs were applied to a reinforced embankment 10
meters in height . Plastic cores covered by nonwoven
fabric (improved mechanical characteristics) and the
reinforced nonwoven fabric (reinforced with high tensile
strength yam) were used. The width of each GHD was
0.3 meters. The basic material properties of the GHDs
are summarized in Table 1.

The construction site is in the southern part of Osaka
Prefecture, and surplus clay soil from an excavation in
Table 1. Basic properties of geosynthetic horizontal drains
A Zone B

Materials (Ptsstii-iir.covered (Reinforced
by rlalwovm fabric) nonwovenfabric)

Thickness (mm) 3.6 8.7
Unit density (g/m2) 1636 1581

Pall-out Strem?th(klw
at 5% elongation “ 6.1 8.3
at failure 6.5 12.2

Tensile strength (kN/m)
at 5% elomzation 43.5 43.8
at failure “ 82.8 72.9

Elongation at failure (%) 32.1 11.4
In-Dlate oermeabilitv (cm/s)

Nod stress at 913.OkPa” 1.6x101
Normat stress as 294.OkPa 1.6X101

3.2x10-1
1.OX1O-1

this area was used. The ground conditions in this area
include Pleistocene deposits, and the excavated clay soil
was in a slightly overconsolidated state.

Table 2. Physical properties of filliig material used

Density of solid particle (Mg/m3) 2.686

Water content (%) 44.2

Clay fraction (<5 W) (%)
63.3

Llqu]d 1Unit (%) 57.4
Plasticity (%)
Cohesion, CUO@ )a 88.2

Internal fiction angle, @( )
I

Preeonsohdauon slress, pc (lcpa) 426.3

Ccxft3cientof consolidation, ~ (anZ/daY) 0.589
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DESIGN OF THE SOIT CLAY EMBANKMENT
;EINFORCED BY m-m

The physical properties of the clay soil are indicated in
Table 2. The liquidity index was approximately 63% and
the clay soil became very soft after remolding.

Based on the in situ failure test results (Kamon et al.
19%), a highly soft clay embankment reinforced by
GHDs was constructed. A section of the embankment is
illustrated in Figure 1. GHDs were placed over 50% of
the embankment with the staggered arrangement shown
in this figure. The design factors of the slope stability are
summarized in Table 3, which was modified from the
Japanese design manual (1992).

The stability of the embankment was calculated
according to the following rotational slip method.

R*Z(ci*li+(Wi*cosOi+T1.sinei@@i+Ti.cosei )
Fs = --------------------------------------------------------- (1)

R*Z(Wi*sinOi)

where ci = cohesion of the soil (kPa), wi = clod weigh~ @i
= angle of internal friction (degree), and Ti = tensile
strength of material (kN/m).

Cross Section

Facing 13.5

r
q GHOstaggered

/1 arrangement
x
0
.

0
~

Front Section
Width of GHD :0,3

20.0 spacing in
lone B ,70n e 1A \ vertical: 0,6

L._ 20.0 K

unit (m)

Figure 1. Section of the test embankment
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As Ti value, we selected the smaller value between the
ultimate tensile strength Ta and the pull out resistance TPi
of GHDS. TPi was calculated by Equation (2), namely,

Tpi = 2m(0.5ci+l.O*~v*~@i}Lei (2)

where Cv: vertical earth pressure which works upon the
anchorage part of the material at each layer, Lei:
anchorage length of the material at each layer, Fs: safety
factor, R: radius of the rotational slip surface, li: arch
length of the slip surface which was divided into sections,
and & sliding angle at the center point of the slip surface
which was divided into sections.

The embankment had two different zones reinforced by
two different GHDs, each 10 meters high and with a

Figure 2. Filling work with GHD and facing material
Table 3. Design factors and the calculation result of the slope stability

-.. ..—_, T-
Safety factors Sliding circle (static): 1.3

(dynamics): 1.0
Pull-out safety (static): 2.0

(dynamits): 1.2
Design strength of GKDs Static (by the creep test result)

Dynamics (at 5% elongation by
tensile test result)

(ldcutauon result of slope stabihty Static without reinforced = 0.976
with reinforced = 1.405

Dynamics: without reinforced = 0.730
with reinforced = 1.015
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1:0.6 slope angle. Figures 2 and 3 show the embankment
rein-forced by the GHDs during and aftex the filling work.
Two types of facing materials were newly developed and
applied to zones A and B, the details of which are omitted
in this paper.

4 MONITORING RESULT

4.1 Monitoring System of the Embankment

The filling works were carried out smoothly in both
zones. To monitor the slope stability, inclinometers,
tensiometers, multi-layer settlement gauges, earth
pressure gauges, relative displacement meters, and
groundwater monitoring wells were installed in the
embankment in order to certify the deformation of the
embankment and the status of the GHDs. These
monitoring instruments with automatic measuring
systems (Figure 4) were mainly installed on the slope and
around the predicted sliding circle. The measuring points
for each parameter are indicated in Figure 5.

Inclinometer

Multi - laversettlement Ground water monitoring well

t

Figure 4 Monitoring system of the embankment

1
A

. L~
+-d)
Oireclionof inclining

F]gure 5. Monitoring points of the embankment
Feb.1 May.11 AUIZ19 Nov.27 Marl
1996 Date 1997

Figure 6. Behavior of the deformation of slope surface

4.2 Deformation of the Embankment

F]gure 6 indicates horizontal displacements at the 3-meter
high slope of the embankment measured by surveying the
total stations. A large horizontal outward deformation at
the early stage of the filling work includes a kteral move-
ment by the overburden load as well the an self-weight
effect of the filling machine. After the completion of the
filling work on March 22, 19%, the horizontal deforma-
tion was very small and the embankment became stable
by the consolidation of the clay soil.

4.3 Elongation of the GHDs

The results of measuring the strain of the GHDs are
illustrated in Figure 7. Strain gauges were set on the
fourth and the tenth GHDs where they would be close to
the predicted sliding circle. The extensions of the GHDs
as well as the compressions were obtained during the
filling work. The maximum strains were relatively small
values (0.8 to 1.0 %). After the completion of the
embankment, no additional strain was observed in the
GHDs. This means that the embankment was quite
stable.

The difference in the embankment’s deformation
behavior between zones A and B depends on the elonga-
tion and the friction of the GHDs used, but the difference
was very small in this case study.

4.4 Physical Properties of the Filled Soft Clay

The shear strength of the filled soil during the fflling work
was measured by a cone penetration test. Figure 8 shows

the results of the distribution of cohesion in the embank-
ment. The results are in zone A and the controlled value
was 30 kpa. As the shear strength was less than 30 kpa
with a height of 3-5 meters, additional filling was care-
fully performed with the confirmation of the stability
analysis. Since the safety of the soft clay embankment is
at its lowest in the early stage of the execution, the safety
factor of the embankment increased in the drainage func-
tion of the GHDs after the completion of the
embankment.

The variation in suction for the embankment (zone A)
during a rainy season is illustrated in Figure 9. Tensio-
meters at points A3, 7, and 9 are directly set on the GHDs
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Figure 7(b). Behavior of elongation of GHD (Zone B)

and A6 was set in the center of the soft clay. The data
show negative porewater pressure because of the Pleisto-
cene clay that was filled. This suction (negative
porewater pressure) decreases with rainfall, at the surface
of the embankment in particular, and increases with
dissipation due to the high permeability of the GHDs. It
is seen that the GHDs had a high drainage effect and that
the safety of the embankment was maintained even with a
heavy rainfall.

5 CONCLUSION

The GHDs showed a sufficient tensile reinforcing
function and the soft clay embankment with a steep slope
was safely constructed using them. The reinforcing and
drainage effects of the GHDs can be estimated because of
the monitoring results, in particular from the deformation
behavior of slope surface and elongation data of the
GHDs. Consequently, the GHDs can be used practically
in designing reinforced embankments filled with soft
clays which are usually disposed of as construction waste.
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ABSTRACT: Centrifuge model tests were performed to study the feasibility of a new installation method for the
construction of mechanical y stabil ized earth structures (MSES) using geotextile rci nforcement. The proposed methcd allows
wide strips of geotextile to be driven horizontally and directly into existing and marginally stable slopes, similar to the
instal Iation of vertical wick drains. It does not require excavation of the soi 1 behind the slope face, thus offering a rapid and
economical solution for slope stabilization. Model geotextile strips simulated high strength non-woven geotextiles, which
serve both M horizontal drain and reinforcement. The contribution of each function to the stability of marginally stable
slopes in soft soil is presented in this paper. Typical results from centrifuge model studies show good agreement with other
numerical analyses.
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1 INTRODUCTION

Centrifuge model tests were performed to study the
feasibility of a new installation method for the construction
of mechanical y stabilized earth structures (MSES) using
gcotextile reinforcement. Conventional geotextile reinfomd
slopes utilize geosynthetics such as geogrids and geotextiles
in the form of continuous sheets. These materials zue
installed in place after excavation of the slope and
successive placement of selected soil as backfill. The
proposed method allows wide geotextile strips to be driven
horizontally and directly into existing and marginally stable
slopes, similar to the installation of vertical wick drains.
The geotextile strips perform dual functions, both as
horizontal drains and reinforcement. Since excavation of the
soil behind the slope face is not required, the method offers
a rapid and economical solution to slope stabilization. The
advantages of the proposed method over conventional
MSES are summarized in Table 1.

Table 1. Conventional MSES versus the proposed method

Conventional MSES Proposed Method

● require excavation/ ● insitu installation on

removal of “bad” soil existing slope (minimal
● use selected/imported or no excavation)

backfill ● utilize existing soil
● time consuming ● rapid installation

(constructed inlayers) . no formworkhemporary
● require formworld support

temporary supports ● minimal facing (surfiice
● some need specially erosion control)

designed facing ● economical

● high cost
~ SOFT SOIL SLOPES

Various full scale studies have been performed dealing with
geotextiles performing multiple functions in the stability of

reinforced slopes in soft saturated soi 1. Tatsuoka ad
Yarnauchi (1986) reported on full scale studies performed on
two clay test embankments reinforced with planar sheets of
non-woven geotextile. The multiple functions of the
geotextile, i.e. drainage, tensile reinforcement and
compaction control, were the major considerations in the
study. Two embankments were constructed using local Iy
available volcanic ash clay, and were fully instrumented to
monitor the pmformance of the embankments over a pxiod
of 1.5 and 3 years. The non-woven gcotextiles used sewed
well as pore pressure dissipators and the immediate
dissipation of pore water pressure wm observed after a
period of heavy rainfall. The non-woven geotextile was
about 3-4 mm thick with an in-plane permeability of 2 x
10-1 to 3 x 10-2 cm/sec and provided the required drainage and
hence stabilized the slopes.

Kamon and Akai (1996) constructed full scale reinforced
embankments to study the effect of geosynthetic horizontal
drdins (GHD) on the stability of the embankments. Various
types of new] y designed GHDs were used in the study. The
GHDs were similar to vertical wick drains. The inner cores
were wrapped with woven or non-woven gcotextiles. These
materials were about 12 mm thick, had maximum tensile
strengths of about 74.5 kN/m, and exhibited vety high in-
plane permeabilitics. GHD strips, 30 cm wide, were
installed during the construction of the clay embankments.
The use of GHDs improved the stability of the slopes,
increasing the factors of safety (FOS) to about 1.43 and

1.55, compared to a FOS of 1.163 using only conventional
geotextiles. Kamon et al. concluded that GHDs can serve
the dual functions of reinforcement and drainage for
stabilizing soft clay embankments.



[t should be noted that the GHDs were installed in a
similar manner to conventional MSES systems, i.e. the
slopes were excavated in order to install the GHDs or
reinforcement.

Loke et al. (1994) also studies the multi-functioning
behavior ofgeotextile-reinforced embankmentson soft clay.
The full scale embankments, reinforced and unreinforced,
were constructed to failure. High strength and multi-layers
830-1998 Sixth International Conference on Geosynthetics
non-woven needle punched gcotextiles were used in the
study. The use of the high strength non-woven geotextiles

provided the required drainage and reinforcement for the
embankment. Theoretical analyses, using finite difference
methods, were perfonncdto determine the critical height of
the embankment. The results from the analyses confirmed
the behavior of the full scale slope.
E======= — ——B==+===

(note: LC - Load Cell, LVDT - Linear Variable Diaplacemenl Tranatormer, PWP - Pore Pressure Transducer)

Figure 1 The experimental setup showing various instrumentation used in the study
3 CENTRIFUGE TESTING

3.1 Experimental Setup

The geotechnieal centrifuge at Rensselaer was used to
perform all model tests presented herein. The capability and
performance of the centrifuge, and a summary of various
research projects that have been performed using the

centrifuge is presented by Van Laak et al. 1997. Model
slopes with a slope angle of 63° ( lH 2V) were constructed
in a large centrifuge strong box ( 6J3.96 cm wide x 91.44
cm long). Two actuators, Actuator A and Actuator B shown
in Figure 1, were used to drive the mandrel and apply

surcharge loading, respectively.
Soft clay material was used in the model slopes which

were accelerated to marginal g-levels (factor of safety close
to one) to simulate near failure conditions of the slopes.
Geotextile strips were then inserted into the slopes, using
the remotely controlled mandrel driver, at that particular

high g-level (while the centrifuge was rotating). The slopes
were then loaded to failure.

Various instrumentiition used in the models are shown in

Figure 1. Details dealing with the instrumentation and
calibrations are presented elsewhere (Zimmie and Mahmud.
1996a).
3,? Testing scheme

Four model tests are presented in this paper. The models ae
Unre301, Rein301, Unre403 and Rein401 which represent
an unreinforced slope with surcharge loading, reinforced

slope with surcharge loading, unreinforced slope with
seepage and reinforced slope with seepage, respective y.

Models Unre301 and Rein301 were spun up to 8 g in the
centn fuge and maintained at this g-level for a few minutes,
then the g-level was increased to 16 g and again maintained

at that g-level for a few minutes before finally being
increased to 25 g. The surcharge loading was introduced at
the 25 g-level, and the load was monitored by the load cell
attached to the loading plate. For model Rein301, six
geotextile strips were inserted at 25g, prior to the
application of crest loading. Both Actuator A and Actuator
B (Figure 1), were utilized in the model. Actuator A moves
horizontally, inserting gcotextile strips housed inside the
mandrels into the soil. This operation occurs while the
centrifuge is in motion and the model is at, the specified
high acceleration level in order to simulate prototype soil
stresses in the slop. Actuator B is used to apply a
surcharge loading on the slope after the strip instal Iation
process is complctc. Load cells are used to continuously
monitor the driving force and surcharge Ioadi ng.
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Models Unre403 and Rei n401 were spun up to 25 g in
increments of 5 g. The models were. maintained at that g
level for several minutes before introducing the water. Water
was fed into a reservoir behind the slope, from a water tank
mounted on the shaft of the centrifuge. An automatic shut-

off valve with a remote switch located in the centrifuge
control room was used to control the !1OW of water in

[light. Two ~rforated plates were placed at the hcndwater
and tail water sides to allow [low within the model. For
model Rein401, six reinforcing and drainage strips were
inserted at 25 g before introducing the water at the back of
the slope.

Centrifuge mcxieling requirements were carefully observed
to achieve similitude. Additional details concerning
centrifuge modeling laws pertinent to this study arE
presented in Zimmie and Mahmud ( 1996b).

4 RESULTS AND DISCUSSIONS

The crest settlements of models Unre301 and Rein301 plus
corresponding leads that caused fail ure are shown in Figures
~ and 3 reS~tIVel y. The unreinforced sIope model rmisted

an applied crest load of about 27.2 kg (60 Ibs) and the
reinforced slope a load of 45.4 kg (100 lbs). Both tests
showed approximate y the same amount of settlement to
failure but the reinforced slope resisted a higher load, M
expeeted. Using limit equilibrium analyses, the factor of
safety (FOS) for the unreinforced and reinforced slopes were
1.24 and 1.62 rcspeetively, prior to the application of
surcharge loading. The FOS at failure was about 0.45 for
both models, computed using the maximum applied loads,
indicating that failure probably oeeurred at load values

slightly less than the maximum. Details results and the
failure mcde of these slopes are presented in Mahmud and
Zimmie (1997).

Figure 2 Unreinforced slope with surcharge loading
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Figure 3. Reinforced slope with surcharge loading

Model Unre403 and Rein401 were prformed to
emphasize the drainage function of the geotextile strips. The
difference in water table between the unreinforced and
reinforced slopes plotted from pore pressure transducer data

is shown in Figure 4. As shown, the installation of six
strips into the slope significantly lowered the phreatic
surface and increased the stabi Iity of the slope. The FOS of
the unreinforced and reinforced slopes computed by Iimit
equilibrium analysis were 0.8 and 1.1 respectively.

I _.. =&./-
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Figure 4. Phreatic surfaces for unreinforced and reinhreed
slopes (dimension in model units- inches)

5 CONCLUSIONS

The use of geosynthetics as reinforcing elements in
reinforced wal Is can result in savings of about 20-5070 as



compared to the use of metallic strips lChristopher and
Holtz (1985), and Mitchell and Villet (1987)]. The new
installation technique proposed herein wi 11 even further
reduce the overal I construction cost of mechanical] y
stabilized earth structures (MSES). Detailed analysis of the
cost of the proposed method is presented by Mahmud
(1997). A comparison of unit costs betwtxm the proposed
method and other reinforced soi I structures is shown in
Figure 5. Unit costs of the other structures were provided by
Holtz et al. (1995). The proposed method is very
economical compared to other MSES, largely due to the fact
that no excavation of the S1OPCSis required.

This methcxl can rapid] y stabilize marginally stable slopes
or slopes near failure. The practical ty, and time and cost
saving aspects of this new method will be beneficial in
various slope stabilization schemes including marginally

stable embankments, existing slopes and cut slopes.
The centrifuge modeling techniques used in this study m

quite economical and less time consuming than the
alternative of full scale prototype testing. In fact, it would
have been economical y impractical to conduct full scale
testing during this stage of the study. Proper scaling
conditions were carefully observed, and the results of the
centrifuge model tests should agree well with the results of
full scale tests.

Obviously the feasibility and cost effectiveness of the
proposed methodology can only be truly verified after full

scale slope installations arc completed.
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Figure 5. The cost comparison between the proposed

method and other methods for reinforcing slopes.
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Hydraulic Effects of Using Dual-Function Geosynthetics in the Design of
Multi-layer Structures
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ABSTRACT: This article presents some works to try to model the behavior of multi-layer structures combining a soil
having what would be considered as poor mechanical properties for construction purposes, and Dual-Function (draining-
reinforcing) Geosynthetics (DFG). We focus on this paper on the hydraulic modeling of a composite soil geosynthetics We
consider for the DFG geosynthetic only the transmissive capacity of the geosynthetic drain for accelerating the dissipation of
uplift pressures. Effect of the geosynthetic transmissivi~ is shown for two types of soil. Modeling of the effect of a local
damage of the drain is presented.
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1 INTRODUCTION

One advantage of using flexible geosynthetics for ground
reinforcement would seem to be the possibility of using
soils of poor quality, with a high percentage of fines, often
with high initial water content and highly sensitive to water.
The concept involves associating a drainage function and a
reinforcing function for the inclusion (Dual-Function
Geosynthetics: DFG). Thanks to the high transmissive
capacity of the geosynthetic with high permeability draining
function, interstitial uplift pressures induced by placing the
soil can be quickly dissipated. At the same time, the tensile
strength of the reinforcing geosynthetic improves the
mechanical stability of the structure provided by the
consolidation of the material (Figure 1).
A modeling system was already presented (Gotteland et al.
1996) with some results of the combined draining-
reinforcing effect of a dual-function inclusion for the
construction of multi-layer structures alternating a layer of
soil with a geosynthetic sheet. We focus on this paper on the
hydraulic modeling and on numerical results obtained to
assess the effect of some parameters.

2 EMBANKMENTS CONSIDERED

The types of structure concerned are linear structures with
vertical or sloping facing with the length being much greater
than the other dimensions: height H and width B .
Calculations can thus be made in the plane of the structure.
The structures could be multi-layer, alternating a layer of
soil with a Dual-Function Geosynthetic DFG, of length B,
placed horizontally with a spacing of Dh
The soil supplied is the same and homogeneous over the
entire height of the embankment.
The embankment facing is considered as a perfect drain; the
upstream boundary between the structure and the in situ soil
is considered to be either perfectly draining, or perfectly
impermeable depending on the type of construction,
Figure 1: increase of the pull-out strength of the DFG (1a),
increase of the shear strength of the soil (1 b), by lowering
of the pore water pressure in the structure

2,1 The soils

The soils considered in this study are homogeneous fine
soils (clays, silts), with high initial water content and
permeability, ks, between 10-8 and 10-10 rds. A saturated
state may be achieved on completion of placing operations.
Compacting may give rise to permeability anisotropy
(vertical and horizontal permeability may be different).
1998 Sixth International Conference on Geosynthetics -833



2.2 Dual-Function Geosynthetics (DFG)

The DFG inclusions considered are made up of an
association of a draining geosynthetic and a reinforcing
geosynthetic, for example by the combination of a non-
woven and a woven fabric.
As far as only drainage is concerned (hydraulic fiction),

the fictional characteristic is the transmissivity Og [m2/s]

with (3g= kg. e (kg[m/s] permeability, e[m] thickness).

2.3 Draining properties of DFG in the presence of soil

Contact with the soil and applied stresses, over time, lead to
a reduction in draining properties of geosynthetics as well
as a reduction in soil permeability in the surrounding
filtration area. This is known as the clogging phenomenon.
The laws governing the variation in these properties are still
being studied but simplified approaches can be considered.
The more simple modeling is to consider the
transmissivities could be reduced all a long the drain
compared to the same values on virgin geosynthetics in

order to take these phenomena into account ((3g initial = Gg
reduced -2 x 10-8 m2/s).
We present one other possibility : local reducing of the
drain transmissivity for example to modelise a localized
clogging or problems of water penetration in the drain.

3 INTERSTITIAL UPLIFT PRESSURES IN A SOIL-
GEOSYNTHETIC DRAINING COMPOSITE.

For the hydraulic study, the multi-layer structures studied
are broken down into identical elementary element, either
by considering two half draining geosynthetic enveloping a
soil layer of thickness Dh, or two soil half-layers enveloping
a geosynthetic (Figures 2),
For modeling purposes, the construction of a element j is
assumed to be instantaneous and completed after time Tj.
The time T [days] is the time in days since the start of
embankment construction (layer j= 1), t=T-Tj [days] is the
relative time since construction of module j. The
construction time between completion of two successive
elements is Dt [days].

The stress o, generated by the weight of the soil layers, is
applied uniformly to each element and is imposed
instantaneously when constructing the next overlayer.
The deadweight of the element j studied is not taken into
account.
The soil has an isotropic, linear elastic behavior; after
placing, it is assumed to be saturated in water, a fluid
considered to be incompressible. The stress s created by an
instantaneous increase in interstitial uplift pressure Z,

~ (x, z, t=T-Tj= O) = a,

The transmissivity 6g of the geosynthetic is constant with
time. Flow in the geosynthetic drain obeys Darcy’s law.
The evaluation method for fi (t) is based on the theory of
consolidation. Two approaches are possible: flow in the soil
may be considered to be unidirectional (Auriault et al. 77)
or two-directional (Bourdillon 76, Gotteland 91 ).
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. . 7 . . . . . . . . . . -
we conslaer nere me nypothesls 01 two duectlonal flow in
the soil The consolidation problem is resolved by a fmite-
difference numerical method. The system is broken down
into discrete elements in space (rectangular mesh) and time
(explicit scheme). The degree of error in the evaluation of
uplift pressures will depend on the size of the mesh dx/dz (a
smaller mesh giving a more accurate result) and on the time
step, which must be less than the critical time step in order
to ensure convergence.
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Figures 2: elementary element, discrete mesh

4 MODELING OF CONSTRUCTION

Each element of the multi-layer structure can be studied
separately. For each, the effect of the construction stack of
successive element on the change in interstitial upliil
pressures must be assessed,
A detailed modeling procedure was proposed (Gotteland
91, Gotteland et al 96) in order to assess the effect of the
following main parameters on the dissipation times of
interstitial uplifi pressures in the elements:

- Construction phasing D~[days]
- Initial uplift pressure u (t=O) = ii comp [kPa]
(initial remnant pressure after compacting effect)
- Thickness of modules Dh [m]

- Transmissivity of the geosynthetic 6g [m2/s]
- Horizontal and vertical permeability of the soil
kx, kz [m/s]
- etc.

We retain for this paper , the following simplified modeling
procedure : Hypothesis of instantaneous construction of the
complete structure (Dt=O), with combined influence of
compacting and total overload generated by the weight of
overlying modules the consolidation
(; (t=O)= ii comp+(n-1 ). Z sty, Z comp is the initial
remnant pressure after compacting effect, ; stat increasing
by the weight of the soil from an additional element,
simplified model 2, Figure 3 ).



This model provide a greater safety margin because it does
not make allowance for consolidation during construction.

T D! DI Dt D{ Dt Tn T
. . . . .

t

Figure 3: Theoretical modeling of the variation of the uplift
pressure during and after construction.

5 STUDY

Some characteristic results of a parametric study are
presented in order assess the influence of the variation in

transmissivity Qg of the DFG. Three soils are considered :

Soil 1 Soil 2 Soil 3
(clay) ~:ycay) (Cl;ye;::f)

ks [m/s] 1,710-10

ys [kN/m3] 17,5 1;.5 17.5
Cvs [m2/s] 1,4710-7 5.410-7 2.810-7

ks [m/s]: permeability, ys: soil density [kN/m3],

Cvs=ks.Eoed/yw with Eoed: oedometric modules of the

soil [kPa], yw: water density [kN/m3]

Only the uplift pressure distribution in the element at the
base is calculated ( height of the structure H = 7 m, length
B = variable , geosynthetic spacing Dh = 1 m) with
impermeable upstream boundary.
The instantaneous construction hypothesis is considered:
; (t=O)=l 05 [kPa] (simplified model 2, Figure 3)

5.1 Influence of the transmissivity eg of the DFG

Figure 4 shows the variation in dissipation time required to
obtain 10°/0maximum residual uplift pressure in the module
in the vicinity of the impermeable upstream boundary (time
t such that = (t)maw’ fi (t=O) = 10%).as a fhnction of DFG

transmissivity 8g.
An interesting phenomenon is seen to occur as a result of
the modeling calculation: for low transmissivity values,
maximum uplift pressures are dissipated faster in soil 1
(clay) than in soil 3 (silt), and even compared to soil 2 for
extremely low values, although soil 1 has lower
permeability.
For a more important length B of the drain, the observed

phenomena exist for greater value of 6g. In the same way, if
the thickness Dh is smaller (Dh=0.5 m) the same
phenomenon is amplified. Notice, that these values of eg
are similar of real values of 8g for non-woven geotextiles
used for D.F.G.
For high transmissivity values (fig = 10-5 m2/s), the uplift

pressure decreases rapidly in the drains for both soils:
drainage occurs mainly through the geosynthetic drains. The
soil with the high Cvs value dissipates the interstitial uplift
pressures more quickly.

For a lower transmissivity value (eg = 10-7 m2/s), the uplift
pressure in the drains takes much longer to decrease. The
explanation seems to be that, for soil 1, the ratio 6g / ks is
such that most drainage of the soil takes place through the

geosynthetic drains. For soil 3, given the low 9g value, flow
is mainly horizontal through the soil; as a result, the drain is
subjected to high uplift pressure. Consequently, the draining
time being longer, the residual uplift pressure (maximum at
the impermeable upstream boundary), is higher for the
more permeable soil. Figure 5 shows the uplift pressure
distribution for two times t=l O and 20 days for soils 1 and 3

and for Qg = 10-7 m2/s of the DFG.
The using of a geosynthetic drain seems to be really
efficient for low permeability of soil (clay) compared to
higher permeability of soil (clayey silt),
The ratio of geosynthetic transmissivity to soil permeability

(8g/ks) therefore plays a major role. What can we expect in

real life of draining system?

I,00E-08 1,00E-07 1,00E-06 1,00E-05 I,00E-04 ]

lTransmissivity 9g ( m2/s) ~

1,00E-08 1,00E-07 1,00E-06 1,00E-05 l,00E414 ~
1

~Transmissivity fJg~ m2/sr~—-

Figure 4: variation in dissipation time (; (t)max/fi (t=O) =

10’YO)as a tlmction of transmissivity eg ( B=4m, B=l 5m).
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Figure 5: uplitl pressure distribution in soil 1 and soil 3

(6g = 10-7m2/s, B=4m, dh=lm, two times 10 and 20 days)

5,2 Influence of a localized decrease of Og

We show the influence that could have a localized reduce of
the DFG transmissivity. This decreasing could be produced:
by a local damage of the drain, a decreasing of the thickness
of the drain induced by a construction blemish, a water
moisture penetration difficulty of the drain. This last
phenomena was already observed for non-woven
geosynthetics.

We had solved this problem with a numerical method; t3g is

locally reduced: (6g locally reduced = @/100) in the
application treated, In fhnction of the place of the damage,
we had an uplift pressure discontinuity in the damage DFG:
the uplift pressure is increased at the back and is decreased
in front of the damage , in comparison with undamaged
DFG (Figure 6). This induce an over distribution of the
water flow in the soil-DFG composite : the uplift pressure
increase in the undamaged DFG and it is more efficient.

6 CONCLUSIONS

The use of draining-reinforcing dual-fimction geosynthetics
(DFG) means that it is possible to consider employing poor
quality soils to build reinforced-earth structures.
From this first original approach, the effect of the main
parameters involved cafi be judged, although it should be
836-1998 Sixth International Conference on Geosynthetics
stressed that this is only the preliminary stage of research on
this subject. An instrumented structure will have to be built
and monitored to refine the hypotheses considered and
modeling procedures in order to establish a necessary
validation base.
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The Mobilized Strength of Prefabricated Vertical Drains
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ABSTRACT: This paper focuses on the mobilized strength of prefabricated vertical drains, or PVDS, and is based on the
results of theoretical, laboratory and field testing on prototype PVDS. Used herein are PVD simulated units known as load-

research aimed at determining the mobilized strength of
PVDS. The paper will conclude with generic
elongation measuring strips, or LEMS. Results of the paper sho
are well in excess of the required strength when installed by prop

KEYWORDS: Drainage, Wick Drains, Tensile Strength and Su

1 INTRODUCTION

PVDS have replaced conventional sand drains over the past
20 years, by providing an economical solution to rapidly
consolidate fine grained saturated soils. When building on
such compressible soils, large settlements are anticipated.
As the soil cannot compress at a greater rate than release of
the excess pore water pressure, such settlement can
continue for a long period of time. PVDS are used to
expedite this release of pore water hence they decrease the
time for settlement and greatly facilitate the stabilization of
such sites.

PVDS are approximately 100 mm wide by 2 to 5 mm
thick. They are delivered on site in large rolls. Most PVDS
consist of a synthetic drainage core surrounded by a
nonwoven heat bonded or mechanically bonded geotextile
filter. They are installed vertically in the ground by a pile
driving type of construction equipment known as a “wick
sticker”. Spacings are typically at 1 to 5 m throughout the
soil to be stabilized. The length of the drains are site
specific but usually extend to the bottom of the soft soil
involved.

Once the PVDS are installed over a large area, a surcharge
load is placed on the ground surface to mobilize excess
pore water pressure in the foundation soil. The expulsion
of the water is coincident with consolidation of the soil
resulting in settlement at the ground surface. Additional
surcharge load is placed in incremental lifts in accordance
with the design requirements. The duration of the load
depends on the soil characteristics, PVD spacing and type
of PVD utilized.

There is a wealth of information available on the
technique and a tremendous number of PVDS have been
successfully installed around the world. The design

method for determining the consolidation time versus PVD
spacing as well as the required flow rate has been fully
described in the literature. For example, Hansbo [1979]
w that the typical strength of commercial y available PVDS
erly functioning construction equipment.

rvivability

has developed the relationship usually used to determine
the PVD spacing as a function of the desired consolidation
time, Holtz, et al. [1991] has given guidance on the flow
rate capacity of PVDS in the unkinked and kinked
conditions.

Conversely, the mechanical strength requirements of
PVDS has seen little quantitative analysis and discussion.
The only reference, Kremer, et al. [1983], reports the need
for a PVD tensile strength of 500 N at a corresponding
minimum strain of 270. They also suggest a maximum
strain of 10%. This upper strain limit is imposed in order
to avoid unwanted deformations that might compromise the
drain’s dimensions and thus flow capacity. The technical
background for these tensile strength and strain values is
not known. Thus, the pursuit of a more rigorous numerical
and experimental treatment of the tensile strength
requirements during installation of PVDS is the purpose of
this paper.

The tensile strength of PVDS is a consideration both

during installation and during consolidation. Installation
challenges the drain’s strength as it threads through rollers
of the wick sticker. The strength of the PVD is also
challenged during the mandrel withdrawal process. Both
of these situations are exacerbated by high installation
speeds. In addition, the tensile strength may also be an
issue when the drains are collectively used to resist a
circular arc failure of the weak, sensitive soil. A large
number of PVDS “sewn into the ground” and working as a
unit will intercept and resist such a circular arc failure.
This, however, is a design issue and is not addressed in this
paper.

The paper will describe theoretical, laboratory and field
recommendations on the required strength of PVDS based
on the results of this investigation.
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2 INSTALLATION

Typical equipment used to install PVDS is shown in Figure
1. Lighter trackhoe mounted units are sometimes used
when the PVDS are relatively short, e.g., less than 15 m
deep. Collectively, we will refer to all PVD installation
equipment as “wick stickers”. Wick stickers contain a
mandrel which encases and carries the PVD while it is
being driven. Mandrel designs are product specific.
Rhombic mandrels with tapered ends are often used for
high speed driving in soft soils. T-shaped mandrels
reinforced with a longitudinal steel fin and fitted with
harden steel driving tips are used when hard surface layers
need to be penetrated. Mandrels are designed to minimize
disturbance of the ground and to reduce smear and
remolding of the soil adjacent to the PVD.

Wick drain
~ delivery

mandrel

_ Wick drain
on wheel

Figure 1. PVD installation rig, a wick sticker.

At the bottom of the mandrel the PVD is fixed to an end
assembly that remains in the ground as the mandrel is
withdrawn. The purpose of the end assembly is to keep the

PVD fixed at the bottom of the soil layer while at the same
time keeping soft soil from entering the mandrel as it is
driven.
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3 THEORETICAL CONSIDERATIONS

PVDS strengths are challenged during installation partly
from the drain’s self weight and partly from friction
between the drain and various parts of the installation
equipment. Worst case scenarios are envisioned as
maximum forces are developed in the PVD when the
mandrel accelerates from a full stop to full speed. Four
limiting conditions are identified. These conditions are
when the drain is pulled from the roll, as the drain passes
through the conveyance system and under the lower roller,
as the drain passes over the fixed cylindrical guide roller at
the top of the rig, and when the mandrel is retrieved from
the penetrated soil leaving the PVD in place.

The first condition investigated is when the drain is

initially pulled off the roll. This is a process where the
drain is drawn into the mandrel of the installation
equipment. This incremental rather than continuous
process requires the use of peak rather than average speed
for the calculations. By using an angular acceleration of
the roll with peak velocity of the wick sticker, a required
force of only 14 N is mobilized in the PVD. This occurs at
the beginning of each drive when there is a full roll of drain
on the reel. The situation is analytically suggested to be as
follows:

Velocity of Roll

v
L 18m

ave=E=G

Vave = lm / sec

2(:(1)vpe*)+161’peak=18

VPA = 1.06m / sec

Acceleration of PVD Roll

a=== l“O~e~sec = l,06m/ secz
t

rad~=s=l”ol 1.77-5-
r 0.6 sec

Center of Gravity of PVD Roll

k2=y2+r2

k=~~
k= O.61m

massmm = m =25 kg



XM. = Ia ---1‘:’”
v

T1(O.6) = #nk2rx

[ 1
Q

)@a
1 ~(25)(0.61)2(1.77) :T1=—

0.6 2
T1

T1=13.6N *I
Note, this is the maximum force due to the fact that m and
a decrease as the drain is utilized off of the roll.

In the ~ond
,.

con- , the drain passes through the
conveyance system and under the lower roller. There
exists a relationship between the tension in the drain before
it enters and after it leaves the roller. This relationship is
based on the assumption that the drain is just about to slide
into motion. By taking a free body diagram of a small
element of the drain the forces acting on the drain are the
two forces of tension, the normal component of the reaction
of the roller and the friction force. A relationship is
obtained knowing that motion is imminent by letting the
angular change of the drain approach zero. As seen in the
following calculations, only 25 N of strength is required of
the PVD in such a condition.

D, P

T,&T, T.

~x = t): (T+ AT)cos :–Tcos~-@N=O

ZFY=O: AN-( T+ TA)sin~-Tsin~=O

Solving Eq. 2 for AN and substituting Eq. 1

ATcos~– ps(2T+AT)sin~=0

Divide by Ae

AT AO AT sin(AEt / 2) = o

(1)

(2)
()
—cos —–
At3 2

~~ T+y
AO12

Let A(3approach zero
By integration

Given

(3= nrad, and

~s=o.2

Since:

F= T1=13.6N

Therefore the PVD experiences the following after it exits
the lower roller

T2 = evsp T1

T2 s e(-2)(3.14)(13.9

T2 =25N

In the md conditioq, the PVD is considered to be sliding
over the roller at the top of the rig. The tensile force in the
PVD is calculated by assuming geometric and frictional
characteristics of an upper roller for typical construction
equipment. The calculations are similar to that of the lower
roller. Liberties were taken in estimating the frictional
characteristic of the roller. Conservative values were
chosen assuming that the roller would seize-up and become
partially fixed. Regardless of these conservative
assumptions, a relatively low force of 47 N was mobilized
in the PVD for this condition.

Upper Roller

T3 = eps~ T2

T3 = e(2)(3@(25)

T3 =47N

The fourth condition is when the mandrel is withdrawn and
pulled out of the soil leaving behind the drain and its end
assembly. As stated previously, the end assembly anchors
the PVD and keeps soft soil out of the mandrel. It is
possible, however, that some soil can enter the bottom of
the mandrel. This in turn will impede release of the drain

and subject it to a tensile force by snagging the PVD at the
tip of the mandrel. Assuming such a condition exists, the
end assembly constitutes the resisting force, where the
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friction caused by the soil in the end of the mandrel
constitutes the driving force. The calculation and
assumptions associated with this condition follows. This
worst case scenario results in a mobilized strength of
approximately 103 N in the PVD.

3.1 Friction in the Mandrel

Using Mohr-Coulomb criteria

T=cassuming$=O

‘c= c = 10,000 Pa for typical soft clay

XFY = T4 – 2~eA = O

T4 =2~e A

T4 = 2(10,000)(30%)(, 1)

T4 = 600 N

However can such a force be mobilized in the drain?

3.2 Bearing Capacity of End Rod

J

T4

Qo=Qp+Qs t
QO=Ap PO+O Q

T
Q.= AP(cNC + 9Na ) &

2 1

Q. =.002(10,000)(5.14)
1

“] ) I

QO=103N

Since Q. c< T4, T4 will never be mobilized and therefore
Q. governs

4 LABORATORY INVESTIGATION

The purpose of the laboratory investigation was twofold; to
verify, or refute, the theoretical values just calculated
(wherein many assumptions were required) and to develop
a means of determining the mobilized strength of PVDS in
the field. To aid us in these pursuits, we constructed a
laboratory wick sticker simulator. A schematic diagram of
the laboratory wick sticker simulator is shown in Figure 2.
The simulator was constructed in the high bay region of
GRI’s soils laboratory. The high bay allowed for an upper
fixed roller height of 10 m above the floor level.

By positioning a load cell at different locations along the

PVD path, one could check the mobilized strength of the
drain along the path. Results from this exercise showed
that the first, second and third conditions resulted in
average load cell responses of 10 N, 18 N and 150N

842-1998 Sixth International Conference on Geosynthetics
Upper
Fixed
Roller

T2

Load Cell

‘i
Mlm

0.5 m

\
T3

Load Cell

Lower Fixed
z Roller4T’-dce,

T1 Load Cell ‘ ~

Figure 2 Schematic of laboratory wick sticker simulator.

respectively. To simulate the fourth condition we had to
make up a model in the soils lab of an end assembly
attached to a PVD being pulled from a freshly remolded
column of soft soil. The PVD experienced widely different
loads in this simulation depending on the amount of
friction imparted in the mock mandrel. Loads in the PVD
varied from 25 to 250 N.

These laboratory simulations were interesting, however,
it was clear that we could not use the load cell out in the
field. It was to cumbersome and fragile to withstand the
rigors of field work. Hence we set out on developing a
means of determining the mobilized strength of PVDS
remotely. Six different techniques were attempted to
measure the load elongation response of the PVD. They
included:
●

●

●

●

●

●

Foil strain gages similar to those used by Risseeuw
[1986] and Guglielmetti, et al, [1996]
Load sensitive film which changes color upon being
stressed to different levels
Spray applied coatings which crack to varying degrees
after being stressed
Hole punching to reduce PVD strength
Side cutting PVD to incrementally reduce its strength
Development of a simulated PVD unit called “Load-
Elongation Measuring Strip” (LEMS)

Of all the techniques attempted, the LEMS showed the
most promise. This specially prepared PVD consisting of a
polyamide (3 x 3) grid fabric as a core, heat bonded
between two 160 g/sq. m. nonwoven PET geotextiles. At 2

m intervals along the LEMS, the geotextile was cut away
and specific number of polyamide yarns were cut. This left
known numbers of yarns intact which allowed the LEMS to



model progressively weaker PVDS. This procedure was
used to develop the curves shown in Figure 3. From this
data an average breaking strength of 78 N per yarn was
obtained. For comparison purposes, Figure 4 shows the
tensile strength behavior of commercially available PVDS.
For all tests of Figure 3 and 4 the gage separation was
maintained at 100 mm and the strain rate was 10 mm/min.
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Figure 3 Load elongation behavior of LEMS.
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Figure 4 Commercially available PVD load elongation
responses.
With the LEMS now calibrated insofar as its strength per
yarn is considered, laboratory trials on the wick sticker
simulator were undertaken. In conducting these trials
friction in the rolls was increased using a brake and weight
assembly to sequentially cause failure of the LEMS. The
results of approximately 27 trial runs (with different
numbers of uncut yarns) provided the results of Figure 5.
The trend is linear resulting in a slope of 75 N per yarn.
This roughly agrees with the tension testing in the constant
rate of extension machine as noted previously. Equipped
with this confirmation, we took the LEMS to the field to try
and verify our theoretical and laboratory findings.

800

~ 6oo- — Y=lo + 75x RA2 = 0.98
w

w
~ 400

4

200

0
0 2 4 6 8 10

Number of LEMS yarns

Figure 5 Results of LEMS calibration on simulator.

5 FIELD INVESTIGATION

Field trials with the LEMS material were conducted at a
major soft soil stabilization project at the Philadelphia
International Airport. Through the cooperation of Day &
Zimmerman Infrastructure, Inc. and Geotechnics America,
Inc. (the PVD contractor) a field trial of the LEMS was
conducted in October of 1997.

As reported by Koerner [1997], the results of the field
work are summarized in Table 1.

Table 1- Field Behavior of LEMS at the Philadelphia
International Airport.

No. of Resulting No. of Result
Yarns Strength of Repeat of Each

in LEMS LEMS (N) Trials Trial

20 1540 N 2 passlpass
14 1080 N 2 passlpass
10 770 N 3 passlpasslpass
5 390 N 3 passlpasstpass
3 230 N 2 faillfail

The results of Table 1 indicate that the mobilized PVD

strength for this particular construction equipment and site
condition is between 390 and 230 N. It must be clearly
stated that it is believed that site conditions and
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Risseeuw, P., “Manual for the Attachment of Strain Gauges
for Measuring Deformations of Stabilenka Reinforcing
Fabrics,” Enka Industrial Systems, Holland, 1986, p. 23.
construction equipment will influence results. However,
these limited results are insightful none-the-less.

6 SUMMARY AND CONCLUSION

It appears from theoretical calculation, laboratory testing
and a limited field investigation that the strength of most
commercially available PVDS are greater than required for
installation. In addition, it appears that the current trend of
increasing the strength requirements of PVDS is unfounded.
At present, there does not appear to be any tangible reason
for increasing PVD strengths over and above those that are
currently being manufactured. For example, Figure 4
indicates that available PVD tensile strengths are from
2000 to 4000 N. Most commercially available PVDS meet
or exceed equipment imposed installation stresses as
demonstrated in this paper.

In light of the low values of mobilized PVD strengths
developed in this study, e.g.,

● theoretically: 14 to 103 N
“ experimentally: 10 to 250 N
● field: 230 to 390 N

we are confident in stating that there is an inherent factor of
safety for most commercially available PVDS. Of all
installation conditions described, it appears that withdrawal
of the mandrel is the governing strength condition. Loads
during withdrawal of the mandrel are site specific. They
depend on the type of anchor plate and will only take place
at the tip of the PVD where it connects with the end
assembly.

The requirement for discharge of water at this location is
limited since it is at the end of the drain. The load in the
rest of the drain is probably less than 230 - 390 N. It is
interesting to note that this corresponds with an elongation
of approximately 2-490 for most PVD.

It is concluded that all commercially available drains
have strengths and elongation’s at break which are much
higher than necessary. Hence, the available factors of
safety for mobilized strength is in the range of 4 to 11. We
question if the higher factors of safety are warranted in the
event that ones construction equipment is functioning
properly and geometrically equipped to drive the specific
PVD delivered to the specific job site.
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ABSTRACT: A series of laboratory tests have been conducted to investigate the effects of (a) trapped air bubbles in drainage
path, (b) folding (no kinking) of drain, (c) confining drain by clay, and (d) elapsed time (long term), on discharge capacity of
prefabricated vertical drain (PVD). The test results indicate that confining the drain by rubber membrane yielded a much
higher discharge capacity than that in clay. It suggests that the discharge capacity test of PVD should be conducted by
confining the drain in clay. Also, the discharge capacity reduces significantly with elapsed time, and the long term behavior
of PVD should be considered in design. For most commercially available PVDS, a long term discharge capacity of less than
100 m s/year is tentatively suggested for design. The possible air bubbles trapped in the drainage path of PVD has some
effect on discharge capacity, and the test data from this study showed about 20% reduction due to this factor. The folding of
the drain does not have obvious influence on discharge capacity because it does not change both length and cross sectional
area of drainage path much.

KEYWORDS: Prefabricated vertical drain, Laboratory test, Hydraulic conductivity, Drainage.
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1 INTRODUCTION

Installing the vertical drain into ground can shorten the
drainage length of the deposit significantly, and with some
surcharge loading, the engineering properties, in terms of
the compressibility and undrained shear strength, of the
deposit can be substantially improved. The development of
prefabricated vertical drain (PVD) has made this method
more attractive due to the portability of the material and
lower installation cost. During past few decades, vertical
drain improvement has been widely used in soft soil
engineering.

For a given soil condition, the behavior of vertical drain
improved subsoil is controlled by: (a) drain spacing and

equivalent drain diameter, (b) smear effect, and (c) discharge
capacity of drain (well resistance). The drain spacing is a
known factor and the equivalent drain diameter of PVD can
be reliably calculated based on the geometry of the PVD.
However, smear effect and discharge capacity have to be
determined experimentally. At present, the method for
determining the discharge capacity of PVD has not been
standardized, and the values reported in the literature are not

consistent. Most test methods confine the drain by rubber
membrane, such as ASTM D47 16-87, and determined
values are usually high. However, some low values were
reported for confining the drain in clay (e.g. Hansbo 1983).
An ideal discharge capacity test should simulate the drain
installation, confinement of clay on the filter sleeve of
drain, and the deformation of drain during consolidation, It
is obvious that a full scale test could be expensive if it is

possible. For a small scale laboratory test to be valid, it
must consider the important influence factors. In order to
improve the laboratory test method and advance the
prediction ability on the behavior of vertical drain improved
subsoil, there is a need to investigate the main influencing
factors on discharge capacity of PVD.

In this paper, the effect of (a) possible air bubbles
trapped in the drainage path, (b) folding (no kinking) of
drain which most likely will occur in the field due to
consolidation of sc~il,(c) confining the drain by clay, and (d)
elapsed time (long term) on discharge capacity of PVD are
systematically investigated. First, the unit cell (a drain
surrounded by a soil cylinder) consolidation theory is briefly
reviewed to indicate the effect of discharge capacity on the
rate of consolidation. Then the laboratory test methods as
well as results are presented. The suggestions are made on
improving the test method on discharge capacity of PVD.

2 A BRIEF REVIEW ON UNIT CELL THEORY

The basic theory of vertical drain consolidation is unit cell
theory which was first proposed by Barron (1948). Further
studies on unit cell behavior were made by Yoshikuni and
Nakanodo (1974) and Hansbo (1981). Since Hansbo’s
theory is relatively simple, it has been widely used. The
derivation of the theory is based on equal vertical strain
assumption. The resulting equation for average degree of
radial consolidation (~h) of a unit cell is as follows:
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Where C h is the horizontal coefficient of consolidation, t is

time, D is the diameter of unit cell, kh is the horizontal

permeability of soil, k~ is permeability in smear zone, 1 is

drainage length, q ~ is discharge capacity, n=D/d ~, and
~dW (dW is the diameter of drain, and d, is the diameter of

smear zone). The last term in Equation 3 represents the well
resistance. It can be seen that the larger the discharge
capacity, q ~, the smaller the well resistance, and the higher

the rate of consolidation. For example, assuming 1=15 m
and kh=lo-g mkec, if qW is less than 100 mq/year, it will

have a considerable influence on consolidation rate of
vertical drain improved subsoil.

3 APPARATUS AND TEST METHODS

3.1 Apparatus and Test procedure

The apparatus used is a modified triaxial device as shown in
Figure 1. The main cell has a diameter of 200 mm and
height of 600 mm. The drain sample is set inside the cell

similar to that of setting the triaxial test sample. The lower
pedestal is fixed at the bottom of the cell and connected to
the inlet water flow system. The upper pedestal is movable
(for adjusting the length of drain sample) and connected to
the outlet water flow system. The drain length can be
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Figure 1. Set-up of discharge capacity test apparatus
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tested is 200 mm to 400 mm. The shape of pedestal is
made as: one end is cylindrical for fixing the membrane, and
rectangular at another end to connect the drain. In this way,
when confining the drain by rubber membrane, there will be
no gap between membrane and drain. The length of drain
inserted into the slot of upper and lower pedestal is about
30 mm each, The diameter of the pedestal is 100 mm.
Except the main cell, there are inlet and outlet water

containers. The inlet water container is linked with water
supply system, and outlet water container is connected to
discharge capacity measuring device. After the drain is
installed, the cell is filled with water up to about 80% full,
and confining pressure is applied by air pressure through an
air pressure regulator. For investigating the effect of
folding, the drain is folded at one and two point for 1070 and
20% vertical strain, respectively. The methods for
investigating the possible trapped air bubble effect and
confining the drain by clay are described as follows.

3.2 Method for Investigating the Effect of Trapped Air
Bubbles

It is considered that installing a drain into ground, the water
from soil gradually enters the drain along the whole length
of the drain. and there might be some air bubbles trapped
into drainage channels. In order to study the possible
trapped air bubble effect, a simple air bubble generation
device is newly developed. A thin plastic tube is connected
to an air tank through an air pressure regulator. Then the
tube is placed at the bottom of the drain sample through an
inlet hose as shown in Figure 2. The amount of air bubbles
generated can be controlled by adjusting the air pressure
regulator. The generated air bubbles enter the drain
following the water flow. The main test steps are:
(1) Set-up the drain sample and apply the desired confining

pressure as well as hydraulic gradient.

Acryliccytindcr

Figure 2. Method for generating air bubbles

(2) Generate the air bubbles with a diameter of about 1 mm,
and a speed of about 100 bubble/rein. This process is
continued for about 4-6 hours.



(3) Close the air bubble generation system, and let the
water flow continue for more than 2 hours to steady the
flow. Then measure the discharge capacity.

3.3 Test Procedure for Confining the Drain by Clay

Hansbo (1983) recognized the importance of confining the
drain by clay on determining the discharge capacity.
However, due to convenience, most discharge capacity tests
conducted by manufacturers are confining the drain by
rubber membrane. One of the purposes of this investigation
is to compare the discharge capacities determined by clay
confinement and membrane confinement. The test method
proposed in this study for testing the drain in clay is simple
and can test the full size of drain. The following main steps
are followed during test
(1) Connect the drain sample to lower pedestal, fix the

membrane to lower pedestal also, and set the mould for
preparing the clay sample in position.

(2) Make clay sample. The remoulded clay with a water
content close to the liquid limit is put into the mould
layer by layer keeping the drain in the middle. The
diameter of the clay sample is 100 mm. After the
required height of clay sample is reached, the upper
pedestal is installed and the drain is connected to outlet
flow system. Care needs to be paid to prevent the
contamination of the top of drain by clay.

(3) Consolidate the clay sample. For removing the mould, a
suction of about 10 kPa is applied to the clay sample.
After confining pressure is applied, the suction is
gradually released and the sample is left for

consolidation under lateral pressure.
(4) Measure discharge capacity. After the

consolidation of clay sample is finished, the discharge
capacity is measured under desired hydraulic gradient.

Ac@ic cylinder
Figure 3. Set-up of confining the drain by clay
The set-up of the drain confined by clay is illustrated in
Figure 3. With this method, a test with one consolidation
pressure and several hydraulic gradients requires 10 days to
complete.

3.4 Considering the Head Lose in Hose System

Another factor which has been noticed during the
investigation is head loss in the hose of the test equipment.
Since the discharge capacity of drain confined in membrane
is normally high, ignoring the head loss in the hose does
not introduce much error. For testing the drain in clay,
which is close to field condition, the head loss in the
testing system needs to be considered. The calibration of the
head loss in the hose system can be made by conducting the
test without installing a drain sample.

4 TEST RESULTS AND DISCUSSIONS

4.1 Materials Used

The PVD adopted in this study is a commercial products
and its properties are summarized in Table 1. The soil used
is remoulded Ariake clay. Its index properties are: specific
gravity, PS, of 2.60, plastic limit, WP, of 42.8%, and liquid

limit, w], of 105.0%. The soil consists of 57.0% clay,
41.7% silt, and 1.3% sand particles. The rubber membrane
used has a thickness of 1.0 mm.

Table 1. Physical properties of PVD

Size Thickness 2.6

(mm) Width 94

Depth(mm) 1.5
Drainage
channel Width(rnm) 1.8

No,of charmet/drain 40

Unit weight (glm) 90

Filter Spmr bonded
oolvester

Material
‘.

core Polyole6n

Connection condition
between filter and core

Fixed

structure

4.2 Short Term Test Results

For ease in quantifying each influencing factor, the test
results of confining a straight drain in a rubber membrane
are considered as basic ones and other test results are
compared with them. The confining pressures for the basic
test were 49 and 392 kPa, and hydraulic gradients were
1998 Sixth International Conference on Geosynthetics -847
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Figure 4. Results of basic test

about 0.08 and 0.8. The results are plotted in Figure 4. It
can be seen that as a general tendency the discharge capacity
is reduced with increased confining pressure. It is the same
as the results reported in the literature (e.g. Hansbo 1987).
If extrapolating the results to unit hydraulic gradient

(i= 1.0), a discharge capacity of 1981 ins/year and 1307
m3/year can be obtained for confining pressures of 49 kPa
and 392 kPa, respectively. The short term test results are
summarized in Figure 5. A discharge capacity ratio is used
in the figure, which is defined as the amount of water flow,
Q, divided by the corresponding value of basic test, Qb

(Q/Qb). Following discussions can be made for short term

test results.
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Figure 5, Summary of short term test results
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(1) Confining the drain by a rubber membrane can not
simulate the actual field condition and the discharge capacity
test for determining the design value should confine the
drain with clay. When confined by a rubber membrane, it
results in a much higher discharge capacity than that in
clay. For the case investigated, the clay value is only about
20% of membrane value. Three possible reasons for
reduction on discharge capacity of PVD in clay can be

considered,
(a) Reducing the cross sectional area of drainage channel due

to deformation of filter under pressure. This has been
considered as the main reason. After the test, it was
observed that the filter was considerably deformed and
the cross sectional area of drainage channel was reduced
to 70-50% of original value as shown in Figure 6. The
left side of Figure 6 was made by stamping the actually
used soil sample on paper. Since the amount of
reduction on cross-sectional area is a function of
stiffness of filter, as a supplementary information, the
tension force versus tension strain relationship of the
filter was determined by the laboratory wide strip test,
with a strain rate of about 1Yolmin as shown in Figure
7. For the case of confined in rubber membrane, due to
the tension stiffness of membrane, filter can not deform
as freely as that in clay.

Figure 6. Deformed shape of clay sample adjacent to drain

(b) Reducing the conductivity of filter in longitudinal
direction due to soil particles penetrating into the
opening of filter. When confining the drain in rubber
membrane, the filter may act as a part of vertical water
flow path. In the case of confined by clay, the clay
particles will enter the opening of the filter and reduce
the conductivity of filter. Since the thickness
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Figure 7. Tensile force versus tensile strain curve for filter

of the filter is only about 0.2 mm, this effect is a minor
one.

(c) Clay particles enter the drainage channel. Although the
most of filters commercially used satisfy the filtration
criteria, the experimental evidence indicates that some
amount of very fine particles entered the drainage path
and forming loose flocculated sediments on the wall of
drainage path. It is considered that the formation of the
flocculated sediments is a function of chemical contents
of clay.
(2) It seems that not much air bubbles can remain in the

drainage path. The data from this study show that the
trapped air bubbles reduced the discharge capacity about
20%.

(3) Considering a vertical strain up to 20%, the folding
of the drain has minimal effect on discharge capacity, which
supports the conclusion drawn by Hansbo (1983). This
factor can be explained as the folding of the drain does not
change both the length and cross-sectional area of drainage
path much. The kinking was not considered in this study
because it rarely occurs in the field.

4.3 Long Term Test Results

Only one test of confining the drain in clay was tested for
about 5 months. The conditions were: confining pressure of
49 kPa and hydraulic gradient of 0.08. This confining
pressure approximately represents the lateral earth pressure
in subsoil under a 5 m high embankment or at 10 to 15 m
depth of natural subsoil. A lower hydraulic gradient is
adopted because, in the field, the average value during
consolidation process may not be high. The long term test
results are shown in Figure 8, which indicate that the

discharge capacity was continuously reduced with elapsed
time except the last measurement point. It has been
understood that in the interval between the last two
measurements, the inlet hose (about 30 mm in diameter and
flexible) had been stepped on several times unexpectedly.
Stepping on the water flow hose is just like applying
pressure pulses to water flow system. It was observed that
some flocculated fine particles were pressured (due to
stepping) out of the drainage channel of drain and deposited
on the wall of the outlet hose. Based on these results, it is
considered that the reasons for the reduction of discharge
capacity with elapsed time are (1) creep behavior of filter
which reduces the cross-sectional area of drainage path, and

(2) clogging caused by flocculated fine particles. As shown
in Figure 8, for the case investigated, the creep effect is
evaluated as the difference between last measurement point
and the reading at about 1 week of elapsed time, which
reduced the discharge capacity about 30%. The most
reduction can be attributed to the clogging effect which is a
function of soil type and filter type. The chemical analysis
about the flocculated fine particles as well as the clay
mineral is going on and the results will be reported in the
future. The discharge capacity reduction with elapsed time
was also reported by Koala et al. (1986) for confining the
Geodrain in organic soils. For a drain, it is normally
expected to work at least half a year. Therefore, in design,
long term behavior of drain should be taken into account.

4.4 Discussions

From this investigation, it shows that the most important
factors affecting the discharge capacity of PVD are: (a)
confining condition, and (b) the duration of test. Therefore,
for determining the design value of discharge capacity, the
test should be conducted by confining the drain by clay and
tested for a longer period (may be few month). If comparing
the results fr~m this study- with those reported in the
literatures, the following comments can be made.

Confine pressure :49 kPa
~ Hydraulicgradient :0.08 - 100

g
‘aJ Effeci of creep

deformationof filter

L -\L. . . . . . . . . . . . ..--. . . . . . . . . . . ---------

I 1 1 1
0 50 100 158

Elapsed time, t(day)

Figure 8, Long term discharge capacity test results

(1) The values of confining the drain by rubber
membrane are comparable with the data reported by
manufacturers. Due to the apparent high discharge capacity,
it may be considered that the well resistance of PVD can be



ignored in design. However, the results of this study
suggest that the high value for confining the drain by
rubber membrane may not represent the field condition, and
well resistance may be an important design factor,
especially for long drains. The discharge capacity of
confining the drain by rubber membrane may only be used
as a quality control test.

(2) In clay short term (about 1 week) value of discharge

capacity is in the lower range of the data summarized by
Hansbo (1987). Comparing with the specifications about
required discharge capacity as summarized by Bergado et al.
(1996), it can be seen that with a discharge capacity of few
hundreds m3/year, the most specifications can be satisfied.
However, the most specifications have no clear requirement
about long term behavior.

(3) The long term in clay value (about 5 months) from

this study is higher than the data reported by Hansbo ( 1983)
by using the revised CTH (Chalmers University of
Technology) method for the similar drain. The revised CTH
method also confined the drain in clay with a test duration
of less than 1 month. Whether the CTH method considered
the head loss in the hose system is not clear, and if not, it
might be the reason for the lower value of discharge
capacity. The relative lower value of discharge capacity of
PVD was also reported by Jamiolkowski et al. (1983). The
field discharge capacity may vary with the type of drain,
type of clay, and designed consolidation period, but as a
rough reference, it is recommended that for most
commercial PVD, a design discharge capacity of less than
100 ins/year can be used.

5 CONCLUSIONS

Four influence factors on discharge capacity of PVD are
experimentally investigated. These factors are: (a) possible
trapped air bubbles in drainage path, (b) folding of drain, (c)
confining the drain by clay, and (4) long term behavior.
From the test results, following conclusions can be drawn:
1.The discharge capacity of PVD confined in clay is

significantly lower than that confined by rubber
membrane. It is strongly recommended that for
determining the design value, the discharge capacity test
should be conducted by confining the drain in clay. The
test of confining the drain by rubber membrane not
represents the field condition and it might be used for
quality control purpose only.

2. The discharge capacity of PVD reduces significantly
with elapsed time. For the case investigated, the
850-1998 Sixth International Conference on Geosynthetics
long term minimum value is only about 10% of the
value at 1 week. This indicates that for design vertical
drain improvement, long term behavior of PVD should
be considered. For most commercial PVD, a design long
term discharge capacity of less than 100 m g/year is
tentatively suggested.

3. The possible air bubbles trapped in drainage channel has

an effect on discharge capacity. For the case
investigated, it shows that the discharge capacity was
reduced by about 2070 due to the effect of trapped air
bubbles.

4. The folding of drain does not influence discharge
capacity significantly because it does not change both
the length and cross sectional area of drainage path
much.
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Design of a New Geocomposite Vertical Wick Drains for Ground
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ABSTRACT: During the past few decades, an increasing need has arisen for various types of civil engineering projects
on construction sites underlain by thick deposit of sofl cohesive soils. Parallel to the development of the sand drains,
different types of prefabricated vertical strip drains were developed and were used exclusively in various projects. In this
paper, a new cylindrical prefabricated geocomposite drain (environmental friendly coir and jute) has developed and can
be used to accelerate the consolidation of soil thereby making the site available for the use in short time. The relatively
low cost of manufacture and installation makes this drain quite attractive. A design methodology has been developed and
the results are presented in the form of design charts for the handy use.

KEYWORDS: Prefabricated vertical drains, Soft soils, Drainage, Filtration, Geocomposite.
1 INTRODUCTION

In the recent years many civil engineering projects have
been under-taken on the sites which are underlain by
thick deposits of soft cohesive soils. In such situations a
ground improvement technique is essentially needed to
provide adequate soil properties viz., bearing capacity
and tolerable post construction total and differential
settlements. Preloading and precompression are
frequently used in combination with vertical drains,
(Hausrnan, 1990. Holtz, 1987 and Johnston, 1970)
especially in areas of very thick deposits of soil soils with
high percentage of moisture content. The main purpose
of vertical drains is to accelerate the consolidation time
by shortening the drainage path. Usually sand drains are
used for these purposes (Bergado, et al., 1992). The
prefabricated drains were first introduced into the field of
geotechnical engineering by Kjellman (1948).
Improvement of the Kjellman wick drain included using
a grooved plastic core in place of cardboard.
The various types of prefabricated vertical drains, their

common installation methods and pertinent
characteristics have been documented. (Jamiolkowski et
al., 1983 and Koerner, 1994). Most of the prefabricated
drains made of natural materials viz., jute and coir has
also been studied. (Lee et al., 1989; Ramaswamy, 1994;
Dastidar, 1969; Dinesh Mohan, 1977; Sengupta, 1980
and Mandal and Shiv, 1992). As two components of
natural geocomposite drains (i.e. jute and coir) are
readily available in the Indian subcontinent at low cost,
an attempt has been made in the present paper to
develop a new design methodology to install
geocomposite drains in soft cohesive soils. The design
charts are also presented for handy use.
2 GEOCOMPOSITE DRAINS

Generally geocomposite drains are made of synthetic
materials, yet some geocomposite drains are made of
natural iibre extracted from jute and coir. Different
cotilgurations of natural geocomposite drains are
shown in Figure-1. The schematic diagram of a natural
geocomposite drain for which the nomogram is
developed is shown in Figure-2.
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Fig. 1. Different types of geocomposite drains
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Seven coir ropes of diameter 10mm to 60mm are
grouped to form one geocomposite drain. These ropes
are tied with jute rope at a spacing of 60cm. This group
of coir rope is then wrapped with double layer of jute
geotextile. The geocomposite drain diameter varies from
50mm to 200mm. The coir ropes provide longitudinal
channels to allow percolation where as the filtering
qurdity of the drain is furnished by the two jute burlap
layers.

This geocomposite drain can be designed and
manufactured to suit the needs of the specitlc
requirements of different soil improvement projects. It
is flexible, rugged, resistant to clogging adequately
strong in tension and stilciently durable. The
properties of this geocomposite drain and a typical
natural soil are given in Table 1. Jute and coir are by
nature strong and not easily decomposable under
adverse environmental conditions. The geocomposite
drain is relatively resistant to chemical action and loses
its strength usually after two years of installation in soft
marine clay. @amaswamy, 1994)

Table 1 Properties of geocomposite drain and soil

a) Material

1) Jute fibre
Thread diameter: 1.5 to 2.0 mm
weight: 450 g/m2
Tensile strength = 13 KN./m

2) Coir rope
Rope diameter: 10mm to 60mm.
weight: 350 g/m2
Tensile strength = 11 KN./m

b) Geocomposite drain
852-1998 Sixth International Conference on Geosynthetics
i) Components : seven number of coir ropes of
diameter 10mm to 60mm wrapped by

double layer jute geotextile.
ii) Diameter: 100mm to 200mm.
iii) Filter cover permeability >10-3 cndsec.
iv) Axial permeability : > 10 cmkc for

confining pressure up to 330 KN /sq.m

c) Marine clay
SpeCifiC gravity= 2.65
liquid limit = 78V0
plastic limit = 387.
I)laStiCitVindex= LIOO/o

2.1 Function of Natural Geocomposite Drain

The fimction of geocomposite drains are:
1. The jute fiber has the capacity to accept water

through the filter jacket and work as water absorbent
material.

2. The coir has the capacity to discharge the water
quickly out of the consolidation soil strata.
The natural geocomposite drain has a unique structure
that enhances the function as a filter fabric has high
permeability and restricts the erosion of soil particles. At
the same time it allows ve~ tine particles from the soil to
flow in and out of the drain without clogging. Removal
of very fine sand particles is beneficial as this allow
larger particles to form a highly permeable soil network
against the fabric.

3 DESIGN CONSIDERATION

The prcxxdure for the design of vertical drains are based
on Terzaghi’s one dimensional consolidation thecxy as
suggested by (Barren, 1948, Richart, 1959, Kjellman,
1948 and Hansbo, 1979)

3.1 Design Parameters:

The spacing of the vertical drain is governed by
● soil properties
. boundary and drainage conditions
. desired degree of consolidation
● time available for consolidation
. drain installation pattern and
. height of surcharge or fill load.
The degree of consolidation, surcharge intensity,
settlement, pore water pressure and drain parameters are
interrelated. The degree of improvement of soil
properties depends on percentage settlement, dissipation
of pore water pressure, increase in effective stress or



increase of shear strength and the drain spacing can be
obtained from(Barron, 1948). A more rigorous approach
to drain design has been used in Europe and utilizes a
combination of Kjellman’s,( 1948) original work and
Hansbo(1979), the revenant design equation follow:

[()
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()d 21
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‘1— 1
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which can be simplified, since d/D is small, to

–01D2 r Q _0751~ 1

‘=8Ch 11” d “ ‘l-u (1)

where : t = consolidation time
Ch = coefllcient of consolidation for horizontal flow
d = equivalent diameter of the wick drain (=
circumference /n)
D = sphere of influence of the wick drain (for a
triangular pattern use 1.05 times the spacing, for a
square pattern use 1,13 times the spacing)
U = average degree of consolidation.
From equation 1 a nomogram has been developed which
relate degree of consolidation, coeff~cient of
consolidation Ch, and the required drain spacing. The
results are plotted in a graphical form as shown in
Figure-3.
4 CONSTRUCTION PROCEDURE

Geocomposite drains can be lowered into the drill holes
made by readily available piling equipment. Koemer
(1994) has given varieties of base plates to attach
geocomposite drains at bottom of lanes. Similar types of
drain plates can be used for lowering the natural
geocomposite drain. A coir fabric at the ground surface is
proposed for quick drainage of dissipated water beneath
the embankment, instead of costly sand blanket. Since
geocomposite drain allows
embankment layer thickness
complete work at the earliest.

5 CONCLUSIONS

faster consolidation the
may also be increased to

The natural geocomposite vertical drain has been
developed to speed up the consolidation process for
various types of construction on sites underlain by thick
deposits of soft clays. It is flexible, resistant to clogging,
resistance to ultraviolet rays, relatively more permeable,
strong in tension and stilciently durable, low cost and
environmental superiority over geosynthetics. As with
synthetic geocomposite drains the mtural geocomposite
drain can be designed and manufiwtured to suit the
specific requirements of different soil improvement
projects,
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ABSTRACT: The discharge capacity of vertical drains is found to be significantly affected by the testing conditions. This
paper presents the drainage performance of prefabricated vertical drains (PVD) under simulated field conditions, using a
new drain testing apparatus. This apparatus can simulate realistic field conditions for vertical drains in soft clay deposits.
Due to large ground settlement in soft clay, vertical drains may subject to excessive strains and formation of kinks. In
general, such drains will have a lower discharge capacity than straight drains. Therefore, in addition to the realistic field
properties of soil, critical evaluation of the laborato~ determined discharge capacity is needed to understand the field
performance of PVD. The testing conditions that can be simulated in this apparatus include varying confinement pressure,
kinking of drains and packing in clayey soils. It is seen that different types of prefabricated vertical drains have
siguiiicantly different discharge capacities under similar testing conditions. A comparative study of the discharge
capacity of four drains under various test conditions is also presented in this paper.

KEYWORDS: Prefabricated vertical drains, Contlning air pressure, Discharge capacity, Kinking, Testing
1 INTRODUCTION

Prefabricated vertical drains (PVD) are often used to

accelerate consolidation of soft clay soils in ground
improvement projects. Many types of prefabricated vertical

drains are available in the market. To determine the
suitability of a drain for a given project an evaluation of

discharge capacity is needed. A new drain testing apparatus
for PVD was developed at the National University of
Singapore (NT-E), to closely simulate the field conditions in
such tests. The simulated testing conditions include varying
confining pressure, kinking of drains and packing of clay
around them. Four types of PVDS were tested under these
conditions.

Hansbo (1983) recommended that testing of vertical drains
should be carried out by placing it in an impervious soil.
Lawrence and Koerner (1988) examined the influence of the
kinks on the discharge capacity of drains. Based on these
two conditions the discharge capacity of kinked drains that
have packed clay around them is an important condition to
be specified. The results of such tests with the new
apparatus are discussed in this paper,
2 NUS DRAIN TESTING APPARATUS

A vertical drain testing apparatus was designed and
fabricated to determine the discharge capacity and the
transmissivity of prefabricated vertical drains (Lob, 1996).
The design of the apparatus adheres closely to the ASTM
Standard D47 16-87 specifications and the conditions stated
in the Hansbo (1983) ‘ideal test’. The apparatus consists of
three main detachable components: a constant head inlet
reservoir, an outlet resewoir and a transparent, cylindrical
compressed air chamber as shown in Figure 1.
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Figure 1: Schematic diagram of the NUS drain testing
apparatus (Lob, 1996)
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Table 1: Physical properties of the PVD tested

VDl VD VD3 VD4

Mass/unit area (g/mmz) X10-4 11.81 2.92 4.06 3.4

Core type Coir Polypropylene Polypropylene Polyester

Core structure
~ ~ “’’’”
Continuous channel button extrusion nylon web

Sleeve filter Double layer of Polypropylene non- Polypropylene non- Polyester non-

woven Jute woven woven woven

Dimensions (W mm x t mm) 100 X 8 100 X 6 100 X 6 100 X 6
The compressed air chamber is designed to be large
enough to accommodate a kinking mechanism, which
consists of two angle plates. The angle plates can be placed
against the drain to form a kink at any desired angle.
Hence the discharge capacity of kinked drains can be

determined. Remoulded clay can be packed around the
drain, which is then encased in a rubber membrane, in
order to ensure that the effective lateral pressure of the soil
against the drain sleeve is acting as in the field. The
liquidity index of the remoulded clay was 0.6 to 0.7. With
this layer of clay coming into contact with the drains, there
will be a better simulation of the field conditions.

3 TYPES OF DRAINS

Four types of prefabricated vertical drains were investigated
in this apparatus. VD 1 is made of natural fibres of jute and
coir. Two layers of jute burlap (Lee et al 1996) envelop four
coir strands of 5-6mm in diameter made of coconut fibre.
VD2, VD3 and VD4 are geosynthetic drains with ddferent
core types and core structures. VD2 has continuous
rectangular channels whereas VD3 has button extrusions
formed on the polypropylene core. VD4 has a polyester
nylon web type of core (Hausmann, 1990). Salient physical
properties of the four prefabricated vertical drains are
shown in Table 1.

4 TEST RESULTS

4.1 Cotilning Pressure

The four PVDS were tested under a range of confining
pressures from 20kPa - 300kPa, which is equivalent to a
lateraJ pressure in 30m-40m thick submerged soft clay.
High contlning pressure is needed to determine the
discharge capacity of such PVD installed at great depths.
Figure 2 shows the results for the four drains tested. For
all drains, it is noted that with an increase in confining
pressure, there is a reduction in discharge capacity. This is
to be expected as reported by Hansbo (1993), Kamon et al
(1992) and Broms et al (1994). The filter sleeve squeezes
856-1998 Sixth International Conference on Geosynthetics
into the core with increased confining pressure and hence
the effective cross-sectional area of the core is reduced,
leading to a reduction in the discharge capacity.

VD 1 has the lowest discharge capacity among the drains
tested. VD2 and VD3 have polypropylene non-woven filter
sleeves, which were partially squeezed into the channels in
the core at large confining pressures. This reduction in
core space causes a drastic reduction in the discharge
capacity. It is observed that the discharge capacity of VD4
is lower than that of VD2 at low confining pressures, but is
the highest among the four at 300 kpa pressure. The
relatively high discharge capacity is due to the relative
stiffness of the nylon web type of core structure and the
filter sleeve. The relatively high stiffness is more effective
in preventing the filter sleeve from being squeezed into the
core at high confining pressures.

4.2 Type of Confinement

It is very important to have a close simulation of the field
conditions of the drains in a study of this type. Besides
changing the hydraulic gradient and contining pressure,
tests were conducted using different confinement methods
for each PVD. These included packing of clay around the
PVD, with or without a stiff plate, as prescribed in the
ASTM in applying pressure on the PVD.
Hansbo (1983) commented that the determination of the

discharge capacity of a drain wrapped in a film of
polyethylene and placed between two steel plates is
inaccurate in this regard. He recommended that, in order to
determine the discharge capacity of a drain, clay should be
packed around the drains to ensure that the effective lateral
pressure of the soil acting on the drain sleeve is similar to
that in the field. The ASTM specification and the testing
conditions used by many other workers, for instance Chang
et al (1994), are similar without any clay directly around
the drain. Hence from the above discussion, it was decided
to determine the discharge capacity of PVDS with the
placement of a rigid plate, as per ASTM, and to compare
the results with those conducted with clay packed PVDS, as



proposed by Hansbo (1983). Two rigid perspex plates
placed on either side of the PVD served the purpose.

In Figure 3, the drains lined with rigid (perspex) plates
have nearly always a larger discharge capacity than those
without rigid plates. The drains with the packed clay
around fall in between the discharge capacities measured
with and without perxpex plates. Hence, clay packing is a
closer simulation of the field conditions.
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Figure 2: Discharge capacity of diilerent types of PVD

4.3 Kinking of Drains

Another field condition likely to be encountered is the
kinking of drains (Lawrence and Koemer, 1988). Two
series of kinking tests were conducted. In the first series,
an artificial kink with 135° angle was introduced. The
second series was a “natural” kink carried out by imposing
a 25°/0 axial strain on the drain, similar to the drain
deformation in the field. Lawrence and Koerner (1988)
observed that with kinks in the PVDS, there is a reduction
in discharge capacity.

Figure 4 shows the discharge capacity of straight and
kinked drains and Figure 5 shows the percentage reduction
of the discharge capacity of kinked drains compared to the
straight drains. It is clear that the discharge capacity of
straight drains is always higher than that of kinked drains.
Although straight VD2 showed much higher discharge
capacity than VD3, kinked VD2 showed a greater
percentage reduction in discharge capacity than kinked
VD3 at 135°. It is apparent that VD3 has a more rigid core
structure than VD2. At a confhing pressure of 350 kpa,
the percentage reduction of discharge capacity for VD4 is
the lowest, whereas VD2 has the highest reduction. Tests
were also performed with artificial and natural kinks.
For VD 2 at hydraulic gradient 1.0
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Figure 3: Discharge capacity of VD2 under confinement
with/without stiff perspex/clay around
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Figure 4: Discharge capacity of kinked and straight drains

Fignre 6 gives a comparison of results for the two series of
tests with artificial and natural kinks. Drains with mtural
kinks tend to have a higher discharge capacity than drains
with artificial kinks. Discharge capacity of kinked drains
obtained from natural kink is more realistic as kinks are
formed naturally in the field. Figure 7 shows the discharge
capacity of drains with natural kinks and clay packing
around the drain. The discharge capacity of VD4 is the
highest in the kinked condition. This type of drain has a

nylon web type of core which is robust and does not
collapse much when kinked. Also its filter sleeve is
relatively stiff compared to those of VD2 and VD3 and
hence it is not squeezed into the core at high confining
pressure. In the case of VD 1 the discharge remains ve~
low both in the straight and kinked conditions.
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5 CONCLUSION

Four types of PVDS were tested in a new apparatus. It is

observed that the core structure of the drain plays an
important role in the estimation of the discharge capacity.
In testing PVDS, the method of confinement of PVDS has a

great influence on the discharge capacity. DilTerent

confinement modes can yield considerably different results.
Other conditions such as kinking of drains are also
important when choosing a PVD for a given project. To be
more realistic in the measurement of discharge capacity,
the confhement pressure on PVD should be applied
through a packed layer of clay, where the PVD is to be
used, and a natural kink should also be incorporated during
the test.
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Geotextiles for the EIDorado International Airport in Colombia
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ABSTRACT: This document presents the case history of the utilizatio~ between 1996 and 1997, of 1,220,000 mz of woven
geotextiles, reinforcing the foundation of embankments constructed on sofl soils, and 25,000 m2 of nonwoven geotextiles
for filtratio~ on the second runway of the EIDorado International Airpmt. In Colombia geosynthetics have been used since
the 1980s however this is the first job that has &en reinforced by high tensile strength geotextiles. The foundation soil at
the project site consists of a deep deposit of Iacustrine orig@ poorly consolidated. The original design was based on
improving the characteristics of the soil’s resistance through preeonsolidation by overlo@ with the use of wick drains. The
building contractor, based on a fiuther investigation of the subsoil, presented and obtained the approval of an alternative,
that does not contemplate the preconsolidation nor the wick drains, but rather includes the reinforcement of the foundations
of the embankments by woven geotextiles.

KEY WORDS: Airport Constmctiou Sofl Soils, Wick Drains, Geotextiles, and Reinforcement
1. INTRODUCTION

The use of geosynthetics in Colombia was initiated during
the 1980s with the utilization of geotextiles for soil
separation and filtration with the specific purpose of
avoiding contamination of structures below pavements and
porous mediums in drainage systems. Later, geotextiles
were used to reinforce foundations and to construct
mechanically stabilized soil retaining walls. In the
beginning of the nineties decade, the use of geomembranes
started mainly to avoid or diminish leaks in such works as
(a) water storage, (b) wastewater treatment and (c)
disposition of solid contaminantts. Other geosynthetics such
as geogrids, geonets, and so on have been used
occasionally in limited quantities.

The development of the geosynthetics market in
Colombi~ without being very great has been faster than
the diffusion and acquisition of the necessary technical
know-how for its correct use and specification. In
Colombia, there are no technical norms that regulate the
specificatio~ the design and the construction with
geosynthetics nor is there an impfutial entity that can duly
assess the engineer. The industry, along with some
universities and engineering ~ has made great efforts
to spread the technology but the results are limited and in
some case arguable.
On the other han~ Colombia suffers from a lack of

runways and transportation inhstructure, which has led
some investigators to calculate that Colombia is behind its
own necessities by about thirty years. To overcome this
problem the Colombian government has decided recently
to grant licenses for the most important constmction
projects and for the rehabilitation of ro~ city streets,
airports and seaports. Both national and international firms
have been invited. This is the case of the EIDorado
International AirDort. which handles some of the heaviest
air traffic in ~e world with only one runway. The
construction of the second runway has been contracte4 by
granting a license for a term of seventeen years. The
contractor is a consortium of the Spanish firm Dragados
and the Colombian firm Conconcreto.
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Figure 1. General plan view of the project
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The soil on which the runway is being co~ is a
deposit of some 300 meters deep (for this project about 60
meters have been recognized as soft), consisting of
lacustrine origin soils mainly clayey with presence of
volcanic ash and also some sand lens, The runway goes in
an east-west direction which is 3,800 meters long and
crosses the Bogoti river bed which was rectified by means
of a canal of some 600 meters long which made the
construction possible (see Figure 1). Figure 2 shows the
side view of the runway. As can be obse~ the initial
2,600 m of the runway - Sector 1- rest directly on the top
layer of mtive clays, while the final 1,200 m of the runway
- Sector 2- rest on a embankment with maximum height of
4.0 m.

Figure 2. Side view of the runway

The investigation of the subsoil demonstrate its
incapacity to support the loads of the embanlunents and
that the runway would suffer great dMerendal settlements,
unless adequate measures were taken to avoid this. The
designer specified a process of preconsolidatiom induced
by an overload caused by an embankment 5 meters him
accelerated by the installation of wick drains placed 1.80
meters apart and 10 meters deep (see Figure 3).

111.,---
torn ;

Figure 3.

.. ...--- -..,,->.. 5rrl EMBANKMENT ‘>... I

full scale test embankment.

The contractor fi.uthered the investigation of the subsoil
through traditional mechanical ddling and through the
Cone Penetration Test (CPT), with a continuous
measurement of interstitial pressure. In santaf~ de Bogoti
at that time, there had been no one with the experience
_ for the project in the use of Cm equipment.
When the original design was done, the designer did not
have the information that the constructor obtained through
his own additional investigation. The results of this
investigation made it possible to characterize better the
subsoil and led to the conclusion that the treatment of
preconsolidation could be avoided. Consequently, the
contractor recommended embankment foundation
reinforcement in lieu of the acceleration of settlements.
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In order to confirm the performance of the original desigq
a full-scale test embankment has been constwted and
monitod.

2. ORIGINAL DESIGN : IMPROVEMENT
THROUGH PRECONSOLIDATION

2.1 Foundation Soil

The soils at the work site are predominancy arguielous of
high plasticity (CH), very soft, and belong to the lacustrine
deposit named Sabana formatio~ whose depth beneath the
runway is60mas aminimum. The water table islor2m
below the temain surface. According with the bidding
docmnen@ there are two geotechtnical zones along the
runway: Zone 1, on the Bogoth river valley that presents a
layer of fine sands located between 4.0 and 11.0 m below
the surthce, resting on the typical soils of the Sabana
formation. Zone 2, located out of the Bogotii river valley
where the typical geotechnical profile of the Sabana
formation is pwmt. The designer spcified the use of
wick drains in order to improve the resistance of the
foundation but mainIy to make it Worm. This
pre.consolidation treatment was designed also to reduce the
expected differential long-term settlements between zone
1 and 2, due not only to the geotechnical differences but
also taking into account the variable height of the
embaknent (from Oto 4.0 m).
The wick drains were specified to have a depth of 10 m,
1.80 m spaced and interconnected on the surface through a
granular material layer of high permeability. This layer
was designed to captme and evacuate the expelled water
from the soi~ thanks to the application of the overload of
an embankment 5.00 meters in height (Figure 3). The
estimated time necessary for the completion of the
preconsolidation process was 15 months.

2.2 Pavement Structure

In the solicitations, two alternative pavement designs were
specified (a) flexible pavement compossd by 13 cm of
asphalt carpet, over 38 cm of standard asphalt base and 90
cm of gramdar material, meeting spxifications of subbase
course. And (b) rigid pavement composed by 38 cm of
concrete slab, over 20 cm of standard asphalt base and 90
cm of granular subbase material.

2.3 Embankment Material

Table 1. Embankment material specifications.
CHARACTERISTIC SPECIFIED REAL

Maximum Grain Size 75mm 75 mm

% psssingNo. 200 sieve <150/0 13.5?’0

Liquid Limit (1L) 25% 23?40
Plasticity Index @p) 6% 6,7%
CBR 38



These specifications correspond to a local material, called
“Recebo”, with a soil fiction angle (!ZJ) that varies
between 25° and 30° when compaa and is composed by
a mix of fine and granular soils.

3. DEFINITIVE DESIGN : REINFORCEMENT OF
THE FOUNDATION WITH GEOTEXTILES

Three typical transversal sections were analyzed (a)
transversal section of the runway, (b) tmnsversal section of
the platforms and (c) transversal section of the perimeter
roadways for vehicle transit.
This document refers mainly to the runway and platforms

reinforcement though it includes the technical
characteristics of low strength geotextiles used to reinforce
the perimeter roadways.

Based on the new exploration of the subsoil, the
contractor was able to establish more precisely the
chamcteristics of the foundation soil and to analyze, for the
embardunent material used (see Table 1), the two
transversal typical sections of the runway (see Figure 4).
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Figure 4. Reinforced Typical Transverse Sections.

Following the design method proposed by Koemer (1990)
to determine the required fimctions of a geotextile in the
foundation of embankments on sofi soils, the contractor
determined the primary and secondary fimctions of the
geotextile. According with the contractor criteria,
separation is the primary function for low height
embankments, while for high height embankments,
depending on the governing m-d of ‘llilure, reinforcing
could be of primary importance (see Figure 5). When Toe
or Spreading are the governing failure modes,
retiorcement and separation are the geotexdle primary
fimctions. When Base failure is governing separadon is
the primary geotextile function, For Sector 1, the geotextile
was desigmd for separation. For sector 2 by means of
comparing the embankment height (H), the soft soil depth
(D) and the embankment width (B), a toe fitilure was
determined to be the governing mode and the geotextile
was designed for sepamtion and reinforcement.

..~
\
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Figure 5 Mode of Failure

3.1 Geotextile Design for Separation Function

The contractor, considering punctore as the most probable
?tion geotextile-breaking mode, used the following
equatmn to determine the required geotextile puncture
resistance:

F~=(n4@P’S’ (1)

where,

F~ = Requiered geotextile puncture resistance (W)
4 = Geotextile opening size (m)
& = Average diameter of the puncturing aggregate (m)

P’ = Pressure exerted on the geotextile (M%)
s’ = Shape thctor of the aggregate particles

s’= (l-s)
s = Sphericity
S = 0.4 for crushed stone

Taking into account that the foundation soils have a
passing 200 ASTM sieves > 50Yi the contractor decided
to speci@ 095< 0.3 mm. In consequence for 4 = 0.3 ~
~~=~wa~~posd by the ~nstruction tru&.s) ad & =

F~ = (n )(0.3 X 10-3)(70X 10-3)490 (1-0.4)
F~= 0.01940 kN= 19.40 N

Using a i%ctorof safety against puncture of 2.0,

F~~ = 38.8 N

3.2 Geotextile Design for Reinforcement

Using a computer program for geosynthetics desi~ the
contractor determined the required tension at 2070 of
elongation (T20),based on the following parameters:

Table 2. Geotextile for reinforcement design parameters

Design p ammeter Symbol Unity Vahse
Embanlmmt Height H M 3.50
Elongation at failure Ef % <20

Fill mataial Shear stress Tf kPa 19
Foun&tion soil Shear stress ~, kPa 17.8

Soft soil depth D M 14
Angle of slopes to horizontal 13 0 26
Fill material Unit weight Yf kN/m3 17.8
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Geotextile resin PP
Uniform surcharge load % ~ 10
Damage during construction ~.l 1.1
partial factor
Loss of mistime for 20 fui2 1.24
year partial factor
Global Factor of Safety FS 1.5

The computer program calculates the rquircd Tm and
minimum anchor length L, using the Bishop stability
method of analysis. For the runway, the results was:

Tzo= 70 kN/m
L,=47m

4. PRELIMINARY RESULTS OF THE MONITORING
ON THE TEST EMBANKMENT AND ON THE
FINAL EMBANKMENT

4.1 Test Embanlunent

The test embankmen~ 160 m length by 80 m wide and 5 m
him with slopes 2H: lV (see Figure 6), was constructed
near the runway where one can expect the largest velocities
of settlement, due to the presence of a sand layer in the
stratum. As Figure 6 shows, the test embanlanent was
divided in three zones:

Zone A on top of foundation soil treated with wick
drains installed as defined in the original design (1 wick
drain /2.80 m2),

Zone B: on top of foundation soil treated with wick drains
installed more closely (1 wick drain /2.0 m2),

Zone C: embankment on top of foundation soil without
wick drains.

To monitoring the test embankment performance,
following set of instruments was installed

the

● Settlement Plot,
I

Figure 6 Plant View of the Test Embankment

Table 3. Set of instruments installed in the test
embankment

Instrument Quantity

Casagrande’s piezometer 11
Settlement plate 18
Extensometer 3 (60 m length)
Continue Settlement line 4
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These instruments allow for the measurement of
settlements at the foun&tion level and to evaluate
cmntinuoualy their space variation.

Table 4. Results of settlement plates
Zone Settlement (mm) Instmment

A 80 Settlement plate No 3
B 115 Settlement plate No 6
c 158 Settlement plate No 14

Table 5. Maximum excess of pore water pressure (kPa)
Zone Depth (m) AU (l@ Piexometer

A 10 4.9 N03

20 21.6 N“l
30 15.7 N02

B 10 9.8 N“6
20 38.3 N“4
30 30.4 N“5

c 10 1.9 NOll
20 29.4 NOIO
30 32.4 N09

Due to space limitations it is not possible to include in
this *ent more detailed information about these
provisional test embankment results, but the initial
contractor’s conclusions are:
- Measured settlements are smaller than those expected
and occur at a velocity near to the expected one,
- The greater part of settlements during the construction
occurs in the top 20 m of the stratum,
- Apparently there is not important influence of the wick
drains on settlements,
- According with the settlement distribution in the test
embankment, differential settlements would occur in the
runway (in the order of 5 cm). This magnitude of
differential settlements have registered in airports with
similar foundation conditions than EIDorado Airport (San
Francisco A@@ Mexico City Airport)

4.1 Final Embankment

The final embankment foundation was reinforced by a
high strenglh woven geotextile. During constructio~ no
monitoring instruments were installed. At the moment of
this writing the ccmtractor is starting a plan of topography
measurements. As the contractor has been able to establish
through geotechnical studies and embankment tests,
settlements will occur on the runway. However thanks to
geotextile retiorcemem abrupt differential settlements
will not appear. According to the measurements the
magnitude of the general settlement because of
consolidation is small and will be compensated by
repaving maintenance
type of construction.

works, which are no~ for tins



1998 Sixth International Conference on Geosynthetics -863
5. REQUIRED AND SUPPLIED SPECIFICATIONS
FOR THE GEOTEXTILES

5.1 Geotextile for the Runway and P%tforms

The contractor specified the following necewary
characteristics of the woven geotextile to reinfbrce the
runway and platforms:

Property Un Value
Ultimate tensile strerwth KN/m 70X 56
Elongation at break - %0 <13
O% urn <300

5.2 Geotextile for the Perimeter Roadways

The contractor specified the following nemsary
characteristics of the separation woven geotextile for
perimeter roadways:

Property Un Value
Ultimate tensile strenglh KIWm 25X 25

Elongation at break ‘?/0 50 to 70
095 <150
Flow Capacity Normal to the plane UpmY.s 0.0319
Thklmess >3.00
Puncture Strength N 4000

5.3 Geotextiles for Filtration in Drainage System

The pavement drainage system leads infiltrated and ground
water, by the open graded asphait base, to the lateral
drainage lines, which are trench drains filled with open
graded material including a 100 mm size pipe, wrapped up
by nonwoven needle punched geotextile.

Table 6. Characteristics of the geotextiles used
a) Woven geotextile Geotex 4x4 for runway

Property UN MAW Typical
Polymer Type
Wide Width
Tensile Strength
Wide Width
Elongation
Mullen Burst
Trapezoidal Tear
AOS
Permitivity
Permeability
Water Flow Rate
W Resistance

KN/m

0/0

Wa
N

-1

L/;%
l/rn/m2

0/0

PP
70X70

14x12

8270
820x845

0.600
0.60

1830

80

81.4x80.5

19X19

8960

1335X131O

0.6004).425

54

80

b) Woven geotextile Geotex 200 ST for the perimeter
roadways

Property UN MARv Typical
Polymer Type PP
Wide Width KN/m 21X21 22.7x27. 1
Tensile Strength
Wide Width % 15 11X19
Elongation
Mullen Burst Id% 3100 3440
Trapezoidal Tear N 330 420x420
AOS 0.425 0.300
Permitivity s~l 0.07
Permeability l/m2/s 11
Water Flow Rate L/rn/m2 240
W Resistance % 90 90

c) Nonwoven geotextile NT1600 for filtration in dminaze
system

UN Typical
Polymer Type PP
Grab Tensile Strength N 420

Elongation at Break % 80
Mullen Burst kpa 1205
Trapezoidal Tear N 160
AOS 0.150
PermitiVity &

2.2

Permeability Cmh 4.8 X 10”2

6. METHOD OF CONSTRUCTION

6.1 Prepamdon of the Foundation Soil

Gemyttthetics imtahtion guidelines for reinforcement of
embankments foundation on S@ soils recommend (a) to
install the reinforcement over the terra@ without
removing the vegetation and (b) to induce - within
adequate limits - the development of the resistance in the
reinforcement. However, in this case, the organic soil was
removed.

6.2 Placement and Joint Systems of the Geotextile

The geotextile was extended in the normal direction along
the centerline of the runway, in such a way that the
greatest stress was applied in the roll direction.
At fim an instruction was given to sew the geotextile

through the interlocking meth~ recommended by the
British Standard Guides 8006 (see Figure 7), in order to

_ tie maximum possible stress transmission. hI
Colombra neither high strength yam nor sewing machines
to make double chain stitch were available. In
consequence, in some spots it was observed that seams
could not support the stress due to the extension and
compactness of the ~ material. To fix thag a new
klruction was given to use overlaps whose dimension
was adjusted according to the CBR value of the foundation
soil in the dMerent zones of the project.

6.3 Extension and compacting of the Fill Material.

This operation was initiated in the zones where the
foundation soil was found to have the greatest bearing



capacity. The material was discharged over the geotextile,
on firm areas and was distributed in such a way that, when
it was spread out a layer of 0.35 m of thiclmss, before
compacting, was obtained. BuIkiozem were used on this
job of the type CAT D-7 equipped with caterpillars of
standard width. Although this kind of equipment exerts
high pressure on the soil, the geotextile was able to support
those high construction loads. But the seams (see reasons
in 6.2) gave way in some places, something which was
made evident bv observhw local failures.

Imterlackimg seam

Double chain stitch

—-—- * m—— -- -r ---—.-Figure /. lypes m seams.

An initial compacting was applied with the bulldozers
and then the ~ com-@cting was applied with a vibrator
roller until the specified density was achieved.

Some points that showed rutting during Construction due
to faults in the subgrade soil, were repaimi by adding
material, until the geotextile was deformed sufKciently so
as to supply the rquired strength in order to stabilize the
filling

When the adequate bearing capacity was obtained in the
first layer, two more layers were added and Compactq
until the final projected level was obtained.

On the embankment crest level a hot asphalt spray was
applicxl on top of which the structure of the pavement was
constmcted- It was made up of a layer 8 cm of open graded
asphalt base, a 30-cm thick standard asphalt base and a
carpet layer of 13 cm. The open graded layer was specified
for the purpose of improving the dminage conditions of the
structure which has a lateral slope of 1.5’% and is
interconnected with a system of lateral drainage lines, that
discharge every 50 m (see Figure 4).

7. CONCLUSIONS

The final design of the embankment foundation reinforced
with geotextiles has sped up the cmMmction and it is
functioning in accordance with what was established by
the contractor. This is without the necessity of overload
and drainage and has also resulted in being more
economical.

This job demonstrates that geosynthetics offer economic
alternatives in construction, that are reliable and of great
use for modem engineering projects in both developed
countries and in those countries found to be in the process
of development. In this case, the geotextiles have made it
possible:
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(a)

(b)
(c)

to obtain and make uniform the stability conditions of
the embankment, which are rquired by the project,
without the necessity of improving the characteristics
of the subgrade soil;
to carry out the work in a shorter period of time and
To utilize embankment fillimz material that is
available near the construction site, which translates
into considerable savings on transport costs.

The construction job ~sents an important contribution
to the development of the specification design and
construcdon of works carried out with geosynthetics in
Colombia, a country where a tremendous academic effort
is rquired in order to ensure that these products are used
according to rational criteria.
The relative extensive use of geosynthetics in Colombia

is based generally on the intuition of engineers who have
seen proof of beneficial effects of these products in their
different applications. Only in some cases, such as the
second runway at EIDorado International Airport, do the
required specifications of the reinforcement correspond to
a technically calculated design.

The lack or absence of adequate design has led to
partially or totally faulty projects, which have been carried
out with geosynthetics in Colombia and this also has
meant a lower pace of growth in this market.
The reduced diffusion of rational analytic methods for

design with geosynthetics means that only a handfid of
engineers have the necessary technical information for
designing with these products.

As a resul$ we continue resolving a lot of geotechnical
problems by means of traditional technologies that are
more costly, not only in terms of money but also in terms
of time and the environment.
We hope that the importance and good results of this

project will encmmge engineers in Colombi% as well as
other counties to construct with geosynthetics. To do this
we need to utilize sound geotechnical principles to
analyze, design and specify geosynthetics and to cxmstruct
according with the designer and manufiwturer
recommendations.
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Testing and Analysis of Soft Foundation Treatment for Donggang

Diking Project

Q. Y.Luo

Senior Engineer, Zhejiang Institute of Water Conservancy and Hydraulic Power, Huajiachi, Hangzhou, China

ABSTRACT: A seawall for Donggang diking project is 3635m long and 5. 3m to 7. 5m high, with a diked area of

2. 45km2. The foundation consists of silty clay with high water content, high compressibility y and low strength.
A seawall section having a height of 5. 3m to 6. Om was treated with geotextile reinforced foundation mattress;
meanwhile, a seawall section having a height of 6. Om to 7. 5m was improved using plastic drainage plates. To
meet the needs of two treatment schemes the observation instruments had been installed in the seawall, covering
observation duration of 830 days and 710 days, respectively. The test results obtained are mainly presented and
amd ysed in this paper. Findings show that the two treatment schemes adopted for this project have achieved ex-
cellent effect and the construction of the seawall was smoothly accomplished with faster speed and shorter time.
Also, it shows that there is difference in consolidation effect between the two schemes and the popularization and
application should be carried out in line with local conditions.

KEYWORDS: SeawalI, Soft foundation, Plastic drainage plate, Geotextile, Observation result analysis
1 INTRODUCTION

Donggang diking project is located in Shenjiamen of
Zhoushan City, Zhejiang Province, which is the largest
fishing harbour in China, and is close to Putu Island of
Zhoushan Archipelago which ranks among the most cel-
ebrated Buddhist Meccas in China. The diked area dur-
ing the first construction period covers 2. 45km2 and has
been already completed, in which the development and
construction of harbour, industry, commerce and
tourism are being conducted.

The seawall for Donggang project involves a total
length of 3635m. The beach ground elevation of the
seawall line ranges from – 1. 3m to – 3. 5m(Huanghai
Elevation , the same below). The top elevation of the
seawall is 4. Om and the seawall height varies from
5. 3m to 7. 5m. The desigh high and low tide levels are
2. 84m and – 2. 8m, respectively. It is a sea area with
strong wind, high wave and larger tidal range. The
seawall foundation consists of silty soft clay which has
high water content and compressibilityy as well as low
strength. The foundation stabilization treatment con-
sists mainly of:

– Geotextile reinforced foundation mattress. The
applied area of geotextile included the seawall of less
than 6m high. The seawall sections were connected
with the land areas at both ends and were 1505m long
in total, in which the geotextiles laid were more than
100000m2.

– Plastic drainage plate. It was used for the 6m to
7. 5m high seawall which was extended into the sea
area so as to make the foundation be precompressed,
drained and consolidated. The seawall length was
2130m and the plastic drainage plates of 850000m were
driven into the foundation.
In order to verify the stabilization effect of the soft

clay foundation, control the construction rate and real-
ize information construction, in accordance with the
two treatment schemes a representative seawall with a
length of 100m was selected as a test section, respec-
tively. Instruments were embedded to carry out long-
term observation. The series of readings which have
been obtained started on November 29th, 1992 and
ended on March 13th, 1995 and an observation dura-
tion lasted eight hundred and thirty days. Now, the
test results derived in the course of construction are de-
scribed as follows.

2 FINDINGS FOR GEOTEXTILE SCHEME

The top elevation of the seawall is 4. Om and the sea-
wall is 6. Om high. The cross-section of the seawall is
shown in Figure 1. The seawall cross-section was cho-
sen through stability calculation and analysis for several
schemes. The cross-section of the seawall treated by
geotextile reinforced foundation mattress is more eco-
nomical than a conventional scheme ( natural
foundation), in which a counter weight fill of 15m was
shortened. The mattress with a thickness of 1. Om,
consisted of two layer polypropylene woven fabrics and
a crushed stone layer, is an important component part
of the seawall. The geotextile utilized was a 60kN/m
product and the characteristic indexes are shown in
Table 1. The foundation can be divided into four soil
strata and the buried elevation and soil characteristic in-
dexes for each layer are listed in Table 2. The observa-
tion instruments were installed in November, 1992 and
the location is shown in Figure 1. The instruments
which were buried in the seawall include five ground
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settlement plates(s), four settlement pipes (Fs) inlay-
ers, two clinometers(F), fifteen pore water pressure
meters(u), six earth pressure cells (P) and two water
level pipes ( c). Ako, the strength measurement was
carried out with vanes{ Cu). The seawall was filled in
five stages starting on November 29th, 1992 and the
crest elevation of the dyke reached 4. Om up to Septem-
ber, 1994. Earth material used for closure was placed
in four stages. The top elevation of the seawall reached
2. 6m up to November, 1994.

lAxis line of seawall

Figure 1. Seawall cross-section and observation
instrument layout

Table 1. Main characteristic indexes of geotextile

Maas Trapezoidal Ball Strip tensile10x 5
per taring rupture
Unit strength strength Temfle Tmfle T~e T~e
area strengthrate strengthrate

LOngi- Lateral
tudinal Radial Radial Lateral lateral

(din’) (kN) (kN) (kN) (kN) (%) (W (%)

285 1.26 0.59 2.13 3.34 31 1.53 22

Table 2. Main characteristics of the foundation soil

sod type Water Void (hf. Of Quick shear
content ratio amaOrl-

dation Cohesion Angle of in-
ter. friction

(%) (Cm/:) (kPa) (“)

Silty clay 44.3 1.24 2.9x 10-’ 11.8 8.5

Silt 54.3 1.47 1.29x 10-’ 8.7 3.5

Silty loam 35.6 0.96 2.69x 10-’ 13.9 13.5

Loam 26.4 0.71 2.75 x10-’ 1.92 12.2

2.1 Ground Settlement

The graph of the settlement quantity of S, – S, and time
is shown in Figure 2. The settlement curve under the
action of each stage loading is presented in Figure 3.
Up to the end of March, 1995, the accumulated settle-

ment quantities of ~ and S~ at the top of the seawall
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were 116. 7cm and 115. 7cm, respectively. The steady
settlement quantity was 152cm based on the calculation
of their measured settlement curves.

2.2 Stratified Settlement

Taking FS~ as an example, as can be seen in Figure 4,
the settlement quantity of ninety percent occurred in
the first and second earth layers having a thickness of
9. 5m below the ground surface. The accumtdated set-
tlement quantities of F& and FSj at the top of the sea-
wall were 114. 2cm and 103. 2cm, separately, basically
identical with that of the corresponding ground settle-
ment plates.
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Figure 2. Graph of filling elevation and ground
settlement
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Figure 3. Settlement curve of each stage loading

2.3 Pore Water Pressure

Presenting some measuring points nearby the centre
line of the seawall as examples, the graph of the foun-
dation pore water pressure and time in the course of fill-
ing the seawall is plotted in Figure 5. It can be seen
from Figure 5 that the pore water pressure of U, in a
shallow layer was more easily dissipated than that of
U,and U,O.’Loading in a thin layer was advantageous to
the dissipation of pore water pressure. The pore pres-
sure increment of Uc was dissipated by twent y percent
after one month for the third-stage loading and by thir-
ty-nine percent after four months. It was dissipated by
sixty-one percent after one month for the fourth-stage
loading and fully dissipated after four months.



Figure 4. Graph of filling elevation and stratified
settlement

. *

lime(km.)

Figure 5. Graph of filling load and pore water
pressure

2.4 Horizontal Dkplacement

The accumulated displacement quantity of F, started
from December, 1992 and ended in January, 1994 was
110mm. The horizontal displacement quantity was in-
creased and developed to a deeper layer as the height of
the seawall was raised and the maximum displacement
occurred in the foundation surface layer.

2.5 Earth Pressure

SIX earth pressure cells were embedded into the founda-
tion below a geotextile reinforced foundation mattress
and five of them are functioning normally. The average
value of the ratio of the measured earth pressure was
raised along with the increase of load, i. e. it was O. 26
for the second – stage loading, O. 43 for the third –
stage loading, O. 66 for the fourh – stage loadlng and
0.73 for the fifth – stage loading.

2.6 Foundation Strength

The experimental results of vanes in the natural foun-
dation and during three different construction periods
are summarised in Figure 6. It can be known from
Figure 6 that, if the elevation of – 8m was lcoked upon
as a demarcation line, the foundation strength above it
would be increased in varying degrees, in which the
foundation strength increased greatly near the ground
surface; taking the foundation of elevation of – 5m as an
example, the strength had risen to 1 to 1.8 times; it did
not almost increase below the elevation of – 8m.

Vane strength(KPa)
o 10 20 30
I {1) I >\ I

-2 –

-3 -

-4 -

~:; -

.: -8 -

s -9 -
> -10 –
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❑ -11
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-14 -
-15 -
-16 –
–17 -

v

\c)
(3)

~

(4)

(1) 92,7,25

(2) 94,7,25

(3) 94,10s27

(4) 9s,3.11

( (4)

(1)

(2)

Figure 6. Test results of vane strength

3 FINDINGS FOR PLASTIC DRAINAGE
PLATE SCHEME

The crest elevation of the seawall is 4. Om and the sea-
wall is 7. 5m high. The cross – section of the seawall is
given in Figure 7. The seawall cross-section was chosen
after stability of conventional (natural foundation) and
plastic drainage plate schemes had been calculated and
analysed according to different water levels and
loading. The stability and safety coefficient of the
cross-section adopted was or-dy about O. 8 if a conven-
tional (natural foundation) scheme was used. It shows
that the effect of plastic drainage plate scheme is
excellent. Plastic drainage plates were driven at a range
of 36m, with a spacing of 1. 4m and a driven depth of
15m. The drainage blanket consisted of crushed stone
of less than 10cm in grain diameter was 2. 2m in thick-
ness. The plastic drainage plate used is made of poly -
thene cross core bonded with nonwoven fabrics and its
performance indexes are listed in Table 3. The beach
ground elevation of the seawall was – 3. 5m, in which
the foundation is divided into five soil layers. The
buried elevation and property indexes for each soil layer
are listed in Table 4 and the location of instruments is
given in Figure 7.
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Figure 7. Seawall cross-section and observation
instrument layout

Table 3. Main characteristic indexes of plastic drainage
plate

Item unit Indexes Conditions

Thickne.w mm 4

Wideness mm 100

Longitudkxd paaaing Lateral
Cm’Is 25 pres.wre

water 350kPa

Filter film permeability Specimen sub-

mefficient
Cm/s 5x 10-4’ merged in water for

24h

Filter fdm equivalent
mm 0.075 Equal to O*

aperture

Composite tensile At elongation ratekN/locm 1.3 of lo%
strength

Filter Langi-
N/cm 25

At elongation rate

film tudinal of 10%
tensile

Lateral N/cm 20 At elongation rate
strength of 10%

Table 4. Main characteristics of the foundation soil

Sd type Water Void &f. of Quick shear
content ratio consoli-

dation Coh=ion Angle of in-
ter. friction

(’%) (Cm/:) (kPa) (“). .. .
Silty clay 49.3 1.38 2.53x 10-’ 11.7 7

Silt 59.2 1.63 5.88x 10-’ 13.0 2

S,lty day 49.6 1.35 8.67 x10-4 21.0 2

Silty loam 36.9 1.00 2.88x 10-’ 15.0 17

Loam 32.0 0.88 1.60x 10-3

The observation items covered six ground settle-
ment plates (s), four stratified settlement pipes ( Fs) )

two clinometers ( F ) and twelve pore water pressure
meters(U); meanwhile, the strength measurement was
conducted with vanes ( Cu). The installation of obser-
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vation instruments was finished from June 14th to June
25th, 1993. All observation work ended till March
27th, 1995 and it took us seven hundred and ten days.

The construction of the seawall, which was
divided into six stages, was accomplished between
April 9th, 1993 and October 27th, 1994. The work
lasted five hundred and sixty days, including an inter-
mittent period. The construction of earth material for
closure was performed in four times and lasted five hun-
dred and four days from October 1st, 1993 to February
28th 1995. The filling graph of the seawall is given in
Figure 8.

=9/1194.13579119w35
*

he (month)

Figure 8. Graph of filling elevation and ground
settlement

3.1 Ground Settlement

The graph of the settlement quantity and time is plot-
ted in Figure 8 and the settlement curve of the seawall
foundation is shown in Figure 9. As for the first and
second stage loading the settlement increment of filling
height per metre was larger, about 41cm, respectively;
for the third to sixth stage loading the increment was
very near, about 28. 5cm, respectively. This was
because the settlement increment for the first and sec-
ond stage loading included an instantaneous settlement
and an additional settlement induced by disturbed foun-
dation in the course of driving plastic drainage plates.
The settlement rate during load stage was all larger, in
which the maximum set tlement rate amounted to
4. 6cm per day. At the end of observation the accumu-
lated settlement quantity of Sgnear the seawall axis line
was 260. 2cm and the consolidation degree was about
ninety percent.

3.2 Stratified Settlement

There are numerous data about stratified settlement.
Citing F% near the seawall axis line as an example the
settlement graph at different measuring points is shown
in Figure 10. The total settlement quantity of each soil



layer amounted to 254. 8cm, close to 260. 2cm for the
accumulated settlement quantity of ~. The settlement
quantity in silty layer ( Elevation-3. 5m to -11. Om )
made up fifty-nine percent of the total, the settlement
quantity in silty clay layer ( Elevation -11. Om to
-14. 5m) twenty percent and the settlement quantity in
silty loam (Elevation -14. 5m to -22. Om) twenty-one
percent.

Axisline of Smawall

s

Figure 9. Settlement curve of seawall foundation
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Figure 10. Graph of FS2 stratified settlement

3.3 Horizontal Displacement

Taking Fz embedded near the sea side as an example,
the distribution curve of the horizontal displacement
quantity along the direction of depth in different con-
struction period is presented in Figure 11. The horizon-
tal displacement quantity increased as the addition of
load. The maximum horizontal displacement quantity
was equal to 203. 6mm, which occurred near the eleva-
tion of – 8. Om and affected the silty loam layer at the
elevation of – 22m.

3.4 Foundation Strength

The vane strength at the elevation
more obviously than that of the

of 2. 5m increased
natural foundation
under the action of the fourth-stage loading in May,
1994. At the elevation of – 7. 25m( half of the seawall
height ) it was 2. 11 times higher than the natural
strength. It was 1. 78 times at the elevation of
– 11. Om and it was 1.57 times at the elevation of
– 14. 75m. It was obvious that the foundation strength
wouId further rise with the increase of loading and pre-
compression time. The vane tests had not been done
afterwards because of the reasons of construction and
management.

Horizontal displacement (mm)
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Figure 11. Curve of horizontal displacement along
depth

3.5 Pore Water Pressure

According to the statistics of the data obtained from
twelve pore pressure cells the pore water pressure rose
with filling of the seawall, but it was quickly
dissipated. Presenting U,, U, and U, as examples, the
coefficients of pore pressure under the action of second-
stage loading were greatest. Its average value equalled
0.79 and surpassed the normal standard limit. Howev-
er, the coefficients of the pore pressure under the action
of other different stage loading were smaller, i. e. O. 49
for the third-stage loading, O. 38 for the fourth-stage
loading, O. 34 for the fifth-stage loading and 0.25 for
the sixth-stage loading. Practice shows that plastic
drainage plates have achieved the excellent effects of
drainage and stabilization.

4 CONCLUSIONS

Based on the results analysed above, the main conclu-
sions can be concluded as follows:

4.1 The seawall foundation of Donggang diking
project is a silty clay with high water content, high
1998 Sixth International Conference on Geosynthetics -869



compressibility and low shear strength. For a treatment
of this kind of foundation, geotextiles were used as a
reinforced foundation mattress and plastic drainage
plates as precompression, drainage and stabilization
according to the seawall height. The information con-
struction was performed based on the in-situ test
results. The seawall was successfully accomplished
with faster speed and shorter time and the desired re-
sults have been achieved. The methods also have a ref-
erence role for a design and construction of similar pro-
jects on a soft clay foundation.

4.2 The seawall of 6. Om high which was treated
with geotextile reinforced foundation mattress was ac-
tually accomplished within twenty-two months. It re-
veals from the analysis of the test data that the inter-
mittent time of the fourth-stage loading can be reduced
from fourteen months to four months. Therefore, if it
was not due to untechnical reasons, the seawall would
be finished during t welve months. The seawall of 7. 5m
high, treated with plastic drainage plates, was practi-
cally finished during eighteen months. According to the
analysis of measured data, the intermittent time for
each loading could be shortened except the third-stage
loading and it was entirely possible to construct the sea-
wall within twelve months.

4.3 The settlement rate, horizontal displacement
rate and pore water pressure coefficient are three main
indexes of monitoring the stability of a project and con-
trolling construction rate. As for the seawall treated
with two approaches the maximum settlement rate
reached 3. 2cm to 5. 2cm per day, the maximum hori-
zontal displacement rate 4. 8mm per day and the pore
870-1998 Sixth International Conference on Geosynthetics
water pressure coefficient O. 76 during loading. These
three indexes greatly exceed the conventional standard
limit and in fact the seawall is always in a stable state.

4.4 The approaches to treating seawall by geotex-
tiles and plastic drainage plates attain the purpose of
stabilization foundation. The former exerts a less influ-
ence on the stabilization foundation depth, amounting
to 6m to 9m, i. e. equivalent to 1 to 1.5 times of the
seawall height. The latter’ s influence scope surpasses
the driven depth of plastic drainage plates with a length
of 15m; it comes up to the whole silty clay layer, i. e.
equivalent to 2.5 times of the seawall height.
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ABSTRACT: Jhcreasing demands for construction materials, land and the redevelopment of derelict land are leading to the
development of new technologies, and the integration of existing ones. It is with the above challenges in mind that the
development of electrically conductive geosynthetics (Electrokinetic Geosynthetics EKGs) has come about. EKGs may
provide filtration, drainage and reinforcement, which can be enhanced by electrokinetic processes, such as electro-osmosis
and ion migration. In addition to the electrokinetic processes, it is possible to incorporate enhanced transmissivity, sorption,
wicking, and hydrophilic characteristics into the new geosynthetics. The availabdity of new materials and production
techniques, together with the need for new engineering solutions, to complex environmental and ground engineering
situations, have rendered feasible and desirable the inclusion of these properties into a new range of geosynthetics. This
paper describes the concepts behind the development of a new generation of geosynthetics, and the laboratory testing of
prototype materials and experimental applications.

A series of laboratory experiments have been undertaken which investigated the feasibility of employing EKGs and
electro-osmotic consolidation fm the improvement of fine grained low permeability fills. These tests showed accelerated
dissipation of pore pressures; reduction of moisture contents; and increases in soil strength and adhesion to reinforcement
over and above that fi-om conventional consolidation. Investigations into environmental applications for EKGs have
demonstrated that they can be used for integrated electrode and wellpoint installations for ekectrokinetic remediation of
contaminated ground Investigations have demonstrated the sorption properties of EKGs, in respect of heavy metals.

KEYWORDS: Geosynthetics, Reinforcement, Electrokinetic, Drainage, Environmental Engineering.
1. INTRODUCTION

The increasing demands for construction materials, land
and the redevelopment of derelict land are leading to the
development of new technologies, and the integration of
existing technologies. The development of electrically
conductive geosynthetics (EKGs) is an example of this. The
concept is to develop a range of geosynthetics which in
addition to providing filtration, drainage and reinforcement
can be enhanced by electrokinetic techniques for the
transport of water and chemical species within fine grained
low permeability soils, which are otherwise difficult or
impossible to deal with.

The ability of electrokinetic phenomena to move water,
charged particles and free ions through tine grained low
permeability soil is well established. Electrokinetic
phenomena will occur in any soil; however, in medium to
coarse grained soils electrokinetic phenomena provide a
less effective transport mechanism than hydraulic flows,
due to high permeability of the soil.

The first application of electrokinetic phenomena for
civil engineering processes was undertaken by Casagrande
in 1939 for the dewatering and stabilisation of railway
cuttings at Salzgitter, Germany, Casagrande (1952). Since
then there have been many other applications of
electroosmosis for dewatering and stabilisation of soils,
including: (i) The use of electroosmosis for dewatering and
strengthening Norwegian quick clays, Bjerrum et al (1967);
(ii) Electroosmotic stabilisation of West Branch Dam,
Fetzer (1967); (iii) Electroosmotic treatment to improve
pile tiiction, Milligan (1994).
2. ELECTROKINETIC TRANSPORT PHENOMENA

There are five principle electrokinetic phenomena within
soil: streaming Potential, Migration Potential,
Electroosmosis, Ion Migration and Ektrophoresis. The
first two of these phenomena are concerned with the
generation of electrical potential due to the movement of
charges and charged particles respectively. The remaining
three are concerned with the transport mechanisms
developed upon application of an electrical field across a
soil mass.

2.1 Electroosmosis

When an electrical field is applied across a fme grained soil
mass cations are attracted to the cathode and anions to the
anode, Fig. 1. As the ions migrate they carry their hydration
water with them, and exert a tlictional force on the water
around them. Hence, there is a flow of water to both the
anode and the cathode. In order to maintain charge
neutrality, however, there are more cations than anions in
the pore fluid of a soil containing negatively charged clay
particles. Therefore, there is a net flow of water to the
cathode, Gray & Mitchell (1 967).

The electroosmotic flow of water through a soil can be
expressed in the form of Darcy’s equation for water flow:

q*= ~i~ (1)

where qAis the flow rate, i. is the potential gradient AV/AL,
A is the cross-sectional area and k, is the coefficient of
electroosmotic permeability.

The electroosmotic permeability (h) for most soils lies
in the range 1X10-9to IX10-8m2/Vs, Lagenxm et al (1989),
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Fip. ], Ekctrdineh”c urowsses and reactions
md is independent of pore size, Casagr&de (1949). ‘
If both the anode and cathode are open (to water flow)

:hen electroosmosis will “pump” water through a soil.
-lowever, if the anode is closed and the cathode open, then
Jectroosmosis will generate negative pore pressures. The
magnitude of these is-given by: -

u+ywv (2)
Kh

where ~ is the electroosmotic permeability, kh is the

hydraulic permeability, y. is the unit weight of water and V
is the applied voltage. If the total stress does not change
during electroosmosis then the magnitude of the effective
stress is proportional to the negative pore pressure
generated at the anode.

2.2 Electromigration or Ion Migration

The application of an electrical field across a soil mass
causes migration of the flee ions and ion complexes, which
are present within the pore fluid, to the appropriate
electrode, Lageman et al (1989) and Hellawell (1 994).

Lageman et al (1989) report the average mobility of
ions in soils as 5x108 m2/Vs, which is an order of
magnitude greater than the electroosmotic permeability.
Hence, anions can usually overcome the electroosmotic
flow and migrate towards the anode.

2.3 Electrophoresis

When a DC electrical field is applied across a particulate
suspension positively charged particles are attracted to the
cathode and negatively charged particles are attracted to the
anode. Most clay colloids are negatively charged and are
therefore, attracted to the anode.

Electrophoretic nobilities reported by Lageman et al
(1989) and by vanOlphen(1977) are in the ranges lxlO-’O
to 3x10-10m2/Vs and 1x10-8to 3x10-8 m2/Vs respectively.
Hellawell (1994) attributes the discrepancy to dit%rences in
the moisture content of the medium. Electrophoresis has
found applications in the densification of sludges and mine
tailings, Lo el al (199 la). Esrig (1968) reports that the
process is inconsequential for most naturally occurring
soils.
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3. GROUND IMPROVEMENT AND
REINFORCEMENT USING EKGS

Electroosmotic treatment of soils generates negative pore
pressures and thereby increases the effective stress, leading
to consolidation of the soil. The end result is similar to that
gained by the application of a surcharge; however, unlike
vertically surcharging a soil mass, there are no stability
problems, as the pore pressures generated are negative
rather than positive. Electroosmosis may also be used to
accelerate the dissipation of positive pore pressures
resulting tiom vertical surcharging, Indeed, once the
positive pore pressures have been dissipated electroosmosis
can be continued for further consolidation, due to the
generation of negative pore pressures. The maximum
negative pore pressure due to electroosmotic consolidation
will be generated at the anode, Esrig (1968). These
processes increase the strength of the soil and the bond
characteristics of the soil and the reinforcement.

Electroosmosis often leads to increases in strength of
cohesive soils, due to chemical cementing of the soil fabric,
Mitchell (1991).

3.1 Laboratory Tests - Consolidation

A number of laboratory tests have been conducted to
evaluate the use of conductive geotextiles as electrodes in
electroosmotic consolidation. The tests using an
electroosmotic cell simulated the reinforcement, electrodes
and the drainage configuration expected in reinforced soil
applications.

A number of geosynthetic electrodes were considered
and compared with a perforated copper disk. The initial
type 1 geosynthetic electrode was formed from a non-
woven, needle punched geotextile. A copper wire of 300
mm length and I mm diameter was inserted at the centre of
the geotextile. Copper wire was chosen to inhibit the
generation of oxygen at the anode. Any oxygen generated
at the anode combined with the copper to form copper
oxide, which is a good conductor of electricity.

The samples were prepared from Grade E Kaolinite
(SILT) slurry at water contents of 1.5 times the liquid limit
to ensure they would be filly saturated. The electroosmotic
permeability was k. = 3.4x1 0-9 cdsec per volt/cm and
hydraulic permeability k~=6x 10“7cm/sec.



Initially the soil was consolidated with an effective
stress of 25 kpa. Electroosmotic tests were conducted with
vertical pressures of 50 and 100 kPa to simulate the
imposed load of fill material. During the tests, pore
pressures, current and voltage variations across the soil
sample were recorded. After treatment, tests were carried
out to determine the water content and strength of the soil.

Negative Pore Pressure
Figure 2 shows the change in pore pressure at the anode
during electroosmotic consolidation using type 1
geosynthetic electrodes with different applied voltages.
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Fig. 2. Excess pore pressure versus time for normal
consolidation andfor electroosmotic consolidation.

Initially the back pressure was lowered by 50 kPa to
simulate an applied vertical pressure. After the current was
switched on the pore pressure at the anode decreased until it
equalised the back pressure, signifjhg full dissipation of
the positive pore pressure. As the test continued, the pore
pressure at the anode decreased to a value lower than the
back pressure, signitjhg the generation of the negative
pore pressure. Upon reaching a maximum negative value,
the pore pressure increased before stabllising at a lower
negative value. F@re 2 shows that the positive pore
pressure generated by the vertical loading was reduced to
zero in a shorter time by the application of electroosmosis.
The results concur with the theoretical solution by Wan et
al ( 1976).

Vertical Strain
The vertical strain-time curves are as shown in Figore 3.
The electroosmotically induced vertical strain curve was
similar to the consolidation due to vertical load. The
vertical strain increased tlom 9.7°/0for consolidation with a
normal load to 13% with the incorporation of
electroosmotic consolidation.

Water Content
The moisture content protile is as shown in Figure 4. It
indicates that moisture content for soil consolidated by a
combination of vertical load and electroosmotic
consolidation is lower than soil consolidated only with a
vertical load.
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Fig. 3. Vertical strain versus time for normal consolidation
andfor electroosmotic consolidation.

The shape of the water content distribution indicates
that the lowest water content was at the centre of the
specimen. However, the water content at the anode was still
significantly reduced. The water content profile agrees with
the finding of Lo et al (1991 b).
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Fig. 4. Water content variation across soil specimens
consolidated by vertical loading and by electroosmosis,
with a closed anoak.
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As a comparison Figure 5 shows the water content
profile across a soil sample subjected to electrokinetic
treatment, but with an an “open” anode and cathode. This
allows water into and out of the soil. The largest degree of
dewatering occurs at the cathode, due to a high resistance
zone which develops close to the cathode. This high
resistance zone causes a localised increase in the voltage
gradient and hence, an increase in electroosmotic flow in
this region.

Shear Strength
The undrained shear strength of the soil was determined at
a depth of 30 mm from the surface. The test showed an
increase in the shear stm@h up to 128% for an applied
voltage of 20 volts, Table 1.

Table 1. Increase in shear strength when using
electrokinetic geosynthetic rei~orcement.

Soil Shear Strength kPa 0/0Increase

50 kpa vertiwd 11
pressure

50 kPa vertical 19 72
pressure + 15V

50 kPa vertical 26 128
pressure + 20V

3.2 Laboratory Tests - Soil-Reinforcement Bond

The use of electrically conductive geosynthetic
reinforcement can be shown to increase soil-reinforcement
bond. A series of pullout tests have been undertaken at
Newcastle University to illustrate this concept. The
objective of the tests was to study the effect of an
electroconductive reinforcement on bond performance
under undrained conditions. This represented the most
severe case in the use of cohesive fill in a reinforced soil
structure.

The tests were performed in a specially designed pullout
cell and were conducted on soil strengthened by vertical
overburden and also by a combination of overburden and
electroosmotic consolidation.

Commercially available grade E kaolin was used for the
tests. The soi] was mixed at a water content of about 52%
which was about 3°/0below the liquid limit.

A drainage layer which also served as the cathode was
fust placed at the bottom of the cell. The soil was then
placed in the cell and compacted manually. The anode was
inserted at mid height of the sample. Another layer of
conductive geosynthetic was placed at the top of the soil
sample forming a second cathode. Hence a two way
drainage configuration was used to accelerate the
consolidation process.

The soil was consolidated by the application of vertical
pressure or by a combination of vertical pressure and
electroosmotic consolidation. The vertical pressure was
applied by a hydraulic jack capable of providing a constant
vertical pressure. A potential difference of 30 volts was
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applied by means of a direct current power supply unit with
a maximum output current of 1 ampere.

A&r the completion of the consolidation process, the
cell was turned sideways and bolted to the platen of the
tlame of the triaxial testing machine. A slit cover was then
remov~ exposing the geosynthetic reinforcement. The
pullout resistance and the vertical displacement were
automatically recorded by a load cell and LVDT
respectively. After the pullout tests, laboratory vane shear
tests were carried out on the soil sample close to the anode.
A small portion of the soil sample was also taken for the
determination of the water content.

Bond Strength
The increase in reinfmement-soil bond due to the use of
electrically conductive reinforcement is shown in Table 2.
The results show that the increase ranged from 54% to
209% at different overburden pressures.

Table 2. Increase in Shear and Soil Reinforcement Bond
strengths using an electrokinetic geosynthetic.

1 I 1 1
Consolidation 0/0 Increase in Shear 0/0 Increase in
Pressure kPa Strength Bond Strength

&&Ei+
4. ENVIRONMENTAL APPLICATIONS OF

ELECTROKINETIC GEOSYNTHETICS

The electrokinetic processes described in Section 2 can be
applied to the remediation and containment of contaminants
within the ground. Indeed, electrokinetic remediation is the
only technique for the in situ remediation of contaminated
tine-grained soils and the groundwater within them
(NATO/CCMS 1993). The following are the electrokinetic
processes which can be utilised for contaminant
remediation and containment:
● Ion migration may be utilised to transport metals and

polar contaminants to the relevant electrode, where
they may be removed (Lageman et al 1989).

● Ion migration may be utilised to transport nutrients to
enhance bioremediation (Figure 6).

● Electroosmosis may be utilised to flush contaminants
from the soil (Lageman et al 1989).

● Electrosorbtion of contaminants.

In addition because the soil mass acts as a resistor the
ground heats up (Lageman et al 1989 reports temperature
rises of between 20 and 40 ‘C) and this phenomena may be
used to volatise organic contaminants (Lageman 1995), and
to stimulate bioremedial action.

Electrokinetic transport of nutrients has been
investigated in a tank containing grade E Kaolinite (Section
3.1). The tank was 400mm long with three wellpoints
inserted at 100mm spacings along the length. Nitrate
solution (500mg/1) was placed in the electrode reservoirs,
an electrical current of 60mA was set across the tank, and
porewater samples were taken born the three wells twice a



day. Figure 6 shows the Nitrate breakthrough curves
obtained. Well/01 was located 100mm born the anode,
well/02 was located at the eentre of the tank, and well/03
was located 100mm from the cathode.
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Fig. 6. Graph showing transport of Nitrate by ion
migration.

5. ELECTROKINETIC GEOSYNTHETICS

The new EKGs can take the form of single materials, which
are electrically conductive, or composite materials, in
which at least one element is electrically conductive. They
can be of the same basic form as present day filter,
drainage, separator and reinforcement materials, but offer
sufficient electrical conduction to allow the application of
electrokinetic techniques for ground improvement and
remediation.

There are a number of materials which can be used to
produce electrically conductive geosynthetics. The
principle conductive materials which have been considered
and evaluated at Newcastle include:
● Carbon Fibre Materials.

. Conductively Filled Polymers.

● Metallic Fibres (Metal jlbres, metallised flbres or
metal coated fzbres).

● Composites formed from conductive/non conductive
elements.

The metallic tibres have been discounted due to
corrosion durability problems. Both the carbon tibre and
conductively filled polymer materials show great promise
as base materials for the new EKGs, and are discussed
below.

5.1 Conductively Filled Polymers

Organic polymers with all carbon backbones are insulators
(eg polyethylene PE, polyvinylchloride pvc,
ethylvinylacetate EVA) and can be used for electrical
insulation. However, if carbon black, carbon fibres or finely
divided metals are used as fillers in such organic polymers,
then conductive (10-5to 1 s/cm) composites maybe created,
Cowie (1991). In these composites it is the filler which
conducts and not the polymer.

If carbon black is used as the conductive filler then a
loading of between 20 and 30 wt % will be required to
produce a suitable conductivity. The structure and mixing
of the carbon black filler plays an important role in
determining the properties of the conductive polymer.
There are two main types of carbon structure of interest, the
Low structure, which is a jumbled array of carbon spheres,
and the High structure, which is a chain of spheres, giving a
higher conductivity.

An activated carbon black or carbon fibre filler may
also be introduced to increase the sorption characteristics of
polymeric materials. Sorption is another potential fimction
of EKGs.

5.2 Carbon Fibre Materials

Carbon fibres are representative of graphite materials; they
are electrically conductive (> 102 s/em) and chemically
stable. High modulus carbon fibres are expensive and their
use is limited to specialist applications where high stresses,
high temperatures and radiation exposure are expected. The
lower modulus carbon fibres are cheaper, their production
simpler and the raw materials more abundant, Ermolenko et
al (1990).

Activated carbon fibres (ACFS) have an open
mieroporous structure which provides sorption sites. They
provide similar or higher sorption than activated carbon
particles and their shape allows more rapid and greater
sorption than is found with carbon particles, Ermolenko et
al (1990). The low modulus materials have many of the
features required for the production of electrically
conductive geosynthetics.

5.3 EKG functions and design

During eleetrokinetic treatment utilising EKGs water will
flow from the soil and into the EKG at the cathode, and
oxygen and hydrogen will be formed and flow into the
anode and cathode respectively. The gas and water have to
be dissipated to prevent the build up of pore pressures.
Hence, the EKG must act as a filter and a drainage material:
●

●

Filtration - to allow the free passage of wa;m from the
soil to the drainage system.
Transmissivity - to transport water and gas out of the
system without hindrance.

The EKG must also distribute the electrical current to
the pore fluid within the fme grained soil being treated. Any
interface resistance to the transfer of current from the
electrodes to the soil is a potentially large source of
electrical inetliciency for electrokinetic treatment. The
higher the interface resistance, the lower will be the
effective voltage gradient or current flow for electrokinetic
treatment. Factors affecting the pore fluidelectrode
interface resistance include:
● Form of the electrodes
● Gas generation during the process
● Current densities – high values lead to electrode

polarisation.

Electrode configuration plays an important role in
determining the magnitude of interface resistance. An
important consideration is the presenee of ground water in
the porous structure of the geosynthetic. This makes its
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whole surfhce act as an electxode. A major advantage of the
use of a geosynthetic electrode is that the surface area cars
be much larger than traditional electrodes, and the structure
is open to the flow of water and gas.

From a study of the electrode requirements for
electrokinetic treatment it is clear that a band drain type
electrode seems to be the most promising design (Nettleton,
1996). A band drain can be made to act as a local
distributor of electrical current by incorporating carbon
black tillers into the base polymer for either the geotextile
filter or the drainage component of the band drain. Due to
the electrical cumnt requirements for electrokinetic
treatment a stringer will be required to conduct and
distribute the bulk of the current throughout the band drain.
The stringer could take the form of a metallic wire coated
with a conductive polymer to prevent corrosion due to
electrolysis at the eleclmdes (Nettleton, 1996).

6. CONCLUSIONS

The development of electrically conductive geosynthetic
materials offers significant new application areas for
geosynthetic products, ranging from accelerated
consolidation of sofl soils to soil decontamination and
pollution contiol. The use of electrically conductive
reinforcement in reinforced soil structures is beneficial as
the concept is filly compatible with, and has a positive
influence on, the parameters controlling the reinforcement
mechanisms.
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A Study of the Behavior of Geogrid Reinforced Stone Column

J.S. Sharma
NTU-PWD Geotechnical Research Centre, Nanyang Technological University, Singapore

ABSTRACT: The bearing capacity of a stone column is mainly governed by the bulging failure near its top end. The
performance of a stone column can be improved by providing layers of reinforcement in the top region. In this paper, the
behavior of geogrid reinforced stone column is explored using the finite element method. Results are presented from a
parametric study using a unit cell finite element mesh in which the number, spacing and the stiffhess of the geogrid were
varied. It was found that increasing the number of geogrid layers results in an increase in the bearing capacity and a
reduction in the bulging of the stone column. Decreasing the spacing of geogrid layers also increases the bearing capacity of
the stone column. However, decreasing the spacing to less than 0.5 times the diameter of the stone column does not result in
appreciable increase in bearing capacity. An inexpensive, low stifl%ess reinforcement installed at correct spacing is good
enough to provide significant increase in the bearing capacity of the stone column.

KEYWORDS: Bearing Capacity, Finite Element Analysis, Geogrids, Soft Soils, Stone Columns
1 INTRODUCTION

It has become a common practice to install stone columns
for improving the bearing capacity of soft clay deposits.
When a soft clay layer installed with stone columns is
loaded, a redistribution of vertical stress takes place. Most
of the vertical stress is carried by the stone column because
it is significantly stiffer than the sot? clay. As a result, the
stone column deforms laterally into the surrounding soil.
For stone columns with lengths greater than a certain
critical length, it is widely accepted that their load carrying
capacity is governed by the bulging failure near their top
end irrespective of whether they are end bearing or
penetrate partially into a medium stiff soil layer (Madhav
and Miura, 1994). The reason for this is the shear strength
of the surrounding soft soil near the top end of the stone
column is fairly low and therefore, the soil is unable to
provide sufficient lateral resistance to the bulging.
Experiments on stone columns have indicated that
maximum bulging occurs at a depth approximately equal to
1 to 1.5 times the diameter of the stone column (Hughes et
al., 1975; Madhav, 1982). The occurrence of bulging
failure limits the ultimate load carrying capacity of a stone
column regardless of the stifiess of the stone column
material.

The magnitude of lateral stresses imposed by the stone
column on the surrounding soil can be reduced by
reinforcing the stone column near its top end using layers of
geogrid. As a result, the bulging of stone column is reduced
and its load carrying capacity is increased. The
effectiveness of this technique has been demonstrated
experimentally by Madhav (1982). Madhav et al. (1994)
have proposed a limit equilibrium based method for the
design of such stone columns. Their method is simple to
use but it does not take into account the effect of slip at the
stone column-soil interface and the stiffness of the
reinforcement. In this paper, the behavior of geogrid
reinforced stone columns is explored using the finite
element method. A parametric study was conducted using a
“unit cell” finite element mesh in which the number, the
spacing and the stifiess of the geogrid were varied. The
finite element code was validated against the results of a
field trial on a single stone column (Hughes et al., 1975)
prior to its deployment in the parametric study.

2 FINITE ELEMENT ANALYSIS

2.1 The Mesh

Stone Column

\ Slip Elements

\
&grid Soft Clay

r

zb
Figure 1. The finite element mesh

Figure 1 shows the details of the finite element mesh used in
the present study. It is an axisymmetric unit cell mesh with
the central axis of the stone column as the axis of symmetry.
The diameter of the stone column is 0.8 m whereas the
diameter of the unit cell soil cylinder is 4 @ giving the
replacement ratio, i.e. the ratio of the volume of stone
column to the volume of the unit cell soil cylinder, equal to
0.04 or 4’%.. Only top 4 m of the stone column has been
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modelled. The justification for this the fact that at depths
greater than 2 to 3 diameters, the deformation of the stone
column is negligible (Hughes and Withers, 1974).

The stone column has been modelled using 8-noded
quadrilateral elements with displacements unknown. The
surrounding soil has been modelled using 6-noded
triangular and 8-noded quadrilateral elements with
displacements and pore pressures unknown. The geogrid
has been modelled using very thin (0.01 m thickness) 8-
noded quadrilateral elements. The interface between the
stone column and the surrounding soil has been modelled
using 6-noded slip elements. No slip elements are provided
at the geogrid-stone column interface.

2.2 Constitutive Modelling of Materials

The stone column has been modelled as Elastic-Perfectly
Plastic material with Mohr-Coulomb failure criterion. The
surrounding soil clay is considered as normally
consolidated and is modelled as an Elastic-Perfectly Plastic
material but with Tresca failure criterion. The undrained
shear strength of the soft clay increases linearly with depth.
The geogrid has been modelled as Linear Elastic material.
The slip elements at stone column-soft clay interface have
also been modelled as Elastic-Perfectly Plastic material with
Mohr-Coulomb failure criterion. Following the experience
of Balaam and Poulos (1982), the stone column-soft clay
interface is assumed as purely cohesive, i.e. zero angle of
friction but a finite value of cohesion. The cohesion at the
stone-column-soft clay interface at any level is taken as
80% of the undrained shear strength of soft clay at that
level. Table 1 lists all the parameters chosen for the above
four types of materials.

Table 1. Parameters for the stone column, soft clay, geogrid
and the stone-column-soft clay interface

Parameter Stone soft Geogrid Inter-

Column Clay face

CO(kPa) 1.0 1.2 — 1.0

~ (kPa/m) 0.0 1.94 — 1.55

$ (Degrees) 40.0 0.0 — 0.0

E. (kPa) 40,000 720 2,500,000 600

m~ (kPa/m) 9200 1150 0.0 900

v 0.3 0.49 0.3 —

~b.lk (m/m3) 18.0 18.0 18.0 —

t (m) — — 0.01 0.04
Notes: co — cohesion at ground level, n — rate of increase of cohesion
with depth, $ — angle of internal friction, Eo — Young’s modulus at

ground level, mE — rate of increase of Young’s modulus with depth, v —

Poisson’s ratio, Yb”lk— bulk unit weight, t — thickness.

2.3 Stages in a Typical Analysis

A typical finite element analysis in the present study has
following stages:
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1. In-situ stage: This is the start of the analysis. At this
stage of the analysis, the whole mesh contains only the
soil elements.

2. Installation of stone column and geogrid layers: In this
stage, the soil elements that are occupying stone column
space are removed from the mesh and the elements
representing stone column and geogrid are added to the
mesh.

3. Loading of stone column: [n this stage, the stone column
is loaded at its top end using displacement control. The
displacement is applied in very small increments (0.0002
m per increment) to prevent any divergence from the
stress-strain curve.

2.4 Validation of the Finite Element Code

Before a finite element mesh is used for a parametric study,
it is imperative to validate it against good quality
experimental data. The main purposes of the validation are
to ensure that the mesh is sufficiently refined and to check
that the constitutive models used are satisfactory. For the
validation, it was decided to make use of the results of a
field trial on a single stone column reported by Hughes et
al. (1975). This field trial is supplemented with extensive
site investigation data which includes undrained shear
strength profile of the soil, in-situ lateral stresses, and the
soil modulus obtained from in-situ pressuremeter tests.
Almost all the input parameters were taken directly from the
site investigation data with the exception of the permeability

of the soil which was taken to be 2 x 10-9 m/s in horizontal

direction and 1 x 10-9 m/s in the vertical direction. Since
the full loading of the stone column was very quick (total
time = 0.5 hour), the soil can be assumed to be undrained.
Therefore, the finite element simulation can be considered
to be insensitive
soil.
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Figure 2. Measured and simulated load-settlement curves
(after Hughes et al., 1975)
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Figure 4. Effect of number of layers on the load-settlement
response of stone column
Detailed account of the finite element simulation can be
found in Sharrna (1997). Due to lack of space, only two
main comparisons are described here. Figure 2 shows the
comparison between the measured and the simulated load
settlement curves. As seen from Figure 2, there is good
agreement between the two curves. The measured and

simulated deformation of the stone column at the end of
loading are shown in Figure 3. Once again, the agreement
between the two curves is satisfactory.

3 PARAMETRIC STUDY

As mentioned previously, the main parameters in the
present study are: the number, spacing and the stiffness of
the geogrid. Table 2 lists these parameters and their range.

Table 2. Range of parameters for the geogrid

Parameter Range

Number of geogrid layers Oto 5, in steps of 1

Spacing of geogrid layers 0.5 to 3 times the diameter
of stone column

Elastic Modulus of geogrid 100,000 to 2,500,000
(kPa)

3.1 Effect of Number of Reinforcement Layers

In this series of finite element runs, the number of geogrid
layers was increased from O to 5 in steps of 1. The spacing
of these layers was kept constant at 0.5 times the diameter
of the stone column (d,,) and the elastic modulus (E,) of the
geogrid was taken equal to 2.5 x 109N/m*. Figure 4 shows
the load-settlement curves for the stone column.
4

1 7 I I I I I

o 1 2 3 4 5
No. of Geogrid Layers

Figure 5. Variation of normalized bearing capacity of stone
column with number of geogrid layers

Figure 5 shows the normalized bearing capacity of the stone

column (El = q.,/q.P) plotted against number of geogrid
layers. In figure 5 and in subsequent figures, q., is the
ultimate bearing capacity of a reinforced stone column and

quPis the ultimate bearing capacity of an unreinforced stone
column. It is clear from figures 4 and 5 that inclusion of
geogrid layers in the stone column results in significant
improvement in the load bearing capacity of the stone
column. For example, the load bearing capacity of a stone
column reinforced with three layers of geogrid is more than
1998 Sixth International Conference on Geosynthetics -879



twice that of an unreinforced stone column. The variation

between 9 and the number of geogrid layers is almost linear.
However, it does tend to flatten slightly as the number of
layers are increased beyond 3 which implies that it may not
be economical to put more than 3 layers of reinforcement.

Normalized bearing capacity, qU~qUP

1 1.5 2 2.5 3 3.5 4

o~

h
Unreinforced

1
1 layer

2
2 layers

3

4-

5-

6-
\

3 layers

4 layers

5 layers

Figure 6. Variation of normalized depth of maximum
bulging with normalized bearing capacity of stone column.

Unreinforced

1 1 1 1 I I

1.0 1.5 2.0 2.5 3.0 3.5 4.0
Normalized bearing capacity, qU~qUP

Figure 7. Variation of normalized maximum bulging with
normalized bearing capacity of stone column

Figure 6 shows normalized depth of maximum bulging (~ =
z~/d,,) of stone column plotted against e. In this figure, z~
is the depth at which maximum bulging takes place. It can
be seen ti-omfigure 6 that the increase in bearing capacity is
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achieved by pushing the point of maximum bulging deeper,
i.e. the failure mechanism is now benefiting from higher
lateral resistance from the surrounding soil.

Increasing number of geogrid layers not only pushes the
point of maximum bulging deeper but also reduces the
amount of maximum bulging as seen from Figure 7 which
shows normalized maximum bulging (~ = bJbP where b, is
maximum bulging for reinforced stone column and bP is the
maximum bulging for unreinforced stone column) plotted
against e. For example, the amount of maximum bulging
for a stone column reinforced with 3 geogrid layers is less
than 70’7. of that for an unreinforced stone column. The
reduction in amount of maximum bulging is achieved by
redistribution of the lateral deformation of stone column
over a longer section as shown in Figure 8.

>

_&______
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+

Unreinforced

/,i

- ;r/Jy-

G;ogrid

L

Reinforced

(3 layers)

Stone

Column
r

I
I Soft Clay

Figure 8. Redistribution of lateral deformation of stone
column due to the presence of geogrid layers.

3.2 Effect of Spacing of Reinforcement Layers

For this series of finite element runs, the stone column was
reinforced with three geogrid layers. E~ for geogrid was

taken equal to 2.5 x 109 N/m2. Figure 9 shows normalized

spacing of the geogrid layers (k = tid,. where s+ is the

spacing of geogrid layers) plotted against e. It can be seen
from figure 9 that the maximum benefits of reinforcing the
stone column are achieved when the spacing of
reinforcement is between 0.5 to 1.5 times the diameter of
the stone column. A spacing closer than 0.5 times the
diameter would not result in any significant increase in the
bearing capacity. Also, the combined action of multiple



layers of reinforcement, i.e. redistribution of lateral
deformation of stone column, is not achieved effectively if
the spacing of the reinforcement is greater than twice the
diameter of the stone column. As a result, the increase in
bearing capacity of the stone column is not significant.

3

1 ---------- -- *

0.1 1 10
Spacing to Diameter Ratio, s, /d~C

Figure 9. Effect of spacing of geogrid on the bearing
capacity of the stone column

3.3 Effect of Stiffness of Reinforcement

In this series of finite element runs, the stone column was
reinforced with three layers of geogrid spaced at 0.5 times
the diameter of the stone column. Figure 10 shows elastic

modulus of the geogrid (E,) plotted against (3. The bearing
capacity of a reinforced stone column increases as the
stiffhess of the reinforcement is increased. The increase is
very dramatic when the stifiess is increased from E, = O

(unreinforced case) to E, = 1 x 108 N/m2. However, beyond

a certain stifhess (E, > 10 x 108 N/m2) , the increase is not
significant. This implies that one need not use an expensive
high stiffness reinforcement in order to improve the bearing
capacity of stone column. Even a cheap, low stiffhess
reinforcement installed at correct spacing would provide
significant increase in the bearing capacity of the stone
column.

Figure 11 shows maximum tension in the geogrid plotted
against E,. It can be seen from figure 11 that a stiffer
reinforcement attracts more tension but does not contribute
significantly towards improving the bearing capacity of the
stone column. Provision of a low stiffness reinforcement
would result in a relatively flexible stone column with low
levels of tension in the reinforcement. Such a flexible stone
column would deform more uniformly than the one installed
with very stiff reinforcement. This would result in the
bulging being distributed over a greater length, thus
preventing localised bulging failure and resulting in
improved bearing capacity.

g 2.5~
O 5 10 15 20 25 30

Elastic Modulus of Geogrid [x 108 N/m2 )

Figure 10. Effect of stiffness
capacity of stone column
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Figure 11. Effect of the stifiess of the geogrid on the

magnitude of maximum tension induced in the geogrid

4 CONCLUSIONS

A parametric study of the behavior of geogrid reinforced

stone column has been conducted using a finite element unit

cell mesh which has been validated against the results of a

field trial. The number, the spacing and the stiffness of
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geogrid were the main parameters. It was found that
increasing number of layers of geogrid increases the bearing
capacity of the stone column. It also reduces the bulging of
stone column and pushes the point of maximum bulging
deeper. The inclusion of geogrid layers results in
redistribution of lateral deformation of stone column and
therefore, facilitates much more effective transfer of lateral
stresses from stone column to the soft clay.

Installing geogrid layers at closer spacing also increases
the bearing capacity of the stone column. The optimum
spacing of geogrid layers was found to be between 0.5 to
1.5 times the diameter of the stone column. Installation of
geogrid layers at spacing closer than 0.5 times the diameter
of stone column does not result in appreciable increase in
the bearing capacity of the stone column.

The increase in bearing capacity of stone column due to
increase in stiftless of geogrid is quite dramatic when the
elastic modulus of geogrid is increased from zero

(unreinforced) to 1 x 108 N/m2. However, increasing the

elastic modulus beyond 10 x 108 N/m2 does not result in
appreciable increase in the bearing capacity. A stiffer
reinforcement also tends to attract more tension. Based on
these two observations, it can be concluded that it is better
to reinforce the stone column using a less stiff
reinforcement installed at a spacing between 0.5 and 1.5
times the diameter of the stone column. Such a system
would be more flexible and would be able to deform more
uniformly than the one installed with stiff reinforcement.
This would in turn result in bulging being distributed over a
greater length, thus preventing localised bulging failure and
improving the bearing capacity of the stone column.
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Geosynthetic Reinforced Unpaved Roads on Very Soft Soils: Construction
and Maintenance Effects

E.M. Pahneira
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ABSTRACT: Geosynthetics can be used in unpaved roads on soft subgrades to increase karing capacity and reduce fill
consumption. When unpaved roads are built on very soft soils and with poor construction techniques excessive
deformations of the geosynthetic layer can occur during the construction of the road caused by the traffic of bulldozers and
trucks on thin layers of fill. This paper examines the effects of the road construction on the strains in extensible
geosynthetic reinforcements. A methodology to estimate geosynthetic strains caused by construction is presented and its
results suggest that significant geosynthetic strains can be developed during road construction. The influence of surface
maintenance on the bearing capacity of reinforced and unreitiorced unpaved roads is also investigated A methodology to
estimate the bearing capacity of this type of road after surface repair is presented The predictions by this methodology
compared well with model tests results available in the literature.

KEYWORDS: geosynthetic, reinforcement, unpaved roads, geotextile slrains, surface maintenance.
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1 INTRODUCTION

The construction of embankments on soft soils is generally
a problem in routine geotechnical engineering works. In
the case of unpaved roads the main load on the
embankment is usually due to the weight of the trucks
rather than the weight of the fill material itself. High
vertical stresses can reach the soft foun&tion causing
excessive deformation or lmxd failures that may lead to
interruptions of the traffic and to transportation cost
increases. The use of geosynthetics for the reinforcement of
unpaved roads on soft subgmdes has been a common
solution for the increase of road bearing capacity, besides
minimizing fill consumption foundation deformation and
road surface rutting.

Several methodologies have been presented so far
dealing with the design of reinforced unpaved roads or
with the estimate of bearing capacity of this type of
structure (Ferreira Jr, 1995). A common fwture of these
methodologies is to assmne the geometrical characteristics
of the problem as shown in Figure 1. This assumption does
not take into account geosynthetic or subgrade
deformations caused by the construction of the road.
However, in the case of very soft subgrades (undrained
strength at the surface below 15 kPa) large deformations of
the subgrade can be caused by construction vehicles such
as bulldozers and loaded trucks that bring the fill material
for the road construction. In such cases the first
deformations on the geosynthetic layer will be caused by
these vehicles while spreading and compacting the fill or
traflicldng on thin layers of fill. In many cases the
compaction of the fill material is simply provided by the
bulldozer weight and the traftic of the trucks used in the
construction of the road

This paper deals with georynthetic deformations caused
during construction of the road and how they can be
estimated. The behaviour of this type of road after surface
maintenance is also approach@ particularly for the case of
narrow unpaved roads.

B

—

I

hf

—

Figure 1. Typical approach for reinforced unpaved roads.

2 GEOSYNTHETIC DEFORMATIONS CAUSED
BY ROAD CONSTRUCTION

The construction of unpaved roads on soft soils usually
involves the following steps: cleaning of the ground
surface, laying of the geosynthetic layer (if present),
spreading of the fill material and fill compaction by
appropriate equipments. Because of site conditions or
project characteristics some of these steps may not be
executed in many cases, such as cleaning of the ground
surfhce and fill compaction by usual compaction
equipments. Frequently the compaction of the fill is
provided by the bulldozer and the Mlc of trucks and at
this initial stage the road is continuously repaired until a
final height of compacted fill is reached for which further
loads can be sustained for a certain period of time until
maintenance is required. During spreading of fill on the
geosynthetic layer the bulldozer operator can cause severe
rutting and geosynthetic deformations due the combination



of the bulldozer weight and thin fill layers. A simple
analysis of the mechanics of the problem is shown in
Figure 2, where the vertical stress caused by the bulldozer
weight is assumed as a uniformly distributed stress (strip
load). If the fill strength is neglect~ equilibrium along
the vertical direction leads to an expression for a
conservative estimate of the minimum compacted fill layer
below the bulldozer track in order to avoid failure of the
fill and excessive rutting:

[1]

where: ~ is the minimum till height (when the factor of
safety equals to unity), p is the vertical stress on the
surface, b is half of the track widtlL 13is the load spreading
angle, N’c is the bearing capacity hctor for the foundation
and co is the soft soil undrained strength at the surface

k

co

K1L
P

Zi”

Figure 2. Failure mechanism during spreading of the fill.

A mean value for the subgrade undrained strength can
replace the value of co if a less ~nse-tive etimte’s
desired However, the value of co is chosen at this stage
because not all the eHorts acting on the system are being
considered in expression 1, such as inertia forces and
vibrations. For the case of reinforcd roads the value of N’c
to be used is equal ton+ 2 and for unreinforced roads the
value given by the expression below (Houlsby et al, 1989)
is suggested

FN: =l+; +cos%+ 1–(x [2]

where I-Xis the ratio between the mobilized outward shear
stress and the undrained strength at the subgrade surface.
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If the buldozer moves on a fill layer with thickness
equal or smaller than the value given by equation 1 a
signitkant vertical displacement at the foundation soil
surhce will occur. This settlement will reach to a depth
where equilibrium is maintained depending on the
subgrade undrained strength and on the force mobilized in
the reinforcement. This depth can be also estimated
considering the vertical equilibrium in Figure 2, which for
the reinforced case yields to:

~= pb-Tsi@ _(~+2b)

pNC(b+htmB) p
[3]

where S is the maximum settlement at the subgrade
surface, T is the geasynthetic tensile force, ~ is the
inclination of T to the horizontal direction, Nc is the
bearing capacity factor for a foundation with inclined base
(Z, in Fig. 2) and 9 is the load spreading angle in the
reinforced case. Due to the assumed trapezoidal shape of
the deformed fill below the had (Fig. 2) and assuming no
shear stress at the geotextile-subgrade interface the bearing
capacity factor in this case (NC) can be obtained by
(Houlsby and Wroth, 1983, and Paimeira and Cunha,
1993):

NC=7S+2-2A [4]

where X is the angle between the fill wedge base and the
horizontal (Fig. 2).

Palmeira and Cunha (1993) performed model tests with
unpaved roads reinforced with extensible geotextiles
subjected to severe rutting caused by sucessive stages of
footing loading and surf= repair. Empirical expressions
were obtained to estimate ~, Z and the average
geosynthetic tensile strain (E) as a fiction of the
maximum vertical displacement at the fill-subgrade
interface normalized by the footing width. These
expressions were developed for roads with ratios I@ <0.7
(Fig. 1) and are presented below:

+ = 0.237+ 0.191iog10; ((3in radians) [5]

+=0.156 +0.13310g10~ (A in radians) [6]

~=0.~=+0.27 ~ln(l.87tsnA +~-) -1

[7]

Figure 3 presents some comparisons between values of

geotextile strain (s) versus S/It predicted by equation 7 and

obswed by different researchers (for ~ / B ~0.7). The
results from model tests were inferred from deformed



shapes of the reinforcement layer or obtained by strain
measurements in the reinforcement. A good agreement
between predicted and observed values can be noted.

10 -
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Figure 3. Predicted and observed values of

strains.

Laboratory tests on model unpaved roads

1

geotextile

have also

consistently shown that the load spreading angle in the
reinforced fill can be significantly greater than in the
unreitiorced fill (Love, 1984, Palmeira and Cunha, 1993
and Palmeira and Ferreira, 1994). Palmeira and Ferreira
(1994) observed load spreading angles between 21 to 34°
for reitiorced roads and between 6 to 17° for the
unreinforced ones.

The value of S depends on the fill thickness (h in Fig.
2) below the bulldozer track. This thickness depends on the
bulldozer operator experience and is likely to be highly
variable in diiTerent parts of the road depending on the
subgrade undrained strength and stiffhess at its surf=. If
h is significantly smaller than ~ (equation 1) and
depending on the subgrade strength the rut depth required
for equil]h’ium can be even greater than h and soft soil
may reach the fill surface through fill cracks. This is
certainly more critical for the unreinforced case, but
depending on the value of h high geotextile strains can be
developed because of this excessive deformation of the
system. These strains are not taken into account if the
available design methods are applied for unpaved roads on
very soft soils or when poor construction techniques are
employed.

Assuming a linear relationship between tensile force
and tensile strain for the geotextile, expressions 1 and 3
can be combined to obtain the following expression
relating maximum vertical displacement at the fill-
mbgrade interface (S) to geotextile strain (e) in
dimensionless terms:
[8]

where k is the ratio between h and ~.
Figures 4 to 6 show charts obtained fkom the iterative

solution of equationa 4 to 8 to estimate the geotextile
deformation for k = 0.5 and for different values of the
dimensionless terms. The gdextile strain due to road
construction may then be taken into account in conjunction
with the strains caused by the tra%ic of vehicles on the
road to estimate the total geotextile strain. The associated

settlement S can be estimated by equation 8 and can then
be compared with the value of h (h= k ~, with ~ given
by equation 1).
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Figure 4. Geotextile strain versus P/c. for c#(pB) = 3.
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Figure 5. Geotextile strain versus P/c. for c~(PB) = 6.
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Figure 6. Geotextile strain versus P/c. for c~(pB) = 15.

3 BEARING CAPACITY OF UNPAVED ROADS
AFTER SURFACE MAINTENANCE

3.1 Theoretical Development

Figure 7 shows the failure mechanism assumed after a
repair of the road surfhce after exeessive rutting has
oeeumed under plane strain conditions. This is the ease of
narrow roads and poor maintenance conditions, where the
mrfaee repair is made just by filling the rut and
compwting the new material. The region ABCD is inside
the compacted material whife the the block CDEF is
composed of the original failed road, It is assumed that
failure in the repaired region will develop along vertierd
pIanes (plane BC in Fig. 7) due to the punching
meehanism of the block underneath. This is consistent
with the observation of failure mechanisms in model roads
which suffered successive stages of surface repair and
loading (Palmeira and Cunha, 1993). For stitTfill materials
the block ABCFED is assumed to behave as a rigid mass
being pushed into the soft subgrade. A vertieal stress
distribution throughout the repaired region ABCD similar
to the one employed by Temaghi (1943) for the study of
tunnels in soil is adopted (Fig. 8). The yielding base DC
controls the failure mechanism of the repaired region and
the horizontal stresses along plane BC drops during
loading being assumed that active conditions are reaehed.
This assumption is corroborated by predictions of
horizontal stresses in a elastic layer with a yielding base
(Poulos and Davis, 1974). Based on these hypotheses the
vertieal stress at the base of the rut can be derived

–2kap tan#~
crb = p.e

B -2::;:#@-2kwa4~)

[9]
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Figure 7. Failure meehanism after surface repair.

D c

Figure 8. Vertieal stress distribution in block ABCD

where y is the specific weight of the fill, ~p is the active
earth pressure coefficient and c’ and $’ are the shear
strength parameters of the soil used for the repair @eak
values).

According to Figure 9 the study of the equilibrium of
block CDEF and the bearing capacity of the subgrade
yields to:

[10]

where o is the foundation bearing capacity, ~ is the shear
stress at the reinforcement-subgrade interface (assumed
equal to the undrained strenght of the subgrade), W is the
weight of block DCEF and T is the tensile force in the
reinforcement (if present).

The bearing capacity of the foun&tion soil is given by
(Palmeira and Cunha, 1993, Figs. 7 and 9):

cr=NcCu+~+y, (S-S’) [11]

where ys is the specific weight of the subgmde material
and hf, S and S’are the dimensions given in Figure 7. The
value of Nc is given by Equation 4, where 1 is given by
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E

Figure 9. Failure mechanism of the soft subgmde.

equation 6 for reinforced roads and by the following
expression (l?ahneira and Cunha, 1993) for the

unreinforced case (~ in radians):

A
: = 0.247 +0. 23610g10; [12]

Rewriting equation 9 yields to:

2kaptan#~ + 2c’–yB ~e2kaPti@~ . 1) [13]
p=cb.e

2kaptan~

The values of ~ and G are calculated by equations 10
and 11, respectively, using appropriate values of X and f3
for the reitiorced and unreinforced cases.

The case in which a series of repairs are made is
schematically presented in Figure 10. The same approach
presented above can be used and in this case the load
capacity after the second repair can be obtained by:

[14]

with:

where r. is the depth of the first rut repaired

(corresponding to block A’B’CD, in Fig. 10), r is the depth
of the second rut repaired (block ABB’A’, in Fig. 10) and
km, C’W and #m are the fill active earth pressure
coefficient and strength parameters under constant volume,
which are the relevant ones for the shear strength along the
vertical planes of the first rut (already failed). Similar
expressions can be developed for a number of repairs
greater than 2 if the subgrade continues to control the
ftilure mechanism. As the M becomes thicker failure may
take place inside the fill material itself (Palmeira and
Ferreira Jr., 1994).

~
=

pl P
-—.—-—.

Figure 10. Two successive repairs of the road surfkce.

3.2 Comparisons Between Predicted and Observed
Values of Road Bearing Capacity Af&erMaintenances

Predictions by the methodology developed above were
compared with model test results presented in the literature
(Cunha 1991; Prdmeira and Cunha 1993; Pahneira and
Ferreira Jr. 1994; Ferreira Jr. 1995). These model tests are
schematically shown in Figure 11. Different types of soils
were used as fill materials (y = 16 to 18 kN/m3. mean
particle diameter (D50) = 0.13 to 1.20 w coefficient of
non uniformity = 1.6 to 36, c’ = Oto 2.9 kP% C’W= O, ~ =
35 to 50° and $’W = 31 to 380). Up to three S* repairs
were made on the road surface in some cases, as shown in
Figure 10. The sofl subgrade consisted of a saturated layer
of kaolin. A rigid metal footing @lane strain conditions)
provided the load on the road surface which was applied at
a undrained constant rate of displacement. A model
needle-punched nonwoven geotextile (75 g/m2, thickness
– 0.5 m wide strip tensile strength = 3.3 kN/nL tensile—

strain at failure = 70’% and tensile stiffness = 4.9 kN/m),
made of polyester, was used in the reinforced tests. This
reinforcement would simulate an extensible geotextile
presenting a tensile stiffness of the order of 60 kN/m in
prototype conditions. Additional information on the
materials used and testing methodology can be found in
Palmeira and Cunha (1993) and in Palmeira and Ferreira
Jr. (1994).

Figure 12 shows comparisons between predicted and
observed values of p/~ at failure for each loading stage.
The value of the undrained strength at a depth equal to B
was used to normalize the values of fcmting pressure in
Figure 12. A reasonably good agreement can be observed



between predicted and observed values of P/% and the
scatter can be partially explained by the scatter of the
values of undrained strength besides some limitations of
the approach.

footing I 4P I g;textile

\

Cu (kPa)
o 5 10

0

z

.F

~ 100 ‘k
;,,

N .>\. ..

Figure 11. Schematic view of the model tests performed.

Reinforcedteats:

/

● Palrmirs and Cunha (1S93) -
0 Ferreira .k. (1995) •~

Unreinforcedtests:
■ Palrmira and Cunha (1993) o
❑ Ferreira Jr. (199S)

O 5 10 15 20 25 30

p/Cu - predicted

Figure 12. Comparisons between predicted and observed
values of #~.

4 CONCLUSIONS

This paper presentes some aspects regarding geotextile
deformation during unpaved road construction and bearing
capacity of this type of road after surface maintenance. It is
obsenred that significant strains can be mobilized in
extensible geotextiles during road construction on very sotl
subgrades. A methodology is presented for the estimate of
these strains. In spite of the limited amount of data
available, results from model tests and finite element
analyses compared well with predicted values of the
variation of geotextile strain (s) with the normalized
settlement at the soft soil surface (S/B).
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The presence of the geosynthetic has a marked effect on
the bearing capacity of the unpaved road after
maintenances. A proposed methodolo~ has also been
presented which improves a similar methodology
previously presented in Palmeira and Cunha (1993). Good
comparison was observed between predictions by this
methodology and model tests results.
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Numerical Analysis of a Pavement Base Reinforced with Geogrid

Mauricio Abramento
IPT- Instituto de Pesquisas Tecno16gicas do Estado de S?ioPaulo, Brasil

ABSTRACT: This paper presents results of a detailed numerical analysis, using the finite differences software FLAC,
comparing the behavior of an unreinforced and geogrid reinforced pavement base. The study was developed fbr designing
a flexible pavement (pavers over crushed stone and sand) to be built in an intermodal yard located in Brazil. Preliminary
studies showed that the crushed stone layer collapses under the high imposed loads (transtainers with design wheel load of
35tf), suggesting its reinfmcement with geogrids. The results of numerical analysis showed that the pavement
performance improved substantially with three layers of geogrid (long-term strength of 50kN/m) evenly spaced in the
crushed stone, inhibiting plastification of the materials and reducing the magnitude of plastic displacements at surfhce.

KEYWORDS: GeogriL Base reinforcement, Pavement, Numerical analysis.
1 INTRODUCTION

One of the many applications of geosynthetics is
reinforcement of coarse material for sustaining heavy
loads. For example, Walls and Galbreath (1987) present a
case of ballast reinforcement with geqgri~ while Raymond
et al. (1993) show the use of a layer of geogrid for
reinforcing a sand for gantry cranes tracks. This paper
presents results of a detailed numerical analysis, using the
finite diffmences software FLAC, comparing the behavior
of an unreinforced and geogrid reinforced pavement base.
The study was developed for designing a flexible pavement
to be built in an intermodal yard located in Brazil. Very
heavy vehicles (transtainers) fix handling containers from
large ships will circulate in the area. The vehicles have a
very high design wheel load of 35tL corresponding to an
unusual applied pressure on the pavement of about
12kgflcm2.

2 PAVEMENT LAYERS

Figure 1 shows the pavement system and main soil layers
involved in the problem, fiam top to bottom: a) 15cm thick
high strength articulated concrete blocks (pavers); b)
crushed stone compacted with high energy (pavement
base), with thickness to be determin~ ranging from 0.6m
(geogrid-reinforced) to 1.2m (unreinforced); c) 3.Om thick
dense .sa@ and d) 8.Om thick compressible clay layer.
Geotechnical and pluviometric peculiarities resulted in this
system, in particular large differential settlements expected
due to consolidation of the sofi clay layer. The pavement
~J
●AVERS 156m THICK

. . . . . T CRUSHEO STONE :

~ “i0.6 m (R EINf OR CEO)
. . . . .“.

- 1.2 m(UNREINFORCEO)
. .

. . . . . . . . .
. .. . . .

!..

. ..’ I OCNSESAMO. .. .. ..- ‘., .“

43.0 m,.’
. . . . ,.-.

++mkR&& SOFT CLAY

Figure 1. Pavement system (not to scale)

system should act as a reservoir, holding large volumes of
water from heavy rainfills. A numerical analysis was
carried out to assess the stability and possible
reinforcement of the crushed stone layer, considering
heavy wheel loads.

3 SOIL PARAMETERS

In order to analyze the pavement behavior, it is necessary
to estimate the strength (friction angle) and deformability
parameters fix the sand and the crushed stone layers. The
friction angle is the most important parameter, since it
indicates the possibility of tilure of pavement as well as
magnitude of plastic displacements due to the wheel load.
1998 Sixth International Conference on Geosynthetics -891



The following equation, proposed Barton and Kjaernsli
(1981) was used for determining the crushed stone peak
friction angle $p:

*R log (S/ci’n) + ~ (1)

In this equation, R is a particle shape fhctor (which
depends on the crushed stone porosity after compaction), S
is a fiwtor depending on the unconfined compressive
strength of the original rock (gneiss), o’. is the mean
confiing stress, and ~ the residual tiiction angle of
crushed stone. Depending on the position of the wheel, two
conditions fm confining stresses where considered. Far
from the wheel, stresses due to compaction prevail in the
crushed stone (estimated aa 0.1MPa) and immediately
under the wheel the static load from the transtainer is
dominant (1.OMPa). Stiilhess of the crushed stone was
estimated from the literature. For the sand, the strength
and deformability parameters were determined from
triaxial compression tests. Table 1 summarizes the
parameters used in the analysis:

Table 1. Parameters used in the numerical analysis.
Crushed Sand

Stone
Condition E

(MPa)
minimum cr’. 300
(fkrfromwheel)
maximum 0’. 100 46° 140 33°

In all FLAC analyses, the Mohr-Coulomb constitutive
model was used for simulating the behavior of dense sand
and crushed stone layers, while elastic model was
considered for the reinforcement layers. The effect of
dilatancy for the dense sand and crushed stone layers was
explicitly included in all analyses. The Poisson’s ratio was
assumed as 0.33 fm both materials.

4 UNREINFORCED CRUSHED STONE BASE

The bearing capacity of the unreinforced crushed stone was
initially verified through the classical Terzaghi (1943)
formulation, considering a cohesionless soil and
rectangular load at the surface. The Ny tktors where
determined as proposed by Kumbhojkar (1993) for the
range of tliction angles assumed in the analysis. The safkty
fhctor with respect to general failure for the crushed stone
decreases from as high as 7.7 considering small confining
pressures (h from the wheel load in Table 1), to as low as
0.96 for high contining pressures, immediately under the
wheel. The results suggested that the crushed stone could
892-1998 Sixth International Conference on Geosynthetics
be reinforced in order to avoid its plastification due to the
heavy loads prevailing in the pavement.

The thickness of the crushed stone layer determines the
magnitude of loads on the dense sand layer underneath.
This problem was analyzed supposing the stress
distribution proposed by Giroud and Noray (1981). The
results indicated that the crushed stone layer should be
over 80cm thick in order to yield a fhctor of safkty F&-2.O
with respect to bearing capacity for the sand layer, and
over 100cm for FS>3.O. If the sand is required to work
within elastic conditions, it is generally recommended a
high value of fhctor of saf~ with respect to bearing
capacity. These results motivated the use of reinforcement
layers in the crushed stone.

5 GEOGRID REINFORCED CRUSHED STONE BASE

In order to minimize plastic deflations and rutting, and
maximize safety fiwtor against tiilure for the crushed stone
and dense sand layer, reinforcement the crushed stone
layer is proposed. The use of three layers of geogrid within
the crushed stone layer was preferred in order to achieve
better stress distribution (Huang and Tatsuoka, 1990). A
single layer of reinforcement could also be used in the
crushed stone, but the stress redistribution in the layer
would not be as much efficient, and the loads carried by the
geogrid would be much higher.

Loads in the reinforcement layers were initially
quantified using the analytical model proposed by Binquet
and Lee (1975). In this model, the loads along the
reinforcements are expressed as a fimction of the depth,
number and spacing of reinforcements, width of applied
load and bearing capacity of the soil. The crushed stone
layer was taken as 60cm, in order to veri@ the efficiency of
the reinforcement on the bearing capacity of the sand layer.
Considering three layers of reinforcements evenly spaced
in the crushed stone at 20cm, loads in the reinfimxxnents
were estimated as varying from 47kN/m for the top layer to
56kN/m for the bottom layer.

Both the unreinforced and reinforced 60cm crushed
stone behavior were fbrther analyzed using the finite
differences program FLAC (Fast Lagrangian Analysis of
Continua). This program, developed by Itasca Consulting
Group (USA), allows flexibility in modeling the behavior
of the many materials involved (crushed stone, sand,
reinforcement layers). Figure 2 shows the grid used in the
numerical simulation. Conditions presented in Table 1
were analyzed, each one with and without reinforcement,
resulting a total of four cases. The following properties
where considered for the reinforcement layers,
corresponding to those of commercially available geogrids:
Elastic modulus 500MPa, thickness 2.5mm and ultimate
tensile strength 100kN/m. These values does not account
for installation damage.
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Figure 2. Grid for FLAC analysis,

The following additional hypotheses where considered
for the problem: plane strain conditions, Mohr-Coulomb
plastification criteria for both the sand and crushed stone
and elastic behavior for the reinfmcements. Only half of
the geometry was considered in the grid due to symmetry
of the problem (Figure 2).

Results are presented in Figures 3 and 4 for the critical
case of minimum strength parameters presented in Table 1
(immediately under the wheel), without and with
reinfwcement, respectively. Basically, the failure
mechanism for the unreinforced crushed stone observed in
the analytical model is confirmed in the numerical
analysis, as shown in Figure 3. In this case, there are large
upward displacements at the surface and downward
displacements immediately under the wheel. There is a
general plastification in both crushed stone and dense sand
layers. The results show that introducing three
reinforcements in the crushed stone layer is very efficient,
inhibiting almost mmpletely plastification in both crushed
stone and dense sand layers, as shown in Figure 4.
Displacements at the surface and within the layer are also
drastically reduced. The loads in the reinforcement layers
vary from 47kNlm for the bottom layer to 24kN/m for the
superficial layers. The maximum value for the axial load in
the bottom layer compares relatively well with the one
determined with the analytical model of Binquet and Lee
(1975), while their model overestimates the loads for the
more superficial reinforcement layer. Table 2 summarizes
the results obtained in the numerical analysis. In general,
the results show that reinforcement is generally more
efficient in the critical case of minimum peak friction
angle, when loads along geogrids and benefits in the
system are maximized.
— 1 1 , J

Figure 3. FLAC results, unreinforced crushed stone case.
Legend: Max. displacement vectm30cm. Plastification:
* At yield; X Elastic.
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Figure 4. FLAC results, reinforced crushed stone case.
Legend: Max. displacement vectoI=l.5cm. Plastification:
* At yield; X Elastic. Reinforcements load distribution also
shown.
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Table 2: Summary of numerical analyses and results.
Maximum Geogrid

Case displacements Plastification loads

(cm) (kN/m)

1: $pmax 1.9 localized -
unreinf.
2: @ max 1.8 no 5.5 to 9.5
reinf.
3: @ min >30 generalized -
unreinf. (failure)

4: @ min 4.5 no 24 to 47
reinf.

6 GEOGRID CHARACTERISTICS AND
INSTALLATION

In order to choose the correct reinfmement, it is necessary
to multiply the maximum loads determined in the
numerical analyses by a general fhctor of safety. One of the
most important aspects to be accounted for is the
installation damage of reinforcement, since very high
energy will be employed for compacting the crushed stone
layer. The amount of darnage should be assessed by means
of large scale laboratory tests. For example, Watts and
Brady (1994) carried out a series of high energy
compaction tests using crushed stones over geogrids,
suggesting factor of safety against damage varying flom
1.3 to 1.7. Koerner (1993) also suggests FS values in this
range. Creep, chemical and biological damage should also
be taken into account for determining the suitable
reinforcement. In order to minimize the effixts of
installation damage, the reinforcement could be placed
within two thin layers of grit, avoiding direct contact of the
coarse material with the geogrid layers for improved
protection.

7 CONCLUSIONS

This paper presents results of a numerical analysis with
FLAC on the behavior of unreinforced and geogrid
reinforced pavement base to be constructed in a intermodal
Yard. The results show that the unreinforced crushed stone
base collapses under the high imposed loads, suggesting its
reinfmement with geogrids. The number and position of
geogrid layers were initially estimated using simplified
closed-f- solutions originally developed for
reinforcement of shallow foundations, which resulted in a
reinforcement configuration consisting of three layers of
geogrids with long-term strength of 50kN/m evenly spaced
within the crushed stone base. Results of numerical finite
difference analyses on this reinforcement configuration
showed that the pavement performance improved in the
894-1998 Sitih International Conference on Geosynthetics
following ways: a) inhibiting the plastification of the
crushed stone base and the dense sand layer; b) reducing
the magnitude of plastic and elastic displacements at the
pavement surface and within the layers; and c) reducing
the thickness of the crushed stone base born 1.2m to 0.6m,
without causing collapse of the dense sand layer
underneath. The introduction of reinforcement could also
drastically reduce maintenance frequency, one of the major
aspects related to container terminal management
(Meletiou and Knapton, 1987).
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ABSTRA~ A number of lg laboratorymodel footing tests have &em canied out to find out which geosyntheticsand methods of

placementm optimalforgiving sufficienttxxuingcapacityforboth the traflicabilityofmnstmclion machinesand the constructionof earth

stmctum on sofisoils. To studythe eflkctof sand mat placemerLin particular,a numericalsimulationwas petionned using a prooxhae

in which the sekiguchi~hta cmstitutive model for sofi clay was cmnbinedwith a truss element for the geogrid and Goodmm’s joint

elementfor intemctionbehl~n the sand and gmgrid H on Biot’stheoxyof heedimensionrd consolidatio~a finite element model

w“asformulatedto analysethe cI&onnationand tMw modeof the softclayin the laboratorymodeltestsI-wthwith and withoutthe geogrid

and sand mat. Typical tesults tium the calculationsgive a gocd pmdiclionof the e&dvenm of sand mat placement for decmsing

settlement,* tktio~, improving the beaing capacity of sofi clay. It is concludedthat this must be due to an increasein bending

stiffnesscausedbycombiningthe sand mat with the gmgrid

KEYWORDS: Bearing capacity, Geosyntheticsclayliners(GCL), Mcdel&@ Finiteelementanalys@ Friction
1 INTRODUCTION

In pm’ious papers (Himoet al., 1992: Yasuham et al., 1994),the

authots have emphasizedthat compositegemynthetks which me

non-wovengecsyntheticsreintiomxiwith woven geqmhetics in-

behveenam best for improving the bearing capacityof sofl clay.

This compositegeqmhetic has a higher tensilestnmgth than the

non-woven geosynthetichitlmto @ and in addition has the

advantageofgiving high tliction in softclay(Himoet al., 1992).
llle~ is no significant improvement in bearing capacitywhen a

geogxidis placeddinxtly overthe surfke of a sotl clay,becausethe

frictionalfow developedbehveen the geogridand sofi clay is very

small (Hirao et al,, 1992) and h cannot follow the large

deformations of the sotl clay.

In onierto establish a suitableprocedure for the useof geogrids

to improve the bearing capacityof soil clay, lg Iabomtov model

testswere conducted. In particular, a fixus was placed on which

etkct of (i) redmhmen~ (ii) combination with woven or non-woven

geosynthetics ~ld (iii) combination with sand mat contributes most

to iumasiug bearing clqlacily.

2 EXPERIMENTAL PROGRAMME
2.1 Outline of Model Tests

Asoiltank with2mwicltl~ 0.5mlength and l.Omdeptias

illustmtedin Fig 1,was used for the model tests The pmptxties

of the clay we~ G,= 2.62, w~= 107Yq1P= 66. Dc&ils are

given in ptious papets (Himoet al., 1992, 1996). S@ Chd~

mixcxl with wdter to a moistum content w of lW’YOwas pound

intothe soil tank toform a 40cm or 80cm thicknessclay layer.

The average vane shear stnmgth of the model clay layer tier

A;;;’Steel Displacement ,2,3 ,5 1~~
fra~me indicator

n ‘A

r~R
Sand mat ~ Loading plate

~ .,., <.!H=3crn) B=l Ocm, l=49cm, .,,,,,..,,, .,. ,.,.,.,, , ..,.,,,,,.,.. ,,, ,..,,.,... ,., ,.,

Fig. 1 Testingappamtu.sfor model tests
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pouring was 0.5 Wa and Wasahlmst constant with depth.

A layer of gmgrid was fmtly placed direcdy over whole the

surthce of the clay layer with a 2m width and 0.5m length

Then a sand mat of 3cm thickness was taid onto the geogrid

To obtain the load vemus settlement - sevemt kinds of

model fdoting tc.sts wexe carried out in which step loads wme

applied to the sofi clay reinforced with a geogrid For
comparingthe et%ctsof diRerentmtiormne~ plate loading

testswereh amducted on

softclaywithouta sand mat

and geogridas welt as tests

with the combined use of

geogrids with non-woven

gem%brics.

A vertical load of 1.0

IcPa w-as applied in each

step to a plate locm wide,

49cm long and 48 Pa in

weight until the clay layer

fded. The loading dwdtion

of each step was 15 min.

A hateraJ mtraint was

provided by a tension fonx

developed by a counter

weight on the edge of

geogrids as is shown in

Fig, 1.

Opening size (mm)

GG-A I I 1 1 I
(9 x 9)

GG-B
(28 x 40)

#

GG-C
(28 x 33)

#

Fig.2 Types of geogrids used

for model tests

2.2 PropeIiics of GeOgrids used

Table 1 sununarims the mechanical properties of the thm kinds

of geogrids used. The diR&mces behwen the the geogrids

illustmted in Fig. 2 we~ in the * of the opening tensile

stnmg@ fictional force and bending stifkss of which the later

two wese determined using methods proposed by I%do 23 al.

(1992, 1996).

Table 1 Medanical properties of geotexliles used

Thickness Bending SIiffness
of Opening Stiffness I

Material Symbol Ba / I Description
(mm) (Ncm2 ) (cm) ~

WOW2 w F 0.5 9.3 11.3 I . . . . . . . . .
Fabric

1

Composite CF-B ~ 4,0 11,3 16.0
Fabric i-

GG-A 9.9 23.1 33.9 —

Geogrid GG-B 26x 40 129,4 75.3 —

GG-C 28x33 185.2 85.3 —
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Aswillbe mentioned later, thesize of the opening isan

important fiwtorin the improvement of the bearing capacityof

soficlay kauseofits relation tothema~ti ofmobilizd

fiicdonhnd the interlockingeftkct.

3 RESULTSFROM EXPERIMENTS

The bearing capacity forreinforcxd rnodek isdehed by the

appliedload at the yieldingpoint pY,.for non-~tiorced and pY,,
for Etiomxl cases in the settlement S, versus load.p, CUIVeS.

The *ts dating to the improvement of the bearing capacity of

sofi clays reintlomd with geogds wexe taken tiom the mcdel

Loading intensity, p (kPa)

15

20

25

/6
jnrein-

L

\\orcement
=2.5 3 Q

Sanli mat’
=3.7

A

\
A
\

Pyr ‘bearingcapacity(kpa )

o

Repesentadvep vs. Scums cbtained by modeltests

6.
Black circle: D/B=4

E White circle: D/B=8
u

4

3

2

I1 ---

with sand mat
wF&m>GG-~

m.,.,.,,CF-B
WFQ

o
+ ‘mGGc---- —--- -.

1 ~ :lndica~e the effect of sand mat
1111111 , 1 , #11,11 , 1 , u

; 1 10 100 1000
Bending stiffness B ~ (Nocr#)

Fig.4 Effectofbendingstiflks on increasein bearing

capacityof sotlclay



tests descrii in the previoussection Figs. 3 to 6 illustmte

the etfwtsof the abmwnentioned fhctorson the seltlernewS, vs.

vertical- p, curves,

Ascanbe wmin Fig. 3,thelxxning capacity withno

reinfomanentis vay smallbecausethe modelgroundconsistsof

extremelyso!l clay. A small incmse in bearing capacitycan be

observedin Fig. 3 due to the sizeofthe geogrids mesh.

The ratio of the bearing capacity,pw of soft clay impmved

by reinforcementwith geogrids to tha4 pm for no geogrib is

denoted@ Rp Fig. 4 and Fig. 5 show the etlkctsof both the

bending sdthess ofgeogd sandthestdihes ofvwven and

mmpsite geotlibriq mpeciively. It can Ix seen ilom ~

results in Figs. 4 and 5 that the placementof a geogrid with a

targebending stifhss does not mmswily incmasethebearing
capacityof sotlclay,althoughthe bendingsdilhes of the geo~d

is larger than the composite geothbric. lllistendenqk

_ve of the thicknessof the ClaV(l-limoet al., 19%), on
theother l~itisalso seen fhxn these figms thata

combination of sand mat with each gemynthetic mmkedly

increases the bearing capacity, independent of the kind of

geesyntietic. The reasonfor thee diffenmceswillbe discusd
tater,

H with sand mat
CF-B ..............

~~>~~WF

8
CF-B

GG-C &\ ‘F
sand mat with no geotextile

Initial bending stiffness

El (X105 N.cm 2,

Fig. 5 Relation between initiat bending stdhess and bearing

capacity with and without sand mat

4 EVALUATION OF SAND MAT EFFE~ USING

FEM ANALYSIS

4.1 Analysis of Labomtmy Model Tests

A FEM anatysis of the behaviour of an embanlunent on sofl clay

with and without geogrids and sand mats was conducted using a

model incmporating the effkct of the interaction of the geogrid
andsoll ckg’,assummrkd in Table 1. The analytical

pmoxhue used the elasto-visco-plasticity model developad by

Sel@chi and Ohta (1977) for clay, by using abeam element for

modeling the geogrid and a joint element for the interaction

between geo@d and soil, mspecdvely. The model also

incoqmated Biot’s thecny of thmxiimensional ctmsolidation for

a coupled +. In a pmious paper (Tanabmhi et al.,

1992), the model was mcmMdly applied to the nxsults from

model fxlingte stsonso ftclaywi thandwithout geogrid and

Sandnul

Thegeometryofthe nmdelanaiyd isshownin Fig.6and

conespondsto the Iabomtofymodel test where the width of the

l*gp&Bw lomti@ofkc@l~a Dwma

cmandthethickneas of thesandlayerwas3 cm. The analysis
fbcusedontheelkc to fthesandma tonthe impmvementof

bearingcapacityof a soft clay with and without a geogrid.The

emknkmmt on clay was modeled with and without sand mat

$L ~+
3 ~ loo~~” ~ ~

u=v=O , Drained boundary plane

Fig. 6 Finite element mesh and boundaq condition used for

modelte5ts

Loading intensity, p (kPa)

-s 00 5 1
g

(D
u) ● (-J

* with sand mat

(B
a) (f

3

y%

.0 Q
E o
m o
“$ 10 ● without

z sand mat
~

lJ
●

observed
● Oo: values

\ o

— :calculated ● o

20 values
Unreinforcment

)

13g.7 Comparisonof p vs. S cues for model tests with and

withoutsand mat
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and geogridand wasdividedinto210 nodes and 200 elementsfor

the FEh4analysk asisalwshowninFig. 6. The boundaq

conditions for displacement wete asmplete mtmint on the

bottom and horimntal restrainton lateral su&es. In additiow

the hyiraulic boundaq dtiOm were assumedtobe dminedat

the bottom and mrfhce and undrained on the sides. The

Pammetets necesaw, - for the pment malysis were determined

indiredy from plasticityindi% as proposedby Iizub and Ohta

(1987). The settlementversusload cuwes czkulated using the

Reanalysis based onthe Sekiguchiand Ohtamedel(Sekiguchi

and Ol@ 1977)wmcompm.d in Fig. 7 with thoseobsewedin

laborato~ model testswhich includesthe resultswithoutgeogrid

and sand mat. Fig. 7 suggeststhat the method proposedfor

_ the EMOIU311M31Me!kt gives a msonatkle prediction
of the settlementversus load relationswith and without geogrid

and sandmat.

The modelWMh capableof simulatingthe deformation

of the sotlclaymodelboth withand withoutReinforcement. Fig.
8 illwdtes a tlmily of rtmlts from model tests with and without

a sand mat under an appliedload q = 8.4 id%. Itcanbeseen

1
H
3

1

111 . . . .

I Y Ly.l Scds(-)
M-S m (p= O.0S4k’fld) 0$10

—

I lcocm I

Fig. 8 Typical deformation diagrams obtained from

numerical simulations
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fromFig. 8 that in the ~ ofsofl clayaloneor with a geogridthe

ground di%onns* if it is Ming while for sofi clay with a

geogridand sand mat the settlementsand lateral displacements
areclearlymtmined Thisisdue totheemnpositeeffkctin

which the sand mat restricts the movement of the geogrid and

thus pmducs arkincreasein bearingcapacity.

4.2 NumeriealVerificationfor FieldConditions

Numerical experimentsusing the proposed model we~ carried

outto demonstmtek effeetofa sand mat on the improvementof

the bearing eapaeity ofsoilclay vvithageogri~ under in-situ

conditionswith a typicalprdile just like as under model fmting

test edition as illustmtedin Fig. 7. For this calculatio~ the

followingcxmiitionswae assumed: (i) depth of claylayer,D, 4,

6,8, 10, 12 w (ii) depth of clay layer to loaded area ratio, D/B,

1.33,2.00,2.67, 3.33,4.00, ti, (iii) the thickness of sand mat

was kept constant equal to 30 em. The txxmkuy and drainage

loading intensity, p(kPa)

Fig. 9 Typical p vs. S curves obtained

numerical simulations
3(

S

&h*,
n
W-
m
al

%.
u
5 1,

“s.

•1U.o
a:A
O*S:A

G+S (with sandmat)

G (without sand mat)
● 0

U (unreinforcement) T

, , , ,
b 2 4

ratio of soft ground’s thickness to
loading width, D/B

Fig. 10 Ctiulated relationship between w and Dfl



, I 1 ,

I bm inlwuilY,P.10.L9@0t

u@NOhbKMWM)

G(wilhwl suuimst)

/

GAXrdtI smhdl

ratio of soft ground’s–thickness10
loading wfdth,D/B

Fig. 11 Calculated relationship between maximum

upheaval, h ancl D/B

20

6i-

iizlc
-1

Fig. 12

(

I/ I
I tbsding inlensw$p=18.rslPJ] ~--------- ---- —----- - I

1

ratio of soft groun~’s thickness to -
loading width,D/B

Relation between normalized critical distance,

14/(lY2) and D\B

conditionswe the same as those adopted in the analysis of the

labomtory modeltests. TWicalsettlementvemusload dations

forD@= 2.67ae shownin Fig. 9. The eilii of geogridand

gmgrid with sand mat on settlement control in sotl cfay is

N-htipvem S~=ti Fig.9@tileti Wti

settlement incmses linearly beyond the yield point with

increasingapptiedloads,but increasesabruptlyin the case of no

nSnfomnent. However, it is inte@ing to note that this

yielding load bemmes larger for n4nforctd compmd with un-

reinforcedmodelsbut is independentof the Da as shown in Fig.

10. It is afso notablethat the bearing eapachy improvement
due to a sand mat combinedwith a geogridis ccmsidemble. The

appliedyieldinglo@ imeases byuPto L8timescompaIed tith
no tiorcement. The adwmtageofa sand mat with geogridsis

also &served in the deformationof soil clay under applied load

-fheamounts nf maximum settlement maximum heave and

fateraldistanmof heaveinsoficlay meshown inFig. hand Fig.

12 for cases with and without sand mat and geogrid It is

concluded !hm these comparisons that both @tlement and

klteraf(fispfacementofsoi? C~dyRilltiOIUf with geogrid and sand

mataenotinfluenodby DAl,

Thenxsults mkdatedusingthepropmed modelm

pmented in Fig. 13 in the form of the dation betweenSD and
u%’which is conventionallyused for the stabilitycontrol of sotl

clay under embanhmk (Matsuo and Kamul14 1977). In

tiqeo~itk~d~wfic~~wkna~

versus u%pathmches the line for VP’= 1 whe~~isatiety

ihctor for stabifity. When we read off firm data in Fig. 13,

obtaind by calculatingfor cases with and without a sand mat

andDA9 = 2.67, it is clear that the applied loadpp, for F= 1with

sand mat and geogridis largerthan that for no reinfomment.

-1 I J

lff=l,o

\

e

•1

Uo
GA
(3*S:0

p;41 .4kPa

h
‘“’ A
0.8 p.21.shPa

o.
p*14

0.

,4kPa

1 ,
0 1

ratio of horizontal dkmlacement to
settlement, u/S

Fig. 13 Calculated relationship between ~ and cM5’

5 CONCLUSIONS

1) The directplacementof geogridson the surf= of a soft clay

doesnot impmveitsbearingcapacity.

2) The~is Mle increaseintbebearing capacityofasdtclayif

a tensile force is applied by weighting the edge of a geogrid.

The rwson for no improvement is due to either the tiictional
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fome or the interlocking efkt being not exerted between the

geogrid and Ckly.

3) Combined non-woven geqmthdics with geogrid gives an

advantageby imeasing IJeaIingcapacity

4) The braing capacityis nuuiodly improvedby an underlying

sand mat combinedwith a geogrid This efkct is causedby an

incmse in bendingstiflks of the compositeof geogtidand sand

matas wellas the higheriiictionalforcedevelopedbetweensands

and geogridsconqxuedwitha geogrid0~,
5)The @ii ofa sandmat on kearingcapacityimprovementand

displammentcontrol in soft clay has keen wcceddl y’analy-md
using a mdiiied model which incmporates the eilxt of the

interactionof the geogridand sand mat.
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The Bearing Capacity of a Reinforced Sand Layer Overlying a Soft Clay
Subgrade

M.J. Kenny
Lecturer, Department of Civil Engineering, University of Strathclyde, Glasgow, UK

ABSTRACT: Recent interest has developed in the use of geosynthetics for forming a fill layer over soils which have very
low bearing capacity. However, the reinforcement mechanism is not clearly understood. A programme of laboratory scale

plane-strain bearing capacity tests under monotonic loading has been carried out which considers the reinforcing
mechanism of the geosynthetic. Analysis of the test results show that the interpretation of the reinforcing mechanism is
highly dependent upon the values assumed for the various model parameters. The results fhrther suggest that in order to
function effectively as a reinforcement over very soft clays, the geosynthetic should possess a significant component of in-
plane bending stiHness.

KEYWORDS: Bearing capacity, Reinforcement, Shallow foundations, Soft soils, Unpaved roads,
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1 INTRODUCTION

Recent interest has developed in the use of geosynthetics
for forming a fill layer over soils which have very low
bearing capacity, so that a construction platform can be
formed. Although the technique has been successful in
practice, there has been considerable disagreement
concerning the reinforcement mechanism. After carrying
out dimensional analysis of model loading tests, Fakher et
al. (1996) concluded that the in-plane bending stiffness is
the dominant factor when constructing over very soft soils.
However, the current design methods for unpaved roads
consider only tensile stiffness in the analysis of the
mechanisms of reinforcement.

Many of the design methods have been developed from
laboratory scale plane-strain bearing capacity tests under
monotonic loading. This paper reports the results of a
programme of such model tests carried out at the
University of Strathclyde. Although the reinforcement used
possessed insignificant bending stiffness, analysis of the
reinforcing mechanism has allowed consideration of the
relative importance of both tensile and bending stiffness in
the bearing capacity of a reinforced sand layer over a soft
clay subgrade.

2 BACKGROUND

In recent years, two ditTerent approaches have been
adopted for the design of unpaved roads. The first
approach is typitled by the design method of Giroud and
Noiray (1981). It attributes the improvement in the road
performance to the reinforcement acting as a tensioned
membrane as rutting develops and an increased subgrade
bearing capacity due to subgrade cotilnement. Burd (1995)
further developed membrane theory to produce a model in
which the deformed reinforcement shape is obtained from
a set of membrane equations. In contrast, the second
approach proposed by Milligan et al. (1989) neglects
membrane action but considers that the reinforcement
reduces the shear stresses developed at the surface of the
subgrade, thus increasing the subgrade bearing capacity. It
is thus more appropriate for small deformations. Despite
these differences, the two approaches have the following
common features :
1. They are derived from a stress distribution model

common in the bearing capacity analysis of layered
soils (Kenny and An&awes, 1997). Giroud and Noiray
(1981) assume a value of tan-10.6 for the stress
distribution angle a (see Figure 5) for both the
unreinforced and reinforced road, while Milligan et al.
(1989) state that the stress distribution angle should be
derived ffom observation and experience.

2. The allowable subgrade bearing capacity is greater in
the reinforced than in the unreinforced case. Both
Giroud and Noiray (1981) and Milligan et al. (1989)
have proposed modified subgrade bearing capacity
factors,

3. The recommended stress distribution angles are the
same in both the unreinforced and reinforced cases,
although the presence of the reinforcement has been
shown to improve the stress distribution.

3 EXPERIMENTAL SET UP

A strip footing 0.12 m wide was used in all tests. The test
tank has inner dimensions of 2.0 m length, 1.4 m height,
and 0.3 m width and parallel glass sides, as shown in
Figure 1, and contained a soft clay subgrade overlain by
Leighton Buzzard sand. The displacement fields were
recorded at intervals of 10 mm footing penetration and
analysed using the stereo-photogrammetric technique.

The soft clay subgrade was simulated by an artificial
clay known as Glyben (Kenny and Andrawes, 1997),
which is manufactured by mixing a sodium-bentonite clay



H

Load

1 _ Strip footing:

Reinforcenwt J

Clay subgrade

I
*

2.0 m

Figure 1. The experimental set up.

0.36 m

0.9 m

(13dbent 570) and glycerine, the resulting shear strength

depending on the mix proportions. A large number of
undrained triaxial tests and vane shear tests were carried
out over the period of the study, which demonstrated that

Glyben behaved generally as a $. = O material under quick
undrained loading, with an average Q of 10.6 kN/m2.

Since Glyben samples are formed by compaction, the
material unavoidably contains a small proportion of
trapped air (approx. air voids content = 80/.). However, the
material was completely insensitive to handling and gave
excellent repeatability during testing.

The fill material used was a uniformly graded coarse
Leighton Buzzard sand placed using an air activated
spreader in a dense state, with a mean porosity of 34.5°A
(porosity limits ; 34.0% - 44.5%). The operational angle of
friction +’ for the sand placed at this density was found to
be 48.5°.

The reinforcement of the upper sand layer was provided
by a single layer of geogrid type reinforcement placed at
the sand-clay interface. Although no attempt was made to
correctly scale all aspects of the problem, the reinforcement
used can be considered to be a reduced scale model
geogrid. It consists of welded polypropylene filaments of
0.5 mm diameter with grid openings of 6.1 mm x 7.1 mm
on average. The load-extension properties of the geogrid
were investigated using a range of strain rates of relevance
to the current investigation.

In the experimental programme, bearing capacity tests
were carried out for clay subgrade alone (H/B = O), and
with and without the reinforcement layer for H/B ratios of
0,25, 0.75, 1.0, 1.5 and 2.0.

4 EXPERIMENTAL RESULTS

The stress-settlement relationships for unreinforced and
reinforced sand overlying clay shown in Figure 2 are

representative of the test programme as a whole. Since
902-1998 Sixth International Conference on Geosynthetics
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Figure 2. Stress-settlement relationships for unreinforced
and reinforced sand over clay.

there is no observable post-peak, strain softening for the
clay alone, this stress-settlement behaviour is consistent
with a local shear failure of the subgrade due to the
compressibility of the material. For unreinforced sand over
clay, the ultimate stress can be more readily identtiled from
the peak in the stress-settlement curve, particularly for
large H/B ratios. As for clay alone, there is no clearly
defined failure point in the reinforced case. In unpaved
road design, a maximum rut depth (i.e. footing settlement)
is a more appropriate criteria.

The displacement fields recorded during the later stages
of footing penetration are given in Figures 3 and 4 for H/B
ratios of 0.5 and 2.0 respectively. In general it was
observed that for small sand depths the deformation of the
sand/clay interface was more uniform when reinforcement
was present This indicates improved stress-distribution in
the reinforced case. There was also a tendency for the sand
beneath the footing to be displaced outwards when no
reinforcement was present, particularly for large sand
depths and at low footing settlements. This lateral
displacement reduced when reinforcement was used. This
is consistent with observations of Milligan et al.( 1989), but
the effect was less pronounced.
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Figure 4. Displacement vectors for H/B= 2.0 (Footing settlement, S/B = 42-58 %),
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Figure 5. Analysis of membrane forces (after Gourc,

5 THE REINFORCEMENT MECHANISM

clay

1983).

If we consider a typical stress distribution model with

membrane action, as shown in Figure 5, the contribution of

the reinforcement tension to the bearing capacity can be
calculated. Since very little subgrade heave was observed

during footing penetration, the membrane analysis
proposed by Gourc (1983) assuming four circular segments
was adopted. This method is stilcient for illustrative

purposes, although Burd (1995) gives a more rigorous
treatment of reinforcement equilibrium.

From Figure 5 it can be seen that the contribution to
the bearing capacity from stress distribution through the
upper sand layer, qd, is:

qd=qc~ (1)

The subgrade reaction q. was taken from the clay alone
curve in Figure 2 at the same footing settlement. The
membrane force which opposes the applied stress is
equivalent to the vertical projection of the reinforcement
tension at the stationary points. The maximum
reinforcement tension is limited by the anchorage capacity.



Denoting the contribution to the bearing capacity due to
membrane action by q~, it follows that:

/
~m = 2TsinQ

B (2)

The angle 0 and the reinforcement strain depends on the
footing settlement, S. Having determined the strain in the
reinforcement and estimating the strain rate from the rate
of penetration of the footing, the tension T was obtained
from the load-strain properties of the reinforcement. The
bearing capacity of the footing, q, can be determined by
summing the contributions from stress distribution, qd, and
membrane action, q~. The bearing capacities were

calculated using a commonly assumed stress distribution

angle of u = 30° and using the actual values measured
during the test programme. These are compared with the
experimental values, q=P, in Table 1.

Table 1. Comparison of experimental and predicted
bearing capacities for reinforcd- sand over clay. -

Test details Bearing capacity (kN/m2)
H/B WB B’r~ qd % q qq
0.5 0.33 1.58” 78.7 3.7 82.4 71.0

1.2*” 59.9 7.0 66.9 71.0

0.5 0.58 1.58” 78.7 12.2 90,9 92,0

1.2** 72.7 21.8 94.5 92.0

1.0 0.33 2.16* 107.8 1,8 109.6 81,8

1.58”” 78.6 3.8 82.4 81.8

1.0 0,58 2.16” 130.9 6.0 136.9 103.6

I I 1.6”” I 97.0 I 12.3 I 109.3 I 103.6

Note : * denotesvalues calculated using cx= 30°; ** denotes values

calculated using measured values of B’, (distance between points of
inflection of sardclay interface).

It can be seen that by using a stress distribution angle a of
30°, the calculated membrane forces are approximately
50’?40of those calculated using the observed values of w In
addition, the bearing capacity tends to be overpredicted
using ct = 30°. A similar analysis of the unreinforced tests
gave a larger overprediction, particularly at small
displacements when the sand thickness is large, which can
be attributed to the lack of lateral restraint of the sand.

6 CONCLUSIONS

Based on the experimental results and analysis presented
above, the following conclusions can be drawn:
1. In the present investigation, the commonly assumed

values of the stress distribution angle were larger than
those observed experimentally and resulted in
overprediction of the bearing capacity. This seems to
oppose the observation of Burd (1995) that the stress
distribution angle tends to be greater for soft than firm
904-1998 Sixth International Conference on Geosynthetics
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3.

clays. This discrepancy could be due to the
compressibility of the subgrade.
It has often been concluded that the improvements in
the load carrying capacity of unpaved roads due to
membrane action are insignificant and may therefore be
neglected. However, these conclusions appear to be
based on the method by which they are calculated
rather than on observed behaviour. In the present
investigation, the use of a more realistic stress
distribution angle rather than the commonly assumed
values greatly increased the calculated membrane
forces, suggesting that membrane action does make a
significant contribution, particularly for small subbase
thicknesses. Unpaved road field trials carried out by
Sigurdsson and Fannin (1997) confkmed the
importance of membrane action for small subbase
thicknesses.
In reinforcing very soft ground, the contribution to the
bearing capacity from the subgrade reaction after load
spreading through the fill would be insigtilcant so that
a tensile reinforcement would rely upon membrane
action to support the trat%c loading. Even assuming
that adequate anchorage and subbase-geogrid interlock
is maintained, deformation is likely to be excessive
under trafllc loading. Therefore a geosynthetic with
significant in-plane bending stiffness would be
beneficial to the performance of the structure.
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ABSTRACT Geogrid reinforced sandy soil foundations are often used to improve the supporting capability of soft soil
foundations. The vertical load applied on a geogrid reinforced foundation is transmitted to the supporting soil over a wider

ara thus, improving the soil’s ability to support the foundation load In order to examine the effect of the vertical load

propagation due to geogrid reinforced sandy soils foundation, a series of model loading tests was carried out with different

reinforced soil foundation thicknesses and number of geogrkk horizontally placed in sandy soils. In addition, a method

estimating the effective thickness for geogrid n4nforced foundation design is presented based on experimental and

theoretical considerations.

KEYWORDS: reinforcement, geogrid, soil foundation, vertical load propagation, bearing capacity
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1 INTRODUCTION

The working platform usually consists of geogrid

reinforcement laid within a uniform layer of cohesionless fii

on the surface of soft soils. Although a number of metho(h

have been used to construct a fdl layer over the soft soil, there

seems to be no general agreement with respect to the

reinforcement mechanism and load spreading effects.

Reinforced sandy soil foundations with geogrid

horizontally placed on soft soil ground are often used to

improve the supporting capability of sotl soil ground in an

economical way. The vertical load applied on the reinforced

soil foundations is transmitted to the supporting foundation

within a wider area, subsequently, providing the supporting

foundation with greater bearing capacity. It is considered

that the spreading effects &pend on the factors shown in

Table 1. It is therfore essential to investigate the properties

of vertical load propagation in the reinforced soil foundation

with geogrids with ~ference to the influence factors in

Table 1. Typical factors related to had spreading effects in
reinforced sandy soil foundations with geogrid

Term Influence factors

Reinforced soil 1. Thickness,

Iground with geogrid12. Number and position of I

I I reinforcement layers, I
3, Reinforcement length

Soil property 1. Unit weights of soils,

2. Strength parameters

Geogrid property 1. Tensile strength,

2. Friction property
Table 1. This will develop a rational way of determining the

reinforced geogrid soil foundation thickness in practical design.

In this paper, the effects of the foundation thickness and the

number of reinforcement layers on the spreading effects in
reinforced sandy soil foundations with geogrid are
investigated using the results of mo&4 loading tests and a
few theoretical considerations.

2 EXPERIMENTAL PROCEDURE

Figure 1 shows the layout of the experiment. On the floor of
a 1.08 m wide, 0.4 m deep, 0.8 m high container, twenty-one

aluminium blocks (0.05 m wide, 0.4 m long) were lined up.

[.

0.4 (m)

,,
B~O.1 (m)

I Load ,,,, Iron rod i

k \
1.08 (m)

Elastic spring

Figure 1 Experimental setup
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“=3

H/B=o.5, 1.0, 1.5, 2.0

Case l(c)

“=2

H/B=o.5, 1.0, 1.5, 2.0

Case 1(b)

“=2

s “=0, 1.9, 3.7 kPa

Case 2

Figure Z Groups of tests

llvo elastic springs were fixed under each aluminium block

and the vertical &formation of each spring was

measured by a dial gauge attached alongsi&. The elastic

springs with an elastic stiffness of k.3.14 (kgf/mm) were used

to represent the supporting soil, possessing au elastic

modulus of subgra& reaction k#077 IcPdm. The mock]

reinforced soil foundation with geogrid were ma(k of

fine gravel. The avemge &y density was 16.4 kN/m3 and the

internal fiction angle was 41 &grees (Ochiai et.al., 1994).

The tests performed are schematically shown in Figure 2.

They consists of the following two cases:

Case 1 aims to study the effects of number of reinforcement

layers on the vertical load propagation properties. The

spreading effect is also investigated in relation to the thickness

of reinforcement layer. Case 2 aims to discuss the spreading

effect of vertical load through reinforced gravel foundations

with geogrid umkx different overbur&n pressures. The

tensile strength of geogrid used is 14.7 (kN/m). The size of

each model is 1.08 m wide, 0.40 m long and 0.05, 0.1,0.15

or 0.20 m thick. The loading plate of 0.1 m wids and

0.4 m long is placed on the model reinforced gravel

foundation, which is then vertically loaded while controlling

displacement. The rate of displacement was 1 mm/min.

ill
>if3n

r

I-UB=l. O

VI

Load intensity : p (kPa) -
~p =50

U -c-p =loo
-o-p =150 1

I&u

o 0.1 0.2 0.3 0.4 0.5

Distance from the center X (m)

Figure 3. Typical vertical stress distribution
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Figure 4 Characteristics of load spreading effect
related to number of reinforcement layer

3 EXPERIMENTAL RESULTS

3.1 Vertical Stress Propagation

Figure 3 shows the vertical stress distribution at the

supporting foundation under the reinfomed gravel layer with

two geogrkk (Case l(b) at H/B=l.0) generated by several

load intensities p. It can be seen from this figure that the

vertical stress distribution was convex with a maximum

vertical stress Cr~~Xat the center. It is also obvious that the

magnitude of 0.,, increases with the incm.asing load

intensity p, and that the magnitude is always smaller than

the values of p.

3.2 Maximum Vertical Stress

Figures 4 and 5 show the effects of number of reinformment
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Figure 5 Characteristics of load spreading effect
related to overburden pressure

layer and overburden pressure on the magnitude of maximum

vertical stress a.,,. It is found from these figures that 1)

u.,, &creases with the increasing number of reinforcement

layer and overburdm pressure (see Figures 4(a) and 5(a)), and

that 2) the U.,X &velops in proportion to the applied

vertical stress over a wide load intensity region,

irrespective of the two factom mentioned above (see Figures

4(b) and 5(b)), and also that 3) not only the values of a~,X/p

decrease with the increasing H/B but also the influence of the

two factors on U.,X/p gradually decreases with the

increasing HiB (see Figures 4(c) and 5(c)). Similar properties

have already been shown in the results of geogti~mattress

loading tests (Ochiai, et. al. ,(1994); Yasufuku, et.

al.,(1996)).
Loading width B

-’
Hi / \

,

1+
LR

-i

6

Figure 6 Definition of effective width BL

4 THEORETICAL CONSIDERATIONS

4.1 Definition of Effeetive Width

When loading is applied to a reinforced gravel layer with

geogrid, the resulting stress distribution becomes convex with

a maximum vertical stiess U.aX at the center of the base as is

schematically shown in Figure 6. Here, in order to

reasonably estimate the spreading effects of the reinforced

gravel foundation, effective widh ~ is introduced which is

defined as an apparent stress distribution width. When

consi(kring that o~,, is uniformly transmitted to a given

supporting subgrade due to a load intensity p, and then the

a.,,m balances with PB, the following equation can be given

(see Figure 6):

pB= JcrdL - o-B~ (1)

Eq.(1) can also be rewritten as;

(2)

As shown in Figures 4 and 5, cr.Jp is constant irrespective

of load intensity, and it is therefore obvious horn Q.(2)

that ~ /El also becomes constant. In addition, it is

important to point out that as the u.., /p becomes smaller and

E/B becomes larger, the spreading effect of reinforced gravel

layer increases.

When a triangular stress distribution with wkkh ~ is

assumed as shown in Figure 6 which is approximately true

(see Figures 4 and5), the relationship between ~and ~

is represented by

L~ - 2B~ (3)
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Figure

Hm Krid
Is=sr

BL

7 Schematical view of load spreading effect

4.2 Geogrid Spreading Effects AB,

When a loading plate of width B is placed on a reinforced

gravel layer with geogri~ the applied vertical load is

transmitted to the supporting subgrade through the gravel

layer. An idm of load spreading is schematically shown in

Figure 7. Based on this idea, the total spreading effect ~ can

be divided into two parts: one is geogrid spreading

effect ABg, which is due to soil-geogrid interaction and the

other is 2Htan13, which is due to thickness of gravel layer.

Thus, the net spreading effect normalized by B is given by

(4)

where, @ is &fined as spreading angle through a reinforced

gravel layer.

The computed relationship between (~ - B)/B and

2H/B are shown in Figure 8, together with the experimental

dat~ in which Figure 8(a) indicates the effects of number of

reinforcement layers on the net spreading effect, and

also Figure 8(b) clarifies the dependmce of the effect on the
overburden pressure. Here the experimental plots were
obtained from Eq.(1) with measured values of o-/p,

and the solid lines are based on Eq.(4), in which spreading
angle (3 was estimated to be 27 degrees, that is tan(3=O&
irrespective of number of reinforced layers and overburden
pressure. It can be found from these figures that the
normalized spreading effeet of geogrid ABg/B, which is

evaluated as the value of BL/ B at w -0, incr- witi

the increase in the number of reinforcement layers and
overburden pressure, at least in the case of normalized

thickness H/B less than 2. In addition, it can be seen

that Eq (5) can reasonably represent the mechanism of
spreading effects in the reinforced gravel layer with geogrid.
908-1998 Sixth International Conference on Geosynthetics
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Figure 8 Relationship between (BL-B)/B and 2H/B

4.3 Estimation of Geogrid Reinforced Thickness

In a practical design, it is necessary to properly estimate the

thickness of reinforcement layer H against an allowable

bearing capacity q, in the supporting soft layer. When q, is

considmxl to be crmX,and substituting Eq.(4) into @.(l),

the following equation is obtained;

pB= q,(B+2Hkm(3)+q,ABg (5)

where q ,AB~ represents an internal force taken by the

reinformment spreading effect AB~. As was discussed by

Ochiai et. al., (1986), taking the spreading effect as G. and

comparing with Eq.(5), G, is given by ;

G. = q, ABg
. pB-qa(B+2H@n~) (6)

Further, considering that tan(3=0.5 (~-27° ), Eq.(6) is easily

rewritten as:

H

()
–=2 1–s _l
B q, pB

(7)
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Figure 9 Chart of determining reinforcement thickness H
against geogrid spreading effect Ge

Figure 9 shows the H/B-p/qa relationship calculated from
E4.(7) with various values of G~B. It is important to
note that the estimation of G, is needed in order to obtain
the thickness of reinforcement layer using Eq.(7). To
estimate G. in a concrete way, the following
assumption can be made; 1) the spreading effects can be

produced due to the maximum tensile force F~.,X in
geogrids and the direction is perpendicular to line ab
(cd) as shown in Figure 10, that is, the angle between
the direction of the force and that of the horizontal plane
becomes the load spreading angle P (tan&O.5). 2) F~.,Xcan
be mobilized by maximum tensile shear stress z~aX in the
range of the load spreading width 2HtanP and 3) the shear
stress z~a, is due to the internal friction between soil

and geogrid. A similar idea has been reported by
Yang et. al,.(1994).

Base on these assumptions, the tensile force F~.,X is
represented by

where, b and crv are the friction angle in the soil-geogrid
interaction and vertical stress acting on the geogrid
respectively. Here, for simplicity u, is assumed to be equal
to the overburden pressure. Therefore, the spreading effect
G= in geogrid is estimated by ;

where, n is defined as numbers of reinforcement layer and
Figure 10 Idea of load spreading effect

B=0.4m

. . . . . . .. . . . . . .

qa=l.16tf/m2

Figure 11 Example of design condition

sin~ is almost equal to 0.45 from the definition of P. It is easy

to umkrstand that when substituting Eq.(9) into Eq.(7), the
proper thickness, H, can be obtained under a certain
design condition.

Now, as an application of this modA, the following

example is considered The design condition is shown in

Figure 11. In this case, the vertical stresses u,] on
geogrid-1 and crti on geogrid-2 are evaluated as :

0“1 - Yldf ; ()CJV2-YZ df+H (lo)

and substituting Eqs.(8), (9) and (10) into Eq(7), and after
some calculation, the thickness H is computed as
follows:

where, Al =y2tan6sin (3, A2-2yld~rtm i5sin(3+q, and

A, - -(p- q,)B. It is important to note that in this case,

using this equation, the thickness, H, is computed as 1.20
m which is about a half compared with the thickness
in the case without geogrid (G,=O)which is about 2.18 m

calculated using Eq.(7).
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5 CONCLUSIONS

The vertical load spreading effect of reinforced soil foundation
with geogrkk is investigated both experimentally and
theoretically. The main conclusions obtained are as follows:
1. The vertical load propagation on the surface of subgrark

has a convex shape with the maximum vertical stress U~,X
at the center of applied vertical stress p.

2. The maximum vertical stress cr.,, &velOp~is
proportional to the applied vertical stress p. The ratio,

G.,X/p, is influenced by the thickness of reinforced soil

foundations, numbers of geogrick and the overhmkm

pressure.

3. Effective width ~ is proposed to express the load spreading

effect in reinforced soil foundation with geogrid which has

two parts: one is geogrid spreading effect and the

other is the effect due to the thickness of soil layer.

4. An estimating method is proposed to calculate the

thickness of reinfomed foundations in design practice

using the proposed effective width ~ and the

considered soil-geogrid interaction mechanism.
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Theoretical Solutions for Stress and Strain Fields of a Geosynthetic-
Reinforced Foundation Vertically Loaded by a Concentrated Force

Jie Han
Design Engineer, Ph. D., Tensar Earth Technologies, Inc., Atlanta, GA 30328, USA

ABSTRACT: Geosynthetics can be used as reinforcements in soils to provide improved bearing capacity and reduced

settlement for structural footings or pavement systems. Existence of geosynthetics in a foundation tends to alter the stress

and strain fields due to the difference in elastic moduli and strengths between geosynthetics and soils. Geosynthetics-
reinforced soil system can be treated as inhomogeneity and inclusion problems as studied in micromechanics of composites.
The concept is to represent the inhomogeneities of geosynthetics in soil as the inclusions of eigenstrains in a homogeneous

medium. Derivation of the solutions to determinate stress and strain fields of the geosynthetic-reinforced foundation
vertically loaded by a concentrated load is presented in this paper, in which the Eshelby eigenstrain tensor is introduced.

KEY WORDS: Geosynthetic, reinforcement, foundations, inclusion, stress-strain relations.
1 INTRODUCTION

Early studies conducted by Binquet and Lee (1975a, b) on
geosynthetics-reinforced foundations demonstrated the
effectiveness of geosynthetics in increasing bearing capacity

of soils. The use of this kind of foundation has attracted
more attention in the past few years. A number of model
tests have been performed by several researchers (Huang
and Tatsuoka 1990; Omar et al. 1994; Yetimoglu et al.
1994). Those tests mainly focused on finding out the

optimized configuration of the geosynthetic layers in soil
such as the location of the top layer, the spacing between
adjacent layers, the width of reinforcement, and the number
of layers. However, very few theories have been developed
so far to study the mechanisms behind the experimental
results. Binquet and Lee ( 1975b) assumed that the normal
and shear stresses along the upper surface of the
geosynthetic reinforcement follow Boussinesq’s solution.
Shukla and Chandra (1994) established a model to analyze
the settlement response by treating a geosynthetic layer as
an elastic membrane and solving the equilibrium equations
under vertical and horizontal loads on the membrane. In
those papers, the existence of the geosynthetics was not

taken into account in the calculation of applied stresses on
the geosynthetics due to the external loads on the upper
surface. In realty, the existence of geosynthetics in the
foundation disturbs the whole stress and strain fields as
indicated by Kurian et al. (1997) using a finite element

method.

2 THEORIES OF INHOMOGENEITY AND

INCLUSION PROBLEMS

A material f2 with different elastic moduli fi-om those of a
matrix D-Q as shown in Figure 1 is called an inhomogeneity

in micromechanics. The existence of the material D will
disturb the applied stresses in the domain D-Q (Mura 1983).
w
Figure 1 Inhomogeneity and inclusion (Mura 1982)

The disturbed stress field can be simulated by an eigenstress

field resulting from a fictitious eigenstrain s; in the domain

Cl in a homogeneous material. The so-called eigenstrain
was defined by Mura (1982) as a nonelastic strain such as
thermal expansion, phase transformation, initial strains,
plastic, and misfit strains, etc. Eigenstress is a self-

equilibrated internal stress induced by one or several
eigenstrains in a body without any other external force and

surface constraint. The domain !2 with the eigenstrain E;

and the same elastic moduli as those in the matrix D-f2 is
called an inclusion.

Due to applied external forces, the stress-strain relation for

the inhomogeneity problem can be expressed as (Mura
1982)

aj +oij = C;~((E~ +E~!) in Q (1)

C; +Gij =cijk, (&~ +E;, ) in D-f2 (2)

where cr~ and e!, are the stress and the strain induced by

external forces without any inhomogeneity, and ISij and E ~1

are the stress and the strain due to the presence of the
inhomogeneity. As pointed out by Eshelby (1957), the
1998Sixth international Conference on Geosynthetics -911



inhomogeneity problem can be treated as an equivalent

inclusion problem by including the eigenstrains as follows:

Equalizing Equation (1) and Equation (3) yields

3 MODELING OF A GEOSYNTHETIC-
REINFORCED FOUNDATION

Figure 2a is a case occurring in geotechnical practice. The

geosynthetic layer has two major functions in resisting the
applied load P on the surface: soil confinement and
membrane effect. This problem can be modeled as an

ellipsoidal inhomogeneity or inclusion in a half space as
shown in Figure 2b. This model can be further decomposed
into two problems as shown in Figure 3. The problem in
Figure 3a is a Boussinesqi problem while the problem in
Figure 3b is an inclusion problem. The solutions to the

stresses IS; and strains E~l for Boussinesqi’s problem can

be found in many textbooks. Therefore, the aim of this
paper is to investigate the inclusion problem.

P

{ /////

Geosynthetic

(a)

Ellipsoidal Inclusion

(b)

Figure 2 Modeling of a Geosynthetic-Reinforced

Foundation
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(a)

(b)

Figure 3 Decomposition of the Problem

4 SOLUTION FOR STRESS AND STRAIN FIELDS

The displacement Ui (R) induced by the eigenstrain E; in

the semi-infinite domain can be expressed by (Seo and
Mura 1979)

Ui(~) = JQCj~n&n(i’) &G,j(i.:’)d~ (5)
&k

where Gij (Z X’) are Green’s functions and Cj~~n are elastic

constants. Green’s functions Gij (i, i’) for the semi-infinite

isotropic medium have been obtained by Mindlin (1936)

and rewritten by Seo and Mura (1979) in their paper as
follows:

Gij(~.~’) = ‘
{

3-4V
—b-ij +&j +

(xi - X;)(xj - x;)

167tp(l -V) R, R2 R;

[

(3 ‘4v)(xi - ‘,)(xj - ‘j) + 2X3X; ~,, _ 3(xi - ‘i)(xj - ‘j)
+

R; R; “ R; 1
+4(1 - V)(I-2V)

[

~,_ (xi ‘X;)(XJ - ‘\)

R2 +x3+x; “ R2(R2 +X3 +X;) 11
G3j(i, i’) =

[

(Xj ‘Xj) (X3 ‘X;) + (3-4v)(X3 - X3)

167Kp(l - V) R: R;

6X3X;(X3 +X3) + 4(1- v)(l–2v)—
R; R2(R2 +x3+x3) 1

Gi3(i,7)=
[

(Xi‘ii) (XJ‘xi) + (3-4 V)(X3 ‘XJ)
167tp(l - V) Il; R;

+ 6X3X;(X3 + X;) _ 4(1 - V)(l –2V)

R: R2(R2 +x3+x;) 1



1

[

3-4v+8(1- v)2-(3-4v)
Gjj(x,x’)=

167rp(l -V) R, RI

+ (X3- X3)2+(3 - 4V)(Xq+ X;)z- 2XJXq+ 6x~xJ(x~+ X;)*1R; R: R;

ij=l,2 (6)

where R; =(X1 –X; )2 +(X2–X;)* +(XJ –X;)* ;

R; =(XI –X;)* +(xZ– X;)2+(XS+X\)2 ;

~ = shear modulus;
v= Poisson’s ratio.

The effect of the free surface has been included in the above

equations by containing the term R2.

Figure 4 An Ellipsoidal Inclusion in a Half Space (After
Seo and Mura 1979)

Assume a circular geosynthetic sheet with a radius R
horizontally buried in a half space has a constant thickness t

in X; direction, which is much less than the dimensions in

X; and X; directions. The vertically applied load P passes

through the center of the geosynthetic sheet. The variation
of eigenstrains in the thickness direction is negligible. Due
to the geometric symmetry and the location of the applied

load, the eigenstrains are symmetric to x; and x; axes.

From Equation (5), the relationship between the strain
disturbance and the eigenstrain can be expressed by

‘kl = +k,l + ‘I,k) = jnC.PmnE;. (~ ’)gk]OP(i, ~’)di’ (7)

[ ‘11 t12GkO(i, Z’) + c?2G10(i, i’) .
where gklOP@,i’)= ~

axlaxp axkaxp

Substituting Equation (7) into Equation (4) yields

()s;](~)= K~QcoPmnE;n(~’)gk]oP ~,~’ d~’ + %(~) in ~ (8)

where K=I – C~~lC~lijand F~l(i) =KE)I.
A variety of numerical methods can be adopted to solve
Equation (8). A numerical integration technique is

introduced herein. Equation (8) can be expressed as (Wang
et al 1977):

s:(~l)=Fti(il)+KC op~.Ant ~ wJE&(~J kk]op(il, ~j)

J=l

(9)

!,
where i, and iJ are integral points, i, = (xl, X2), iJ = (xl, X2) ,

and x; + x; <R*and (x~)2+(x~)2~R*; w, = weight factor; n =

number of integral point; An= integral area, equal to the

area of geosynthetic sheet.

Equation (9) can be rewritten in matrix forms as

E= F+kGWE (10)

or HE=F (11)

where H=l– LGW; I = n x n unit matrix;

k= KCA~t ; G=(GU) ; E=(&~. (il),E~l(iI ),.., E~I(~.))T ;

F=(F(Yil), F(iJ..., F(inl))T;W =(wl, w2,wn), wn) .

After solving the eigenstrains c; at integral points from

Equation (11 ), the strain disturbance EM can be computed

by using the numerical integration technique and

substituting E:, into Equation (7). Then, the stress and
strain fields can be obtained from Equation (1) and Equation
(2).

5 FUTURE STUDIES

This paper only focuses on the development of theoretical

solutions for stress and strain fields of a geosynthetic-
reinforced foundation vertically loaded by a concentrated
force. Parametric studies need to be done in the future to

investigate influential factors and develop design charts for
this problem, which will be very beneficial to researchers
and engineers.

6 SUMMARY

By mean of the concepts and methodologies in
micromechanics, the geosynthetic-reinforced foundation is
modeled as an inclusion problem. The stress and strain
disturbance due to the presence of a geosynthetic sheet in a
half space is simulated by applying an eigenstrain in the
region of the geosynthetic sheet. Using the solutions
obtained by Mindlin (1936) for a force at a point in the
interior of a semi-infinite solid and the stress-strain
1998 Sixth International Conference on Geosynthetics -913



relationship proposed by Eshelby (1957) for a general
inclusion problem, the eigenstrain for the inclusion is

computed. The stress and strain fields for a geosynthetic-
reinforced foundation vertically loaded by a concentrated

force is formulated.
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ABSTRACT: This paper presents the results of laboratory model footing tests on the bearing capacity behavior of strip
footing on geogrid reinforced slopes. For the model tests, the reinforced slopes were artificially created using the raining
technique with sand. A wide range of conditions were analyzed by varying geogrid reinforcing patterns. Furthermore,
model tests were simulated using finite element analysis with the aim of investigating the mechanics behavior of the
reinforced slope such as failure mechanism and force distribution in geogrid, Based on the results of model tests, both
qualitative and quantitative relationships were established between the bearing capacity and the geogrid design parameters
such as depth, length, and number of geogrid layers.
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1. INTRODUCTION

Geogrids are often used as slope reinforcement for
construction of slopes to angles steeper than those
constructed with the fill material being used. When a strip
footing is constructed adjacent to such a reinforced slope,
the bearing capacity behavior of the footing would be
significantly different than that of unreinforced slope. To
design such a strip footing on a reinforced slope requires a
bearing capacity determination method. Most of the

previous studies mentioned above, however, have been
focused on horizontally leveled ground, and therefore, no
rational method of bearing capacity determination for a
shallow foundation on reinforced slope is available up to
date. Therefore, much still needs to be investigated in
order to develop a generally acceptable design method for
shallow foundations on reinforced slope.

This study was undertaken with the aim of investigating

the mechanistic behavior of geogrid-reinforced slope under
strip load as well as the bearing capacity behavior of strip
footings on reinforced ground using experimental and
numerical studies.

2, LABORATORY MODEL TESTS AND FINITE
ELEMENT ANALYSIS

2.1 Laboratory Model Tests

The laboratory model tests were conducted in a test box
made of 60 mm-thick wood, having an internal dimension
of 1.2m (length) x 0.8m (depth) x 0.3m (width). One,

side of the test box was cleared using a plexiglass for ease
of observing failure mechanism during the test. The
inside walls of the test box were greased to minimize the
fi-iction with ground and the edges of the foundations as
much as possible. Although no slip sheets were attached
onto the inside walls, no appreciable friction was observed
during the test. Furthermore, a rough base condition of a
80mm-wide model footing made of steel was achieved by
attaching a sand paper at the bottom.

H-Beam

Steel
Frame

B = Fwbng W,~

N = Number of Geqnd
LnYers

Figure 1. A schematic view of model test box with
symbols used in this study.

The artificial ground was constructed with fine sands by
the raining technique. The effective size(D, O),
uniformity coefflcient(C,,), and coefficient of
gradation for sand were 0.36 mm, 1.61, and 1.1,
respectively. The tests were conducted on a ground with
a slope of 1(H):O.67(V) at a relative density of
approximately 70°/0. The slope of the ground was
artificially formed by removing the sand with a vaccum
after forming horizontally leveled ground. In order to
1998 Sixth International Conference on Geosynthetics -915



evaluate the consistency of the placement density during
raining, small cans were placed at different locations in the
test box. In the test, the Fortrac geogrids by Huesker
Synthetic Gmbh Co, which has relatively smaller size of
apertures, were used in order to reduce a possible size
effect. The mechanical properties of the ground and the
geogrid are summarized in Table 1. Note that the
Young’s modulus of the geogrid was back calculated after
performing several computer runs.

During the tests, the model footing was loaded using a
hydraulic jack at a rate of 1.0 tmrdmin. The applied
footing load and the settlement were measured using a load
cell and two LVDTS, respectively. A schematic view of
model test box with the symbols used in this study is seen
in Fig. 1.

Table 1. Mechanical pro perty of the ground and geogrid,

Ground Model
Footing

Geogrid

Young’s modulus
E (kN/m’)

2500 2,1E08 1700000

Poisson’s ratio u 0.35 0.17

Friction angle
42

p (degree)

Cohesion (kN/mz) o

Unit weight(kN/m3) 16

Tensile strength (kN/m) - - 55

2.2 Finite Element Analysis

A series of finite element analysis using a commercial code
DIANA( 1996) were conducted on selected conditions in
order to investigate the mechanistic behavior of reinforced
slope under strip load. In the finite element modeling, the

foundation ground was discretized using isoparametric 8-
node elements, while the geogrid using embedded
reinforcement element. The embedded reinforcement

element is a special type of element provided by DIANA,
which can model the grid pattern of reinforcement. The
vertical and horizontal boundaries were modeled by placing
the y and x direction rollers, respectively, and were placed
in accordance with the test configuration.

In the analysis, the footing and geogrid were character-
ized as a linear elastic material, while the foundation soil
being an elasto-plastic material obeying Mohr-Coulomb
failure criterion. The mechanical properties tabulated in

Table 1 were used as input parameter for analysis. Fig. 2
shows a typical finite element mesh used in the analysis.

Figure 2. Finite element mesh used in the analysis.
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3. MECHANICAL BEHAVIOR OF REINFORCED
SLOPE UNDER STRIP LOAD

3.1 Failure Mechanism

The failure mechanism was investigated using the results
of model tests and finite element analysis. To observe
the failure mechanism during the model tests, horizontal
layers of colored sand were placed and photos were taken
at various stages of loading to trace the failure surface.
The failure patterns for the finite element analysis, on the
other hand, were traced using the maximum shear

strain( .s ) - e J) contours. Figs 3 and 4 show the
failure patterns for unreinforced and reinforced slopes,
respectively. Note that the results were obtained at the
footing settlement level of Sv/B=O. 15(Sv=footing
settlement; B=footing width), which is beyond its ultimate
level for both cases, and that the failure patterns both from
the model tests amd finite element analysis shown in Figs
3 and 4 are qualitative drawings,

As can be seen in Fig 3 for unreinforced slope, a typical
slope failure pattern is observed, which initiates from the
footing edge opposite to the slope and progresses toward
the slope. The failure pattern for a reinforced slope with
three layers of geogrid presented in Fig. 4 demonstrated
that due to the reinforcement, the failure surface is not
well developed in the reinforced zone, indicating the
improved load bearing capacity of the slope, Inspection
of the failure pattern reveals that it is desirable to place the
geogrids across the potential failure line for unreinforced
case so that the geogrid can tie back the potential sliding
wedge against outward movement.

(not to scale)

/
1 ________

(a) model test (b) finite element analysis
Figure 3. Failure patterns for the unreinforced slope.

(not to scale)

(a) model test (b) finite element analysis
Figure 4. Failure patterns for the reinforced slope(N=3,

MB=5.5, u/B=h/B=o.33).



3.2 Traction Force Distribution in Geogrid

Fig. 5 shows typical examples of the traction force
distributions in geogrids obtained tiom the finite element
analysis at different footing settlement levels (Sv/B=O.05
and 0.1 ). It is seen that the peak values of tensile force in
each layer of geogrid occurs at the points where the slip
surface and the geogrid intersect, as one can expect.
Furthermore, it is also observed that as the footing load
level increases, the traction force in the lower level of
geogrid considerably increases while no significant
increase is seen in the upper level.

Another finding in this figure is that the traction force
distributions are approximately symmetrical from the pot-
ential failure surface, and reach nearly zero values at about
2.OB from the peak point. This trend indicates that the

geogrid needs to be extended beyond the potential failure
surface with at least a length of 2.OB for anchoring effect.
Therefore, it seems reasonable to assume in the relevant
design calculation a symmetrical triangular reinforcement
force distribution at its apex at the intersection point with a
potential failure surface for unreinforced case.

‘SVIB = 0.1

@ --- Sv/B = 0.05
+ . potential failure

#bl.o
surface

& 0.5

.~ 1.0 1stLayer

/.

o 0:1 0:2 0:3 0:4
Distance From Slope Face (m)

Figure 5. Traction force distributions in geogrids

4. BEARING CAPACITY BEHAVIOR

Based on the results obtained ffom the model tests, the
bearing capacity behavior of strip footing on reinforced
slope was analyzed. In the analysis, the normalized

bearing capacity ratio (BCR=q,/q.,) was used, where q, and
q., being bearing capacity values for reinforced and
unreinforced slope, respectively,

4.1 Effect of length of geogrid

Das et al,( 1994) has reported that there exists a critical
length of geogrid beyond which the geogrid has no fiuther
reinforcing effect, In order to investigate the variation of
beariug capacity with the length of geogrid(L/13), several
conditions were tested by varying L/B for N=3.0 and

/B=h/B=o.33.

F

Fig. 6 shows the relationship between

CR and L/B for b= 1.5B, indicating that BCR increases
with increasing L/B until L/B reaches its critical value of
approximately 5.5 from the slope and becomes almost
constant thereafter, indicating (L/B)C,=5.5 in this case,

A similar trend can be observed for b=3 .OB as seen in
Fig. 6, showing the critical length of approximately 7.OB.
The extended length beyond the failure surface
corresponds to approximately 3 .OB for both cases(b= 1.5B
and 3.OB), implying that the geogrid must be extended
approximately 3 .OB beyond the potential failure surface to
have maximum reinforcing effect. This trend supports
the traction force distribution pattern.

‘Or_____l

““~
80 90

Length of Geogrid, &

Figure 6. Variation of BCR with L/B

4.2 Effect of depth of reinforced zone

The variation of bearing capacity with the depth of
reinforced zone(d/B) was investigated by increasing the
number of layers(N) while maintaining L/B=(L/B)cr and
u/B=h/B = 0.33. The relationship between BCR and d/B
for b= 1.5B and OB is summarized in Fig. 7. As can be
seen in this figure, BCR increases almost linearly with d/B
until d/B=2.5 and becomes nearly constant thereafter,
indicating (d/B)C, = 2.5. Note that Das et al,( 1994)
reported (d/B)C, of 2.0 for horizontally leveled ground for
both sand and clay. This discrepancy may be attributed
to the fact that the influencing zone is deeper for a sloped
ground than a leveled ground.

9.04 I

I
l.o~

00 05 10 15 20 25 70 35

dlB

Figure 7. Variation of BCR with d/B
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4.3 Effect of u/B and MB

The effects of u/B and MB on the bearing capacity were
investigated while keeping L/B at a constant value of
(L/B)C, =5.5. Fig. 8 shows the variation of BCR with u/B
for N= 1, 2, and 3 cases with MB=O.75. As can be seen in
this figure, for N= 1, the BCR increases with u/B up to
approximately a maximum value of 1.OB and decreases
thereafter, indicating (u/B),,=l .0. Note that Das et
al.( 1994) reported (w’B)C, of approximately 0.4 for
horizontally leveled ground. For N=2 and 3, although a

similar trend is observed, (u/B),, appears to decrease with
increasing the number of geogrid layers(N); i.e., (u/B)c,
=0,8 for N=2 and (u/B)., ‘0.6 for N=3. This trend maybe
explained in terms of deep footing effect suggested by
Huang et al.(1994). The deep footing effect is a
mechanism that a part of reinforced zone behaves as a part
of the footing and transfers a major part of the footing load
into a deeper zone. Therefore, as the reinforced zone

becomes thicker, the reinforced zone acting as a part of the
footing should be located closer to the footing in order to
maximize its reinforcing effect.

The variation of BCR with MB can be observed in Fig. 9

for N=2.0 and 3.0. The results obtained for the conditions
at a fixed value of u/B=O.33. As noticed, the trend is
similar to that for the variation of BCR with II/B.
However, the critical value of h/B appears to be nearly
constant approximately (h/B)C, ‘0.8 regardless of d/B.
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Figure 8. Variation of BCR with u/B
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Figure 9. Variation of BCR with h/B
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5. CONCLUSIONS

The mechanistic behavior of geogrid-reinforced slope and
the bearing capacity behavior of a strip footing on the
slope were investigated using both experimental and
numerical approaches. A wide range of boundary
conditions were tested by varying the reinforcing pattern.
The results of model tests and finite element analysis were
used to identifi the failure mechanism and the traction
force distribution in geogrids, and also to establish both
qualitative and quantitative relationships between the
bearing capacity of a strip footing on reinforced slope and
the reinforcing pattern. Based on the results of this study,
the following conclusions can be drawn:

1.

2,

3.

4.

A symmetrical force distribution with its apex at the
intersection point with a potential failure plane can
be assumed for traction force distribution in geogrid.
The geogrid must be extended at least 3 .OB beyond
a potential failure surface in order to maximize the
reinforcing effect.

The reinforced zone must be extended to
approximately 2.5B below footing base for
maximum reinforcing effect.

The critical value of u/B varies between 0.6- 1,0

depending on the number of geogrid layers(N), while
(h/B)C, being nearly constant value of 0.8 regardless
of N
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ABSTRACT: Coir is a naturally occurring fibre available at relatively low cost in many tropical countries. A number of
products can be manufactured from coir fibre for geotechnical applications. The strength and other properties of these
products compare favorably with those made of synthetic materials. Through laboratory plate load model tests, this
paper examines the suitability of coir geotextiles for construction of unpaved roads over soft soil subgrades. The soft
subgrades of 1 m depth (CBR < 0.5) were prepared in a test tank of plan dimensions 1.5 m x 1.5 m. Base course layers
of varying thickness values (with and without coir reinforcement) were constructed on top of this subgrade. The results
from these tests have clearly illustrated the benefit of using coir reinforcement in such cases.

Key Words: geotextiles, coir reinforcement, subgrades, plate load tests, unpaved roads
1 INTRODUCTION

The coir is a naturally occurring fibre derived from the
husk of coconut fruit. It is abundantly available at very
low cost in many tropical countries. A number of products
can be manufactured fkom coir fibre for geotechnical
applications, such as geogrids, geotextiles, geomats etc.
These products were found to last for as long as four to six
years within the soil environment depending on the
physical and chemical properties of the soil, Ramakrishna
(1996). In many instances, the strength of subgrade soil
increases in course of time as the soil undergoes
consolidation induced by the traffic loads. For such
applications the natural reinforcement products are ideally
suitable, Rao and Balan (1994). The current paper
describes the results from investigations carried out on
coir geotextile reinforced soft soil subgrades.

2 MATERIALS USED IN TESTS

2.1 Clay Soil

The clay soil used in this investigation had plastic and
liquid limits of 157. and 42% respectively. This soil can
be classified as CI according to the Indian Standard
Classification System, IS 1498-1978. The cohesive
strength and friction angle of the clay soil are 21.2 kpa
and 1.3° respectively.

2.2 Gravel Soil (murum)

The gravel soil (murum) contains 48’%0gravel size
particles, 48% sand size particles and 4% silt and clay size
particles. The specific gravity of this soil was found to be
2.75. This soil is classified as A-2-4 (0) as per AASHTO

classification system and is rated as a good sub-base
material. The cohesive strength and friction angle of this
soil are 10 kPa and 44.9° respectively.

2.3 Coir Geotextile

The coir geotextiles used in this investigation are
commercially available floor mats which are woven from
coir fibres. The coir fibres are twisted into a rope form and
these ropes are woven in weft and warp directions to form
the mat. These mats have approximately the same strength
in both the principal directions. The thickness of these
mats is dependent on the diameter of the twisted ropes
used in forming the mat. The geotextile (coir mat) used in
this investigation had a thickness of 7.2 mm at a standard
normal pressure of 2 kPa. The mass per unit area of this
mat was 1,396 g/m2 at a room temperature of 30”C.

The ultimate tensile capacity of this mat was found to be
37 kN/m at a strain of 43?4.tlom wide-width tensile tests
performed according to ASTM D4595 standards. The
secant modulus of this material at 10’%0strain is 110
kN/m. The seam strengtm determined according to the
suggested ASTM procedures, was found to be 24 kN/m.
The seams were stitched using strong nylon thread with
25 mm overlap on both sides of the seam.

The cohesive strength and friction angle of clay-coir
geotextile interface were found to be 22.6 lcpa and 8.2°
respectively. The same properties for gravel-coir interface
are 40 kpa and 32.3° respectively. A comparison of these
strength properties with those of individual materials
shows that coir geotextile has excellent interface strength
properties. This may be because of the rough nature of the
coir and its natural affinity towards the water and clay
because of surface charges.
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3 LABORATORY PLATE LOAD TESTS

3.1 Test Facility

The plate load tews were performed within a test tank of
plan dimensions 1.5 m x 1.5 m and 1.2 m deep. The
loading was applied through a 100 kN capacity proving
ring using a hydraulic jack. The test tank was centrally
located below a reaction frame for applying plate loads.
The plate was of 300 mm diameter (D) to simulate the
Equivalent Single Wheel Load (ESWL).

3.2 Preparation of Test Bed

The soft clay soil bed was prepared by sedimentation
technique under vacuum pressure to simulate the soft
natural subgrade. The soil was initially mixed manually
using crowbars at 160’%0water content. This slurry was
kept under a low vacuum pressure of 19.6 kpa for three
days to drainout the water and remove the entrapped air.
Then it was subjected to a consolidation pressure of 98
kpa until the rate of deformation has decreased to less
than 0.01 mm per minute. The method of test bed
preparation was adapted from the work reported by
Kuntiwattanakd et al. (1995). The entire consolidation
process took approximately 8 to 10 days for cxdch
preparation. This procedure had created soft subgmdes
with a CBR value of approximately 0.4. The thickness of
soft clay layer was maintained at around 900 mm for all
the tests.

The gravel sub-base course was prepared directly on top
of this clay layer. The gravel layer was compacted at
optimum moisture content using a 10 kg drop hammer
falling through a height of 500 mm.

The gravel layer was compacted to 80’%0 maximum
density in all the tests. The compacted sub-base course

was allowed to mature for one day by covering it with a

polythene sheet. The coir geotextile reinforcement was
introduced during the compaction stage itself.

The above procedure of preparing the clay and gravel
layers was repeated for all the tests pxformed in this

present investigation so that the test conditions remain
uniform for the entire range of tests.

3.3 Test Programme

The following series of plate load tests were carried out in
this investigation with the following four configurations.

. Series 1: soft clay subgrade alone

. Series 2: gravel sub-base course over soft clay
subgrade.

. Series 3: gravel sub-base course over soft clay
subgradc and one layer of coir geotextile at clay-
gravel interface.
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● Series 4: gravel sub-base course over soil clav

subgrade and two layers of coir geotextile, one at clay-
gravel interface and the other at mid-depth of gravel
layer.

In Series 2-4, six sub-base layer thickness (h) values of
100, 150, 200, 250, 300 and 350 mm were considered. In
subsequent sections, the results from these tests are
referred to by these series numbers.

3.4 Test Procedure

The general test procedure for plate load tests as described
in Indian standard IS 1888:1982 (F&afllrmed 1988) was
adopted. for all the tests. The loading was applied through
a 300 mm diameter plate. The applied load was measured
using a predibrated 100 kN capacity proving ring. The
settlement of plate and the soil surface were measured
using a total of six dial gauges. In the case of tests with
reinforcement layers, the coir geotextile was placed at the
required levels after wetting.

Each load increment was applied as either 10% of the
estimated ultimate load or the load required to produce 1
mm settlement, whichever is lesser. Each load increment
was kept constant until the rate of settlement reduces to
less than 0.025 mm per minute. The load and the
corresponding deformations were recorded after the
settlements have stabilised under each load increment,
which was typically 6 to 12 hours. The loading was
continued until a total plate settlement of 150 mm has
occurred which took approximately 6 days.

After each test, the gravel layer was carefidly removed.
After that, the top 400 mm thick clay soil in the tank bed
was replaced with puddled clay having 40% water content.
This test bed was once again pre-consolidated under 98
kpa surcharge pressure which took 2 to 3 days to stabilise.
This re-formed clay bed had the same properties as the
originally prepared clay bed as confirmed by results from
in situ vane shear tests. On this, fresh gravel layer of
required thickness was laid in the same manner as
discussed earlier.

4 RESULTS AND DISCUSSIONS

The plate load test carried out on clay bed showed that it is
an extremely soft subgrade with an ultimate bearing
capacity of 20 kl%. Hence, it can be expected that the
provision of gravel sub-base with or without coir
reinforcement will si~lcantly improve its load bearing
capacity. Typical improvement in the performance
obtained with the provision of gravel layer with and
without reinfor=ment layers is illustrated in Figure 1.
./l



In general, the performance has improved with the
increase in the thickness of gravel layer. The provision of
a geotextile layer at the clay-gravel interface has further
increased the load bearing capacity of subgrade. When an
additional layer of geotextile was placed at the mid-height
of the gravel layer, the ultimate capacity and stMness has
tremendously increased.

Plate pressure (kPa)

o 200 400 600
o 11111111111111111111

~ Series-1

i
~ Series–2
H-O-9-OSeries–3 I

200 ;
~ Series–4

Figure 1. Performance with 150 mm thick gravel layer

The ultimate pressures developed from various tests are
compared in Table 1 which clearly show the improvement
in the performance with the provision of coir geotextile
reinforcement.

From the results shown in Figure 1 and Table 1, it can
be seen that the provision of a single layer reintiorcement
at the clay-gravel intefiace does not improve the load
bearing capacity very much. The effect of single layer of
geotextile is significant when gravel layer is thicker than
200 mm. When a thin layer of gravel is provided there
may not have been an adequate bond with the coir
geotextile for the load transfer to take place. In the case of
two layers of coir geotextile, the reinforcement layer at the
mid-depth of gravel prevents its lateral spread and hence
higher loads are mobilised in coir reinforcement which
contributes to the increase in ultimate pressures. This can
also be explained by the good bond between the coir and
the gravel as shown from the interface shear strength
properties (Section 2.3).

In the case of unreinforced and single layer
reinforcement cases, the ultimate pressures have
developed within a settlement of 15 to 40 mm whereas the
two layer system had developed ultimate pressures at
much higher settlements in the range of 100 mm (Figure
1). This result once again contlrms the advantage of
placing the additional reinforcement layer within the
gravel layer.
“ “in addition to the reinforcement action, the geotextile
layer at clay-gravel interface fimctions as a separator and
filtration and drainage medium as it has good
compressibility characteristics. On the other hand the
layer within the subbase contributes mainly to the strength
and stiifness of subgrade. It is evident from this
experimental results that stiffness of the coherent mass is
also an important parameter as repxted bv Douglas and
Valsangkar (1992):

Table 1 Ultimate pressures (kPa) from plate load tests
Thiclmess unreinforced one layer of two layers of
of gravel subbaselayer reinforcement reinforcement
layer (h)

100 mm 100 120 400

150 200 220 550

200 240 250 750

250 300 360 900

300 370 440 1000

I 350 400 500 1150

From the plate load test data, the pressures developed
for tierent thicknesses of gravel layers at various rut
depths (settlement levels) were developed. This data is
plotted in a non-dimensional form in Figure 2 for a rut
depth of 75 mm. Similar charts were developed for other
rut depths also. In these figures the thickness of gravel
layer (h) is normalised with respect to the diameter of
plate (D) and the plate pressure at any settlement is
normalised with respect to the ultimate bearing capacity of
soft clay layer (20 kpa) denoted as the Bearing Capacity
Ratio (BCR). This term BCR indicates the relative
improvement in the bearing capacity of subgrade with the
provision of gravel layers with or without reinforcement.
These charts can be used for designing the thickness of
subbase layer over soft subgrades for a given BCR and the
diameter of wheelbase.

The above data is presented in a dilferent form in Figure
3 for Indian Road Congress (IRC) standard wheel load of
22.25 kN. Similar curves have also been developed for

other standard wheel loads. It is evident from this chart
that the thickness of subbase can be substantially reduced
with the use of coir geotextile reinforcement. At rut depths
less than approximately 10 mm, the grave} layer can not
mobilise enough shear strength which results in the
requirement of very thick subbases, as is evident from the
initial steep slope of curves.

5 ILLUSTRATIVE EXAMPLE

Design a subbase course to increase the load bearing
capacity to 500 kpa of soft clay subgrade whose ultimate
bearing pressure is 25 kpa. Consider the Equivalent
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Single Wheel Loads (ESWL) of 28 kN and 48 kN having
a tire pressure of 580 kpa. Design the subbase course for

allowable rut depths of 25, 50 and 75 mm.
Design: The following step-by-step procedure illustrates

the design process using the design charts developed in
this investigation.

Step 1: Calculate the Bearing Capacity Ratio (BCR) at
the ultimate bearing pressures.

~=- Ultirmtebearingpessuremsubbasecxmrse

ultimlekxingcapacity ofsubgmde

500
In the present example, BCR = — = 20

25
Step 2: Calculate the contact area of the wheel as the

ratio of ESWL and the tire pressure. From these, the
equivalent diameters of contact area are calculated for the
two wheel loads as 250 mm and 325 mm respectively.

Step 3: Obtain the required h/D ratios for rut formations

of 25, 50 and 75 mm from the design charts. The results
are given in Table 2.

Table 2 Design of subbase thickness over sofi subgrades
DesignCase I Designbase course Savingsin

I thickness (nun) I thickness (mm)
I gravel I gravel I

gravel + one + two
alone layer layer

Savings Savin~
fm B for C

reinf reinf over A over A
(A) (B) (c)

i) r=25 nun
P=28kN 300 268 153 32 147
P=48kN 360 321 183 39 177

ii) r=50rnm
P=28kN 288 255 108 33 180
P=48kN 345 310 129 35 216

iii) r = 75 mm
P=28kN 275 250 83 25 192
P=48kN 330 300 100 30 230

in which r is the rut depth and P is the wheel load. As can
be seen, the single layer reinforcement does not result in
much savings in subbase thickness. On the other han~
when an additional layer is provided within the subbase,
significant savings are achieved.

6 CONCLUSIONS

The use of coir geotextiles for construction of subbase
layer over soft subgrades is studied in this paper. Various
engineering properties of coir geotextiles have been
reported in this paper. These properties are compamble to
those of intermediate to high density polypropylene based
geotextiles. The plate load tests have clearly indicated the
capability of coir geotextiles in improving the stiffness and
load bearing capacity of soft snbgra&s. Hence, the coir
geotextiles are suitable for coskffkctive field applications.
922-1998 Sixth International Conference on Geosynthetics
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ABSTRACT:lhis paper pswwntathe technical chamcteristicsof geonet,the dfect of stress distributionof geonetwas initiallyobserved

in eastern China in the winter by a lively trial which can be defined SS’’NET - ICE TRL4L’’,lhe interacting mechanism between

geonet and soft soil was analyzed baaed on lots of laboratory tests, three in - situ plate load testa were carried out on the site which is

close to Yangtze River with extensive dredged sand areas of soft soil depth up to 8m. ‘f%emsuhs showed that bearing capacity of soft

soil can be increased about one times undisturbed soil bearing capacity after a layer of geonet was paved horizontally, two layers of

geonets lead to four times the bearing capacity of soft soil. ‘Ihe total amount of settlement was reduced by 22 %, diiTerential settlement

was reduced by 35940.cornpamd with the method of dynamic consolidation, the new technique has advantage of quick speed conatsuc-

tion and low cost.

KEYWORDS: Container stockytud, Geonet, Stress distribution
1 INTRODUCI’IONOF APPLICATIONS

‘Ihe use of geonets in China dates back to the early 1980’s when

the materials were fimt manufactured in China. ‘lb early pro-

jects wem mainly in soil reinforcement, drainage and filtration.

In the late 1980’s the applications increased to pmjecta involv-

ing embankment foundation consolidation, bridge approach de-

tails, dlection cracking of asphalt pavementa, slope protection,

leachate collection, leakage detection in landfW and coastal

erosion protection. ‘Ihe application areas range fmm highways

and railways to hydraulic engineering.

As the applications of geoneta incmaed the conatmction

deprutments required more information with regard to calcula-

tions and theory and this generated large intereat in the academic

world. A large number of Univemities and Reseamh Institutions

became involved in studying the principles of geoneta in diffemmt

applications.

‘i%e Ministry of Cornmunications considered the setting up

of a project to msmrch the mechanism of geoneta and then the

National Eight - Five Plan mseamh project entitled “Application

Research of Geanets in Bridge Abutment and Soft Soil Treatment

of High Grade Road” was appraised by them on October 1995.

‘I%eresearch into the mechanisms of geonets was promoted very

deeply at this stage and this mearch beeame a history of the de-

velopment of geonets in China.

A typical application of geonets is described as “Reinfome-
ment of Soft Soil Container Stockyad Project”

2 SELECTION OF GEONEI’ MESH

Geonets have a great number of application areas which can be

described as follows:

1) Soft soil seinfomement

2) Slope protection

3) Drainage

Laborato~ testa have shown that the mesh shape is very

important for stmes distribution and that a hexagonal shaped

apetium. ia the best as it is both stable and has low elongation.

‘he oder of stability of geonets accosding to tensile tests is:

Hexagonal rnab > diamond mesh> square mesh. Although the

tensile strengths am diilesent in the longitudinal and transverse

directions this is not impmtant as long as the diffenmce is not too

large. If the difference is too large then the reinforcement of soft

soil can not be achieved.

‘Ilse selection of the appropriate mesh is also dependent on

the grading of the fill material. In the project described later in

this paper, the container stockymd, granular materials (dredged

sand) wem used and therefore a larger mesh size was selected.

‘Ihe actual tensile strength of the geonet used, weight

660g/m2, tested in the laboratory is greater than the speciiied

vahse of 5.8 KN/m but it is still not high. Is it possible for this

material; to reinfome the soft soil? ‘Ilse answer will be found af-
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ter the field testa and labarato~ trialarecompleted.

3 THE PHENOMENON OF ~ - ICE STRESS DISTRIBU-

TION

On a container stockyad project where the soft sail foundation

was overlain by a geonet reinfomed pavement the mesh had been

placed on a compacted surface when suddenly the weather be-

came worse. It snowed and the mesh became frozen in ice.

‘he same load was then imposed on two different ice sur-

faces, one with the mesh and one without, and the stress distri-

bution of the gemet was obsemed dimxdy in the two ice sur-

faces .

.

photo 1 photo 2

IN photo 1, with the geonet, the thin ice surface cracked

but didn’ t break with white stress cimles radiating fmm the cen-

tral load. ‘Ms showed how the load was distributed over a large

area with the same geometry as the loaded area. In photo 2 the

ice was broken and no distribution occured.

‘Ik was the first time that the phenomenon of “live” stress

distribution had been seen on a working site and this w deihd

asthe NET- ICE TRL4L.

now given

R: radius of stress distribution

r: radius of central load

~: area of stmas distribution

S,: area of central load

An equation was obtained by measure on the construction

site

so R=5r

(1)s, j’l& # ‘-
.,

‘Ihis equation means that the area of stress is increased by
924-1998 Sixth International Conference on Geosynthetics
25 times as compared with the loaded arva and shows how the

bearing capacity of soft soil can be incnmaed. The NETICE TRI-

AL shows the distributiono mechanism in transmitting the load

evenly onto a much lager bearing area.

4 LABORA’K)RY TEST

In osder to illustrate quantitatively the geanet mechanism in im-

pmving beasing capacity of soft soil lot of tests have been com-

pleted in the past five yeas.

lle trial chooses the mid liquid limit silty clay to do three

trial sylinder shape samples.

Sample c is pure clay.

Sample d one layer of geonet is used

sample Ethree layem of geonetaare used c (see fig 1)

I........ . ... ..... . . .
. . . . .
. . . . . I

_---l
..... ............ ...

c
n...............................---...........................

D

D
---........................---......................---

E

@net

Figure 1,

‘Ihe trial is unconfined cornpssion strength test, test m-

suh are as follows (table 1)

Table 1:

-e ~ c D E

-e m. 1 23 1 23 1 23

Lmd(kg) zmmm 1520 1322 1523 3239 524.3 3241

~ 403.1 a w 8w.6 861.7 062.3 2%%.22%5.72%7.3

dnvb3h(kp8)

(nml)ShqJll 40s.4 Sal ?9%.8

The bearing capacity is increased signiikantly by geonet,

the value of sample D is 2.1 times the value of sample C and

sample E is 7.3 times sample C,msuhs show:

1) the bearing capacity of soil is impmved with the increase of

quantity of geonet.

2) the bearing capacity is increased by one time when a layer of

geonet is paved.

NET - ICE TRIAL and labaratoty test of using geonet to in-

cmaae the bearing capacity of soil provide enough evidences for

construction projects, but all the reseamh data in theory need to

be confked by actual applications.



5 CONTAITWRSTOCKYARDTREATMENT

5.1 soil properties

The container stockyturl is situated in Jiang Shu province. ‘Ihe

harbour area is about two hundred thousand square metres, forty

shouaand of which will be used as a container stockyard.

‘Ihe soil profile can be divided into three layers which are

described, fmm top to bottom, as follows:

layer 1:4- 5m of pump - dredged yellow fine sand mixed with

cohesive soils, saturated and highly cmnpmssible. ‘II& soil is

very susceptible to liquefaction. Paticle sizes range fmm O.

074mm to 0.25mm.

Layer 2: 2- 3m of mucky clay, brownish yellow and grey in

colour, saturated and highly compressible.

Iayer 3: Fine sand and intermittent silty clay layers. Modemte

to low compressibility with a higher bearing capacity.

‘l%e &edged sand was placed two yearn ago and consolida-

tion of the mucky clay had already occured due to the overbur-

den load. ‘I%e gmundwater level is not influenced signifhndy

by the water levels of the Yangtze River because of the coffer-

dam. The only water ingres is due to natural rain water.

‘l%econventional method of treating container stockyad is

dynamic consolidation but this method has high cost and slow

construction speed, moreover, easily eflected by weather. The

cross section of new method is shown as follovm. ( see fig 2):

Bmken stone
\

F&.we 2

5.2 construction procedure

Fi&Irc 3

1). Dredged sand is compacted by bulldozer twice times.

2). Geonet is unrolled and laid directly over the dredged sand,

with an overlap of 150rnm between individual sheets, and pinned

with “U’’shape steel pins at 1 .Om spaces.

3). Backfill broken stone wth6090 clay and 40 Y. granular ma-

terial.

4). Compact backfill, using vibratory roller opmting without vi-
bmtion twice at the begining and with the vibration for another

twice timesat one hour intend. The rnaxium vibrating force is

30 tons.

5). Pave the second layer geonet repeat the same procedure.

During the coqacting opemtion in one area in Fig 2 lique-

faction occurred. This was assumed to be because the placing

and compacting operation had taken place too quickly. It was

then suggested that there should be a 1 hour interval between

compaction passes and that the fill thickness should be no more

than O.8m-lm.

5.3 be&g capacity test

Three in situ plate load tests were carried out, two of them wem

finishd on the structure of Fig 2 and Fig 3 m+ectively, another

one is for ground which had been t.mated by dynamic consolida-

tion with 10 tonnes hammer at 10 meters high. ‘l%e size of plate

is lm by lm.l%e results see table 2.

Table 2

load(h) memsumdsettlement(mm) cfynamic consolidation
one layer twolayers
ofgeonet of gmnets

50 7.86 4.42 8.30

100 9.53 5.84 12.23

150 14.38 6.06 16.35

m 6.64

2s0 32.58 9.04

m 39.83

designedbearing 80 150

paeity(Mps)
150

ca

tested value 125 250 155

Notes: ‘he bearing capacity of undisturbed soil is 60 kpa

Table 2 shows the bearing capacity of two layers of geonets

stmcture is twice times the one layer geonet structure. Interlock

between geonet and granular material forms a high density and

shear resistsnt layer which disribute vertical loads slso indicate

the horizontal elasticity of geonet and granular material is very

good, thus the total settlement can he reduced. This concept is

confirmed by modulus of resilience test.

Table 3.

structure OIIS@r two layem
of geonet of geonets

modulus 711.25 991.89

of Resilience 701.17 1131.06

(Mpa)
mean valve 706.21 1061.48
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Note: The modulus of miliedce of undisturbed soil can’ t be

measured.

5.4 Unit weight test(table 4)

Table 4.

Item Natural soil one layer two layen dynamic

of geonet of &onets consolidations

water content 17.71 13.13
12.56

%

unit weight 16.2 18.3 18.6
18.3

kdm3

lhe unit weight of geonet structure changes little. It is incnaaed

by 109o to 139Z0,CQmpmed with nature soil the compactn- can

seach93.8Yo to 95.9%.

6 ANALYSIS

It can be seen&m Table 2 that the bearing capacity of mfi soil

has increased signifkantly. when granular material is compacted

over geonet, itpartially is penetrates and projects through the

apertures creating an interlocking action between granular mate-

rial and geonet mesh. ‘I& interlock enables the mesh to Mist

horizontal shear fmm the fti and thereby mobilise the maximum

bearing capacity of the soft soil. Mechanical interlock creates a

flexumlly stifl platform which distributes load evenly and mini-

mizes diffetent settlement, geonet prevents lateral movement of

particles at the base of the fill layer, helps the fill to retain its

full design stnmgt.h by preventing contamination by soft soil thus

controlling the amount of the more expensive fill.
926-1998 Sixth International Conference on Geosynthetics
7 CONCLUSIONS

The following conclusions are drawn:

1. Ceonet can increase the bearing capacity of soft soil of

- -d Sitilcantly, nxluce the totid amount of settlement

and controll the difIerent settlement.

2. Ceonet can distribute vettical load evenly, mechanical inter-

lock between geonet and granular fill plays an important mle in

reinfomement of soft soil.

3. Tensile strength of geonet is not the main factor in improving

soft soil.

4. ‘he further rules of stress distribution of geonet need to be re-

seamhed .
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ABSTRACT: Presented are results from excavations at two edge drain locations adjacent to a freeway pavement (i.e., a limited
access divided highway with at least two lanes in each direction). The pavement was built on a high fill of recompacted clayey
gravel (GC). Typical Atterberg limits of the fines were LL = 25; PL = 16; PI = 9. Directly on the clayey gravel subgrade was
a 152mm cement treated base followed by 229 mm of structural portland cement concrete pavement. Adjacent to the pavement
edge was a 3 metre-wide paved shoulder ending in a continuous curb and gutter fitted with catch basins about every 100 m.
In 1982 a geotextile-wrapped aggregate pavement edge drainage system was retrofitted through the paved shoulder. The
objective of the investigation was to evaluate the performance of the drainage system. From the observations and tests made
on the recovered soil samples conclusions and recommendations are stated.

KEYWORDS: Drainage, Edge drain, Geotextile, Pavement, Performance evaluation.

INTRODUCTION

As part of an evaluation of Ontario’s highway pavement
drainage practice, excavations were made at two edge drain
locations adjacent to a freeway pavement on June 4/1992.
The pavement was built in 1970 on a high fill of recompacted
clayey gravel (GC, LL = 25; PL = 16; PI x 9) and the drains
were added in 1982. Figure 1 is a schematic of the pavement
edge and edge drain cross section obtained from the
construction drawings. Built directly on the clayey gravel
subgrade was a 152 mm thick cement treated base followed
by 229 mm thick portland cement concrete slab. Adjacent to
the pavement edge was a 3 metre wide paved shoulder ending
with a continuous curb and gutter and catch basins about
every 100 m. The edge drainage system was retrofitted
through the paved shoulder as a geotextile-wrapped coarse
open graded aggregate (OGA) containing a 100 mm
corrugated perforated polyethylene pipe placed 50 mm above
the trench base (and base portion of the geotextile). The pipe
centre line was to be located 762 mm from the edge of the
concrete pavement. The wrapped stone was to be 325 mm
thick and its top level with the cement treated base.

OBJECTIVE

The objective of the investigation was to evaluate the
effectiveness of the pavement drainage system some ten years
after installation. Also of interest was the condition of the
geosynthetics (geotextile and plastic pipe) used in the

19 mm x19 mm SAWNCJ?OOVEFILLEDWITH
HOT POUREDRUBBERIZEDASPHALTSEALER

NEWASP1-iALT1200 mm WIDE
37.5 mm THICKHL3 + 67.5 mm THICKHL8

GRANULAR‘A’
NEWGRANULAR‘A’

CONCRETE\ HALTSHOULDE
PAVEMENT

CEMENTTREATEDBASE VV7 GRANUIAR‘A’
155 mm

7 v
SUBGRADE + T 120 mm 0.0.

10D mm I.D. ~

‘v Y

mm SUBGRADE

‘WTIC ‘1P!50 mm+ 1+

MCQm

Figure 1. Cross section from construction drawings.

drainage system.

GEOSYNTHETICS

The geotextile was a needlepunched staple fibre product with
the following properties: filtration opening size = 100 pm;
mass/unit area = 230 g/m2; grab strength = 550 N at an
elongation of 750/o at failure. The pipe was a corrugated
perforated polyethylene product with a nominal inside
diameter of 100 mm, and a nominal outside diameter of 125
mm.
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WEATHER AND STORM DRAINAGE CONDITIONS Overall, the top of the drainage pipe was approximately at the
same level as the bottom of the cement treated base.

The weather the day and night before the excavations had
been intermittent rainfall. On the day of the excavations the
weather was overcast with intermittent sunshine. The
temperature at 7:00 am, which was the start of the excavating,
was 140C. The highway surface drainage was discharged via
curb and gutters to catch basins. The catch basins were
connected to a deep storm sewer.

POSITION OF EXCAVATIONS AND OUTLETS

Both excavations were made on the shoulder side of the
shoulder/pavement edge area of six contiguous same direction
traffic lanes near catch basins which were located at the curb.
The longitudinal grade of the Highway was about 2%. The
cross-sectional slope of the pavement was about 2.5°/0and the
shoulder about 6°/0.

J
25 mm ,5 mm

Vvvvvvvvvv L
?Vvvvvvvvvv

CONCRETE /// q~<~~
PAVEMENT 210 mm SHOULDER

P “1EADLY CRACKED

AT TP1 AND DISPLACED
-— ASPHALT SURFACE

Zvvvvvvvvvv
Vvwvvvvvvv

CONCRETE
PAVEMENT

250 mm SHOULDER
AT TP? -

Figure 2. Surface profiles at pavement edgelshoulder.

EXCAVATION TPl (STATION 16+568)

The first excavation (TP 1) was made adjacent to a transverse
pavement joint at chainage 16+568. The shoulder/pavement
surface showed considerable settlement of the shoulder.
Figure 2 shows the surface profile measurements taken at
both excavations. Figure 3 shows the typical cross section
observed at the first excavation TPl. The cross section
measurements were taken at both ends of this excavation
some 300 mm apart. Little difference was noted between the
measurements of the same items. The drainage pipe was not
connected to the catch basin at this location. The structural
concrete portion of the pavement is about 240 mm thick. The
cement treated base was of poor quality either due to
deterioration or initial mix. Its thickness was estimated to be
150 mm in accordance with the construction drawing. The
geotextile-wrapped aggregate drain was installed adjacent to
the edge of the cement treated base. Its centre line was
located 780 mm from the edge of the pavement and its width
was 420 mm, It extended from the surface elevation of the
cement treated base layer into the clayey gravel subgrade for
a total thickness of 300 mm. Thus the portion of geotextile
forming the base of the drainage system was 540 mm below
the pavement surface elevation. Above the upper (top)
portion of the geotextile was a thickness of 140 mm of
Granular ‘A’ covered by a tlickness of 100 mm of asphalt
concrete which formed the shoulder surface.

Figure 4 shows the pipe and the clean condition of the
aggregate beside and above the pipe inside the geotextile.
Figure 5 shows the fouled cemented condition of the
aggregate on the bottom inside of the geotextile wrap.
Migration of subgrade fines through the geotextile into the
clear stone was visible. Seepage water has washed some of
the fines through the clear stone and deposited them on the
geotextile. The base portion was wet and once the geotextile
was removed a very thin depth of ponded water was evident.

Figure 3. Cross section at Excavation TP1.

Figure 4. Open graded aggregate and pipe within
geotextile.

Once the geotextile had been sampled the excavation was
extended back to the pavement edge where a transverse j oint
existed. It was noted that pumping had eroded a portion of
the pavement at this joint. Deposited in the eroded portion
was black granular type material. This black material was
probably fines from the asphalt pavement shoulder. Sampling
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the black soil proved difllcult and no representative sample
was obtained.

EXCAVATION TP2 (CHAINAGE 16+532)

The second excavation (TP2) was made near a catch basin
and resulted (prior to enlargement) in much the same findings
as the first excavation (TP1). Figure 2 shows the settlement
between the pavement edge and the geotextile drain. Figure
6 shows the cross section measurements observed.
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Figure 6. Cross section at Excavation TP2.

The curb catch basin was offset about 1.5 metres from the
aggregate drain. The excavation was then enlarged to
determine if the edge drain was connected, via an outlet pipe,
to the catch basin. Indeed it was, and at the outlet chainage,
the drainage pipe was turned down slightly. Figure 7 is a plan
of the T-junction connecting a non-perforated outlet pipe,
running at a right angle to the pavement, to the catch basin.
The T-junction was wrapped in geotextile that was bedded on
about 150 mm of Granular ‘A’. Figure 8 shows a profile view
along the petiorated pipe highlighting the turned down
condition at the T-junction. The slight turndown at the
junction of the two pipes (perforated and non-perforated)
picked up any water draining along the 50 mm of aggregate
located below the perforated pipe in the geotextile-wrapped
aggregate drain. Figure 9 shows a profile view along the

outlet non-perforated pipe connection. The connection pipe
was cemented into the catch basin wall. Water collecting in
the Granular ‘A’ below the T-junction and below the outlet
pipe was trapped by the surrounding clayey gravel since there
was no allowance for drainage at the catch basin connection.
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Figure 7. Plan view of outlet connection.
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LABORATORY RESULTS

All soil samples recovered from the excavations were
subject to grain size analysis. Figure 10 shows the grain size
analysis curves from Excavation TP2. The samples tlom
within the geotextile were open graded aggregate with only
small amounts of material passing the 75 Lm sieve. The
material trapped in the geotextile graded from 1 mm down to
50% passing the 75 ~m sieve. The Granular ‘A’ materials
graded in accordance with the MTO specification except at
the 75 pm limit which was slightly greater than permissible
(i.e. 10% to 12 Y. compared with MTO limits of 2%-8’% for
Granular ‘A’). This quantity of fine sized material within a
broad grading granular material indicated the probability of a
relatively low permeability of Granular ‘A’. Confiiation
was obtained by permeability tests on the recovered Granular
‘A’ samples. The average coet15cient of permeability of the
as-recovered samples was 2.8x 105 cmh and after washing on
a 75 ~m sieve 2.6x102 ends; an increase of nearly 1000 times.

u.utu
PARTICLE SIZE mm

.-
Figure 10. Grading of Excavation TP2 soil samples.

The geotextiles examined in the field and on return to the
laboratory showed no sign of obvious damage. There were no
holes or severely worn areas that might cause concern that the
properties were less than those originally specified in 1982.
A good indication of the remaining overall strength was the
considerable force needed to remove a small area of the
geotextile in the field. This considerable force inflicted no
observable darnage.

DISCUSSION

The results of the investigation show that placing a
geotextile-wrapped trench drain some distance away horn,
and separated from, the pavement edge by relatively
impermeable Granular’ A’ prevented or significantly reduced
internal drainage of the area below the structural concrete.
The results of this poor drainage were clearly seen at the
transverse joint uncovered at the first excavation. At this

joint there was evidence of(a) pumping, (b) erosion of the
concrete at the joint base, (c) heave/settlement on the
shoulder at the pavement edge (Figure 2) and (d) deterioration
of the quality of the cement treated base. Retrofit geotextile-
wrapped trench drains should be located adjacent to the
pavement edge with the geotextiles against the supporting
pavement layers. To prevent subgrade pumping, a filter
capping granular material continuously graded down to the 75
pm sieve should be used with any cement treated base.

There was no evidence that the geotextile or the pipe had
sustained any damage that would cause concern regarding its
ability to continue to fi.mctionas it has over its ten years in-
situ. The sides and top of the geotextile were relatively clean.
The main fouling was at and above the base, which is the
whole purpose of the clear stone bedding below the pipe.
Provision should be made to allow drainage of any granular
bedding material placed below any outlet pipes connected to
catch basins.

CONCLUSIONS AND RECOMMENDATIONS

Excavations were made at two granular edge drain locations
on the shoulder of a major Ontario freeway. From the
observations and tests made on the recovered soil samples,
the following conclusions and recommendations are made.

Retrofit geotextile-wrapped trench drains should be located
next to the pavement edge.

Geotextiles, if used, should be placed tight against the
supporting layers of the concrete pavement.

The need for a 50 mm bedding of open graded aggregate at
the base of trench drains was clearly demonstrated at both
excavations. The bedding material trapped sediment that
otherwise would have accumulated in the drainage pipe
reducing the pipe’s ability to function effectively.

Evidence of migration of subgrade tines into the open
graded aggregate above the cement treated base was observed.
Drainage alone does not stop subgrade pumping.

No evidence was noted of loss of ability to function of
either the geotextile or pipe.

Evidence of accumulation of fines in the trench drain
demonstrated that a geotextile is required.

The T-junction detail illustrated in Figure 8 is
recommended.
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